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CHATRMAN’S INTRODUCTION

DR STIEDA opened the meeting and welcomed the participants, and in
particular those who were attending a CIB-W18A meeting for the first time.
Special mention was made of some of the new developments that have taken
place recently, in particular the growing interest in seismic design and
the Eurocode proposals on truss design and glulam. In concluding his
introduction, DR STIEDA reiterated the main objective of CIB-W18a, which
is to prepare model codes for the design of timber structures.

COCPERATION WITH OTHER ORGANISATIONS

ISO/TC 165
MR LARSEN said that very little had happened within this Group over the
past year, becausge of parallel activities with CEN, Mr LARSEN announced

that he will be resigning as Chairman of TC 165 because of conflicts with
CEN work and that a new Chairman will take over in 1991, Mr SUNLEY
stressed the importance of the new Chairman’s maintaining close liaison
with W18A and enguired as to the procedure within I80 for the election of
a new Chalirman. Mr LARSEN replied that he was unclear as to the exact
procedure, but stressed that if W18A had a proposal, then ISO might be
rersuaded to accept.

Three draft Standards had been prepared and sent to central Secretariat
and these will be circulated by the end of the year.

RILEM

DR CECCOITI briefly summarised the objectives of the four existing timber
related Groupsg:-

- "Behaviour of timber structures under seismic action" held a meeting on
10 September, with approximately 20 participants. Papers were
prepared and presented on the following subjects:-~

. Basic actions -~ earthquake design linked with probabilistic design
. Behaviour of joints

. Test methods for joints

. Calculation methods and computer gimulation.

It was agreed that the main emphasis of this group in future should be
on testing methods, with the objective of preparing an interim report
for the next meeting, which will be held in conjunction with CIB-W18a,
on 2 March 1991 in Copenhagen.

- " Application of fracture mechanics to timber structures". PROFESSOR
RANTA-MAUNUS said that this group had prepared a draft state-~of-the-art
report and that the final report will be ready in approximately six
months. The report includes assessment of the application of fracture
mechanics to the sgplitting of wood, the probabilistic nature of loads,
materials and cracks, and duration of load as influenced by moisture
variations.



This group recommended that further effort should be concentrated in
the following areas:-

. Standards for testing {fracture of clear wood/cracked beams)
. Design methods (shear design of notched/unnotched beams)
. Research into the development of fracture criteria.

. PROFESSOR RANTA-MAUNUS also reported on the activities of the group
concerned with "Creep in timber structures", under the chairmanship of
Professor Morlier. The main task of +this group is to prepare a
state-of-the~-art report and areas of work include basic knowledge about
creep of wood, including temperature and moisture effect; experimental
and numerical data concerning creep of timber; slip and time-dependent
slip of connectors; codes of practice; gtructural analysis and
numerical treatments of timber; wvariations of moisture content in wood
gtructures.

The next meeting will be held in 1991, in Sweden.

- DR CECCOTTI reported that the group concerned with “"Behaviour of timber
and concrete composite load-bearing structures" had met twice so far
and would meet again after the current CIB-W18A meeting. This group
has produced three reports and it is intended ultimately to produce a
book for RILEM, covering the subject areas.

DR CECCOTTI said that in addition to the existing committees, three new
timber committees had recently been formed, dealing with:

» design by testing,
. probabilistic methods in design
. prediction techniques in service life.

EC5

MR LARSEN reported that as £rom 1 January 1990, work on ECE had been
transferred from the Buropean Commission to CEN and that the Technical
Committee responsible for Eurocodes (TC 250) would hold its first meeting
during the week commencing 17 September 1990, in Berlin. A meeting of the
sub-group dealing with EC5 1is scheduled for 19-20 November. The aim of
CEN is to review the draft EC5 in the light of comments received and
representatives of all CEN countries will be involved in this activity. A
revised draft of ECS5 will be issued as a prEN in approximately one year
and the final drafting is expected to take between three and four years.
MR LARSEN added that there are a number of items still requiring major
decisions, eg design of cracked beams, instability design, etc and that
the Committee will rely heavily on CIB-W18A input to resolve these.

CEN

MR SUNLEY gaid that approximately 130 standards on timber related subjects
are being written by CEN, with most of these being mandated by the CEC.
These standards will mostly be completed in the next two years {(by the end
of 1992) and about 40 of them are already available as first drafts for
comment. They are being prepared in five Committees:-



TC 38 "Wood Preservation™ (AFNOR Secretariat) c¢omprises ten working
groups, with six concerned with test methods and one looking at hazard
clasgification. The Committee have developed five hazard classes (these
are not the same as the EC5 moisture classes) advocating the introduction
of results-type rather +than  process-type specifications for wood
preservation, This is giving rise to considerable problems in testing.

TC 103 "Wood BAdhesives" (BSI Secretariat) has no working groups. MR VAN
DER VELDEN is the Convenocr. This group has produced five standards: four
relating to test methods and one on adhesives for load-bearing structures,
a draft of which is now available.

TC 112 "Wood-based Panel Products" (DIN Secretariat); PROFESSOR NOACK is
the Chairman of +this group, which has a programme of work for the
production of over 70 standards. There are 8ix working groups: WGl
"Particleboard”, German Convenor; WG2 "Plywood", French convenor; WG3
"Fibreboard", Italian convenor; WG4 "Test methods", UK convenor; WG5S
"Formaldehyde emissions", German convenor ; WGé "Cement bonded
particleboard", combined French/UK convenor. Over 20 standards have
already been prepared and have been circulated for comment.

TC 124 "Timber Structures" - MR LARSEN is the Chairman of this Committee,
which has a programme of work of 25 standards, half of which are already
completed as first drafts and are ocut for public comment, The Committee
has four working groups: WGl "Test methods", Irish convenor; WG2 "Solid
timber joints", French/UK convencr; WGE3 "Glulam”, Danish convenor; WG4
"Timber connectors", German convenor.

TC 175 "Round and sawn timber for non-structural use" has four working
groups: WGl "Definition and methods of measurement”™, Italian convenor; WG2
"Sawmill output", French/German convenor; WG3 "User requirements",
Swedish/UK convenor; WG4 "Round timber", Belgian/Swiss convenor.

There are other CEN Technical Committees which alsc have a timber part-

involvement, including TC 127 "Fire" and TC 139 "Paints and varnishes".
DR STIEDA asked what the current situation is within CEN with regard to
fire, In reply, MR LARSEN said that the Commission had set up a working

group and that this has drafted a proposal for a chapter in ECS covering
fire design. There is much discussion on this draft, which many consider
is unacceptable, in that it complicates timber design unduly,

CEI~-BOIS/FEMIB

In his report, PROFESSOR BRUNINGHOFF said that the EHEuropean Glulam
Association is very active with regard to promotion, but that no technical
work is currently underway. PROFESSOR EHLBECK asked if any activities
from this glulam group are appropriate to the work of CEN. PROFESSOR
BRUNINGHOFF replied that discuseions on thickness of laminations is one
such area.

In view of the fact that no technical work is planned for this group for
the foreseeable future, it was agreed that a report of CEI-BOILS/FEMIB
should not be included on the agenda for future meetings.



IABSE

PROFESSOR EDLUND reported that IABSE is a world-wide association
ceoncentrating mainly on structural engineering. It is dominated by people
with predominantly steel and concrete interests and despite strenuous
efforts, very little interest has been shown in the group by those
concerned with timber engineering. PROFESSOR EDLUND is Chairman of WG2,
which held a symposium on mixed structures including new materials, in
Brussels in early September 1990C. This meeting attracted 600
participants, including 110 from Japan, and there were only five
contributions on timber with other materials, none of which came from W18A
members. A new IABSE periodical (A4 format) is to be published quarterly
in 1991. The next meeting of IABSE is in Leningrad, 11-13 September 1991.
The deadline for papers was June 1990, but PROFESSOR EDLUND said that
abgtracts can still be accepted on new applications for timber in bridges.

IUFRO 85,02

DR BLASS said that 85.02 had recently held a meeting at St John in New
Brunswick, which included Jjeint RILEM/IUFRO sessions. MR METTEM, who
attended the St John meeting, said that concern was expressed that wood
scientists, engineers and foresters do not talk sufficiently to each other
and this was evident from some of the papers submitted. DR GREEN said
that one of the sessions at the recent IUFRO world congress in Montreal
was Lntended to have some more general papers included. The next meeting
of IUFRO Division 5 will take place 23-29 August 1992 in Nancy. A meeting
of $5.02 will be held the previous week, 17-21 Rugust 1992, in Bordeaux.

1991 INTERNATIONAL, TIMBER ENGINEERING CONFERENCE, LONDON

MR MARCROFT reported that 278 abstracts had so far been received, with

slightly over 50% coming from outside Europe. A meeting of the Steering
Group for the Conference is to be held immediately after thig meeting of
W1l8Aa, to review the abstracts and agree an outline programme,

Regisgtration forms will be sent out in February next year.

CIB-W18Ah 1991, UK

MR ABBOTT reported that provisional arrangements have been made to hold
the 1991 meeting of CIB-W18A at Mansfield College, Oxford, UK, from 7-9
September. The meeting will commence on the morning of 7 September and
will allow those attending the International Timber Engineering Conference
to travel from ZLondon to Oxford on 6 September. The meeting will finish
at 5,00 pm on 9 September and overnight accommodation will be available
for those wishing to stay and depart on 10 September.

CIB=-W85 Structural Serviceability

DR CHLSSON gave a brief report of the activities of this working group,
which covers serviceability of structures in general. He invited those
interested in the group to get in touch with him, either during or after
this meeting.



CIB Taslk Group 6 - Aggeggment of punched metal plate timber fagteners

PROFESSOR STERN reported that the CIB board established TG 6 in May 1990,
with the principal aim of updating the UBAte rule of assessment of punched
metal plate timber fasteners (MOAT No 16 of 1979}, PROFESSOR EHLBECK
asked what is the specific aim of TG6 in particular, he enquired how CIB
can establish this group without reference to the chairman of W18A and the
RILEM group and was it +the intention to parallel existing work? MR
LARSEN, who is Chairman of the programme committee responsible for setting
up task groups, said that they are defined as having very specific goals:
for example, there 1is a task group on NDT methods for the building
envelope. PROFESSOR STERN said that it would be logical if the task group
could report to WI1S8A. MR SUNLEY expressed surprise that TG6 had been
formed and this view was generally acknowledged by the meeting. It was
felt there should have been more detailed discussion within WI18A,
particularly in view of the work already done on the subject of punched
metal plate timber fastenerg and trussed rafters. PROFESSOR STERN
concluded by saying that all of these issueg could ke discussed at the
first meeting of TGS, which was scheduled to take place immediately after
the CIB-W18A meeting.

UNIDO

DR STIEDA reported that a preparatory meeting on consultation on the wood
and wood products industry had been held in April 1990 in Nairobi and that
a report had been produced. The subject matter is likely to be of greater
interest to W18B, although it was not felt that this group would be in a
position to respond. MR METTEM asked if there are any plans for an
overlap between W1B8A and WI18B. DR STIEDA replied that so far there had
not been; however, this could be discussed later in the meeting.

CIB-W18B

There were no members of WI18B present at the meeting and no report was
given of its activities. MR LARSEN said that CIB were concerned that very
little activity was taking place in this group and suggested that perhaps
the CIB Secretariat should be reminded that W18A does provide a forum for
disgcussing world wide timber engineering issues. PROFESSOR EDLUND
suggested that a joint session with W18B members should be held at the
next Wi18A meeting at Oxford in 1991. This was accepted and it was agreed
to make a special effort to invite WIBB members to participate in the next
meeting.

TRUSS RAFTER SUBGROUP

MR RIBERHOLT reported on the truss group set up since the last W18a
meeting in Berlin to produce guidelines for the analysis of truss rafters
for use in design. This group met in April 1990 and agreed on a working
plan to investigate the analysis of trusses by (i) plain frame analysis
and (ii) hand calculation methods. This was discussed at the June meeting
of a small group in Sweden. MR RIBERHOLT added that he would welcome
comments from the meeting on the papers on this subject, which were to be
presented later in the meeting.



CHARACTERISTIC VALUES SUBGROUP

MR SUNLEY gave a brief report of the activities within this group, which
ig chaired by PROFESSOR GLOS. CEN TC 124 has drafted a standard on
characteristic values for solld timber, which is now out for public
comment . Following much discussion, it was agreed that a non-parametric
method should be used for calculation of characteristic values.

MR SUNLEY also reported that drafting was in progress for a standard to
derive characteristic values for wood-based panels and at the moment, this
was based on the asgumption of a normal distribution. MR FEWELL added
that the paper at the 21st meeting of CIB-W18A at Parksville in 1988
formed the basig of the solid timber standard. It was agreed that the
draft standards for panel products and sollid timber should be included
with the proceedings cof this meeting.

LIMITS STATES DESIGN

PROFESSOR KUIPERS presented his paper 23-1-1, "Some remarks on the safety
of timber structures . Referring to Figure 1 in the paper, MR RIBERHOLT
commented that a straight line relationship had been used for the duration
of lecad factor, with the result that a shorter life is given for higher
loads. PROFESSOR KUIPERS replied that it is not possible to use the
greater strength for short durationgs of load in design and that the
difference is likely to be less for lower coefficients of variation. It
was further added that computer calculation methods are needed to verify
the hypotheses. MR THELANDERSSON asked if it was wvalid to assume that no
damage occurs until late in the loading history, Jjust before failure, and
if not, how would this alter the conclusions. PROFESSOR KUIPERS replied
that tests which have been conducted where structures are loaded to high
levels of locad for short periods do not show damage (as verified by short
term failure tests), and that these observations substantiate the
assumptions made in the paper.

PROFESSCR RANTA-~-MAUNUS pointed out that duration of load effects are not
only related to damage accumulation. The stress distribution will change
with time, resulting in stress peaks caused by creep effects and
variations in moisture content. Regults on this were presented at the
recent IUFRO timber engineering meeting in New Brunswick. DR ENJILY asked
what is the relationship between strength reduction factors and the creep
factors in EC5. MR LARSEN replied none.

Paper 23-1-2 "Reliability of wood structural elements ~ a probabilistic
method to HBurocode 5 calibration" by Rouger, Lheritier, Racher and Fogli
was presented by MR ROUGER. DR BLASS commented that in the section
dealing with reliability of bolted 3joints only three failure modes had
been congidered, all of which assume elastic behaviour until failure. He
asked if consideration had been given to the wood splitting mode. MR
ROUGER replied that this was not included in the study: however, it was
intended to extend the work to other modes of failure, including elasto-
plastic behaviour. DR BLASS went on to ask if the effects of group action
had been studied where the influence of the number of Ffasteners could be
greater than ,for example, the influence of the failure mode type or
moisture content. MR ROUGER accepted this peoint and agreed that further
work is necessary.



DR LEIJTEN pointed out that no duration of load factor had been assumed in
the first part of the paper and asked what is the influence on the
reliability index when the duration of load factor is lessg than 1.0. MR
ROUGER replied that some work had been done in North America on this and

that it is necessary +to use sgtochastic processes for live loads. DR
STIEDA added that in North America, work is under way on reliability
based design procedures and invited MR O‘HALLORAN to give a summary of
this. In his reply, MR OYHALLORAN said that the programme had just

entered its third and final year and that there currently exists a draft
specification with design equations and qualification procedures,
including the derivation of characteristic values. Three drafts are soon
to be released, covering panel products, solid sawn lumber products and
glulam. The aim 1is to refine the documents by the end of the third year
and it is anticipated that there will be a protracted review period,
similar to that for Eurccode 5, before it is adopted.

TIMBER BEAMS

¥R VAN DER PUT presented his paper, 23-10-1 "Tension perpendicular to the
grain at notches and Hoints". MR LARSEN pointed out that for mode 1
splitting, there is little difference between the proposals presented in
this paper and those of Gustafsson and asked if this observation is
correct. Gustafsson has a reduced stiffness around the notch whereas this
paper assumes full stiffness, MR VAN DER PUT replied that it is correct
to assume a reduced stiffness adjacent to the notch.

Paper 23-10-2 "Dimensioning beams with cracks, notcheg and holes - an
application of fracture mechanics™ by MISS RIIPCLA, wag presented by the
author. Referring to Figure 2, MR LARSEN commented that the test results
do not accord with the theory presented elsewhere in the paper. MISS
RITPOLA accepted this observation and pointed out that it is hoped that a
better correlation can be derived when more data is available.

Paper 23-10-3 "Size factors for the bending and tension strength of
structural timber" by Barrett and Fewell was presented by DR BARRETT. DR
OHLSSON said that when testing deep beams, even in constant moment
situations, other failure modes, eg shear, often occur, and asked how
this is handled. DR BARRETT agreed and said that great care needs to bhe
taken in any experimental programme and that adjustments should only be
applied where appropriate, The percentage of shear failures in the data
was very small and those that did occur were in the higher strength
members, MR THELANDERSSON pointed out that the Weibull theory assumes
that failure occurs at the weakest link and that you have a pure Weibull
situation for length effects, but not for width and depth. DR BARRETT
agreed and said that statistical theories provide a framework for data
analysis and that the paper does not necessarily follow the weakest link
theory.

MR RIBERHOLT asked how the narrow test specimens were restrained against
lateral buckling. DR BARRETT said that the testing was carried out
according to CEN and ASTM methods and that in his experience, lateral
buckling had not been a problem. MR FEWELL added that it was necessary to
take measures to resist buckling for deep beanms, but it is not usually
necessary for typical structural sizes. MR LARSEN said that the 0.4 value
in the modification factor is influenced by the small depth specimens and
asked how these were selected and prepared. MR Fewell replied that the
50mm material wag bought from the UK timber trade as commercial material
of a quality often used for beam flanges, ete. Mr Larsen further added



that different sized members are used for different applications and
questioned whether it was correct to use the results from one size of
material, ie for one type of structure as the basis for another. Mx
FEWELL replied that this is not an issue, as similar results are obtained
if the small size test specimens are ignored.

DR OHLSSON enquired if there ig any information on the long-term loading
of different sizes of timber. DR BARRETT replied that long-term testing
is very expensive and time-consuming to undertake and that a lot of
laboratories are having to stop work in this area. DR LEIJTEN asked if it
would be pogsible to give an indication of the density range of the
specimens tested. DR  BARRETT said that for the North American species,
the dengities were typically spruce 300 kg/m?, Southern pine 500-550
kg/mé, Douglas Ffir 500 kg/md. MR FEWELL said that the UK data includes
low-density Sitka spruce and Scandinavian redwood,

FRACTURE MECHANTCS

Paper 23-19-1 “"Determination of the fracture energy of wood with tension
perpendicular to the grain" by Rug, Badstube and Schone wag presented by
DR RUG. DR LEIJTEN said that the paper referred to red pine and whitewood
and asked Lf the presenter could be more specific of the species used. DR
RUG replied that they had used Pinus sylvestris and Picea abies.

Paper 23-19-3 "The fracture energy of wood in tension perpendicular to the
grain" by Larsen and Gustaffson was presented by MR LARSEN. MR O'HALLORAN
pointed out that there was a transition in the results at a density of 600
kg/m?* and asked the reason for this. MR LARSEN said that the results d4did
not lead to any obvious conclusions. DR GREEN commented that the samples
tested came from three mills and were commercially dried material tested
ag small clears. MR LARSEN said that the use of small clears was
important, as even a small knot will significantly reinforce the piece.
Also, Jjuvenile wood sghould not be used, as this leads to unreliable
regults. DR MEIERHOFER said that moisture content also has a significant
effect on fracture energy and asked if this had been investigated. MR
LARSEN sald that there is no effect if test results are brought to the
same density. MR VERGNE asked if it is true that there is a size effect.
MR LARSEN replied that it is, 4if matched specimens are considered, but
not for general samples. DR GREEN said that the Forest Products
Laboratory in Madison has a similar programme underway with specimens of
different moisture content.

TRUSSED RAFTERS

Paper 23-14~1 "Analyses of timber trussed rafters of the W type" by
Riberholt was presented by the author. MR STONE asked if many failures
occur at the heel joint because of the eccentricity of the support, to
which MR RIBERHOLT replied that this was not the case. DR EGERUP said
that the analysis 1is based on one particular truss where assumptions have
been made regarding geometry and loading. If the top to bottom chord load
ratio is increased and there is a different stiffness, will similar
results be obtained? MR RIBERHOLT replied that this will be taken account
of by the frame analysis and that the theory is independent of such
agsumptions. DR EGERUP further asked if second order deflections had been
taken into account. MR RIBERHOLT replied that they had not. PROFESSOR
EDLUND enguired as to the reason for the proposed increase in bending
strength. MR RIBERHOLT said there were two reasons:-

10



1. If there is a bending failure at the top of the T joint (approximately
mid-span of the rafter), this is not the same as total failure of the
truss

2. the probability of a grade determining defect coinciding with the peak
stress is low and therefore it is possible to have an increased moment
value at this point.

DR OHLSSON said that from his experience in Sweden, there is strong
competition in the truss market, which ig resulting in highly engineered
products. Emphasis should therefore be placed on using correct loads and

member properties in these models.

MR RIBERHOLT then presented his paper 23-14-2 "Proposal for Eurocode 5
test on timber trussed rafters" which was in the form of three annexes.
These were discussed in turn:-

Annex 1 "Guidelines for the stress analysis of trussed rafters modelled as
plaln frames": DR EGERUP asked if anybody has compared the calculation
models presented in the paper with full-scale testing. MR RIBERHOLT sgaid
that this would be extremely time-consuming to do. However, there are
gome results. MR KALLSNER said that a similar model has shown a good
agreement with test results in Sweden. MR RIBERHOLT added that in Sweden
it is also allowed to use a sgtrength increase at the load peak. DR
LEIJTEN said that previous cocdes have only given properties of joints
which the engineer c¢an wuse when designing a structure and asked why the
author is proposing a complete calculation method. DR STIEDA added that
it was his understanding that this is one of a number of alternative
methods. MR RIBERHOLT responded that care is needed when using
gophisticated models and  that what 1is presented here are simple
procedures. DR LEIJTEN said that structural gafety should be determined
at the design life and that it is therefore necessary to consider creep,
which has a particularly large effect on the rotational stiffness of
joints, MR THERLANDERSSON said that the paper presents a calculation
method to determine load transfer and distribution, with the aim of
arriving at a simple optimum method. DR EGERUP added that long-~term
safety is not a major problem, based on experience from trusses made in
the 1960s.

Annex 2 "Guildelines for the stress analysis of statically determinate
fully triangulated timber +trussed rafters": there were no comments on
this annex.

Annex 3 "Strength verification of the timber in trussed rafters. Special
effects": PROFESSOR RANTA-MAUNUS asked if the author had compared the
increase in bending strength with the length effects reported by Dr
Barrett. MR RIBERHOLT replied that the two effects are not the same, as
for trusses total collapse will not result if there is a bending failure
in the chord at a moment peak. PR EGERUP commented that there is a
combination of an axial force and a moment at such places, to which MR
RIBERHOLT replied that this will only be applicable to chord members in
compression. MR METTEM asked 4if the author had considered checking
instability in the weakest direction, ie out of plane. MR BURGESS added
that there is a completely different basis in the British code for bending
out of plane and that the trussed rafter code is for bi-axial bending. MR
METTEM urged the committee to look closely at the British Code and at what
was done with regard to out of plane instability.

11



10.

MR THELANDERSSON asked if the methods can be made more general to cover

more than simply trussed rafters, Also, hag it been considered extending
the analysis to wusing computer programmes, which can take into account
gsecond order effects. MR  RIBERHOLT replied that there 1is some

disagreement as to what is exactly meant by second order effects and that
the programs of which he 1is aware are not really practical for this
application. He further suggested that any extensions should start with
nen-linearities and then gecmetric imperfections. PROFESSOR KUIPERS sgaid
that the paper refers to trussed rafters, however, the discussion had
been about trusges and asked whether the analysis was appropriate to
trugses in general. MR RIBERHOLT said that this would be clarified before
the final version is produced. DR EGERUP said that second order effects
are not important when the assumptions given for the simplified method are
followad. Dr Ohlsson commented that it is important to be aware of the
relationship between the accuracy of design analysis and what is actually
built.

LAMINATED MEMBERS

Paper 23-12-1 "Bending strength of glulam beams - a design proposal" by
Ehlbeck and Ceclling, was pregented by DR COLLING. MR LARSEN pointed out
that the length and depth effects described in the paper are ag a result
of the model developed at Karlsruhe and asked if they have been verified
in practice. DR COLLING replied that this proposal is only valid for
high~strength members and therefore is not appropriate if there are large
knots. Size effects were determined following tests carried out on beams
with a depth of 600 mm, which were modified by size factors. MR LARSEN
added that if the theory was extrapolated +to deep beams, then the
predictiong of strength would clearly be far below what was observed in
practice. PROFESSOR EHLBECK replied that there will be a reduction of
around 30% in strength for a 2.5 m deep beam. MR LARSEN commented that
the model had assumed that the ratlio of length to depth has no effect and
this is not true. PROFESSOR RANTA--MAUNUS pointed out that size effects
are already included in the Finnish code. MR LARSEN added that there are
no allowances for size effects in the Danish code.

PROFESSOR EDLUND asked if the diagram in the paper was produced from tests
results , or from computer gimulations. DR COLLING replied that it was
calculated on the assumption that size effects are only applicable to
beams in excess of 300 mm deep. MR RIBERHOLT asked if the curves are
based on statistical distributions or simulations using the Karlsruhe
model. DR COLLING replied that they were based on the latter. MR
RIBERHOLT went on to say that there will be volume effects using the
Karlsruhe model and that it would be of considerable interest to see
actual test results. DR COLLING replied that there were some test results
published four years ago, but there were no finger joints in the failed
region of the samples. MR THELANDERSSON pointed out that the paper states
that the characteristic strength of glulam is determined by finger joint
failure, whereas in Figure 4, the lowest value in each group isg
contrelled by wood failure - how is this explained? DR COLLING replied
that the characteristic value is controlled by finger Jjoint failure.
However, the finger joint might not be in a region of highest stress. DR
BRARRETT asked what distribution has been assumed for finger joint
strenght. DR COLLING s8said that regression equations were used from 240
tension tests on finger jointed specimens undertaken by Professor Glos.

PROFESSOR EDLUND asked what was the laminate thickness. DR COLLING replied
33 mm.
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MR SUNLEY said that if the work had been apprcached differently, with
different models, it might have been possible to have proved that there
were no size effects. MR RIBERHOLT added that even though researchers
often observe size effects, this does not mean that there must be gize
effects in codes, for example, there are no size effects in concrete
codes. MR LARSEN added that errors within loading codes should not be
countermanded by inaccurate materials codes. DR STIEDA commented that
this problem should not be appreoached from the loading side of the
equation, kbut that it should be developed from cbservations of material
effects. MR SUNLEY commented +that the first draft of Eurocode 5 had no
gize effects or enhancements due to the laminating effect because it was
congidered that they cancel one another out. MR METTEM disagreed with
this, pointing out that in his opinion, the enhancement factor for
laminating gives more benefit in design than the depth reduction.

Paper 23-12-3 "Glulam beams bending strength in relation to the bending
strength of finger joints" by Mr Riberholt, was presented by the author.
DR COLLING gsaid that there ig little conflict with his previous paper and
pointed out that the author had used tests conducted by Larsen and refers
to mean values, whereas his work had used five-percentiles. Also, the
tests had a mean depth of 200 mm, whereas his results were based on 300
mm, therefore the results should be higher. MR RIBERHOLT gaid that if the
gize effects presented by Dr Colling are used, then he would calculate a
depth factor of 1.1. DR COLLING replied that if the bending strength of
the finger joint egualled the bending strength of the beam, it is not
possible to have a factor of 1.0 for other than a one lamination glulam
beam.

Paper 23-12-4 "Draft EN TC 124,207 Glued laminated timber strength classes
and determination of characteristic properties" by Riberholt, Ehlbeck and
Fewell, was presented by MR RIBERHOLT. DR LEIJTEN said that he felt there
were some deficiencies in the formulae proposed , in that the values for
the strength class system had been used directly to get strength values
for glulam, thereby ignoring the lamination thickness. Also, the tension
strength values in +the proposed system are obtained by factoring the
bending values: have these been verified by test? In responding to DR
LEIJTEN, MR RIBERHOLT sald that the tension values have not been validated
by testing glulam beams. DR LEIJTEN went on to add that it was not clear
how the valuesg for glulam had been derived. PROFESSOR EHLBECK said that
the X, ,, factor may have a hidden size factor within it. Also the tension
perpendicular to grain figures look incorrect, but there is no evidence as
te what the true wvalues should be.

DR WHALE asked if the E_ _,,, for laminations is based on the grade
determining area, such that the deflection calculations are conservative.
PROFESSOR EHLBECK replied that the E values were measured in accordance
with IS0 8375 and that he had measured an increase in E for glulam.
Referring to Table 1, DR LEIJTEN pointed out that the E _,,, for LH40
grade is 13,000 N/mm?, whereas the calculations give 14000 N/mm? - how is
this reconciled? ¥R RIBERHOLT said that the value in the table had been
lowered, based on test evidence on Northern Buropean glulam, MR FEWELL
added that it is often not possible to tie up all of the loose ends when
writing a draft standard and that these are invariably picked up at the
prEN stage.

Paper 23-12~2 "Probability based design methods for glued laminated
timber" by MR STONE was presented by the author. There was no technical
discussion.
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STRUCTURAL STABILITY

MR BURGESS presented his paper 23-15-1 "Calculation of a wind girder
loaded also by digcretely spaced braces or roof members”. There was no
discussion.

Paper 23-15-2 Stability design and code rules for straight timber beams®
by MR VAN DER PUT was presented by the author. MR LARSEN said that many
papers on ingtability are strong on the derivation of equations, but
there are no acceptable failure criteria, for example, eguation 15 in the
paper ig not appropriate for bending about two axes. More effort isg
required on defining the failure criteria. MR VAN DER PUT agreed and said
that his work had only locked at bending about one axis. DR BRUNINGHOFF
sald that there is a great need for all researchers to adopt the same
prhilosophy with regard to calculation procedures dealing with instability
problemg and how these should be included in codes. DR STIEDAR agreed and
said that in future meetings, there should be much more discussion about
how to tackle this problem with regard to codes. PROFESSOR EHLBECK
suggested that WL8A should form a subgroup on stability - DR STIEDRZ agreed
to discuss this later as an item under "Any other business".

Paper 23-15-3 "A brief description of formula of beam columns in China
code" by Mr Huang was presented by MR LARSEN. In the absence of the

author, no discussion was invited.

DR YASUMURA presented his paper 23-15-4 "Seismic behaviour of braced

frames in timber construction®. DR CECCOTTI pointed out that there are
many differences between the European and the Japanese approach concerning
seismic behaviour and design: in particular, in Europe it is accepted

that the ductility factor cannot be lesgs than 1.0. DR YASUMURA replied
that his experimental results gave wvalues less than those obtained by
calculation and therefore the ductility factor was lesg than 1.0. However,
he agreed that theoretically, it should not be less than 1.0. DR BLASS
asked if it is possible to increase the duotility of connectors by
increasing the spacing perpendicular to grain. DR YASUMURA said that this
is possible, but up to a limit and he suggested that there would be no
increase above approximately 7d.

Paper 23-15-5 "On a better evaluation of the seismic factor of low
dissipative timber structures" by DR CECCOTTI was presented by the author,
MR VERGNE asked what is the time period of the portals. DR CECCOTTI said
that it was half a second.

Paper 23-15-6 "Dispropertionate collapse of timber structures" by Mettem
and Marcroft was presented by MR MARCROFT. MR LARSEN commented that the
paper had set out +two interpretations, of which only the second is
applicable, and hence TRADA's project should concentrate on this
interpretation only. MR MARCROFT commented that although the paper had
concluded by advocating the use of the second interpretation, the project
needs to continue to consider both interpretations, because of the
viewpoint of the UK national body responsible for Building Regulations.
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12.

13.

MR O'HALLORAN presented his paper 23-15-7 "Performance of timber frame
structures during the Loma Prieta California earthquake". DR STIEDA asked
if any attempts have been made to calculate the forces which were imposed
on timber structures, both those which had failed and those which remained
gtanding. MR C‘'HALLORAN said that he had not done this, but that he
believed some of the research centres in America had. DR EGERUP asked if
an investigation of glulam and other structures had been undertaken. MR
O'HALLORAN replied that he had locked at structures other than plywood
built after the c¢ode change in 1972 and that they had exhibited very
little damage.

DR CECCOTTI said that at the seismic behaviocur of timber structures
workshop in Florence last year, there was a belief that timber structures
do not have problems if designed and built correctly.

STRESSES FOR SOLID TIMBER

Paper 23-6-1 "Timber compression perpendicular to grain" by Dr Korin was
presented by the author. MR METTEM said that it would be useful to look
at the deformations in other parts of the structure when certain members
had been subjected to high compression perpendicular to grain stresses.
DR KORIN agreed. PROFESSOR EHLBECK said that an ISO standard was prepared
some 10-15 vyears ago which gives a definition of the strength
perpendicular to grain. DR LEIJTEN commented that the paper compares ECSH
values with ASTM wvalues and asked which values were taken from ECSH, DR
KORIN said that he had usgsed strength vs density relationships. MR LARSEN
gaid that what was really at issue is a serviceability, not an ultimate
limit state, and that the design of the specimen cannot lead to failure.,
He suggested that compression perpendicular to strength values are only
appropriate for serviceability concerns. PROFESSOR EHLBECK agreed with
this. PROFESSOR RANTA-MAUNUS said that there are occasions when
compression perpendicular to grain is not only a serviceability problem:
for example, in quality control testing of trusses, where it is often the
determining factor for failure. DR LEIJTEN added that you also need
compression perpendicular to grain stresses for use in the design formulae
for curved beams.

TIMBER JOINTS AND FASTENERS

Paper 23-7-1 "Proposal for a design code for nail plates" by Rasheim and
Solli was presented by MR AASHEIM. PROFESSOR RANTA-MAUNUS commented that
in higs opinion the formulae presented are over-simplified. MR AASHEIM
replied that the simplified method proposed is only for the steel capacity
and that the anchorage formulae developed previously for timber should be
used. MR KALLSNER said that the proposed rules for plate capacity seemed
to work for normal plates and asked if there was any evidence that they
could be applied to other types of plate. MR ASSHEIM replied that they
have not tested any other plates in Norway other than those referred to by
the paper. MR KALLSNER said that the paper gives rules for compression of
the plate itself but not for the joint as a whole and in design it is
possible to use the contact between timber members in bearing, but that
this is not done in the test method.
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Paper 23-7-2 "Load distribution in nailed jointsg" by Dr Blass was
presented by the authorn. MR STONE asked 4if the nail spacing had any
effect on the results presented. DR BLASS replied that if the load slip
behaviour is as shown, with substantial yield, then load spacing has no
effect. However, this is not the case if timber splitting results. MR
SUNLEY asked why the work had concentrated on nails but not on bolts. DR
BLASS replied that this was primarily due to the ease of testing with
nailed joints. PROFESSOR STERN asked what nail diameter can be accounted
for. DR BLASS replied that this will depend upon the nature of the load
glip characteristics. MR  METTEM said that with large fasteners,
manufacturing tolerances are very important and that there will be a
gignificant difference in Jjoint behaviour with and without pre-drilled
holes. MR LARSEN gaid that it is important to develop a theory which can
model reality.

ANY OTHER BUSINESS

1. Trussed rafter subgroup - this subgroup has now completed its work and
it was therefore recommended by the Chairman MR RIBERHOLT that the group
be discontinued. This was accepted by the meeting. DR STIEDA thanked MR
RIBERHOLT and the other members of the group for their work which was much
appreciated.

2. Stability of structures - a proposal to create a new subgroup dealing
with stability of structures was put to the meeting and agreed. PROFESSOR
BRUNINGHOFF was elected as chairman. The cbjectives of the group were sget
ag:-—

i. to prepare recommendations on analysis procedures which can be used
by design engineers. This will include development of rules for
standards for design of elements {columns, beams, bracing);

ii. to determine guidelines for inclusion in design codes for stability
problems.

PROFESSOR EDLUND said that it was important that the group should address
stability problems in general and not just matters relating to bracing.
This was accepted. DR STIEDA asked those who had an interest in
structural stability and were willing to participate in the workings of
this group to contact PROFESSOR BRUNINGHOFF.

3. Subgroup on board materials. There was a suggestion that there could
be a need for the formation of a further subgroup dealing with panel
products matters. PROFESSCR EHLBECK said that he felt this was not really
necessary, as such matters could be discussed by CEN TC 112. MR LARSEN
replied that there was still a need for more global requirements for panel
products, MR SUNLEY agreed with this, and said it was inportant to
redress the balance of timber versus panel products. DR STIEDA accepted
that there is a valid need for a subgroup on panel products, which should
have the primary aim of developing procedures for the derivation of
characterigtic values. MR ELIAS was asked to chair this subgroup, and he
agreed. It was agreed that a report on the workings of this group would be
presented at the meeting next year.
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4, Venues for next meetings:-

1991 - to be held at Mansfield College Oxford, commencing in the morning
of Saturday 7 September and finishing pm on Monday 9 September.

1992 -~ sweden, tentative date week beginning 24 August.

1993 - France, proposed for either 2nd or 3rd week of September.

1994 or 1995 - Germany (Karlsruhe).

1995 or 1994 - Atlanta Georgila.

5. Overheads -~ the Chairman made a plea for more legible overheads to be
prepared for future meetings.

6. Chairman -~ DR STIEDA announced his intention of resigning as chairman
of W1Ba after the 24th meeting in Oxford in 1991. A small committee
comprising MR LARSEN, MR SUNLEY and PROFESSOR EHLBECK was appointed to
identify a successor.

7. Programme for next meeting -~ the following were suggested as priority
themes for the next meeting:-

1. drafts of standards -~ need for more commentary on standards and codes
to give a clear understanding of the background

2. seismic design
3. fire/hot design

B. cClogse - the Chairman expressed his thanks to MR DE SQUSA and his staff
for their efficient organisation of this meeting. He alsc expressed his
thanks to the various contributors, to MR ABBOTT and the staff at TRADA
for their work as secretary and in preparing the papers for the meeting,
and to DR BLASS and his colleagues at Karlsruhe for thelr preparation of
the proceedings. DR STIEDA then clesed the 23rd meeting of CIB-W18A and
said he lcoked forward to seeing members in Oxford, England next year for
the 24th meeting, to be held from 7-9 September.
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Load Distribution in Nailed Joints - H J Blass
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Glued Laminated Timber - Strength Classes and Determination
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H Riberholt
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Calculation of a Wind Girder Loaded also by Discretely
Spaced Braces for Roof Members - H J Burgess

stability Design and Code Rules for Straight Timber Beams -
TACM van der Put
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- S Y Huang

Seismic Behavior of Braced Frames in Timber Construction -
M Yasumara
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On a Better Evaluation of the Seismic Behavior Factor of
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Disproportionate Collapse of Timber Structures - C J Mettem
and J P Marcroft

Performance of Timber Frame Structures During the Loma
Prieta California Earthquake - M R 0'Halloran and £ G Elias

Determination of the Fracture Energie of Wood for Tension
Perpendicular to the Grain - W Rug, M Badstube and W Schone

The Fracture Energy of Wood in Tension Perpendicular to the
Grain, Results from a Joint Testing Project - W J Larsen and
P J Gustafsson

Application of Fracture Mechanics to Timber Structures -
A Ranta-Maunus
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Exampie:  CIB-W18/4-102-5 refers to paper 5 on subject 102 presented
at the fourth meeting of W18,
Listed below, by subjects, are all papers that have to date been
presented to W18. When appropriate some papers are listed under mere

than one subject heading.

LIMIT STATE DESIGN

T-1-1 Limit State (Design - H J Larsen

1-1-2 The Use of Partial Safety Factors in the New Norwegian
Design Code for Timber Structures - 0 Brynildsen

1-1-3 Swedish Code Revision Concerning Timber Structures - B Norén

1-1-4 Working Stresses Report to British Standards Institution

Committee BLCP/17/2

6-1-1 On the Application of the Uncertainty Theoretical Methods
for the Definition of the Fundamental Concepts of Structural
Safety - K Skov and ¢ Ditlevsen

11-1-1 Safety Design of Timber Structures - H J Larsen

18-1-1 Motes on the Development of a UK Limit States Design Code
for Timber - A R Fewell and C B Pierce

18-1-2 Eurocede 5, Timber Structures - H & Larsen

19-1-1 Duration of Load Effects and Reliability Based Design

(Single Member) - R 0 Foschi and 7 C Yao

21~102-1 Research Activities Towards a New GDR Timber Design Code
Based on Limit States Design - W Rug and M Badstube

22-1-1 Reliability-Theoretical Investigation into Timber Components
A Proposal for a Supplement of the Design Concept -
M Badstube, W Rug and R Plessow

23-1-1 Some Remarks about the Safety of Timber Structures -
J Kuipers
23-1-2 Retiability of Wood Structural Elements: A Probabilistic

Method to Euroccde 5 Calibration - F Rouger, N Lheritier,
P Racher and M Foglt

TIMBER COLUMNS

2-2-1 The Design of Sclid Timber Columns - H J Larsen
3-2-1 The Design of Built-Up Timber Columns - H J Larsen
4-2-1 Tests with Centrally Loaded Timber Columns - H J Larsen and

S § Pedersen
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7-2-1
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17-2-1

18-2-1

19-2-1

19-12-2
20-2-1
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21-2-2

21-15-1

21-15-2

21-15-3

21-15-4
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Lateral-Torsional Buckling of Eccentrically Loaded Timber
Columns - B Johansson

Strength of a Wood Column in Combined Compression and
Bending with Respect to Creep - B Kdllsner and B Norén

Design of Solid Timber Columns {First Draft} - H J Larsen

Comments on Document 5-100-1, Design of Solid Timber Columns
- H J Larsen and E Theilgaard

Lattice Columns - K J Larsen

A Mathematical Basis for Design Aids for Timber Columns
- H J Burgess

Comparison of Larsen and Perry Formulas for Solid Timber
Columns - H J Burgess

Lateral Bracing of Timber Struts - J A Simon

Laterally Loaded Timber Columns: Tests and Theory
- H J Larsen

Model for Timber Strength under Axial Load and Moment
- T Poutanen

Column Design Methods for Timber Engineering - A H Buchanan,
K C Johns, B Madsen

Creep Buckling Strength of Timber Beams and Columns
- R H Leicester

Strength Model for Glulam Columns - H J BlaB

l.ateral Buckling Theory for Rectangular Section
Deep Beam-Columns - H J Burgess

Design of Timber Columns - H J BlaB

Format for Buckling Strength -
R H Leicester

Beam-Column Formuiae for Design Codes -
R H Leicester

Rectangular Section Deep Beam - Columns with Continuous
Lateral Restraint - H J Burgess

Buckling Modes and Permissible Axial Loads for Continuously
Braced Columns - H J Burgess

Simple Approaches for Cotumn Bracing Calculations -
H J Burgess

Calculations for Discrete Column Restraints -
H J Burgess
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6-4-3

7-4
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7-4-2
7-4-3
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Buckling and Reliability Checking of Timber Columns -
S Huang, P M Yu and J Y Hong

Proposal for the Design of Compressed Timber Members by
Adopting the Second-Order Stress Theory - P Kaiser

Symbols for Structural Timber Design - J Kuipers and B Norén
Symbols for Timber Structure Design - J Kuipers and B Norén

Symbots for Use in Structural Timber Design

The Presentation of Structural Design Data for Plywood
- L G Booth

Standard Methods of Testing for the Determination of
Mechanical Properties of Plywood - J Kuipers

Bending Strength and Stiffness of Multiple Species Plywood
- L K A Stieda

Standard Methods of Testing for the Determination of
Mechanical Properties of Plywood - Council of Forest
Industries, B.C.

The Determination of Design Stresses for Plywood in the
Revision of CP 112 - L G Booth

Veneer Plywood for Construction - Quaiity Specifications
- 150/7C 139. Plywood, Working Group 6

The Determination of the Mechanical Properties of Plywood
Containing Defects - L G Booth

Comparsion of the Size and Type of Specimen and Type of Test
on Plywood Bending Strength and Stiffness - C R Wilson and
P Eng

Buckling Strength of Plywcod: Results of Tests and
Recommendations for Calculations - J Kuipers and
H Plcos van Amstel

Methods of Test for the Determination of Mechanical
Properties of Plywood - L G Booth, J Kuipers, B Norén,
C R Wilson

Comments Received on Paper 7-4-1

The Effect of Rate of Testing Speed on the Ultimate Tensile
Stress of Plywood - C R Wilson and A V Parasin
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Comparison of the Effect of Specimen Size on the Flexural
Properties of Plywood Using the Pure Moment Test
- C R Wilson and A V Parasin

Sampling Plywood and the Evaluation of Test Results -
B Norén

Shear and Torsional Rigidity of Plywood -~ H J Larsen

The Evaluation of Test Data on the Strength Properties of
Plywood - L G Booth

The Sampling of Plywood and the Derivation of Strength
Values (Second Draft) - B Norén

On the Use of the CIB/RILEM Plywood Plate Twisting Test:
a progress report - L G Booth

Buckling Strength of Plywood - J Dekker, J Kuipers
and H Ploos van Amstel

Analysis of Plywood Stressed Skin Panels with Rigid or
Semi-Rigid Connections - I Swmith

A Comparison of Plywood Modulus of Rigidity Determined by
the ASTM and RILEM CIB/3-TT Test Methods - C R wWilson and
A Y Parasin

Sampling of Plywood for Testing Strength - B Norén
Procedures for Analysis of Plywood Test Data and
Determination of Characteristic Values Suitable for Code
Presentation - C R Wilson

An Introduction to Performance Standards for Wood-base Panel
Products - D H Brown

Proposal for Presenting Data on the Properties of Structural
Panels - T Schmidt

Planar Shear Capacity of Plywocd in Bending - C K A Stieda
Determination of Panel Shear Strength and Panel Shear
Modulus of Beech-Plywood in Structural Sizes - J Ehlbeck

and F Colling

Ultimate Strength of Plywood Webs - R H Leicester and L Pham
Considerations of Reliability - Based Destign for Structural
Composite Products

- MR O'Halioran, J A Johnson, E G Elias and T P Cunningham

Modelling for Prediction of Strength of Veneer
Having Knots - Y Hirashima



22-4-1

22-4-2

2-5-1
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Scientific Research into Plywood and Plywood Building
Constructions the Results and Findings of which are
Incorporated into Construction Standard Specifications of
the USSR - I M Guskov

Lvatuation of Characteristic values for Wood-Rased Sheet
Materials - E G Elias

Fundamental Vibration Frequency as a Parameter for Grading
Sawn Timber - T Nakai, T Tanaka and H Nagao

STRESS GRADING

1-5-1

i-5-2

4-5-1

16-5-1
16-5-2

19-5-1

19-5-2

21-5~-1

Quaiity Specifications for Sawn Timber and Precision Timber
- Norwegian Standard NS 3080

Specification for Timber Grades for Structural Use - British
Standard BS 4978

Draft Proposal for an International Standard for Stress
Grading Coniferous Sawn Softwocd - ECE Timber Committee

Grading Errors in Practice - B Thunell

On the Effect of Measurement Errors when Grading Structural
Timber - L Nordberg and B Thunell

Stress-Grading by ECE Standards of Italian-Grown Douglas-Fir
Dimension Lumber from Young Thinnings - L Uzielli

Structural Softwocd from Afforestation Regions in Western
Norway - R Lackner

Non-Destructive Test by Freguency of Full Size Timber
for Grading - T Nakai

STRESSES FOR SOLID TIMBER

4-6-1

b-6-1

5-6-2

5-6-3

6~6~1

7-6-1

9-6-1

Derivation of Grade Stresses for Timber in the UK
- W T Curry

Standard Methods of Test for Determining some Physical and
Mechanical Properties of Timber in Structural Sizes

- W T Curry

The Description of Timber Strength Data - J R Tory
Stresses for EC1 and ECZ2 Stress Grades - J R Tory

Standard Methods of Test for the Determination of some
Physical and Mechanical Properties of Timber in Structural
Sizes {third draft) - W T Curry

Strength and Long-term Behaviour of Lumber and Glued
Laminated Timber under Torsion Loads - K Mohler

Classification of Structural Timber - H J Larsen



-7 -

9-6-2 Code Rules for Tension Perpendicular to Grain - H J Larsen

9-6-3 Tension at an Angle to the Grain - K Mohler

9-6-4 Consideration of Combined Stresses for Lumber and Glued
Laminated Timber - K Mhler

11-6-1 Evaluation of Lumber Properties in the United States
- WL Galligan and J H Haskell

11-6-2 Stresses Perpendicular to Grain - K Mihler

11-6-3 Consideration of Combined Stresses for Lumber and Glued
Laminated Timber (addition to Paper CIB-W18/9-6-4)
- K Mohler

12-6-1 Strength Classifications for Timber Engineering Codes
- R H Leicester and W G Keating

12-6-2 Strength Classes for British Standard BS 5268 - J R Tory

13-6~1 Strength Classes for the CIB Code - J R Tory

13-6-2 Consideration of Size Effects and Longitudinal Shear
Strength for Uncracked Beams - R 0 Foschi and J D Barrett

13-6~3 Consideration of Shear Strength on End-Cracked Beams
- J U Barrett and R 0 Foschi

15-6~1 Characteristic Strength Values for the ECE Standard for
Timber - J G Sunley

16-6-1 Size Factors for Timber Bending and Tension Stresses
- AR Fewell

16-6-2 Strength Classes for International Codes - A R Fewell and
J G Sunley

17-6-1 The Determination of Grade Stresses from Characteristic
Stresses for BS 5268: Part 2 - A R Fewell

17-6-2 The Determination of Softwood Strength Properties for
Grades, Strength Classes and Laminated Timber for BS 5268:
Part 2 - A R Fewell

18-6-1 Comment on Papers: 18-6-2 and 18-6-3 -~ R H Leicester

18-6-2 Configuration Factors for the Bending Strength of Timber -
R H Leicester

18-6-3 Notes on Sampling Factors for Characteristic Values -
R H Leijcester

18-6-4 Size Effects in Timber Explained by a Modified Weakest Link

Theory - B Madsen and A H Buchanan



18-6-5

18-6-6

19-6-1
19-6-2

19-6-3

19-6-4
19-6-5
19-6-6

20-6-1

20-6~-2

20-6-3

21-6-1

21-6-2

21-6-3

22-6-1

22-6-2

22-6-3

22-6-4

23-6-1

_8._
Placement and Selection of Growth Defects in Test Specimens
- H Riberholt

Partial Safety-Coefficients for the Load-Carrying Capacity
of Timber Structures - B Norén and J-CG Nylander

Effect of Age and/or Load on Timber Strength - J Kuipers

Confidence in Estimates of Characteristic Values
- R H Leicester

Fracture Toughness of Wood - Mode 1 - K Wright and
M Fonselius

Fracture Toughness of Pine - Mode Il - K Wright
Drying Stresses in Round Timber - A Ranta-Maunus

A Dynamic Method for Determining E£lastic Properties
of Wood - R Gorlacher

A Comparative Investigation of the Engineering Properties of
“Whitewcods" Imported to Israel from Various Origins
- U Korin

Effects of Yield Class, Tree Section, Forest and Size c¢n
Strength of Home Grown Sitka Spruce - V Picardo

Determination of Shear Strength and Strength Perpendicular
to Grain - H J Larsen

Draft Australian Standard: Methods for Evaluation of
Strength and Stiffness of Graded Timber - R H Leicester

The Determination of Characteristic Strength Values for
Stress Grades of Structural Timber. Part 1 - AR Fewell
and P Glos

Shear Strength in Bending of Timber -
U Korin

Size Effects and Property Relationships for Canadian 2-inch
Dimension Lumber - J D Barrett and H Griffin

Moisture Content Adjustements for In-Grade Data -
J D Barrett and W Lau

A Discussion of Lumber Property Relationships in
Eurocode 5 - D W Green and D E Kretschmann

Effect of Wood Preservatives on the Strength Properties of
Wood - F Ronat

Timber in Compression Perpendicular to Grain - U Korin



TIMBER JOINTS AND FASTENERS

1-7-1

4-7-1

4-7-2
5-7-1

5-7-2

5-7-3

6-7

1

6-7-2

6-7-4

7-7-1

7-7-2

7-7-3

7-100-1

9-7-1
9-7-2
11-7-1

12-7-1

Mechanical Fasteners and Fastenings in Timber Structures
- £ G Stern

Proposal for a Basic Test Method for the Evaluation of
Structural Timber Joints with Mechanical Fasteners and
Connectors - RILEM 3TT Committee

Test Methods for Wood Fasteners - K Mohler

Influence of Loading Procedure on Strength and
Slip-Behaviour in Testing Timber Joints - K Mghler

Recommendations for Testing Methods for Joints with
Mechanical Fasteners and Connectors in Load-Bearing Timber
structures - RILEM 3 TT Committee

CIB-Recommendations for the Evaluation of Results of Tests
on Joints with Mechanical Fasteners and Connectors used in
Load-Bearing Timber Structures - J Kuipers

Recommendations for Testing Methods for Joints with
Mechanical Fasteners and Connectors in Load-Bearing Timber
Structures {seventn draft) - RILEM 3 TT Committee

Proposal for Testing Integral Nail Plates as Timber Joints
- K Mohler

Rules for Evaluaticon of Values of Strength and Deformation
from Test Results - Mechanical Timber Joints - M Johansen,
J Kuipers, B Norén

Comments to Rules for Testing Timber Joints and Derivation
of Characteristic Values for Rigidity and Strength - B Norén

Testing of Integral Nail Plates as Timber Joints - K Mohler
Long Duration Tests on Timber Joints - J Kuipers

Tests with Mechanically Jointed Beams with a Varying Spacing
of Fasteners - K Mdhier

CIB-Timber Code Chapter 5.3 Mechanical Fasteners;
CIB-Timber Standard 06 and 07 - H J Larsen

Design of Truss Plate Joints - F J Keenan
Staples - K Mghler

A Draft Proposal for International Standard: I[SO Document
IS0/TC 165N 38E

Load-Carrying Capacity and Deformation Characteristics of
Nailed Joints - J Ehlbeck
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12-7-2 Design of Bolted Joints - H J Larsen
j2-7-3 Design of Joints with Nail Plates - B Norén
13-7-1 Polish Standard BN-80/7159-04: Parts 00-01-02-03-04-05.

"Structures from Wood and Wood-based Materials. Methods of
Test and Strengtih Criteria for Joints with Mechanical

rasteners®

13-7-2 Investigation of the Effect of Number of Nails in a Joint on
its Load Carrying Ability - W Nozynski

13-7-3 International Acceptance of Manufacture, Marking and Control
of Finger-jointed Structural Timber - B Norén

13-7-4 Design of Joints with Nail Plates - Calculation of Slip
- B Nerén

13-7-5 Design of Joints with Nail Plates - The Heel Joint
- B Kdilsner

13«76 Nail Deflection Data for Design - H J Burgess

13-7-7 Test on Bolted Joints - P Vermeyden

13-7-8 Comments to paper CIB-W18/12-7-3 "Design of Joints with Nail
Pilates" - B Norén

13-7-9 Strength of Finger Joints - H J Larsen

13-100-4 CIB Structural Timber Design Code. Proposal for Section
6.1.5 Nail Plates - N I Bovim

14-7-1 Design of Joints with Naii Plates {second edition)
- B Norén

14-7-2 Method of Testing Nails in Wood (second draft,
August 1980} - B Norén

14-7-3 Load-Stip Relaticnship of Nailed Joints
- J Ehlbeck and H J Larsen

14-7-4 Wood Failure in Joints with Nail Plates - B Norén

14-7-5 The Effect of Support Eccentricity on the Design of W- and
WW-Trussed with Nail Plate Connectors - B Kdllsner

14-7-6 Derivation of the Allowable Load in Case of Nail Plate
Joints Perpendicuiar to Grain - K Mghler

14-7-7 Comments on CIB-W18/14-7-1 - T A C M van der Put

15-7-1 Final Recommendation TT-1A: Testing Methods for Joints with

Mechanical Fasteners in Load-Bearing Timber Structures.
Annex A Punched tetal Plate Fasteners - Joint Committee
RILEM/CIB-3TT



16-7-1
16-7-2
16-7-3

16-7-4

17-7-1

17-7-2

18-7-1

18-7-2

18-7-3

19-7-2
19-7-3

19-7-4

19-7-5

19-7-6

19-7-7
19-7-8
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lLoad Carrying Capacity of Dowels - L Gehri
Bolted Timber Joints: a Literature Survey - N Harding

Bolted Timber Joints: Practical Aspects of Construction and
Design; a Survey - N Harding

Bolted Timber Joints: Draft Experimental Work Plan -
Building Research Association of New Zealand

Mechanical Properties of Nails and their Influence on
Mechanical Properties of Nailed Timber Joints Subjected to
Lateral Loads - I Smith, L R J Whale, € Anderson and L Held

Notes on the Effective Number of Dowels and Nails in Timber
Joints - G Steck

Model Specification for Driven Fasteners for Assembly of
Pallets and Related Structures - E G Stern and W B Wallin

The Influence of the Orientation of Mechanical Joints on
their Mechanical Properties - I Smith and L R J Whale

Influence of Number of Rows of Fasteners or Connectors upon
the Ultimate Capacity of Axially Loaded Timber dJoints

- I Smith and G Steck

A Detailed Testing Method for Nailplate Joints - J Kangas

Principles for Design Values of Nailplates in Finiand
- J Kangas

The Strength of Nailplates - N I Bovim and E Aasheim
Behaviour of Nailed and Bolted Joints under Short-Term
Lateral Load - Conslusions from Some Recent Research

- L R J Whale, T Smith B 0 Hilson

Glued Bolts in Glulam - H Riberholt

Effectiveness of Multiple Fastener Joints According to
National Codes and Eurocode 5 (Draft) - G Steck

The Prediction of the Long-Term Load Carrying Capacity of
Joints in Wood Structures - Y M Ivanov and Y Y Slavic

S1ip in Joints under Long-Term Loading - T Feldborg and
M Johansen

The Derivation of Design {lauses for Nailed and Bolted
Joints in Eurccode 5 - L R J Whale and I Smith

Design of Joints with Nail Plates - Principles - B Norén

Shear Tests for Nail Plates - B Norén
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19-7-9 Advances in Technology of Joints for Laminated Timber
- Analyses of the Structural Behaviour - M Piazza and
G Turrini

19-15-1 Connections Deformability in Timber Structures:

a Theoretical Evaluation of its Influence on Seismic Effects
- A Ceccotti and A Vignoli

20-7-1 Design of Nailed and Bolted Joints-Proposals for the
Revision of Existing Formulae in Draft Euroccode 5 and the
CIB Code - L R J Whale, T Smith and H J Larsen

20-7-2 Slip in Joints under Long Term Loading - T Feldborg and
M Johansen

20-7-3 Uttimate Properties of Bolted Joints in Glued-Laminated
Timber - M Yasumura, T Murota and H Sakai

20-7-4 Modelling the Load-Deformation Behaviour of Connections with
Pin-Type Fasteners under Combined Moment, Thrust and Shear
Forces = I Smith

21-7-1 Natls under Long-Term Withdrawal Loading - T Feldborg
and M Johansen
21-7-2 Glued Bolts in Glulam-Proposals for CIB Code -
H Riberholt
21-7-3 Nail Plate Joint Behaviour under Shear Loading -
T Poutanen
21-7-4 Design of Joints with Laterally Loaded Dowels. Proposals for

Improving the Design Rules in the CIB Code and the Draft
Eurocode 5 - J Ehlbeck and H Werner

21-7-5 Axially Loaded Nails: Proposals for a Supplement to the
CIB Code - J Ehlbeck and W Siebert

22-7-1 End Grain Connections with Laterally Loaded Steel Bolts
A draft proposal for design rules in the CIB Code -
J Ehlbeck and M Gerold

22-7-2 Determination of Perpendicular-to-Grain Tensile Stresses in
Joints with Dowel-Type Fasteners - A draft proposal for
design rules - J Ehlbeck, R Gorlacher and H Werner

22-7-3 Design of Double-Shear Joints with Non-Metallic Dowels
A proposal for a supplement of the design concept -
J Ehlbeck and O Eberhart

22-7-4 The Effect of Load on Strength of Timber Joints at high
Working Load Level - A J M Leijten

22-7-5 Plasticity Requirements for Portal Frame Corners -
R Gunnewijk and A J M Leijten
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22-7-6 Background Information on Design of Glulam Rivet Connections
in CSA/CAN3-086.1-M89 - A proposal for a supplement of the
design concept - E Karacabeyli and D P Janssens

22-7-7 Mechanical Properties of Joints in Glued-Laminated Beams
under Reversed Cyclic Loading - M Yasumura

22-7-8 Strength of Glued Lap Timber Joints -
P Glos and H Horstmann

22-7-9 Toothed Rings Type Bistyp 075 at the Jeints of Fir Wood -
J Kerste

22-7-10 Calcuiation of Joints and Fastenings as Compared with the

International State - K Zimmer and K Lissner

22-7-11 Joints on Glued-in Steel Bars Present Relatively New and
Progressive Solution in Terms of Timber Structure Design -
G N Zubarev, F A Boitemirov and V M Golovina

22-7-12 The Development of Design Codes for Timber Structures made
of Compositive Bars with Plate Joints based on Cyclindrical
Nails - Y V Piskunov

22-7-13 Designing of Glued Wood Structures Joints on Glued-in Bars -
S B Turkovsky

23-7+1 Proposal for a Design Code for Nail Plates - E Aasheim and
K H Solli

23~7-2 Load Distribution in Nailed Joints - H J Blass

LOAD SHARING

3-8-1 Load Sharing - An Investigation on the State of Research and
Development of Design Criteria - E Levin

4-8-1 A Review of Load-Sharing in Theory and Practice - E Levin

4-8-2 Load Sharing - B Norén

19-8-1 Predicting the Natural Frequencies of Light-Weight Wooden
Floors - I Smith and Y K Chui

20-8-1 Proposed Code Requirements for Vibrational Serviceability of
Timber Floors - Y H Chui and I Smith

21-8-1 An Addendum to Paper 20-8-1 - Proposed Code Reguirements for
Vibrational Serviceability of Timber Floors - Y H Chui and
[ Smith

21-8-2 Floor Vibrational Serviceability and the CIB Model Code -
S Ohlsson

22-8-1 Reliabiiity Analysis of Viscoelastic Floors -

F Rouger, J D Barrett and R 0 Foschi
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DURATION OF LCAD

3-9-1

4-9-1

5-9-1

6-9-1

6-9-2
6-9-3

7-6-1

7-9-1

17-9-1

18-9-1
19-9-1

19-9-2

19-9-3

19-9-4
19-9-5

19-9-6

19-1-1

19-6-1
19-7-4

Definitions of Long Term Loading for the Code of Practice
- B Norén

tong Term Loading of Trussed Rafters with Different
Connection Systems - T Feldborg and M Johansen

Strength of a Wood Column in Combined Compression and
Bending with Respect to Lreep - B Kdilsner and B Norén

Long Term Loading for the Code of Practice {Part 2)
- B Norén

Long Term Loading - K Mohier

Deflection of Trussed Rafters under Alternating Loading
during a Year - T Feidborg and M Johansen

Strength and Long Term Behaviour of Lumnber and
Glued-Laminated Timber under Torsion Loads - K M&hler

Code Rules Concerning Strength and Loading Time
- H J Larsen and E Theilgaard

On the Long-Term Carrying Capacity of Wood Structures
- Y M Ivanov and Y Y Slavic

Prediction of Creep Deformations of Joints - J Kuipers

Another Look at Three Duration of Load Models - R 0 Foschi
and Z C Yao

Duration of Load Effects for Spruce Timber with Special
Reference to Moisture Influence - A Status Report
- P Hoffmeyer

A Model of Deformation and Damage Processes Based on the
Reaction Kinetics of Bond Exchange - T A C M van der Put

Non-Linear Creep Superposition - U Korin

Determination of Creep Data for the Component Parts of
Stressed-Skin Panels - R Kiiger

Creep an Lifetime of Timber Loaded in Tension and
Compression - P Glos

Duration of Load Effects and Reliability Based Design
(Single Member) - R 0 Foschi and Z C Yao

Effect of Age and/or Load on Timber Strength - J Kuipers

The Prediction of the Long-Term Load Carrying Capacity of
Joints in Wood Structures - Y M Ivanov and Y Y Stavic
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19-7-5 STip in Joints under Long-Term Loading - T Feldborg and
M Johansen

20-7-2 S1ip in Joints under Long-Term Loading - T Feldborg and
M Johansen

22-9-1 Long-Term Tests with Glued Laminated Timber Girders -

M Badstube, W Rug and W Schone

22-9-2 Strength of One-Layer solid and Lengthways Glued Elements of
Wood Structures and its Alteration from Sustained Load -
L M Kovaitchuk, I N Boitemirova and G B Uspenskaya

TIMBER BEAMS

4-10-1 The Design of Simple Beams - H J Burgess

4-10-2 Calculation of Timber Beams Subjected to Bending and Normal
Force - H J Larsen

5-10-1 The Design of Timber Beams - H J Larsen

9-10-1 The Distribution of Shear Stresses in Timber Beams
- F J Keenan

9-10-2 Beams Notched at the Ends - K Mghler

i1-10~1 Tapered Timber Beams - H Riberholt

13-6-2 Consideration of Size Effects in Longitudinal Shear Strength
for Uncracked Beams - R 0 Foschi and J D Barrett

13-6-3 Consideration of Shear Strength on End-Cracked Beams
- J D Barrett and R O Foschi

18-10-1 submissicen to the CIB-Wi8 Committee on the Design of Ply Web
Beams by Consideration of the Type of Stress in the Flanges
- J A Baird

18-10-2 Longitudinal Shear Design of Glued Laminated Beams
- R 0 Foschi

19-10-1 Possible Code Approaches to Lateral Buckling in Beams
- H J Burgess

19-2-1 Creep Buckling Strength of Timber Beams and Columns

« R H Leicester

20-2-1 Lateral Buckling Theory for Rectangular Section Deep
Beam-Columns - H J Burgess

20-10-1 Draft Clause for CIB Code for Beams with Initial
Imperfections - H J Burgess

20-10-2 Space Joists in Irish Timber - W J Robinson



20-10-3

21-10-1

22-10-1
22-10-2

22-10-3

22-10-4

23-10-1

23-10-2

23-10-3

23-12-1

23-12-3

- 16 -
Composite Structure of Timber Joists and Concrete Slab
- T Poutanen

A Study of Strength of Notched Beams -
P J Gustafsson

Design of Endnotched Beams - H J Larsen and P J Gustafsson

Dimensions of Wooden Flexural Members under Constant Loads -
A Pozgai

Thin-Walled uWood-Based Flanges in Composite Beams -
J Konig

The Calculation of Wooden Bars with flexible Joints in
Accordance with the Polish Standart Code and Strict
Theoretical Methods - Z Mielczarek

Tension Perpendicular to the Grain at Notches and Joints -
TACM van der Put

Dimensioning of Beams with Cracks, Notches and Holes.
An Application of Fracture Mechanics - K Riipola

Size Factors for the Bending and Tension Strength of
Structural Timber - J D Barret and A R Fewell

Bending Strength of Glulam Beams, a Design Proposal -
J Ehlheck and F Colling

Glulam Beams, Bending Strength in Relation to the Bending
Strength of the Finger Joints - H Riberholt

ENVIRONMENTAL CONDITIONS

5-11-1
6-11-1
8-11-1
16-11-1

19-6-5
22-11-1

Climate Grading for the Code of Practice - B Norén
Climate Grading (2) - B Norén
Climate Classes for Timber Design - F J Keenan

Experimental Analysis on Ancient Downgraded Timber
Structures - B Leggeri and L Paolini

Drying Stresses in Round Timber - A Ranta-Maunus

Corrosion and Adaptation Factors for Chemically Aggressive
Media with Timber Structures - K Erler

LAMINATED MEMBERS

6-12-1

8-12-1

Directives for the Fabrication of lLoad-Bearing Structures of
Glued Timber - A van der Velden and J Kuipers

Testing of Big Glulam Timber Beams - H Kolb and P Frech



8-12-2

8-12-3

9-12~1

9-12-2

9-6-4

11-6-3

1z2-12-1

tz-12-2

13-12-1

14-12-1
14-12-2

14-12-3
14-12-4
18-12-1

18-10-2

19-12-1
19-12-2
19-12-3

19-12-4
21-12-1
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Instruction for the Reinforcement of Apertures in Glulam
Beams - H Koib and P Frech

Glulam Standard Part 1: Glued Timber Structures;
Requirements for Timber (Second Draft)

Experiments to Provide for Elevated Forces at the Supports
of Wooden Beams with Particular Regard to Shearing Stresses
and Long-Term Loadings - F Wassipaul and R Lackner

Two lLaminated Timber Arch Railway Bridges Built in Perth in
1849 - L G Booth

Consideration of Combined Stresses for Lumber and Glued
Laminated Timber - K MGhler

Consideration of Combined Stresses for Lumber and Glued
Laminated Timber (addition to Paper CIB-W18/9-6-4)
- K Mdhler

Glulam Standard Part 2: Glued Timber Structures; Rating {3rd
draft)

SGlulam Standard Part 3: Glued Timber Structures; Performance
{3 rd draft)

Glulam Standard Part 3: Glued Timber Structures; Performance
{4th draft)

Proposals for CEI-Bois/CIB-W18 Glulam Standards - H J Larsen

Guidelines for the Manufacturing of Glued Load-Bearing
Timber Structures - Sfevin Laboratory

Double Tapered Curved Glulam Beams - H Riberholt
Comment on CIB-W18/14-12-3 -~ £ Gehri

Report on European Glulam Control and Production Standard
- H Riberholt

Longitudinal Shear Design of Glued Laminated Beams
- R 0 Foschi

Strength of Glued Laminated Timber - J Ehlbeck and F Colling
Strength Model for Glulam Columns - H J BlaB

Influence of Volume and Stress Distribution on the Shear
Strength and Tensile Strength Perpendicular to Grain

- F Colling

Time-Dependent Behaviour of Glued-Laminated Beams - I Zaupa

Modulus of Rupture of Gluiam Beam Composed of Arbitrary
lLaminae - K Komatsu and N Kawamcto



2i-12-2

21-12-3

21-12-4

22-12-1

22-12-2

22-12-3

22-12-4

23-12-1

23-12-2

23-12-3

23-12-4

- 18 -

An Appraisal of the Young's Modulus Values Specified for
Glulam in Eurocode 5 - L R J Whale, B 0 Hilson and
P D Rodd

The Strength of Glued Laminated Timber (Glulam): Influence
of Lamination Qualities and Strength of Finger Joints -
J Ehlbeck and F Colling

Comparison of a Shear Strength Design Method in Eurocode 5
and a More Traditional One - H Riberholt

The Dependence cof the Bending Strength on the Glued
Laminated Timber Girder Depth - M Badstube, W Rug and
W Schone

Acid Deterioration of Glulam Beams in Buildings from the
Early Half of the 1960s - Prelimination summary of the
research project; COverhead pictures - B A Hedlund

Experimental Investigation of normal Stress Distribution in
Glue Laminated Wooden Arches - Z Mielczarek and W Chanaj
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PREFACE

The purpose of this paper is to contribute to the discussion on safety, in
particular of timber structures. The author is aware of the fact that much
more advanced theories were developed with respect to the statistical
treatment of loads and strength properties and the probability of failure.
The way in which we have to deal with damage due to long duration of
load however is less clear. For the design of competitive imber structures
a better view on this problem is necessary; may this paper help to the
development of such a view.

i INTRODUCTION

In [1] a rather simple method for the determination of structural safety
was developed and used in particular to try to find out if structures,
made of different materials and designed according to then existing standards
would show comparable probability of failure.

For timber it was assumed that the effect of duration of load according to
Wood, the Madison-curve, could be used in a slightly simplified way and
furthermore that every load of a certain duration would cause a strength
reduction or damage proportional to the ratio of that load to the one,
causing failure after that particular lapse of time.

Although several attempts have been made to demonstrate that the Madison
curve has not a universal validity, until now there is not an accepted way to
deal with the problem and to combine the different results.

In the following firstly some attention is paid to the interpretation of
duration-of-load-effects. Secondly it is tried to give - in the same simplified
manner as before, i.e. using normal distributions for loads and for strength
- a general reasoning for the determination of the probability of failure if
certain values for vq . Yy . and k,,q will be prescribed.

2 A SIMPLIFIED STATISTICAL SAFETY METHOD
21 The method in [1].

For the determination of the safety of structures one has to take into
account the variability of loads and strenght. The safety of the structure
or of the structural alement then is expressed in the probability of failure,
which should be small enough. This probability is given by the so-called
safety or reliability index f . In the following we use R for a material
strength property, G for the effect - expressed in the same quantity as R
~ of permanent loads and Q for the effect of variable loads. Furthermore
s and v, with indexes r, g, and q stand for the standard deviation and the
coefficient of variation respectively. In combination with R, G and Q the
index m means the mean value and the index k the characteristic 5th
percentile value.

The effect of the load-duration is given by a linearised "Madison-curve” as
in fig. 1, where a constant load with magnitude 0.55 R causes failure after
100 years, R being the short-duration strength determined in a static test,
reaching fallure in about 5 minutes.
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This expression is very general and independent of the probability-distribution
of R, G and Q. The value of P determines the probability of failure p, and the
relationship of p and p is distribution-dependent.

In [1] it was assumed, that a load of magnitude «¢R during a time t causes
a strength reduction [{~«, JR, so failure occurs at time t . Furthermore it
was assumed that a smaller load Q, working during the same time t, causes
a proportional damage, i.e.

1)
It is assumed that R, G and Q are independent, not correlated quantities.



2.2

2.3

The safety-index with respect to the residual strength at time t of a material
loaded to g G+ g Q becomes [see [11, formula 2al :

B = Rm {1/ (\:3) Gs'ﬂ = ( Vaq)Q I (2)
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Using this formula in (11 it was tried to determine values of B for different
structural materials, based on the then used standards (1967},

So-called "stress-regions” were developed for combinations of G and Q,
leading to constant values of B .

Criticism on 2.1

Objections to this method are the following:

a) the variables will have other than normal distributions. This of course
is true. The elaboration for other distributions has been done by
others, e.g.{21, it is however much more complicated. Here the simple
method is maintained to facilitate the discussion.

b) the effect of load-duration is not right. This is also true:

bi) not all timber, timber products and joints will follow the same Madison-
line. Especially for wood with defects the strength reduction is
expected to be smaller than for clear wood. It seems very difficult
to take into account such differences in a general standard, this
even more if a system of strength classes will be adopted, because
in one such a class different grades of different species will be put
together. This means that even in one strength class the time effect
can be different. The only solution will probably be the one of
today: acceptance of the most dangerous expectation. Further extra
punishment due to this effect should of course be avoided.

b2) the safety index is only judged at the end of the lifetime of the
structure. According to people with more statistical insight than |
have, the decrease of the total probabilty during the lifetime of the
structure is only small.

b3) the forces and stresses in our timber structures are so low, that no
damage will be caused by them. It is argued already for a long time
that there is a threshold, below which no strength reduction will
occur; Kuipers [31 tries to demonstrate this by referring to long-duration
tests on trusses and on joints.

Does another question change the answer?

The idea of a threshold, and the fact that the stresses in our timber
structures are so low, has gi{fen the impression that timber structures
are much more safe than is recognised. At the moment however as far as
I know there is not made any attempt to produce comparable values of
the safety index, based on new results of tests.
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If we accept the idea of a threshold, the assumption in the foregoing -
i.e. that every load of a certain duration will decrease the strength - is
not true any more. The allowable forces and stresses we accepted in the
years behind us are of the order of 0,20 to 0,30 of the short duration
strength, much below the generally accepted threshold of about 0,55
times this short-duration strength.

Nevertheles we could ask - like H.J.Larsen during discussions hereabout -
what the probability would be that nowadays'accepted forces and stresses
exceed the threshold values.

Using the Madison line we indeed assume, that every structure or every
individual structural element, which is really loaded during the period t
with the load Q = o, R (fig.1 )} wili fail at time t. Now both Q and R are
variable quantities as was said before, but we take the load-duration-line
as a deterministic quantity, i.e. that it has a fixed influence. We then can
draw the load-duration-line for a low-strength-element, e.g. for an ele-
ment with a strength of 0.8 R, , or in the same way for a high-strength
individual, say with 1.2 R,, (fig.2).

All elements, having a strength lower than R, will fail after 100 year or
earlier, if they are loaded by a permanent load of 0,55 R, . The proba-
bility of failure therefore can be found by the following expression:

B - O(t Rl‘n - Q:Tl - Ott an B an
s 24 g2 22y 2
ol r Sc; at Sr" Sc:;

or for two loads G and Q :
at Rx“n - Gl"} B Ql‘n
g = : (3)

g ] o o
-I/oq 5% + 5% + g=
v 9 q

Bearing in mind that now «,= a,7 a, we see that the expression (3) is
the same as {2}, and so the results of both ideas about the effect of long
duration of load are the same.

In the fellowing we will try to answer the question about the safety
index belonging to nowadays proposals for design rules.
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Fig.2: There always exists a probability that a weak structure with strength
Rt throughout its lifetime will be loaded by a high permanent load Gt

3 ESTIMATION OF SAFETY INDEX RESULTING FROM EUROCODE 5 AND
OF EUROCODE-BASED DRAFT NATIONAL LOADING CODE.

3.1  Conditions for ultimate state.

Eurocode 5 states the following proposed values for the three variables
determining the safety of timber structures:
- partial factor for actions:
vg = 135
vq = 1.8, for load-combinations of G and Q
- partial factor for materials:
Ym = L4 "normal” case
Y = 1.25 For glulam
- modificationfactor & oq
here limited to the usual strength properties and to moisture class 2 - :

long term 0.8 - order of duration 10 years
medium term  ¢9 - 7" " O months
short duration 1.0 - " " b 1 weel

instantaneous 1.2
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The design calculations have to proof that the forces and stresses resulting
from a fictitious load combination

1.35 Gk + 1.5 Qk’
will not be greater than a fictitious strength

oo
Tmod R[
A

Yi‘i'!
Using again G and Q directly as the notations for the results of the actions,
e.g. stresses, we can write:

.35 Gy + 1.5 Qs "‘_._wm R, the index; denotes the characteristic
Yl'l'l )
values,

Normally the 5th percentile value is used as "the" characteristic value. With
the assumed normal distributions it means that, for instance,

Gy = (14164 vg) Gy

We will use the following values for the coefficient of variation:

Ve = 0.05 for permanent load

Vg = 0.15 for variable load, e.g. snow load; the characteristic values have
to be given so. that they can be considered as extreme values with an
exceptional character. The duration of such an extreme load is chosen
here to be about one week during the lifetime of the structure.

Following the Dutch draft loading code, which is related to the EC loading
code, the "momentane” value however must be considered as a permanent
load; its value is 0.7 times the extreme value,

The value of P has been calculated for 18 examples.

Example 1: Permanent load only; sawn wood; coeff. of
variation v. = 0.25,

Condition: 1.35 Gy £ (0.8/1L.HR

From this: Gy £ 0.423 R, , or

= = 231
R..J 0.55% . 0.25% + 0.231% . 0.05%
Example 2 :Permanent load only; sawn wood; v, = 0.20
G, ¢ 0263 Ry,
.55 - 0.263
B = 2.59

[ 0552 . 0.20% + 02637 . 0.05
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Example 3: Permanent load only; glulam; v, = 0.15,
Condition : 1.35 G = (0.8/1.25) Ry,
From this: G = 0.474 Ry, or Gm = 033 R, and

0.55 - 0.33
§) = 2.62

V 0552  0.152 + 0332 0052

Example 4: Load combination G, + Q. , for a construction where G = Qy, so
that the effects of the permanent load and the variable load are of the same
magnitude; both loads are of long duration; the "momentane” value for the
load Q, i.e. 0.7 Q) has to be taken. Sawn wood, v, = 0.25.

Condition: 1.35 Gy, + 1.5 0.7Q, < (0.8/1.4) R,

Gns 0238 R, or G, = 0430 R, . and Q,, = 0.113 R,

C.55 - 0130 - 0.113
b= = = =221
[/ 0557 . 0.25% + 01302 . 0.057 + 01137 . 0.157

Example 5: Load combination G + Q, for a construction where G = Qy ,as above.
Sawn wood; v, = 0.20

Condition as above; G, = 0.148 R, and Q,, = 0126 R,

0.55 - 0.8 - 0.128

V 0.55% . 0.20° + 01482 . 0,057 + 0.128% | 0.157

Example 0: Load combination as above; glulam; v, = 0.15
Condition: 1.35 Gy, + 1.5.0.7 Q.= (0.8/1.25) R

From this: G, = 0.180 R, and Q,, = 0.162 R,

0.55 - 0186 - 0.162

B

[/ 0.552 . 0.152 + 0.186% . 0.05% + 0.1627 . 0.157

~

Example 7: Load combination G+Q, for a construction where again G = Q. but
now the extreme case. This extreme load combination has aduration of
f week.In the calculation of £ the value from the Madison line for 1 week
is 0.75. Sawn wood; v = 0.25.
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Condition: 1.35 G + 1.5 Q £ (I/L4R

G, = 0137 Ry, and Q= 0419 R,

mn

0.75 - 0.137 - 0.119
b = - = 262
1 0755 0252 + 01372 . 0.05% + 01192 . 0.15°

Example 8: same case as in 7, but v. = 0.20

Condition as above; G, = 0.156 R, and Q,, = 0.135 R,

075 - 0156 - 0.135 ,
G =

Y 0752 L 0207 + 01562 | 0.052 + 0.1352 | 0.15°

{2
o
(93]

Example 9: same loading case as examples 7 and 8, but glulam,
with v = 0.15.

Condition: £35 Gy + 1.5 Q. = (1/1.25)R,,

G, = 0.19 R, and Q,, = 0.170 R,

075 - 0496 - 0.470
B = 3.31

1/ 075% L0152 + 01962 . 0.052 + 01702 | 0.157

Another 9 examples were calculated for the same materials and load cases as
above, but the time-dependancy was assumed to be 0.65 for permanent load
and 0.82 for | weeks loading.

All B -values were put together in table i

Table 1. Values of B for 18 examples

loading %ELLL s;\in :w‘?‘zd Y%l:-l“-ta"TQS
' v, =025 v, =020 v =015
permanent %2_% 5 39 2 59 262
moment %2_(; 5 o 545 2 34
extreme Cl)(;g 562 303 3 3
permanent _8_2_(; 557 5 g5 304
moment 822 o 48 .83 2.99
extreme OI(;; 574 304 3.60
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3.2 Safety index during and at the end of the lifetime of a structure..

The values of B, calculated in the foregoing examples, show that there is a
fair, although not excessive chance that the permanent load or a l[oad

combination exceeds the long~duration- strength belonging to that duration
of load.

If it is true however, that the damage due to long-duration-of -load arises
only in the short period before failure actually occurs, during say 70 or 80%
of the lifetime of a structure we have a reliability-index B of a material
without load-duration effects.

For the first example, of a permanently loaded structure, a value § = 2.31
was calculated at the end of the lifetime of 100 years. During the first
70 or 80 years of the existence of that structure however there is no damage
to be expected, and during that period the value of § can also be calculated:

- Ry, - 0.231 R, o

R, 0.25% + 02317 0.057

For glulam the same figures are : p = 2.62 at the end of the lifetime, and
B = 4.44 during the period before.

Although the differences are less dramatic than might be expected,
they are nevertheless important enough, especially for glulam structures.
This is the more so if it is true that the more sophisticated methods of
reliability-calculations result in higher 8-values.

It is not clear yet how this problem could be aveoided, and therefore it
is not yet possible to make use of the higher strength, available during
the greatest part of the lifetime of timber structures.

4 CONCLUSIONS

The probability of forces or stresses in a structure to exceed a certain

long-duration strength can as a first approximation be calculated in the
same way as has been done before in [1].

- The conditions of Eurocode 5 give {§ -values of about 2.5 to 3.5, which is of

{

the same magnitude as what was calculated before in [i].

It seems not true therefore that the safety in timber structures is significant

higher than was estimated by earlier calculations.

These [ -values however were calculated at the end of the lifetime of the

structure, say after 100 years. The damage due to the load will probably
only occur at the end of this period. During far the greatest part of the
lifetime of timber structures the reliability is much higher than the
existant calculations show.

The {-~values increase - of course - if a lower variability in the strength

properties may be assumed;

For the extreme load combinations of short duration a higher p , so a higher

safety is found than for the permanent loads,
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- For glulam a higher safety is found than for sawn wood, even with the
lower v,,, - value in Eurocode 5. Such a special rule for less variable
material seems well justified.

- If the Madison-factor of 0.55 could be increased to e.g. 0.65 the B-values
will be significant higher or, with the same [ -values the valyes of the
other variables could be chosen more competetive.

N.B. With other, more sophisticated methods, better estimations of the reliability
of structures can be made. It may be expected that higher values of § - 3.5 to
4 - will be found, using the same Eurocode 5 proposals. It is highly recommended
that such reliability studies for timber structures should be made. The way in
which the influence of long and short duration of loading has to be taken into
account should be given very careful attention.
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0.1 Introduction.

This communication reports some preliminary results of a research
program which has been initiated in France on "Reliability of Wood
Structures”, The Centre Technique du Bois et de I'Ameublement and the
University of Clermont-Ferrand have initiated this program for design
codes calibrations and structural (systems) design purposes.

The Eurocode 5 "Limit State Design Code" requires probabilistic
analysis further than simple conversions from working stress design codes.
This approach has been already employed for other materials (steel and
concrete) in the European Design Codes [1] but also for wood in North
America [2], [3]. The safety levels are usually given for single components.
The systems design has been recently more and more investigated.

Based on mechanical models, probabilistic design of wood systems
might be of great interest at least for three reasons :

- getl some benefit of material variability, at least for redundant
structures in which the between members variability gives load sharing
effects.

- effects of semi-rigid connections on structural behavior increase
the global safety, compared with single components design,

- wood structures have a good behavior under seismic or wind
actions. A probabilistic analysis based on stochastic processes should give
practical consequences for design.

This paper describes only some results dealing with single
components analysis. The systems analysis will be investigated in the next
{wo years.



0.2 Abstract,

The first part of this paper describes the reliability theory and
methods available to compute probabilities of failure. In order to formulate
further design equations, we need to know the distributions for bhoth
material behavior and actions.

Random variables have been fitted to wood properties (MOE, MOR,..))
using a French Database which covers different species. This database is
the result of a large research program whose objective was to qualify
French species through their physical and mechanical properties, in
relation with the sylviculture modes. Modelling has been done for different
species, different grades and different cross-sections.

The actions have been modelled using information available in the
existing Limit State Design Codes (CSA086, CEB,..). Extreme values
distributions have been used to model wind, snow, occupancy loads. The
permanent loads have been modelled by normal distributions.

The first reliability analysis has been done for the basic case of a
solid wood beam in bending. This approach is similar to the other design
codes, but changes in climate, materials or return periods might slightly
change the partial coefficients. The target safety indexes might also be
different with respect to different constructions.

The second reliability analysis reported in this paper focused on
bolted joints. A simplified fracture model has been used together with
design codes recommendations in order to formulate limit state functions.
The influence of humidity was also investigated as a modification factor to
partial coefficients.



i. Reliability theory: definitions and methods.
1.1 Definitions,
A reliability analysis is based on three ideas (see [4], [S] for ex.) :

(1) define random distributions {continuous or stochastic processes)
for each of the wvariables which has "randomness” (material properties,
dimensions, actions,...}.

Random wvariables Xi
Probability Density Function fOX)

Cumulative Distribution Function F( X. )

(2) define a limit state function G( X; ) which expresses the state of
the structure (or component) being studied :

G(X;)>0 safe state
G(X;)=0 limit state
G(X;)<0 fracture.

[n the space of the random variables, the equation G( X; ) = 0 defines
a boundary between the safe and the failure domains.

(3) the probability of failure occurence is defined by a
multidimensionnal integral :

Prob(G<0)=P = f(X) dX.
) f J‘Gso( |) i
1.2 Methods.

The above integral might be solved by three methods :
- Monte-Carlo simulation :

* generate (through a random number generator) a set of sample
values for each of the basic variables and determine the safety margin
X, ).

* after a large number n of trials, kK is the number of trials in which
f( X;) ¢ 0. The probability of failure is given by :



- Cornell Safety Index :

In the case of linear safety margin G and normal basic variables, the
reliability index B is defined by :

Ho
B"' GG

where p and ¢ are respectively the mean and standard deviation of G.

The probability of failure is given by :

P § = P ('"' B)
where @ is the standard normal cumulative distribution function.

This definition of the safety index is not invariant with regard to the
choice of the failure functions which would give the same probability of
failure. Therefore, the following definition of P is preferred.

- Hasofer-Lind safety index :

The H-L safety index is formulated for the case of standard normal
basic variables which are uncorrelated. It is defined as the shortest
distance from the origin to the failure surface in the space of the basic
variables:

2

B = min (gxiz]

xedG

- This distance might be determined numerically (Racwitz-Fiesler algorithm
for example). If the basic variables are correlated or not standard, we
might use transformation methods as Rosenblatt. The probability of failure
is given by a similar equation than before.

- In the case of systems (parallel, series or combined assemblies of
failure functions), approximative equations give bounds for the safety
indexes.



2. Random Variables.
2.1 Material.

Three distributions have been fitted to the data [6] , using a
maximum likehood method :

- Weibull 2 parameters.
- Log-Normal.
- Normal.

In order to test the best fit, we used a Kolmogorov-Smirnov test
(maximum difference between the estimated and the experimental CDF). In
tables 1 and 2 are reported results for the MOE and the MOR, this for
different species, cross-sections and grades.

Species Section Grade Distribution Mean STD 30%
Poplar 25365 BS LogNormal L6 20 10.4
Poplar 40x109 BS LogNormal [09 2.0 9.8

Poplar 5Cx1590 BS LogNormal [2.8 1.5 12.0
Douglas 40x1090 B LogNormal 117 2.4 10.3
Douglas 40x109 ) LogNormal 143 30 [2.6
Douglas 50x159 B LogNormal 123 2.4 109
Douglas 56x150 S LogNormal 138 2.9 12.1
Marit, Pine 50x159 BS LogNormal 13.2 19 12.1
Marit. Pine 65x200 BS LogNormal 136 1.9 12.6

Table 1 : MOE (GPa) distributions for French Species, results from Database.

Species Section Grade Distribution Mean STD 5%

Poplar 253165 BS Weibuil 630 11.0 4490
Poplar 40x100 BS Weibull 530 14.0 2940
Poplar 50%150 BS LogNormal 57.0 12.0 360
Douglas 402100 B LogNormal 53.0 19.0 28.0
Douglas 40x100 S LogNormal 67.0 240 35.0
Douglas 50x150 B LogNormal 48.0 180 25.0
Douglas 50x150 S LogNormal 53.0 19.0 28.0
Marit. Pine 503150 BS Weibuif 59.0 14.0 34.0
Marit. Pine 65x200 BS Weibull 56.0 130 37.0

Table 2 : MOR (MPa) distributions for French Species, results from Database,



2.2 Actions.
2.2.1 Dead Load Notation : G

These actions are modelled by Normal distributions. In this case, the

caracteristic value is equal to the mean. In further analysis, we consider
three [oad cases:

Action Mean C.0.V,
Fioor 37 daN/m2 10%
Light roof cover 20 daN/m2 10%
Heavy roof coever 90 daN/m?2 10%
2.2.2 Occupancy Loads. Notation : Q

The instanteneous response of a such action is a stochastic process.
The extreme values distribution {over the return period) follow a Gumbell

model. The caracteristic value {over 50 years) might be deducted from this
distribution by :
50
S, ln—T—-—- 6
Q. =E_+ _

S0 G ki

where EQ is the mean of Q
SQ is the standard deviation of Q
TQ is the return period of Q

For further floor calculations, we consider three load cases.

Action Eq S0 Tq Qso
Residential 40 daN/m?2 40 daN/m2 7 vears 100 daN/m?2
Offices (20 m2) SO daN/m?2 50 daN/m?2 S years 145 daN/m2
Commercials 70 daN/m2 54 daN/m2 5 years 170 daN/m2
2.2.3 Snow Load Notation : Qg

Ground snow load might be evaluated by :

150 daN/m3
100 [3=2exp (= 1.5H)] daN/m3

HO

Q =My avec v:{

where H is the snow height and v its density, which might depend on
height.



The roof snow load is deducted from the ground snow load by :

Q,=uQ,,

where | is a factor which depends on the shape of the roof. For simple

cases, U = 0.8.

In the French design codes (N84 for snow) are reported caracteristic values
(Return period = 50 years) Q. . The caracteristic heights H are deducted

assuming VvV = 150 daN/m3. The instantaneous maxima distribution is a

Gumbell model whose parameters are evaluated assuming a coefficient of
variation of 20%. The mean is given by :

H bIs
{E X COV 46

" L -y + 3.9
cov 76

COV=0720

= £ =066 H,

For roof calculations, we chose four regions :

QSO HSO EH Cov

Region A <100 m 36 daN/m2 030 m 0.20m 20%
Region B <100 m 44 daN/m?2 037 m 024 m 20%
Region B 1000 m 200 daN/m?2 167 m 1.10m 20%
Region C <100 m 52 daN/m?2 0.43 m 029 m 20%
2.3.4 Wind [oads Notation : Qw

Wind load is given by :

W2
=TET

where W is the wind velocity. In the French code (NV65 for wind),
are reported caracteristic values for both loads and velocities. The
instantaneous maxima distribution is a Gumbell model whose parameters
are :

W T
{E oV «f6

v il -—y-|-3.9
COV76

= E,~066 W,

COV =020



For roof calculations, we chose :

Qso Wso Eyy Cov
Region 1 50 daN/m?2 286 m/s 189 m/s 20%
Region I1 70 dalN/m?2 338 m/s 22.3 m/s 20%
Region III 90 daN/m?2 383 m/s 253 m/s  20%

2.3 Geometry.

In the first parts of the study, dimensions are considered as
deterministic. The size effects are not taken into account and the material
properties are given specifically for each cross-section.

In section 3.4, we reported a brief study of geometry variability, in
which dimensions are modelled by normal variables.

3. The simple bending problem.
3.1 Load cases.

The following load cases have been investigated for ultimate fimit
states :

Floors : 3 load cases.
Dead load + Live Load (Residential, Office, Commercial)
Roofs : 20 Load Cases.

Dead Load (nght, Heavy) + Snow (RegiOﬂS A100 s BIOO R BIOOO s CIOO )

Dead Load {Light, Heavy) + Wind (Regions I , 11, III)
Dead Load (Light, Heavy) + Snow + Wind.

Floors have been studied with Maritime Pine 65x200 BS.

Roofs have been studied with Maritime Pine 65x200 BS, Maritime Pine
50x150 BS, Poplar 50x150 BS, Douglas S0x150 B&S.



3.2 Ultimate Limit States.
3.2.1 Limit state design equations.

For calibration purposes, a limit state design equation is the
combination of a design formula given in the code and a corresponding
failure function :

* Burocode 5 design formula {(example for dead load + | live load) :

Ky
a(YGGk + W{QOK) = -}',:"

with
Yo = 1.35 Yo 1.5 Yy = 1.4

Xk is the caracteristic stress of the material.

o is a coefficient which gives the stress on the beam from the load.
For example, in the case of uniform load, we have .

% s: joists spacing
o= _g(v—v) with L.: Span
Vv:Moment of Inertia

* Corresponding failure function ;
FF=R-o{G+Q)
The combination of these equations requires the following notations :

Gk

G Q
Q, G, Q,

We obtain the following design equation :

(98 +a)x,

LSDE=R -
Yl V08 7,)

Similar design equations might be obtained for three load combinations. In
the case of snow or wind load, the random variables are the snow heights
and wind velocity respectively. These design formulae are therefore
slightly different.
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3.2.2 Results,

A parametric study has been done on partial coefficient y,,,. The objective is
to evaluate the ( y,,, B) curves and to give values for target safeties. The

following table is the result of these simulations. In Figure 1 are reported
average curves for all species and grades,

Partial coefficient vy,

Load Case 0.8 1.0 1.2 1.4 1.6 1.8
D+Q 2.5 2.9 3.1 3.4 3.3 3.7
4.6% 3.7% 3.2% 2.8% 2.6% 2.4%
D+ Qg 2.6 3.1 35 3.8 4.1 4.3
9.7% 8.6% 8.8% 9.4% 10.1% 10.8%
D+ Q 2.7 3.2 35 3.8 4.0 4.3
7% 6% 6% 7% 8% 8%
D+ Qpy + Oy 2.7 3.1 3.5 3.8 4.0 4.2
9% 8% 9% 9% 10% 1%
Average 2.6 3.1 3.4 3.7 3.9 4.1

Table 3 : Mean B values (and COV in %), all species and load cases

together.
0 0.95 0.90 0.80 0.70 0.65
1/¢ 1.035 1.1 1.25 1.43 1.54
B 2.5 26 2.8 3.0 3.1

Table 4 : Results from Canadian Experience.
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The Canadian code [2], [3] has adopted a target B of 2.8 ( ¢=0.8 },
which is well adapted to light frame houses. In Eurocode 5, the current vy,
value is 1.4, which gives a safety index of 3.7. This should be compared to
Steel or Concrete LSD codes which give B values of 3-4 for single

components. This higher safety level corresponds to larger structures in
which collapse might cause high damage.

If we compare B values (French/Canadian) for an equivalent partial
coefficient, we see that safety level of French code is much higher than
Canadian code, This is probably due to a return period which is only of 30
vears in the Canadian Code.

3.3 Serviceability limit state.

Serviceability is checked for one live load (Snow/Wind/Occupancy).
The deflection & has to be lower than a ratio (L/K) of the span of the beam.
As we did for ultimate fimit states, the limit state design equation for
calibration purposes is derived below :

* Eurocode § -

5o X m L
E K

Kk

* Failure Function :

_ L «aQ
FF~-K £

* Limit State Design Equation :

_ Ly 9E
LSDE= K[“) = ’Ym}

Simulations have been done for each live load available, and for each
species/grade/cross-section possible. Results are reported below.
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Partial coefficient vy,

Load Case 0.6 0.8 1.0 1.2 I.4 1.6 1.8 20

Q 0.7 1.2 1.5 1.8 2.1 2.4 26 28
[5% 11% 9% 8% 8% 7% 7% 7%

Qy 0.2 1.1 1.8 2.3 2.7 3.0 34 36
60% 10% 7 % 6 % 5.8% 5.8% 5.9% 6%

Qw 0.9 L5 1.9 2.3 2.5 2.8 30 32
5% 4% 3% 3% 2.5% 2.5% 2.5% 2.4%

Average 0.6 1.3 1.7 2.1 2.4 2.7 3.0 3.2

Table 5 : Mean B values (and COV in %), all species and load cases

together.

These results show that the safety level for deflections is much lower
than for stresses. But the required target has to be lower with réespect to
low damage. The current Canadian value is ¢ = 0.5 (1/¢ = 2.0) which gives
a safety index of 2.0. This value is much lower than in Table 5. This is due
to two reasons

- Different return periods (30 vears instead of SO years),

- Different caracteristic MOE {mean instead of 30% exclusion).
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3.4 Geometrical Uncertainties.

In the current codes, dimensions are considered as deterministic. A
random effect on geometiry might occur due to tolerances during
processing.

This variability has been investigated, modelling dimensions as
normal distributions. The coefficient of variation of these distributions has

been taken at COV = 5%.

The analysis has been done for (dead load+occupancy load) which is
the worst case in terms of safety. Results are reported in Table 6 below :

Partial coefficient vy,

Case 0.8 1.0 1.2 1.4 1.6 1.8
Deterministic 2.5 2.9 3.1 3.4 3.5 3.7
COV = 5% 2.5 2.85 3.1 3.3 35 3.7

Table 6 : Mean § values for different geometry variations.
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4. Reliability of bolted joints [7].

Joints behavior is another important aspect of single components
analysis. Here is reported a study of double shear bolted joints, in which
safety indexes are derived for different member thicknesses and bolt
diameters.

4.1 Failure modes and load capacities of bolted joints,

The current rules used for design have been originally developed by
Johansen and are based on theory of plasticity [8]. The load-deformation
curves are assumed to be stiff-plastic for bending of the bolt as well as

wood embedment. '

Three different failure modes might occur in 2 3 members joint :

Ia Ib II 111

In mode [, fracture is due to shear in wood.
In mode 11, there is one plastic hinge.
In mode 111, there is two plastic hinges.

The failure mode depends on members thickness, vield strength of
bolt and wood, bolt diameter. For each mode, a ultimate load-carrying
capacity might be evaluated. The joint ultimate load is the minimum of the
three individual modes.

The embedment strength might be itself a function of wood density. In this

study, we preferred to use a direct relation between the embedment
strength f, and the compression strength fe

f, = 0.65 .1,
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According to Johansen formulae, the uitimate load R is given by :
H=min{Hi(fu , tj,fy,d . ka.i)}

where
{ describes the failure mode, which depends on t/d.

fpj are the embedment strengths of wood members.
L are the members thicknesses.

fy is the yield strength of the bolt.

d is the bolt diameter.

kg are factors which depend on the angle between force and
grain directions.

The current Eurocode 5 design equations give a characteristic load R,
which is derived from the original Johansen formulfae.

4.2 Limit State Design Equation.

The limit state design equation for (dead load + 1 live load)
combination is formulated as in 3.2.1 :

(g6 +q) R,

LSDE=R- —p—r—
Ym0+ Yo)

The 3 value has been taken at 1 and 4. The analysis has been done
for 6 joints configurations.

The dimensions are deterministic :

Joint d 4 ts t/d

{mm) (mm) (mm)

1 20 50 100 5
2 20 100 200 10
3 12 12 24 2
4 12 36 72 6
5 20 20 40 2
6 12 60 120 10
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The random variables for material properties are given below :

Variable Distribution Mean COV
f, (MPa) LogNormal 400 0.1
f,  (MPa) {case A) Lognormal 40 0.2
f, (MPa) (case B) Lognormal 40 0.35

4.3 Results and preconisations.

As in previous analysis, (v, B) curves have been derived for each

joint configuration and load case. In figure 2 is reported an example (Joint
n.2 , dead load only) in which (y,, B} curves are given for each individual

failure mode (I, II, I11). The safety B of the joint is given by the minimum

of ( B, Bry. Bryp).

The joint curves are reported in figure 3. For a given vy, value, the
safety index B depends on t/d which influences the failure mode.

The average B values corresponding to a target y,, of 1.4 are given in

Table 6 for two joint configurations and for two material variabilities
(Coefficient of variation of the embedment strength fb). In brackets are

reported the coefficients of variation of B within the load cases.

COV of f, t/d =2 t/d =10
20% 3.6 4.1
(8%) {(12%)
35% 2.2 3.3
(£5%) {11%)
Average 2.9 37

Table 6 : B values for different joint configurations.
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Figure 3 : Performance Curve of the connection , depending on t/d.
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The safety levels vary both with the material and with t/d. These
levels are comparable to the previous bending study, except for the case
{ t/d=2 and COVI(f,)=0.35 ) in which the safety level is too low. The

influence of {t/d) is much more important when the material is variable.

In Table 7 are given the intervals of y, which would give B values
between 3 and 5.

COV of f, 1/d <5 t/d 25
20% [1.1;2.0] (1.1, 1.9]
35% [1.6;2.0] [1.1,;2.0]

Table 7 : f values for different joint configurations.

4.4 Influence of humidity.

In order to calibrate modification factors which take into account the
effect of humidity, an analysis has been done on the single shear joints.
Humidity modifies the embedment strength (fb) and the dimensions.

(1) The embedment strength f,, at humidity H, according to [9], is
deducted from fb15 (at H=15%) using a linear surface equation :

*if O <fbiS <385 MPa

fo=1f +oalH-15

b b15

with
-2 -4 2
00=-2.367.10 .f, ~3.126.10 .f,

“if £, ;5> 38.5 MPa

f=1,  —2482(H~ 15

(2) The dimensions are modified according to :

_ H- 15
X, = xo.(1+ o H=15 )

where
Xy is the dimension at H=0%

o is a retractibility coefficient («=0.27 for Douglas).
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The design resistance Ry for H=15% is given by :

R, Ry Y
Rd:kmodY—m = RG_VT; with Ve=

mod
Using modification equations for f, and X, (y,, B) curves are

evaluated for different humidities (see figure 4 for example). The curves
are horizontally shifted to the (15%) curve. The shift factors correspond to
K o4 Values, ie. using vg partial coefficients, the safety levels are the same

for different humidities.

In table 8 are reported average k g Values for two joint geometries.

mo

H=10% H=15% H=20%
t/d =2 1.13 1.0 0.86
t/d =10 1.10 1.0 0.90

Table 8 : k values for different humidities and joint geometries.

These values are slightly different from the current Eurocode 5
values which are ;

Class I and 11 (H < 18%) k = 1.0

mod

Class II1 (H > 18%) k 0.8

mod ~
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5. Conclusion.

Single elements calibrations have shown that the current partial
coefficients give safety levels comparable to other design codes.

The bending study has shown that the serviceability limit states
give much lower safety levels than ultimate limit states. The geometrical
uncertainties have a slight influence on the safety levels, which might be
omitted in design codes, at least for a given humidity. The bending
problem will have to be completed by other simple problems, as shear for
example.

For bolted connections, it seems difficult to adopt only one value for
Yy Pecause of a strong influence of joint geometries. The humidity effect is

slightly higher than predicted by the Eurocode S. The study has been done
only for ultimate [imit states, based on a theory of perfect plasticity.
Further investigation should be done, taking into account elasto-plastic
behaviors and looking at the deformations, which probably influence the
safety of the connections.

In a near future, these simple investigations will give a basis for
systems analysis in which interactions between elements influence the
global safety of the structures.
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Timber in Compression Perpendicular to Grain

Dr. Uri Korin, National Building Research Institute,

The Technion Haifa, Israel

Summary

The compressive strength of timber perpendicular to grain was
investigated. The study reports tests conducted on whitewood specimens
40 mm x 90 mm x 180 mm in size in central loading or end loading for
varying lengths of loading sectors 1/L. Upgrading experiment of bearing
capacity of the timber by Nailplates reinforcement was found to be

unsuccessfull,

1. Introduction

Compression stresses perpendicular to grain are generally encountered in
every timber beam element, and in some other structures such as trusses
supporting points. This compression stresses are usually small, and
special care is seldom taken for their check. However, in high and heavy
timber beams and timber truss rafters, it is always necessary to study the

bearing stresses perpendicular to grain in the suporting zones.

2. Compression stresses perpendicular to grain

Timber is an unisotropic material. Madsen et al(i) discuss the unisotropic
arrangement of cells in the wood and the ways this arrangement is
influencing the behaviour of the wood under compression stresses
perpendicular to grain. The wood comprises tubular celiulose cells embeded
in a lignin matrix (Fig. 1), Under the influence of stresses perpendicular

to grain, a layered failure mode is obtained (Fig. 2).

The full model of the behaviour of the unisotropic tubular composite under

transvers stresses exhibits first the elastic deformation of the tubular



cells walls (the straight line zone of the stress-strain curve). Collaps
of walls of some cells may occure in very low stresses and thus, a
substensial deviation from the straight line may be met in many cases.

The stress-strain curve is moving on in a shallow slope until all the
tubes are flatened and a strain hardening may appear (Fig. 3). This mode
of layered failure of tubular cells is associated with relatively high

strains of the wood when it is locaded perpendicular to grain.

As some of the cells are collapsed at very low stresses, we do not possess
any elastic straight zone, and the stress-strain curve is a curved line in
all it's length, expressing the combination of elastic behaviour of some
of the cells and the same time collapse of the others. In compression
tests up to strains of 10 percent, we usually end in the second zone of

the stress-strain curve (Fig. 4).

The standard compression perpendicular to grain test method of ASTM D
143(2) (Fig. 5) expresses the practical approach of those who dealt with
timber multivalent behaviour. The test specimens 6" long, 2" high and 2"
thick are supported in all their length and are transversly loaded along a
central sector of 2" (1/L=0.333). The test method does not include a clear
definition of the strength. It is recommended to monitor the load for 0.2"
(10 percent) deformation and the point of deviation of the stress-strain
curve from the straight line. A plastic deformation of 10 percent as a
strength cretiria for an engineering material is seldom accepted, and as
it was said before, the exact point of deviation of the curve from the
straight line is also very hard to define.

The loading of the central sector permits the tested specimen to take
advantage of the unisotropic structure of the wood and to engage the
longitudonal tubes to increase the monitored strength, in comparison with
a specimen loaded in all its length.

Madsen suggests the intersection of a parallel line at distance of 0.2
percent strain as a strength cretiria. As it was said before, the straight
line is very difficult to define, and thus, its slope, and the slope of
the parallel line will not be a precise instrument for assessment of the

transvers compression strength of timber.



Examination of the test results reported here as shown that the 0.2
percent parallel line intersects the stress-strain line at a strain of
about 2.5 percent. Thus, it was decided to use a strain of 2.5 percent as

the strength critiria for the specimens tested in this study (Fig. 6).

3. The loading pattern

Loading perpendicular to grain is usually applied to a small portion of
the length of a loaded timber element. This is always correct for beams or
truss rafters. There are only few cases where a timber element is
transverly loaded and supported along all its length, (as we may find in
some special types of pallets or in mining timber). However, loads are
very often applied to timber elements at their ends, without any overhangs
and this pattern of loading of timber perpendicular to grain should be

taken in mind during the investigation.

4. The experimental stage

The experiments reported here are the first part of a comprehensive test
programme of the behaviour of timber in compression perpendicular to
grain,

The details of the experiments are briefly reported:

4.1 The timber used for this stage of the investigation was commercial
whitewood marked: American White Wood, Maine, U.S5.A.,

45 mm x 95 mm x 3000 mm planks.

4.2 The following tests were conducted for characterization of the
timber: modulus of rupture, modulus of elasticity in bending,
compressive strength, and modulus of elasticity in compression in
grain direction according to RILEM(B) recommendations; compressive
strength perpendicular to grain according to ASTM D-143. The density

of each specimen used in this investigation was also measured.



4.3

4.4

5.1

5.2

5.3

The loading perpendicular to grain was conducted on test pieces with
a cross section of 40 mm x 90 mm and a length L of 180 mm (Fig 7-10).
The specimens were supported at the bottom along their complete
length and loaded from the top along a length portion 1, in the
central sector (Fig. 7) or at the end of the length of the specimen
(Fig. 8). The lengths of the loaded zone e were between 0.125 L and
1.0L.

Timber specimens were reinforced from two sides by nail plates.

(Fig. 9-10). These specimens were loaded as described in 4.3 above.
The purpose of this part of the study was to investigate the
possibility of upgrading methods for the compression perpendicular to

grain.

Experimental results

Characterization of the timber - the data are presented in Table 1.

Compression purpendicular to grain. The relationship between the
density of the timber and the compressive strength perpendicular to
grain is given in Fig. 11.

It compares: (a) the strength calculated according to table A 2.3a of
Eurocode No. 5(4); (b) the compressive strength tested according to
ASTM D143 (2.5 percent strain) and (c) the compressive resistence
perpendicular to grain determined according to 4.3 for specimens
loaded from two sides along their complete length (2.5 percent
strain). The comparison showes that the bearing capacity of the
timber obtained from the last method was lower from the calculated

capacity or the ASTM D143 compressive strength.

The dependence of the bearing capacity of the centrally loaded
specimens on the relative length of the central loaded sector 1/L is

shown in Fig, 12.



Table 1 - Structural properties of the timber

Specimen

Average

Density
(Kg/m3)

432

425

A43

419

496

£43

Modulus
of rapture
(MPa)

38.46

34.3

39.5

47.8

60.5

4401

Modulus of
elasticity
in bending
(MPa)

11,300

10,850

13,100

10,050

11,750

11,400

Compressive
strength
(MPa)

25.6

30.4

30.7

26.0

35.1

29.6

Modulus of
elasticity
in
compression
(MPa)

9,400

9,760

16,000

7,100

14,650

10,170

5.4 Fig. 13

specimens against the ratio 1/L.

showes the bearing capacities of the end sector loaded

5.5

The bearing capacities of the Nail Plates reinforced test specimens
are shown in Fig. 14 and Fig. 15. Comparison of the bearing
capacities of the reinforced and non-reinforced specimens, showes
very little contribution of the reinforcement to the bearing capacity

of the timber perpendicular to grain.
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" 6.

6

6.

1

2

3

Discussion and Conclusions

It is necessary to agree about a clear strength-bearing capacity

criteria for timber in compression perpendicular to gain.
Burocede 5 brings a parameter Kc,90 for use in equation 5.1.53a:

%,90,d = K¢, 00 fc,90,¢
K. depends upon the length of the overhangs of the loaded member.
Table 2 presents a comparison between the values of Ko calculated for
the loading conditions in this investigation and the experimental
results of this investigation. The differences between the compared

values are very large and should be further studied.
The investigation covered sofar only one kind of timber and one cross
section (d/b=2). There is a room for a much wider investigation on

the subject.

Table 2 - Comparison between Ke,90 and experimental results.

Central Sector leaded End sector loaded
H Ko Experimental K¢ Experimental

results results

1 1 1 1 1
0.875 1 1.063 1 1.063
0.75 1.006 1.188 1 1.156
0.625 1.025 1.375 1 1.281
0.50 1.061 1.625 1 1.438
0.375 1.124 1.9469 1 1.625
0.25 1.237 2.354 i 1.875
0.125 1.478 2.781 1 2.1586
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Fig, 6 - ASTM D 143 - Compression perpendicular
to grain specimen
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Fig. 7 - Central sector loaded
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PROPOSAL FOR A DESIGN CODE FOR NAIL PLATES
by Erik Aasheim and XKjell Helge Solli
The Norwegilan Institute of Wood Technology

September 1990

INTRODUCTION

The Norwegian timber design code "NS 3470 Timber structures
Design rules - 4th. edition" was published in november 1989,
An extract from this design code has been presented by

E. Aasheim and K. H. Solli in CIB/W18/paper 22-102-3.

The 4th. edition of NS 3470 includes a new subject compared
with the earlier editions i.e. design rules for nail plates.
Even though the rules are new in conection with NS 3470,
they have been used for several years in Norway.

The background of this rules has been presented in CIB/W18/
paper 18-7~6 by N. I. Bovim and E. Aasheim.

It is expected that the Norwegian proposal for nail plates
will be included in the proposal for the truss annexes in
Eurocode no.5.

The present paper gives a translated version of the
Norwegian rules:

PROPOSED DESIGN METHOD FOR NAIIL PLATES.

This method applies to constructions in moisture class 1
and 2.

If there are no exact calculations of the stresses fron
handling, transport and installation, the nail plates and
every elements anchoring to the nail plates shall be
controlled for a design force of 4 kN. The force supposes to
work in any direction in the plane of the construction.

The nail plate shall have approved values for the following
characteristitic properties:

fwk the anchoring capasity for o = 0

ftxk the tension capasity of the plate in x-direction

fka the compression capasity of the plate in x-direction
fka the shear capasity of the plate in x-direction

ftyk the tension capasity of the plate in y~-directicn

£ the compression capasity of the plate in y-direction

cyk



fvyk the shear capasity of the plate in y-direction

5 constant given for the actual type of nail plate
The x-direction is the main direction of the plate

The y-direction is perpendicular to the main direction of
the plate

Controll of anchoring capasitv.

The following conditions shall be satisfied:

Sy

(1 - C'sin & )ftOd

’Z’”J' 1.0
2.(1 - QC)f
t0d

M <« 1,0
l.s.ftod

where (¢ < 90°
and @ is the maximum angel between

- the directions of grain and force
- the directions of the x-direction and the force
- the directions of the x-direction and the grain

F
s Eg
Z‘d. \/"' Aef

Where Fey is calculated as the force in the centre of gravity
Of Aet.

The effective area A« is the total area of contact between
the plate and the timber reduced with those parts of the
area which are outside the given lengths from edges and
ends. Normally the length from loaded edge or end is 10 mm
and the length from unloaded edge or end is 5 mm.

Tg= — st

L
p

Mgy is calculated as the moment acting in the centre of
gravity of A,

Ip is the polar moment of area for Ae, and rmax is the
distance from the centre of gravity of Ae to the farest
point of A,



Controll of steel capasity in the nail plate.

The following condition shall be satisfied:
F \a F \&

(——ié) + ('—J%—> < 1.0
Rxd R yd

From the theory of plastisity:

F"l’ = Fg -cosy + 2'FM351n/5

F = Fy-sin® + 2‘F cos

.YK b’ Md p
My

F =+

My £/2

where

f 1is the length of the joint covered by nailplate,
measured along the gap between connected members.

% is the angle between the x-direction and the force
(fig.22)
is the angle between the x-direction and the gap.

R and R are the design values in x and y-direction.
xd yd

Rmiis found as the maximum of the 2 following values:

2

1) £ a b 1) respectively fmé b )

exd net net
and

2) £ + a )

vxd net

Rwiis found as the maximum of the 2 following values:

1 . 2
1) fwd a . ) respectively de a )
and

3
2) fvs.rd bnet )

Fk } M( ,a tand thare given 1n fig.l.

ne



The modification factor k and the load sharing factor k is
1.0,

1) Compression over the gap

2) Tension over the gap

3) Shear

Fig. 1
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Abstract

An existing model has been extended to study the influence of plastic
deformations on load distribution in multiple-pin timber joints. The
model was verified experimentally with tension tests on double-shear
specimens made from spruce and connected with nine nails aligned
parallel to the direction of loading. The test results agree well with
the model predictions. There is no significant influence of number of

nails on ultimate load.

I Introduction

Puring the last few years, the strength of mechanical timber
connections and its different influencing parameters like embedment
strength of wood or moment capacity of nails have been investigated
extensively (Ehlbeck and Werner, 1988; Hilson et al., 1987; Massé et
al., 1989; Rodd et al.,1987; Smith and Whale, 1984; Smith and Whale,
1985a; Smith and Whale, 1985b; Smith and Whale, 1987; Whale and Smith,
1986a; Whale and Smith, 1986b; Whale et al., 1989). This work did not
consider load distribution in mechanical timber joints, though Steck
(1986) showed great differences between the modification factors for
number of fasteners in several international and national timber design

standards and emphasized the need for further research in this area.

Even assuming ideal conditions - identical load-slip curves of single
fasteners - the distribution of the load in multiple-fastener joints is

nonuniform when the fasteners are aligned parallel to the direction of



-2 -

loading. Therefore, in design standards, the load capacity per fastener
decreases with increasing number of fasteners parallel to load. One
reason for the nonuniform load distribution is the different elongation
of connected members. For example, consider Fig. 1 between the first
and second nail. Member 1 is loaded by force F minus fastener load 1
while member 2 resists only fastener load 1. Assuming the same
extensional stiffnesses for both members, the elongation of member 1
between the first and second nail will be greater than the
corresponding elongation of member 2. These different elongations must
be compensated for by different displacements of the first and second
nail. Different displacements mean - at least as long as the yield load

is not vet reached - different fastener loads.

Assuming linear-elastic load-slip curves, theoretical solutions of this
problem were presented by Lantos (1969) and Cramer (1968). The
assumption of a linear-elastic behaviour of load-slip curves may be
approximately valid in the proportional range, but its extension to
ultimate loads is not realistic. If the load is increased over a
proportional limit, the most highly stressed fasteners at the ends of
the joint begin to deform plastically. Moreover, the embedment strength
in the contact areas between these connectors and the wood is reached,
and redistribution of load from the fasteners at the ends to those in
the centre of the joint will result. After each fastener has reached
its yield load, the differences in fastener loads become minimal and

the joint reaches its yield load.

It follows that ideally, every fastener might reach its yield load at
joint failure. Therefore load distribution in joints should not affect
load capacity. Test results of several researchers (Potter, 1969;
Nozynski, 1980; Massé et al., 1989) indicate, however, that the
ultimate load per fastener decreases sometimes considerably with
increasing number of fasteners arranged parallel to load. This suggests
that the failure mode in many connections may not be attaining the
joint’s yield load. Instead, joint load capacity may be constrained by
preliminary wood splitting. Consequently, the potential load capacity

of the connection is not realized because load-slip curves of single
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fasteners break off and ideal redistribution of lcad is prevented.
Oversized and misaligned bolt holes or split ring grooves tend to make
the situation even worse: by causing differences in initial slip of
single fasteners which makes the load distribution very uneven. This
may lead to some single fasteners reaching their maximum lcoad while
other fasteners just begin to carry load because of their greater
initial slip. In case of long-term or repeated loading, creep
deformations and residual plastic deformations after previous higher

loading also affect load distribution.

A realistic model to describe load distribution in multiple fastener
joints must therefore - apart from different elongations of the joint
members - take into account influences from fabrication tolerances and
variable load-slip curves within the joint. Wilkinson (1986) presented
a model to calculate load distribution in bolted joints. Knowing the
different shape of load-slip curves of different fasteners in the
connection allows the calculation of load distribution up to ultimate
load. Using Wilkinsons model, the following steps are proposed in

developing modification factors for multiple-fastener Jjoints:

-~ Determine variation of load-slip behaviour in connections.

- Determine variation of initial slip due to fabrication tolerances

within joints.

- Extend Wilkinson’s model to calculate load distribution taking into

account all important parameters.

- Simulate joints with different number of fasteners taking into

account correlation of load-slip behaviour within joints.
- Calculate maximum loads of simulated connections and determine
characteristic values of ultimate load for different number of

fasteners.

-~ Derive modification factors by comparing characteristic values
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depending on number of fasteners.

The objective of the present investigation was to develop a model
taking into account all important parameters influencing short term
load distribution in mechanical timber joints. To verify the model,
tests were carried out with gpecimens, which had been used in previous
tests to determine variation in load-slip behaviour within joints.
Therefore, single-nail load-slip curves of these specimens were already

known.

2 Model

The model used in this investigation is based on Wilkinsons work and
was extended to take into account the influence of remaining plastic
deformations on load distribution in mechanical timber jolnts. Fig., 1

shows the principal outline of a connection.

With the symbols

F joint load,
AF unloading after previous joint load F,
Fi1i, Foi load between fastener 1 and i+l carried by member 1 or

2, respectively,

P; load carried by fastener i,

AP; unloading of fastener i after previous load Pji,

ri spacing between fastener i and i+l before loading,
E1A71, EzA9 extensional stiffness of member 1 or 2, respectively,

n number of fasteners parallel to load,



Ui, U2q elongation of member 1 or 2, respectively, between

fastener i and i+1,

P 41 jth load value of piecewise linear load-slip curve for

fagtener i,

5*ji jth displacement value of piecewise linear load-slip

curve for fastener i,

55 displacement of fastener i1 with first short term
loading,

51, res displacement of fastener i after unloading with AP;

Cqi jth slope of piecewise linear load-slip curve for

fastener i, and

Cei elastic slip modulus during loading and unloading of

fastener 1 below fastener load Pj

the following relations apply (see Fig. 1):

2.1 First loading

Loading the joint with ¥ yields (see Wilkinson, 1986):

r;y + Uyy + 8(i+1) = r; + Uy + 8;’_ (1)

Bsy = 85 + Uz — Uny (2)

The load in member 1 between fastener i and i+l equals the joint load F

minus fastener loads 1 to i:



i
Fiy = F — 2Py
k=1

correspondingly for member 2:

(3)

(4)

Assuming uniformly distributed longitudinal stresses over the cross

sections results in an elastic elongation of a member section:

i
( - kEIPk) ¢ Iy
Fi3 * r; =
Up; = ii i b

- = W.
By Aq Er 2y z
i
2 Py LI ]
. F?l s _ k=1
2 B, A, EA;

The slope of a linear piece of the load slip curve is:

c _ P(j+1)i.
i1 = 8 %
(3+1) i

Pl
3
Fastener load P induces a displacement of fastener 1i:

o Cys

and correspondingly for fastener i+1l:

-5 Pasy = Piuiy

5 ey *
(i+1) 3(i+1) Cii41)

Rearrangement of load and displacement terms yields:

L s ¢ Py — Cin ® P, =
Cya E12; E; A ' 12 2

® *

F - 8. + &, + —=t _ 232
31 32 Cis ng

(5}

(6)

(7

(8)

{9)

(10)
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Cytn-1) " Ciyn By Ay By Ay "
* , (11)
T(n-1) . Psn-ny _ Fin
i3 iy + O. + i
E; Ay i) o0 Cstn-1 Cin
1 r(m.)) Li-1) r(i—n] T(i-1)
* R . l -+ + + ¢ P . P . w
Cari-1) -13 [Cfi ( r: E13d;  Ed; S TICICPPURTER Y
o (1) LR T¢i-1) . 8 1 . ~
djpiny * (1 * ) B0 = —p * By 7 Conmy | T3t {12)
Cy1 (1'+ x ) Pt TRV i

The solution of the linear equations system formed by equations (10) to

(12) yields the unknown fastener loads and their displacements.

2.2 Unloading and reloading

If the joint is unloaded, the displacement values of the single
fasteners recover only partially, and some plastic displacement remains

(see Fig. 2). The residual displacement of fastener i after unloading

the joint by the load AF is:

AP;
6j,,res = 81 C l; (13)
e, i
Replacing 63 by 8j,res in equation (1) yields:
AP AP
ri + Uy + 8(1.;.1) - ﬁ = r; + Usz; + 83 - C@,l‘l (14)
< AP;
BBGD _ g~ 8 4 Ui - Uy + ot (15)
e, i

The load in member 1 or 2, respectively, between fastener i and i+l

becomes:



Fyi

il

(F-AF) - 3 (Pc-ABy) (16)

Faos

é}(?k—,ﬁpk) (17)

With that the elastic elongations of the member sections i are:

L rj
Uy = _(F—AF) - kgl(Pk_APk)} 'L (18)
S I N I (19)
2i = _k-m'l( k k) EzAg

Substituting equations (18) and (19) into equation (15) yields:

AP iy (F—=AF) o1y rs i
et = Bieny — O 4 - . -AP,
Ce,(1+1) 6(141) 8 E1 Ay F1 Aq k§1(Pk APK)
(20}
_ r; . i _ APj
Ea A, k§l(Pk APk) * Ce, i
A corresponding equation for i gives:
AP (F-AF) e xi;_qy r(i-1) i
Ce, i =% - S(iml) Ey Ay - Ay kaz-]‘(Pk “APk)
(21)
-y o, APy
—_ —— . — + [OUUUSINNS. Soutir A
e k)_;l(Pk APy) Ce,(1-1)

Solving equation (20) by }ij,(Pk ~APy) and substituting in equation (21}
K=1
yields:

1 1 Tgi-1) r{i-1) -1
* APy - 1+ + &
Ce, (i-1) -0 [Ce, i( T Ey Ay Ez Ao
L-1)
rs *Ce,(i+1)

81_1 - Si . [1 + M) + 6{5_4,._
i

* AP; + ° AP{j.u) = (22}

z

|

av}

!

-
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e
kg
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Equation (20) with i = 1 gives:

(
Iy i
+ + APy - + AP, =
(ce,‘ EJA1 EzAz) ' Ce,2 ?

(23)
L3 L ! .
A « (F-AF) + 81 - & + (ElAl + Esz) Py
Equation (21) with 1 = n provides:
£ 1 L(n-1) (n-1)
© APy — + + * Ap, =
Ce, (n-1) () (Ce,n Ey Ay Ez Az i
(24)

-1, o N | Ty Te-n ),
Ez A, (F-AF) S + & (E1A1 * Ey Ay Fr

The solution of the linear equations system formed by equation (22) to
{24) yields the unknown AP;j. These, together with the previously
determined fastener loads P;, provide the load distribution within the

joint, after unloading the joint by AF.

3 Tests

To verify the model tension tests with nailed double-shear connections
were carried out. Test specimens were made from planed spruce (Western
White Spruce) timber and nine nails aligned parallel to load. Each
specimen had been used ten times as single-nail test specimen in a
previous investigation (Blass, 1990) on the variation of load-slip
behaviour in nailed joints. From the single-nail tests the load-slip
curves of 10 nails per specimen were known (see Fig. 3). Since, during
the single-nail tests, the wood had been damaged in areas where the
nails had been placed (see shaded areas in Fig. 4), a staggered
arrangement was chosen for the nine-nail tests, to avoid wood
splitting. Preliminary tests with nails not staggered perpendicular to
the grain induced partial wood splitting along the nail row before the
expected maximum load was reached. The arrangement in Fig. 4 was chosen

to have the force loading the joint centrically.

Test specimens were conditioned prior to testing to an equilibrium
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moisture content corresponding to 20°C and 80% relative humidity
resulting in an average moisture content of 18.0%. Testing was carried
out immediatly after manufacturing. The oven-dry density of the side
and main members of all test specimens yielded a mean value of 407
kg/m3, and standard deviation of 44.6 kg/m3. The bending moment
capacity of the bright box nails, 102 mm long and nominally 3.66 mm in
diameter, was determined using a test method proposed by Johansen

(1988) and yielded an average value of 7.62 Nm.

The nails were driven by hand hammer, without predrilling, with the
nail heads protruding 2-~3 mm above the surface of the timber. First,
five nails were driven from one side of the test specimen, then the
remaining four nails from the opposite side. During manufacturing,
shims were placed between side members and the main member to provide a
gap of about 0.5 mm in order to avoid any friction between the members
during the tests. There were 109 test specimens with known single-nail
load~slip curves from previous tests. The main test series contained 93
joint specimens because four specimens were used for preliminary tests
and another twelve specimens were tested with galvanized nails. The
tension tests were carried out according to ISC 6891 (1983). The
displacements between the side members and the main member were
measured with two transducers, one at each side of the specimen at the
level of the nail closest to the free end of the main member. The
displacement rate during both loading and unloading was 2.5 mm/min,

which resulted in total testing times between 10 and 15 minutes.

4 Test results

The load-slip diagram of each of the 93 nailed-joint tests was
recorded. Figures 5 and 6 present as solid lines examples for load-slip
diagrams. As indicated in the bottom diagram in Fig. 5, during seven
out of 93 tests the gripping device failed before a displacement of 15
mm was reached. The results of these seven tests were nevertheless
included in the evaluation. In Figures 5 and 6 the expected load-slip

behaviour is shown by dashed lines. It was determined by the
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theoretical model as follows:

The load-slip behaviour of 10 individual nails per specimen was known
from the previous single-nail tests. The expected load-slip curve of
each nail of the nine-nail tests was calculated as average of the load
values of two adjacent nails of the single-nail tests. A linear-elastic
behaviour was assumed for the unloading and reloading range between 10%
and 40% of the estimated maximum load. The slope in this range is
referred to as elastic slip modulus and was computed using the elastic
slip according to ISO 6891 {1983). The mean load-slip curves as well as
the mean values of the elastic slip modulus were then used to
iteratively calculate the expected load-slip behaviour of the
connection. The moduli of elasticity of the main and the side wood
members were estimated using their density (Forest Products Laboratory,
1587):

E = 25650 ¢ 0-91 (25)
where

E expected value of modulus of elasticity for main or side member at

12% moisture content [MPal],

a relative density of main or side member based on volume at 12%

moisture content.

Trial calculations with uniform values of modulus of elasticity between
5000 MPa and 15000 MPa showed a negligible influence of modulus of
elasticity on the expected load-slip behaviour. Therefore, the effect
of changing moisture content between 12% and 18% upon wood modulus of

elasticity may be ignored.

Fig. 5 and 6 show a good agreement between expected and actual load-
slip behaviour. The ratio between actual maximum load according to ISO
6891 (1983) and expected load at the same displacement yields an

average value of 0.99 for the 93 tests. Maximum and minimum values of
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that ratio are 1.09 and 0.90, respectively. One reason for the
discrepancy between the expected and actual load-slip diagrams is the
variation of load-slip behaviour within the specimen caused by knots. A
knot penetrated by a nail during the single-nail test caused a greater
maximum load compared to the remaining knot-free single-nail tests
within the same specimen. Therefore, during the nine-nail test with the
same specimen, when knots are not penetrated by nails, the expected
maximum load will be greater than the actual. Vice versa, the actual
maximum load will be greater than the expected, if a knot is penetrated
by a nail in the nine-nail test and not in the single-nail tests with

the same specimen.

Table 1 shows mean and standard deviation as well as the nonparametric
values of the 50th- and 5th-percentiles for the maximum load per nail
from the single-nail tests or nine-nail tests, respectively. The first
two lines in Table 1 only show the results of 86 or 859 tests,
respectively. The true maximum load of those seven connections, where
the gripping device had failed before a displacement of 15 mm was
reached, could not be determined. Therefore, instead of the actual
maximum load, the expected maximum load is indicated for all 93
specimens in line 3 and 4 of Table 1. Comparing the mean values by
means of a Student’s t test at a significance level of 0.05, the
hypothesis of the true mean values being the same for the groups with
859 and 86 or 929 and 93 tests, respectively, could not be rejected.
Consequently, a significant influence attributable to the number of

nails on the maximum load per nail cannot be ascertained.

An influence of number of nails may only be expected, if the number of
nails affects the failure mode of the joint. Even if the load acts
parallel to grain nails cause tension perpendicular and shear parallel
to grain. That is why tension strength perpendicular to grain and shear
strength parallel to grain are essential parameters affecting the
capacity of mechanical timber connections. This is especially true for
large nonpredrilled nails or for small spacing and end distances
parallel to grain. The distance between fasteners should be large

enough to guarantee a yield failure mode, instead of a splitting
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failure. In the present investigation all 93 nine-naill specimens failed
due to yielding of nail steel and crushing of wood under the nail

shanks.

5 Summary

An existing model to determine load distribution in mechanical timber
joints was extended to take into account the influence of plastic
displacements after previous higher load levels. To verify the model,
tension tests were carried out with nailed double-shear specimens made
from spruce and nine nails arranged parallel to load. The load-slip
behaviour of ten single nails was known for each specimen from a
previous investigation. The expected maximum load of the nine-nail
tests was determined with the model using the known load-slip data of
the single-nail tests. Comparing the expected with the actual maximum
loads yielded very good agreement on the average. A visual comparison
of load-slip curves from the tests with those from the model alsc

showed good agreement in most cases.

The maximum load per nail for the single-nail tests did not differ
significantly from the corresponding values from the nine-nail tests.
Therefore, the maximum load of a multiple-nailed joint can be estimated
as the sum of those for individual nails, provided joint failure is by

nail yielding.
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Table 1.

50th-percentile und 5th-percentile of maximum load Fyay (ISO 6891,
1983) per nail for single-nail or nine-nail tests, respectively.
Frmax,1! Maximum load per nail for single-nail tests; Frnax,9: Maximum
load per nail for nine-nail tests; Fpax,9et Expected maximum load per
nail for nine-nail tetsts

Mean Standard- 50th~ 5th- Sample
deviation percentile percentile size

Frax,1 () 1846 281.1 1780 1463 859
Frax,9 (N) 1806 234.3 1760 1489 86
Fmax,1 (N) 1838 277.3 1793 1463 929

Frmax,9e (N) 1823 241.9 1803 1472 93
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Summary

Constructive details as notches may cause high tension perpendicular to the grain
and should not be applied. However rules are necessary if alternative solutions are
not possible and design rules are proposed for the Dutch Code TGB-1990 as a better
alternative than the Eurocode rules 5.1.7.1 and 5.3.1.

Although the background of the design rules of the American Code for notched
beams is not known it is possible to derive these rules and it is shown that they
are only applicable for narrow span, high beams.

Design rules are derived using the simple fracture mechanics approach of [1]. Except
for splitting along the grain the method is also used for crack propagation perpen-
dicular to the grain. The same is applied for joints at the lower edge of a beam
leading to an equivalent instable crack length. Simple design rules appear to be pos-
sible based on a lowest upper bound of the strength leading to the equations of 5.1

for notched beams and of 5.2 for excentric joints.

1. Introduction

Structural details like notches, causing high tensile peak stresses perpendicular to
the grain, should be regarded as building fauits and beside the design rules for ex-
ceptional cases the codes should provide solutions (as given in 131) eliminating the
influence of these peak-stresses.

The stress situation for connections at the tensional side of a beam may be simular
to that of notched beams and often the same design rules are given for these joints.
In [1) a method is given to explain the behaviour of notches and probably this can
be extended. as proposed here. to explain the behaviour of splitting joints as well.
The vesults of [1] show a good agreement between theory and tests except for short
beams showing that an other mechanism is determining in this case. Probably this
is the result of crack propagation perpendicular to the grain at weak spots and a

first lower bound estimation is given here.

2. Explanation of the U.S. design rules for notched beams and for connections at

the tensional side of a beam

Although the background of the design rules for beams with notches at the ends in
the different codes cannot be found in literature and is not known any more a deri-
vation of these rules is possible and will be given below. For connections at the lo-

wer part of the beam eq.(5) or (6) are used and it will be shown that this only ap-



plies for short beams.

A crack may propagate from the corner of a notch at the support along the grain
until the loading point in the field is reaches in a three- or four— point bending test.
The lower bound of the strength is thus determined by the strength of the remaining
beam, after the crack propagation. with a height he.

If a beam according to fig. { may fail, at the same time, by bending or by shear the

shear force Vd will be:

f, d-bhz
Va = Mg/b= =41 W
and in the same time:
o
Vd = ?fv,d'bh (2)

Thus from (1) and (2):

4f

e (3)
‘ 0,d

When this beam is notched at the ends (fig. 2) the strength of the remaining beam

after crack propagation is:

fo d-bhi
Va = Mg/l = =T )
or with eq.(3):
h
=25 .8
Vd = r\gd bhe 0 {5)

This equation for the strength reduction by a notch is the Code equation of the
LI.S.A and was proposed for the first draft of the Eurocode.
When bending failure is not determining for the unnotched beam is: h/L > --l-fv d/F0 d

and is \/d higher than the value according to eq.(5) with a maximum of:

v o=&f

d 3 v,d'b]

R (6)
e

This occurs when: he/L z -ﬂl-fv d/ro d and thus also shear failure of the remaining
beam is determining for the strength.

When only bending failure is determining (h/L < 4f  /f

’ ), V, is lower than accor-
v.d d

o.d"
ding to eq.(5} and is for the remaining beam:
foobh? £, h
_od e 2. _od e
Vcl T 6L -3 f\f,cl bhe »’1-1‘"\, d4 F )

This, also measured. lower value with respect to eq.(5) should be used for longer
beams if there is not accounted for a strength perpendicular to the grain. The measu-
rements show that eq.{(7) applies for the failure mode of splitting along the grain

and is safe for small specimens (when the splitting strength is high).



it can be concluded that the design of notched beams can be based on the strength
of the remaining beam (that would remain after crack propagation) when cracking
of the beam need not to be regarded as a limit state of the utility of the beam.

If the splitting is regarded as a limit state of the beam the higher strength of the
smal} beams and lower "strength” of the large beams have to be estimated by frac—

ture mechanics as given in 3.

3. Explanation of the strength of notched beams and derivation of design rules

In the following the simple fracture mechanics approach of {17 is followed, with a
slightly different starting point, to estimate the bound for splitting and the simple
beam theory is used for the determination of the deformation § by crack propagation.
In the neighbourhood of the cracktip the stresses deviate from the beam theory ac-
cording to an internal equilibrium system and it can be assumed that the dissipation
by this system will not cause an increase of § and is the same for all beams (Every
flat crack has the same stress gradient). So an apparent value of the fracture energy
is determined. This is not a disadvantage bere because accounting for these effects
would also provide an apparent vaiue in this model because of the mixed mode crack
propagation.

The potential energy of the symmetrical half of the beam according to fig. 2 is:

W = Vi&/2. When V is constant the increase of the crack length with Ax will increase
the deflection with AS. When the lost of the potential energy AW becomes equal to
the energy of crack formation, crack propagation occurs. The energy of crack forma-
tion is: GCbe = GcbhAB, where Gc is the crack formation energy per unit crack area.
Thus crack propagation occurs at V = VF when:

AW = VA8/2 = VEAGB/V)/2 = G _bhAB, or when:

ZGCbh
Vo=V av (8)
ofl
The change of § by the increase of shear deformation is with he = oth:
\
o o_2{pn _en)
8y = G(boch on/ Y )
The change of § by the increase of the deflection is:
g 3 k 3 : )3 /
5, = ‘\/({}h)3 _ V{B;ﬂ - lgg .(1_ ~ ?) (10)
3Eb(ah)®/12  3Ebh®/12 o
Thus:
O8/V _ 2 i1 1267 (1
s cgela- U mo (- 1) an



The critical value of V thus is according to eq.(8):

/ G, hb?
v - - : (12)
f 171 q 62
EERAGEIE
or:
v « /GG /h
1 f . ¢ (13)
heeh

Yo - ot v 687 - 0*) G/E

For smali values of § eq.{13} becomes:

VF 0{~;HGGC/]1

Tah = s (1)
Yoo - o
For high values of (i, § = ¢y with 4 = L/h, eq.(13) becomes with E/G = 30:
. Joo
Ve a2y/GG_/h ~ @{GG /h . oK )

_ , 1
boch 5’51/0,2-(05—&4) c‘q-;/O,Z-(ocmoc'” ' C‘q;/{)h(oc—oc") )

where K, is the stress intensity factor.

/ T . . . . .
Because ya - « doesn't change much with the usual values of « this equation is

comparable with eq.(7) for the lower bound of the strength and depending on the
value of ¢, VF will be higher or lower than V according to eg.{7) and crack propaga-
tion will be instable respectively stable.

An example of measured high values of B can be found in the investigation of

Murphy, mentioned in [1]l, done on a notch starting at = 2.5 and proceeding to

EE

B =55 (=10, or ¢ = 0.55). Further also beams are tested with a cut at a distance

B = 2.5 (=10, or ¢ = 0.25). Because of the high value of [ eq.(15) aproximately ap-
. . SIS

plies and the measurements show a mean value of }GGC = 8.9 N/mm>~. For all

specimens was: o = 0.7; 1 = I b = 79 mm. The other data are given in table 1.

Table 1. Strength of clear laminated Douglas fir with

notches in the tensile zone in MPa (Murphy)

h G num-~ V/obh

mm ber tests eq.{15)
305 2.5 2 0.46 0.47
305 5.5 2 0.24 0.22
157 2.5 2 0.38 0.38
457 5.5 1 0.16 0.17

From the table it follows that for high values of n, the strength, also at high values



of B, is only determined by eq.(15) or only by horizontal crack propagation. An esti-
mation of the conditions for the bend off of the crack can be made by determining
the crack propagation in vertical direction.

The energy of crack formation in v-direction is:
G, by = G_bhia = VAS/2 = VIAG/V) /2.

Thus crack propagation occurs when:

{16}

If it is assumed that vertical crack propagation is accompanied with horizontal crack
propagation over a long distance than equations (9) and (10) apply for § and is, with

ph = L (as lower bound):

83/¥ —_u?zﬂ(_l_)_ 1_:?_&32_ (17)
- Jdu T Gb A o2 Eb o

or. according to eq.(16):
m_

a{GG_/h /GG _/h
bah 7

Jaln v 00 G/E /ot sy + 0 G/E

Application of this equation on the data of table 1 for § = 5.5 and E/G = 30 shows
that 1,fGGm has to be smaller than 70 to 85 N/mm'> (if this mechanism was deter-

mining at the same time with horizontal splitting}.

In order to get simplifications for the Code it can be seen that the variation of the
denominator of eq.(13) is not much at smaller values of p and the usual values of «
so that as a first estimate:

l? h

vV y
= A - Q)
i ocfv S SD]

Eq.{18) also doesn't vary much with the denominator under the square root sign for

the values of 7 wherefore this equation is determining so that as a first estimate:

!
m_ o . m .
abh 71 mo h v

where hv‘ hm and n, are constants. The last equation is determining when 5 s 7

because crack propagation occurs at Ve according to eq.(19) as if 9 = 1, in eq.(20)

and hardening can occur after crack formation when # < Mo
An example whereby the shear strength is determining for the un-notched beam,
V = (E/S)bh{?v is measured by Kollmann and given in [1]. Because only the ratio of

the strength of the notched beam with respect to the strength of the un-notched



_{-'_u

beam is published the test results are calculated by assuming Fv = 10 N/mm°® for
"Red tulip oak”. Far this case of small 7 the strength of the remaining beam is high
and there will be no instant failure after the occurence of the horizontal crack.

In table 2 the crack formation energies are calculated according to the different

equations.

Table 2. Strength of notched beams, Red tulip ocak, Koflmann.

h o G /o b n E\é*h var., GGF g (JGm é’vv hv fm]/ hm
coef. tests approximations
mm mm N/mm? % N/mm™?

100 .875 ~ 0.3 2.0 50 ] 3.50 - 18,4 101 03.5 I
75 2.4 2 3.47 - 15.0 685.3 16.3 833
625 2.9 1 2.77 - 13.4 £0.6 443 80.3
o 3.6 2 2.53 - 12.7 04.3 50.6 91.1
25 7.2 1 ~1.9 - 8.2 855.9 76 137

Splitting is possibly determining for o = 0.25 met -/E‘FJF = 8.2, comparable with Dou-
glas Fir. For higher values of « vertical crack prpagation. or bending failure of the
remaining beam, is determining with:

1@;1 = (4,4 N/mmt>

Possibly there is a more favourable mechanism at o = 0.875 (lower splitting stresses).
For this case (and for « = 0.25) eq.(5) is satisfied or: Vcl /bah = 2/3'0£Fv.d'

In the following tables the crack formation energy is determined for the other cases
of 111,

Table 3. Strength of notched beams depending on the height of the beam

h o B 0/ b n 1%1 var. GGF 1/GGm [“\,1 hv fma/ hm
coef. tests approximations
min m N/m m?‘ A N/m m] =

5 min. test, m.c. 4.9 %, p = 1067 l\'g/mg. Gustafsson, Pinus syivestris L.

275 5 36 44 7 332 16 5.5 35.8 153 44
18 275 10 9d 59.3 254 08.6
196 1.3 25 8.7 567 243 655




Table 4. Strength of notched beams depending on the height of the beam

{(continuation of table 3)

h o 6 4/« b n vV ovar. /GG, GGt y/h £ b

f m m*om
boch . ,
coef. tests approximations

2 N 1.5
mim mm N/7mm 7 N/mm

m.c. 12 %, Carlson, Shahabi, Sunding, Pinus sylvestris

S50 .5 5 10 15 2 2.0 - 8.2 145 28.3 141
100 S 1.46 - 8.5 56.5 29.2 73
200 2.5 1.18 - 9.7 26.0  33.4 42
m.c. 18 %. Gustafsson. Pinus sylvestris

45 5 5 6.7 15 O £.72 9 0.7 60.7 23.1 77.3
195 6.2 0.93 1 7.5 67.4 26.0 80.5
m.c. 18 %, Gustafsson, Pinus sylvestris

5 5 5 6.7 15 4 1.92 9 7.5 74.5 25.7 86.3
95 0.2 0.96 4 7.8 69.6 20.8 83.1
Eucalyptus. Leicester

9.5 .5 192 93 38 4 3.9 - 14.9 1109 24.0 111.8
19 4 3.08 = 16.7 123.8 26.8 124.9
37 z 2 1.9 - 14.3 106.6 2341 107.5
58 4 1.77 = 16.7 124.3 27.0 125.4
15 4 1.07 - 16.5 122.5 26.6 123.5

For very small specimens (h = 12 mm) the crack length has to be adjusted (see [{1).
8.1 and: [ yh = 250

. The two times higher

It foliows from table 3 that for Pinus sylvestris: JGGF =
N/mm*®. For FEucalyptus this is resp. 15.8 en 259 N/mm'"”>
crack formation energy of Eucalyptus is not shown in the approximation value. Thus
the approximation only can be used for the usual applied small values of p.

In the next table the measurements are given for Spruce wherefore also verticat
crack propagation is determining. Because for all softwoods the same crack forma-

tion energy is measured the values of table 5 can be used ir all cases.
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Table 5. Strength of notched beams. Spruce, Moher en Mistier.

h o a n/o b n v var. 1,/GGF Y GGm F\J/ hV an/ hm
back coef. tests approximations
nint mm N/mm” % N/mm?

testing time ore than t min., clear, m.c. 11 %, p = 510 kg/m3

120 917 .25 34 32 6 236 1 7.3 841 282 879
833 3.8 27 1.93 5 8.1 737 254 80.3
75 3.2 43 1.68 (9 8.2 69.5 245 77.3
667 1.7 14 152 18 8.t 69.1 250 78.3
583 5.4 10 1.5 18 8.4 76,3 28.2 887
5 0.3 19 1.59 18 01 924 348 109.7
333 9.5 0 148 16 82 1254 48.7  154.0

gluelam. Spruce. ¢ = 470 l<g/m3.
600 9i7 A17 2.2 100 5 2.00 {3 4.3 96.8 53.4  107.8

833 2.4 4 1.61 28 15.6 81.8 47.3 94.6
75 2.7 4 0.88 12 10.0 47.4 28.7 58.2
H67 3.0 4 .86 16 10.7 49.8 316 63.2
5 4.0 + 0.75 7 10.2 53.2 36.7 73.5

It follows from the table for Spruce: 1/66; = 8.4 and: F\ﬂ/ﬁv—: 28.5 N/mm"® (o =
0.5). The representative value is about: (1 -~ 1,64-0.2) = 0.67 times as high.

For giuelam there is possibly a more favourable crack mechanism at o = 0.833 (as
also foliows from the two times higher coefficient of variation at this boundary
value of 0.83). A safe value for: 1/?3?”1 = 50 and Fnﬂ/ﬁ; = 65 N/mm*> so that: iy =
= 65/28.5 = 2,3,

The Australian code alse shows for timber an increase in strength at « = 0,9,

1. Explanation of the strength of connections at the lower boundary of a beam and

derivation of design rules

For a connection at the middle of a beam the following applies after splitting (see

fig. 3). The part above the crack (stifness Ez) onty carries a moment (Mz) and the

part below the crack (stiffress 11) carries a moment {Ml) and the shearforce (V).



The rotation @ at the end of half the crack length i = gh then is:
g

M,A M Vit (M - M
(P poud — = __'!' + = 1 {21)

E12 !:il Ehil EIZ

with: M = Mi + M? being the moment at the end of the crack or

Lo, 2 _ 2 _ M2 00
Ml(i + 11') = M gy and ¢ = E(!l : I?) 122}

M is the mean moment over the length A (M =M + Va/2),
According to fig. 3 this is the mean moment over the length (h = VL{ - §h/2L)
and the refative deflection of the support follows from: § = SV + @l ~ fh/2) so that

the increase of the deflection by splitting is:

_2{ sh f__)m @h)” 12 12)_
5 = V*VLEI DL L - =
G\ bah - bh) TR U (mm% PRIy
. 2( gh ghl 12VL 6h|” L 3all - o
* &lvan - BhY - t oL VTS el T @ (23)
so that:
a8/ _2__(_1_ ). 12_-q2_ Jadl - &) .(1 jh\) ( 3§h) (24)
Of T Gbi\w ) Eb 1t - 3all - o) | 2L % =
and eq.(8) becomes For small values of § of the initial crack with E/G = 30:
v YGG /h
f_ ¢ (25)
bakh B

Yo —a?+0.00% ~ o) (1 - 287071 - 30 + 36

The second term in the denominator has a small influence for small values of « and
for increasing (stable) crack increase (= increase of [}) the equation is. for Bh = L/2.
equal to eq.(14) giving the same equation as for notched beams with short notches
at the ends. Eq.(14) is here an upper limit because there is no exchange of energies
of shear- and split- deformation. So it is to be expected that the measured failure
data will not be far below the values according eq.(14) and § = /2 can be used as
approximation.

In the measuring range of [2] eq.(25) can be written for « # 0.15 to 0.55:

Ve YGG_/h
boh

{200

/(oc o)+ 5400 - 2pa)

With this equation a first estimate of [ can be made for sufficient small values of
o and sufficient high values of 4. For higher values of « (o = 0.7) splitting will not
occur, at least not in the measuring range of [21 where is measured on relatively

short beams. For small values of 1 the strength of the remaining beam may be deter-
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mining so that the horizontal crack propagation remains stable until failure of this
beam (the start of cracking in vertical direction). If. by the higher loading, only L

changes by crack formation perpendicular to the grain it follows from eq.(23):

., oo 2] .82 "y 2
C ¥ 04 - 1S L1 (d\ £ (1 - O{O)J).
or according to eq.{i6) is for o = oy
JGG_/h
m m {28)
bah T 8B (1 - B/DPGAE A 4 (1 - o))
For f = %, as lower bound, this becomes:
Vin /GG /h o)
bah ISR E R (- )
In the measuring range of [2], eq.(29) can be written for a« = 0.15 to 0,55:
Vin /GG _/h /GGy \! o
boch -;/f'r! + 7.9-1]30{{’ -V’{jm+ 31 -Bmocb('r}w(jm/E}?‘ /

The second term in the denominator has a small influence for small values of « and
eq.(30} is therefore about comparable with eq.(18) for notches (For small »).

For higher values of % (not measured in [2]) for instance at 1 = 5 the strength is
high according to the American Code and independent of n. Then the lower bound

[ = n according to eq.(29) doesn't occur but f = [ = constant en Vm/bcxh £z

Ay VIGGm/hﬁm % constant z f‘V in the measuring 1‘angen:)?xthe American Code as given
in eq.(30).

Eq.(30) (or (14)). (29} and (25) are tested in the following tables. In the measuring
range of small values of n both equatons (32) and (29) may be determining. Accor-
ding to eq.{l4) is:

Ve

-EGGCZ'&“E'_‘I'%['VO!'“_(I) (31}

By multiplication with: 3/1 + Sedbatnln - 20) according to eq.26) a first estimate is

possible of [, in the un-cracked stage, for higher values of «.

For simplicity mean values of [ are regarded in the table. By this afGG'C is too high
for higher values of a and too small for small « in series b where 8 has influence.
However the differences are not much and will have no influence on the mean value
of y"ai}—';.



Table 6. Strength of the connection, Mdhler en Lautenschlager

26

h b type d  numb. numb. numb. «h vV 1GGC
beh
per  of of eq.(14)
. 2 1.8
mm oomm min - row rows tests mm  N/mm N/Amm

/GG 1 /GG

m

eq.(25) eq.(29)

Assumption L/h = 2.5 (L is not given in [2] and sometimes different from 2.5h)

pindowels

180 40 a 5.0 { 1 { 28 2,32 1.3
120 3 2,70 12.5
nails
80 40 b/c 3.8 5 i 5 28 3,54 17,2
3 392 10
mean 8 3.08 17,9
b " 5 1 1 47 2.85 10,8
3 2,51 5,0
mean 2.62 15.5
) 1 3 60 2.20 14,6
85 1,97 13,2
104 2,27 15,1
180 40 ¢ ! 5 2 i 4.7 3,59 21,2 =
mean 4 3,08 19.9
5 3 3 06 3.57 23.1
5 4 3 35 3.0 20.8
5 5 3 104 3.34 22.2
120 10 d 2 1 3 28 1,25 19,7
3.00 16,7
3.04 14,1
2.87 13,3
e { 1 3 3,10 14,4

0

(.2

2.4

0

12,1
15.0

17.8
197
18,5
18,9
17,4
19.2
20.7
26,5
21.2
19.5
19.9
23.1
20.8
22,2
22.8
19,5
10,6
i5,8
17,3

2.5 492

471

2,37 73,

3]

o
<

76.1
59.5
53.0
547
50,4
52,4
71,2
75.0
69,3
70,0
79,0
82.7
104.7
(9.1
59.6

SIS
2oz

2
[RR

51,2
492
54,0

B

Por types a. d and e in the table where V is carried by 1 or 2 nails (or half a doweli}

failure of the connection is probably determining for the strength and splitting is

due to a secondary stress concentration after proceeded "plastic” deformation and

hardening by failure of the dowel mechanism. So splitting of the wood is not the

primary failure mechanism.
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In table 7 measurements are given for small values of 3. It can be expected that
failure of the remaining beam is determining. If the highest value (« = 0.75) is not
regarded (because splitting witl not occur) the mean value or ]/r(?(-}—:n = 53.9 N/mm""”.
For each parameter only one test is done except in one case where 2 specimens show
values of 1/(?(371] of 46 and 61 N/mm®>. This shows a high variation of this parame-

ter because there is no well defined initial crack length.

The value of ";/GGC of 21.8 N/mm'> according to eq.(14) in table 7. has to be higher
than the real valué of 1@ (by hardening after splitting). This means that for the
connection type c of table 6 eq.(14} applies or that the critical crack-length 28 = 4 =
= 2.37 because then the smallest value of 1/6?}C % 20 N/mm' > is reached {being smai-
ter). The calcuiated value of -V/G—(}m is high inﬂicat%ng immediate failure (of the re-

maining beam) after splitting.

Table 7. Strength of the connection, Mbhler en Siebert

h b type d numb. numb. numb. «h v 1/GGC 7 1GGm
both
per  of of eq.(i4) aq.(29)
mm mm mm  row  rows tests mm N/mm’ N/mm'?

nails {type n)

1200 100 n 4.2 10 | 1 300 1,24 18,6 142 513
600 0,99 17,1 16,6
pinsowels (type sl
1200 100 s 16,0 3 2 i 300 1,5 22.5 1,43 02.3
906 1,06 15,8 53,9
3 1 300 1.87 28.0 77.7
3 0O 600 1,49 259 70,6
2 2 300 1,08 16,3 .37 44,0
600 100 3 4 1 300 1,83 22,4 0.94  406.4
gem. 2 2,12 2549 53,7
3 2 i 450 2,0 21,2 52,0
1 2,22 23.0 58,3
i 30444 259 14 (120,5)
1 150 2.32 24.6 67,4
f 2,08 22,1 044 34.0
{ 300 1.25 15,3 L T S 4

2 2 { i50 1,87 19.8 0,83 41,8




Table 8. Strength of the connection, Ehlbeck en Gorlacher

h b type d numb. aumb. numb. oh N GG 2B I/GG' 7] 1/GG
I_J—O(—I] ! C C m
per  of of eq.{14) eq.(25) eq.(29)

mm  mm nin - row rows tests mm N/mm’ N/mm>>

250 100 a +.0 2 1 3 100 £.87 S5 L8 190 206 55.0
2,08 16,2 2007 2,53 00,0

2,14 16.0 203 24 54,4

2.40 18,6 20,7 212 610

b 150 177 13,7 19 20,5 2,583 746

1,92 4.9 20,7 2,4 73.3

2,37 18,4 21,4 242 793

c 100 1,79 13,86 ~0 243 2,0 43.8

1,95 15,1 20,0 1,5 39,8

250 80 a 218 169 1.8 216 253 62,8
250 120 3 1,93 14,9 19,0 2,53 550
3 194 151 19.3 559

mean O 15,0 19.2 55,8

250 160 6.0 3 100 1,85 4.3 18.3 53.3
400 100 d 4,0 3 100 1.98 710 ~0 197 195  55.0
160 1,61 15,8 24.0 49,0

150 @ g0 2,63 15,8 2,2 20,2 253 824
250 f 2 2 100 1,78 13,86 1,5 189 2,52 51.2
1.8 13.0 i7.8 48,3

2,11 16.3 22.4 60.0

eq.(16) eq.(21}

£ + 1,89 4.6 1.0 17,9 2,48 <139

2,35 18.2 22,2 246 < 143

In series { of table 8 the nail again was probably determining.

Series g of table 8 is an end-support and fracture will occur according to the equa-
tions of the notched beams (the split off part of the beam is unloaded). However
{é?}; is a factor 20/8.1 = 2.5 higher with respect to the notched beam because there
is no clear initial crack.

The equivalent critical relative crack length § in the middle of the beam of a connec-
tion patern at the lower part of a beam height is about 0.9 (exclusif the length of

the pattern in beam direction) for an uniform spread pattern over the height «h.

For a concentrated patern (in one row in beam direction) this is about the half.



The higher value in the middle of the beam with respect to an end-support {(where
£ = 0.5) is due to the moment carying capacity of the split off part of the beam in
the middle of the beam.

Series ¢ and d in table 8 show an early failure {{ is small) and also 1/(:;(—3;_1 is small.
Comparable tests of other series show much higher values.

The boundary ng between horizontal splitting and vertical splitting lies theoreticaliy
lower for small values of « than for higher values of «. The high values of -,/E(i}m
in table 0 (except for the series where the joints are determining) show that 'qg_ is
below 2.37. Table 8 shows that ‘qg may be below 2. If it is assumed that Tjg lies

below 1.4 in table 7 than is:

YOG # 21 and fGGm # 39 N/mm'” if both mechanisms are determining at the
same time. It can be concluded that:

T e ¢ £ PRI B . LS.
¥ G(:m is about 49 to 53.9 and as for notches can be estimated at 50 N/mm and:
“s/GG:C is about 20 to 21 N/mm>°

A design rule could be based on an equivalent critical crack length of about 0.49-h
(where h is the height of the beam) for connections in the middle of the span and
about O.4-h for connections at the end of a beam and for concentrated patterns of
connections. Easier however is to base the method on an equivalent work term accor-
ding to eq.(14) (because the shear-mode of cracking is strongly dominating) and to

give a lower bound for all cases.

S : . S . . - )
Series b of table 6 gives a mean: 1/(;(1(? = 15,9 {21 tests) and series a to e of table 8
shows a mean of 15.7 (48 tests). The coefficient of variation is about & %. For ver-
tical cracking V is mainly dependent on v1 in eq.(30). In table 9 the values are cal-

culated according to these design formulas:

Mi
abh = v (32)
and for 7 = fly:
m
el (33

it follows from table 9:
f"v]/hV = 34,1 and
. - L3

foa h\f'ﬂo = 9.3 N/Amm™

\JI

so that: 7 = (49,3/34.1)% = 2.1.



Tabie 9. Strength of

the connections according to the proposed design rules

h b type d nunt. num. num.  «h v f\,-'l hv 1 'r}of’\J/lT\T
per  of of boch nE o~ 2
mm  mm mm  row rows tests mm N/mm? N/mm'’ N/mm'®
Strength connection according to table 6 series b
180 40 b/c 3,8 5 1 5 28 3,54 47.5 2,37
3 392 520
mean o 3,68 494
b 5 f 1 +7 2,85 38,2
3 2.54 34.1
mean 2.62 35.2
5 I 3 66O 2.20 30,3
85 1,07 20.4
104+ 2,27 30.5
Strength of the connection according to table 8 series a to e
256 W00 s 400 2 + 3 100 1,87 29,6 2.0
2.08 32,9 2.53
214 33.8 2.4
2,40 37.9 2,12 55,2
b 150 1,77 28,0 2,53
1,92 30,4 2.4
2.37 37,5 2,12 54.0
C 100 1.79 28.3 2.0 40.0
195 30.8 1.5 37.8
250 B8O a 2.18 34,5 2.53
250 120 3 193 30,5 2.53
3 L9 30,7
250 100 6.0 3 100 1.85 29,3
400 100 d 4.0 3 100 £,98 39.6 1.95 55.3
160 1,61 32.2 45,0
150 @ 90 2,63 32,2 2,53
mean 341 46.0




Table 9 (continuation) Strength connections according to the design rules

h b type d nuni, num. num.  oh i%] fijf!—l—v— i nofv?ﬁ‘:
per  of of ns~2
mm  mm mm  row rows tests mm N/mm~ N/mm' N/mm'?®
Strength connections according to table 7
nails:
12060 100 n 4.2 10 4 1 300 1,24 1,12 51,2
600 0,99 40,9
pindowels
1200 100 s 6.0 3 2 1 300 .5 1.43 62,1
900 1,06 43,9
3 1 300 .87 77.5
3 0 600 1,49 61,7
2 2 300 1,08 1,37 13,8
600 100 3 4 { 300 1,83 0,94 43,5
1 2,40 57.0
3 2 1 450 2.0 17,5
1 2.22 52,7
1 3.4 1.4 (99,7}
1 150 2.32 67.2
i 2,08 0,44 33.8
1 300 1,25 1,4 30.2
2 2 1 156 1.87 0.83 4.7
mean 50.7

total mean

49,3




5. Proposal for design rules for the Dutch code and Furocode

5.1 Beams with notches at the ends.

For notches at the ends of a beam applies:

h .

\4 .
T S A o= 2. 1519 1. ‘ Jh) = 2f : ;
aoh = xf ) T e th1sh = 5 f\,‘l_ep 1.5 9.1/ (f\,,l_ep /h) = 5 l"\,![_epa 9,557+ h

: 1.5 " - , L )
with: ¥ /h = 28.5 N/mm™" at failure. The representative or characteristic value is

about: (1~ 1,64:0.2) = 0.67 times higher or: 0.67-28,5 = 19,1 N/mm' >, f_ cep = 3 N/mm?

For small values of 5 is for notched beams:

vV h . p
_Lep_ e, W*B:l:i)-’ 1.5-43.6- Jeoq-of ::Bt.-‘ RPN VAT
5bh © 7 'm ]/ B T3 e IS 0 /By = Fy rep ™ 95523/ 7h)

with: Fnﬂ/ hm = 05 N/mm'® at failure or with 0.07-65 = 43.6 N/mm*® as representa-
tive (characteristic} value.

Thus the design rules can be based on:

. h
A .._ﬁ.]/l{()_ ‘hen 7z
Vd 5 fv,dbhe A P when 1 2z 2.3

Fbh e, /90 2.3
d

v, e h h g

i

17,

when »n < 2.3

Wl

where 0= M /(V 1) and his in mm.
d d

Alternatively the last proposal of the Dutch TGB-1990 art. 11.10 or Eurocode 5 art.

5.1.7.2 can be changed to:

. = . RS T - I
i\}()n L (l‘kee n-a 3-ih - he))
where kjon = 1 when h(—? = hand a = 3-(h - he)
h p
)0 Wy e
l\‘kee = “]"]“C" Yy when 5 = 2.3,
and:

2.3 h )
}\kee "y h I when 7 = 2.3

with: 1 = M ,/(V h). In the Eurocode k, is denoted by k_.
d d jon v
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When h > he z 0.9-h linear interpolation is allowed between kjon =1 at h = h(_3 and

the value of k. at h = 0.9 h.
jon e

5.2 Connections at the lower part of a beam

For connections at the lower part of the height of a beam applies:

_rep. ¢ o/ ¥ _2.p 4.5:-22.85/(3/h) = 2 f A = 2 130
abh fv h 3 rv.re;) 1.5:22.85/(37h) = 3 r\!,rep f1.4/4h 3 rv‘.rep h

with a representative value of: F\J/E = (.,67-34.1 = 2285 N/mm!?

For n < ¢ is:
0

V h  x . . )
m X0 2 e 15 Sha) = 2.¢ -E/B_QQ
abh Fv hn 73 rv.rep 1.5:33.0/43y hn) = 3 r\f,:'e;) h g

with the representative value of: F\J/h\/’"o = (.67 49,3 = 33.03 N/mm'®

For the TGB-1990 art. 13.1.4 or Eurocode art. 5.3.1 can be proposed:

20 130 L
Vd 3 §‘\:.dbhe' T when n = 2.1
and:
o A
A bl 130, 2.1 when 7 < 2.

d* 3 vd e V) T 1

P
Vd < :’i" f\l!dljlie when hQ = 0.7 h

where 1 = Md/(th) and h is in mm.

In the Eurocode is he denoted by be and b by t.
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DIMENSIONING OF BEAMS WITH CRACKS, NOTCHES, AND HOLES
AN APPLICATION OF FRACTURE MECHANICS
Kirsti Riipola

Abstract

A dimensioning method based on fracture mechanics is presented. Fracture energy
for a beam with an infinite crack is calculated with the beam theory and the energy
principle. Mode separation is done by the definition of mode Il and the superposition
principle. The material is assumed to be orthotrapic in the stress intensity calculations. A
parabolic fracture criterion is used to predict failure. To evaluate the method, some
experiments in the literature are re-analyzed.

Introduction

Many experiments regarding beams with cracks, notches, and holes are reported in
the literature. For the dimensioning, several methods are proposed. General for these
methods is, that they are based on the experiments. In most cases, shear force has
been chosen to be the dimensioning factor. Unfortunately, the material parameter
(modified shear strength) used in dimensioning is not well-known.

A fracture energy based method for beams with notches has previously been
proposed by Gustafsson (1988). The method is, however, restricted in the case of
almost pure mode | fracture and the material parameter needed is difficult to find out
experimentally. In this paper, a general method based on the fracture mechanics is
proposed. The method has much in common with the ideas described by Pook (1979)
and Williams (1988). The dimensioning principle is independent of the art of the fracture
source, but the different support conditions reflected by the different fracture modes
must be considered.

Fracture mechanics concerns structures with cracks. Therefore, it is a natural
approach when dimensioning of cracked beams is concerned. The concept of a crack
can, however, be extended. The drying of the wood causes small cracks parallel to the
fibre in the orthotropic material. Thus, it is not unreasonable to make an assumption of
an infinite crack also in such cases, where no immediate crack is found. Such
constructive details are notches and gquadratic holes. Also, circular holes can be
dimensioned by the same way, if the results of Penttala (1980) are considered. For holes
between the support and about one third of the span length, he found by finite element
calculations, that, in the failure, the initial point of the crack growth was in the angle of 50°
calculated from the beam axis. In the experiments, the mean value of the measured
angle was found to be 34°. Thus, the assumption is reasonable, that the crack growth
associated with the circular hole corresponds to the one of an inscribed quadratic hole.



Material parameters needed in fracture mechanics calculations have been studied
since sixties. For North European species (Pinus silvestris and Picea abies) as well as
Kerto LVL, a large base material has been collected in VTT fracture mechanics projects.

Definition of fracture modes

For a beam, the fracture modes are defined consistently with the common definitions.
Mode 1, also called opening mode, is present, when the upper and lower part of the
beam will be separated transverse to the crack plane by the growing crack. Mode I, also
calied shearing mode, is present, when the crack is growing so that the upper and lower
part of the beam will keep together and have the same curvature and deflection. Mode
(not considered here), also called tearing mode, would be present when the upper and
lower part of the beam would be separated in the direction of the crack front.

Deformation of a cracked beam

In the following, stress intensities for a beam with a crack are calculated by the
means of an energy balance consideration. A simply supported symmetric beam loaded
by point loads is considered. The deflection of the beam is calculated as a sum of
bending deformation and shear deformation. An infinite increase of the crack length is
assumed. This increase is reflected by an increased deflection. The external work done
by the loading is equal to the fracture energy consumed by the crack growth,

The notation is shown in figure 1. For the simply supported beam with point loads in
figure 1, the bending deformation is calculated with the common differential equations.
For the parts 1 to 4, the slope of the beam is given by the equation 1, and the deflection
of the beam is given by the equation 2.

[
- Ex Iy Vi s My dx + Cy QD]

I
- Ex 1§ vj = J Mj dx dx + Cix + Dj (2)

Additional deformation is caused by the shear deformation. For the parts 1 to 3, the
slope of the beam is proportional to the shear force, equation 3. For the part 4, the slope
is zero. The additional deflection is given by the equation 4.

5
- GxyAi v'= MI§ 3)
&

5
- Cxyhi V=JM'1 dx + Fj (4)
6



Figure 1. A beam with total depth h and thickness t is loaded by a couple of point loads Q with the distance
b from the support. Span width is 21.. For every part of the beam, the area of the beam is noted Aj and the
moment of inertia is noted I, For the uncracked beam cross section, Aj = Ag and |j = Ig. The ratio lg/l; is
noted kj; and the ratio 6E,lg/5Gy AL is noted kp;,

It

For the bending deformation, boundary conditions v'(L) = 0 and v(0) = 0 as well as
the six continuity conditions v = v, and v = v, give the following solution of the
integrating constants.

t

kig C4 = - kj4 - @ bl (5)
2

1 1

Ki3 C3 = k14 C4 + (ky4 - K130 - @ b2 + k14 - @ b? )
2 2
1

k2 C2 = k13 C3 + (ki3 - k12) - Q@ a® ("
2

1
ki1 C1 = kj2 C2 + (kj2 - ki1) - @ a02 (8)
2



k11 D1 =0 (9
1

kiz D2 = ki1 D1 + (k2 - ki1) - @ ag® (103
3
1

ki3 D3 = kiz Dz + (ki3 - k[2) - Q a3 an
3
1 1

K14 D4 = K13 D3 + (K14 - K13) - @ b5 + kj4 - Q bS €12)
3 6

For the shear deformation, boundary condition v(0O) 0 as well as the three
continuity conditions v; = v, give the foliowing solution of integrating constants.

kar 1 =0 (13)
kaz F2 = kat F1 - (ka2 - ka1) @ag (14)
kaz F3 = ka2 F2 - (ka3 - ka2) Qa (15)
Kag Fa = ka3 F3 - (kas - kaz) Gb + kps Qb {163

Related to the deflection stiffness of the uncracked beam, Exlg, the expression for the
total deflection of the beam at the point load reads as equation 17.

1
- Exlg vg = kg3 - abs - ka3 abLZ + k13C3 b + k303 - kazfy L2 (7
6

Energy balance

For half the beam, if the crack growth is da, an energy balance equation can be
written. Fracture energy J consumed by the creation of the new surface is equal to the
work done by external loading.

2 J tda=adv (18
dvg

24 t=Q ——0 (19
da

When the deflection according to equation 17 is inserted, the energy balance
equation 19 can be developed as follows.



dCs db3 df3

2 JEx Igt = - O b kj3—— - Q@ K[3 +Q L2 Kpge (20)
da da da

2 JEx Tot = 6%a% (Ky2 - kp3) + 22 (kap - ka3) = Ma2 (K12 - Kiz) + Ma'2L2 (kap - kaz) 21N

Extending the solution

Far arbitrary beam with arbitrary point loads, the dimension L can be chosen so that
the boundary conditions above are true. In the final expression (equation 21) the length L
will disappear. The superposition principle will be valid, and the influence of every
separate load can be taken into account as the total moment M and total shear force M.

Similarly, continuous load can be interpreted as point loads infinitely close each
other. Thus, the solution can be extended to every kind of loading and boundary
conditions.

Separation of modes

The expression in equation 21 is quite general as far as the fracture modes are
concerned. If the case is considered that the lower part of the beam in figure 1 is working
as a part of the beam having the same deflection and curvature as the upper part, we
have by definition the mode Il component of the fracture energy. In this case, the
constants are expressed by equations 22 to 24,

6 Ex 1o
kaz = kpz = T 5 (22)
5 ny Ao L
¢h
K2 7 e (23)
t(h13+h23)
H
ki = —— = 1 (24)

Io

Thus, the mode Il component of the energy will read as equation 25.

(JEx) ° Mal 3 b (25
X111 = == Mg ey }
t2h3 thq3+ha3)

For cracked beams or beams with holes supported below the cracked part, the beam
theory gives only this mode If component. If, instead, a beam with a notch is considered,
it is obvious that the lower part is not compelled to have the same deflection and
curvaiure as the upper part. Thus, we have also the mode | component present. The



total energy expressed by equation 30 will be found, when the constants in equations 26
to 29 are inserted in equation 21,

6 Ex Ip
k2 = (263
5 ny th] L
6 Ex I[}
kes = ———— 273
5 Gxy th L
th?
kpo = s 28)
thy
Io
K1z = —ee 2 1 293
1
6 K3 - hed 6 Ex 2 hp
VEx T g et g ¢ g M AL 2 <0
t“h h t“h 10 Gxy L= hq

Mode | component of the energy expressed by equation 31 will be found, when the
mode It component of energy is subtracted from the total energy.

6 5 h> h23 6 5 Ex h2 hz
EX)T = == Mg? —m—— + 518, —_—
2h3 h13¢hio+np3)  t2n3 10 Gxy L% By

3N

Calculation of stress intensities

Stress intensities are found from the corresponding fracture energy expressions,
when the relationships given by Leicester (1971) are used.

KIZ = (JEx) 1% (32)
K112 = (JExp c112 (33)
c14 = et Ey/Ex (34)
4
et = (35)
Ex Ey 41/2
—_—- 2 Vxy + 2 [—:I

The elasticity values for spruce for the common crack plane of Finnish softwoods are
Ex = 11000 kNm2, E, = 390 ... 650 kNm2, Cyy = 850 ... 710 kNm2, and vy, = 0.26 ...
0.20. This gives the values of the orthotropicity constants ¢, = 0.305 ... 0.317 and



¢ = 0.620 ... 0.645. The coefficients ¢, and ¢ are constant for a given material and
crack plane and do not depend on the load configuration. Suitable approximations are
g = 1/3and ¢y = 2/3.

Thus, the expressions for stress intensities will read as equations 36 and 37.

Ma

K] = —— [ + (38)
3th f143 Chq3+h23) Ma® 5 Gxy  h1

6 h? hps Ma'? 3 Ex  h hp ]1/2

(37)

2 Mg 2 hihz q1/2
iy = [ ]

th th13+h23)

Fracture criterion and critical values

In the literature, several proposals for the fracture criterion have been made. Mall et
al. (1983) found the criterion proposed by Wu (1967, equation 38) to be the best one.

K1 K11 5
—— { — } =1 (38
Kic Kiic

The critical stress intensity values are usually called fracture toughness values. The
mean values of the fracture toughness values for Finnish softwoods are given in table |.
These values are based on the previous reports (Fonselius 1986, Fonselius and Riipola
1989, Wright 1986), and they are short term mean values in constant moisture
conditions. Long term loading in constant moisture conditions has less effect than
predicted by the Madison curve, but cyclic moisture variations combined with the long
term loading will weaken the specimens.

For other species, values are frequently found in the literature. For Douglas fir, the
mean values for mode | are collected by Wright and Leppé&vuori (1884). For mode |l
values 1400...1600 kNm=3/2 are given by Murphy (1988),

Table 1. The fracture toughness values for pine, spruce , and Dougias fir. The values are given in kNm-3/2.
For mode |, the effect of orientation is given as fracture system RL and TL values. A fracture system is
defined so, that the first letter gives the normat of the fracture plane and the second ietter gives the
direction of the crack growth.

Mode and system Pine Spruce Douglas fir
Mode { TL 240 200 300
Mode | RL 280 250 400
Mode Il RE-TL 1900 1500 1500
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Figure 2. Fracture toughness values in kNm3/2 of several experiments found in the |Rerature. Wu's
fracture criterion for pine is marked with - and for Douglas fir with - {fracture system TL). Several species
are marked with *,

Evatuation of the method

In order to evaluate the outlined method, it was applied to experiments reported in
the literature. Beams with holes are studied by Penttala (1980) and by Johannesson
(1983). Notched beams have been studied by Gustafsson and Enquist (1988), Lum and
Foschi (1988), and Murphy (1979b, 1986). Beams with cracks across the grain at the
beam edge have been studied by Schniewind and Centeno (1973). Beams with a crack
along the grain at the support have been studied by Murphy (1979a, 1988), Barrett and
Foschi (1977), and Smith and Penney (1980). From the given data the support reaction



corresponding to the beginning of crack growth has been found out needed in stress
intensity calculations. It is supposed, that Ex/Gyy is equal to 15,

In figure 2, the calculated stress intensity components, mode 1 and mode |, are
shown together with the fracture criteria for pine and Douglas fir. The scatter of the
results is large, and the material is not equally distributed along the fracture criteria. The
values of the large and medium size notched pine specimens by Gustafsson and Enquist
(1988) and the major part of Douglas fir experiments fit with the critical values. Especially
Douglas fir and southern pine specimens by Smith and Penney (1980) show clearly
larger values than the proposed method. Their load value is, however, not the one
correspanding to the beginning of the crack growth but the ultimate load.

The most important reason for scatter is the orientation of the specimens. In figure 2,
the fracture criteria are given for fracture system TL. For the system RL, higher mode |
values are found, because of the reinforcing effect of the rays. For mode I, the
orientation has a minor effect. Actually, the values by Smith and Penney are RL-values.
Also, density has a pronounced effect on the measured fracture toughness values.

For the pure mode Il experiments the scatter is large. Results for Johannesson's
specimens marked with s and having fracture toughness values below 1 000 kNm-3/2
are partly explained by the reported weakness of the material. Another reason for
apparently low fracture toughness values is, that for very large holes, the beam is no
longer acting like a beam but a frame, and an opening mode | component is present in
the crack corner. This component is, however, not found by the simple beam theory. On
the opposite, the exceptionally large apparent values are found, because a closing mode
| component is hampering the crack growth. This phenomenon is also cbserved by
Johannesson. He reports that for some specimens, crack growth was arrested for a
tonger time before the final fracture. In figure 2, 20 cases of total 148 cases had stress
intensity values larger than 3000 kNm-3/2 and are thus not included.

Conclusions

A fracture mechanics based method for dimensioning of beams with cracks, notches,
and holes is proposed to be included in the CIB code. According to the proposal,
capacity of a beam with a true or a supposed crack can be estimated as follows:

- Consider the support conditions of the beam. If the lower part can freely be
separated from the upper part, a mixed mode case is present. Else, if the parts
cannot be separated, {(almost) pure mode Il is present.

- Calculate the stress intensities according to the following equations:

Mg
K1 =————i:

6 n% hp3 Ma'® 3 Ex  hohp }1/2
. (36)
13 (h13+h3) a2 5 Gxy Bt

2 Mg [ 2 hih2 ]1/2
th

Kir = (37)

(h13+h23)
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- Find out the fracture toughness values for the present modes and fracture
systems. In the case of dimensioning, mode | system TL should be assumed,
because it is weaker than mode | system RL.

- Use a suitable fracture criterion, as Wu’s:

K1 KIl
+ [—- ]2 =1 (38)
Kic Kiic

- Solve the equation to get the critical load.
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Cp, Cj

Area of the beam cross section

Integrating constant

Integrating constant

Modulus of elasticity in the longitudinal direction of the grain
Modulus of elasticity across the grain
Integrating constant

Shear modulus

Moment of inertia of the beam cross section
Fracture energy

Stress intensity, mode | and mode 1l
Characteristic length of the beam

Bending moment of the beam

Shear force of the beam

Point load

Crack length

Location of the crack indentation

Location of the point load

Orthotropicity coefficient for stress intensity, mode | and mode
Beam depth

Depth of the upper and lower part of the cracked beam

Proportionality coefficient between the moment of inertia of the uncracked
beam cross section and the area of the i:th cross section modified with the
elasticity constants

Proportionality coefficient between the moment of inertia of the uncracked
beam cross section and the i:th cross section

Thickness of beam
Deflection of the beam
Slope of the beam

Poisson’s constant
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S1ZE FACTORS FOR THE BENDING AND TENSION STRENGTH OF
STRUCTURAL TIMBER

By J.D. Barrett and A.R. Fewell

INTRODUCTION

For many years it has been recognized that the bending strength, and more recently tension
strength, of timber are affected by the size of the specimen. While this effect may in reality
be associated with the stressed volume, grade, and the size and age of the tree from which it
was cut, it is generally described as a depth effect (for bending) or a width effect (for
tension).

This paper examines the available test data to determine the effect of length and depth or
width on bending and tension strength and provides depth and width factors applicable 1o
Eurocode 5' and the supporting CEN standards.

RELEVANT HISTORY

Depth effect was first investigated by Newiin and Trayer in 19242, In 1954 Freas and Selbo?
published the results of tests on beams with depths up to 406mm (16in) and derived an
equation that defined a depth effect ratio indexed to 1.0 at 50mm depth. This equation was
inciuded in North American design methods and was subsequently adopted in the UK Code
of Practice for the structural use of timber, CP112:1967 4. For design purposes the equation
was indexed to 1.0 at 300mm depth. Indexing this equation to 1.0 at the European standard
depth of 200mm gives;-

kg = 0.73 (W? + 92300)/(h? + 56800)............ (1)

where kg is the factor by which a bending stress specified for a depth of 200mm should be
multiplied to obtain the stress value for a depth of h mm.

A theoretical study by Bohannan® in 1966 using the Weibull ‘weakest link’ theory produced
an equation applicable to clear wood bending strength which became commonly used in
North America of;-

kg = (200/N)2 1T L (2)

The results of an extensive investigation made in Canada in 1977/8 were analyzed by Bury®,
who produced a set of equations for the effect of depth on the characteristic, i.e., lower fifth
percentile, values of bending stress for timber in standard joist sizes and visually stress
graded to the NLGA rules’. When the equations for all stress grades are combined and
indexed to 1.0 at 200mm depth, the resulting equation becomes;-

A study by Fewelt and Curry® in 1983 considered the Canadian data and UK data and
derived an equation;-

kg = (200/h)9-3% which was rounded to;-
kg = (200/R)%% e 4)



A similar factor for the effect of width on tension strength was also reported by Fewel in a
committee paper, from very limited data, to be;-

ke = (200/0)0192 (5)

For the UK Code of Practice, BS5268:Part 2'% published in 1984, design stresses indexed to
300mm were derived from test data of various sizes by adjusting with equations 4 and 5 (but
indexed to 300mm) for bending strength and tension strength respectively. 885268 permi its
the design stresses to be adjusted for member size using the factors kg = ky BOO/h) i
for members with depth or width between 72mm and 300mm. Below 72mm k =Ky = 117
and above 300mm K, (SOO/h) " and kg is found from equation (1) indexed to SOOmm
The fact that the lower flfth percenttie vatue for test data for say 100mm timber would be
adjusted using kq = (300/h)% to obtain a tabulated design stress at 300mm which, if a
design stress for 100mm was then required in practice, would be oniy adjusted by
kq=(300/h)%" introduces an extra degree of safety. At the time this was ;ustn‘;ed on the
basis that a) there was a iot of scatter in the data, b) the equation k = (300/h)% 1 agreed
with Bohannan's theoretical exercise, and ¢) havmg the same equation for bending and
tension simplified the design precedure.

in Annex A of the Eurocode 5 draft, bending and tension stresses are listed for 200mm depth
or width and are adjusted for other sizes using the factor;-

kg = kw = (200/0)92 i, (6)

This equation was used because of the uncertainties due to insufficient data and the desire
to achieve smphc;ty by having kg = k. The subsequent CEN or ErEN standards on
strength classes'! and the determmattpn of characteristic values'? have followed the lead
given by Eurocode 5, i.e., test data of various sizes are adjusted to 200mm using equation
(6) to determine characteristic values, and this same equation is used to adjust the
characteristic values to the size required in design.

Size effects apparent in a more recent Canadian full-size lumber data set were reported by
Barrett and Griffin'3. The study yielded size adjustment factors for bending, tension and
compression paraltet to grain properties. The size factor (kq) for bending for three species
was found to be

kg = (200/M048 s (7)
which agrees closely with earlier results®® and recent results published in the U.S. 14,

Barrett and Griffin'3 examined the relationships between the length and depth factors and
size factors appropriate for applications where the test procedures require constant ratios of
member width to iength. The depth effect for bending members of constant length was
found to be represented by the expression

kg = (200/0)02% oo (8)

The significant differences in the depth or width adjustments for members of constant iength
(Egn. 8) and members with a constant depth to length ratio (Eqn. 7) demonstrates the
importance of developing size adjustment expressions which are capable of accommodating
differences in member width and length. Clearly the size adjustment procedures to be
provided in codes and standards must be chosen to be consistent with standard test
procedures and the procedures specified for development of characteristic values.



DISCUSSION

The equations for size adjustments in bending given above, with the exception of Egn. 8, all
assume a constant relation between timber size and test gauge length because firstly the
standard test precedures require test lengths to be a constant factor times the member width
or depth (ISO 8375'%20) and secondly there is a tendency in use for wider members to be
used on longer spans. This allows structural codes to adopt a simplified approach wherein
size adjustments for characteristic values can be represented as width or depth effects.

To determine a characteristic bending or tension stress to meet the prEN'2, lower fifth
percentiie values for a number of samples of different size specimens, are adjusted to
200mm using Egn. 6. The mean of these values then becomes the characteristic vaiue. |f
the factors given by Egn. 6 are incorrect then the sample lower fifth percentile values, aiter
adjustment for size, will have a far greater range and the characteristic value will be incorrect.
This can cayse problems with the procedures for the verification of strength properties given
in the prEN It can also result in unsafe design values even though the same factors would
be used to oarry out the design.

Consnder Figure 1a which shows the lower fifth percenmes for three samples indicated thus
If we assume that the correct depth factor is say kg (200/h)%4 and the three sample
values fit this equatlon gxactly, then when they are ad;usted to 200mm all would have the
same vaiue '0'. Their mean, and therefore the characteristic stress would also have that
same value. If the above equatlon was also used for design then the characteristic value
would be adjusted back to the correct de&gn stress for any of the sizes. In Flgure 1bitis
assumed that the correct equation is kg = (200/h)%4 but that kg = (200/h)%? s used to
determine the characteristic valus and?or design. After adjustment to 200mm the same
three lower fifth percentiles, indicated 'x', take up the value shown thus &', and the mean and
therefore characteristic value is then adjusted in design for the four sizes shown, the design
values are those indicated by '0’. For this example, as indicated in Figure 1b, it can be
calculated that at 200mm the design value is 8% too high, at 175mm it is 5% too high, at
150mm it is 2% too high and at 100mm it is 6% too low. The high values reduce safety.

Some work in Canada and recent unpublished work in the United States has indicated that a
thickness change from 38mm to 89mm causes an increase in strength of approximately 10
percent. [t was decided to leave thickness effects out of this analysis because the database
was considered insufficient to analyze thickness effects and because the adjustment is small
compared to the degree of complication that wouid be added in structurat design
procedures.

ANALYSIS

The equations governing size effects are assumed to be of the form k = (A / B)S, where k is
a factor applied to adjust a characteristic value at the standard size A, and B is the size of the
member for which k is required. S is the index coefficient determining the magnitude of the
size effect adjustment. In general, S has two subscripts, the first R, W, or L and the second
m or t.

R denotes that the equation applies to the situation where there is a common ratio between
member width or depth and test length, W denotes that the size effect is entirely due to
member width changes and L. denotes the size effect corresponds to length changes only.
The bending and tension properties are denoted by the second subscripts m and t
respectively.



SR
For example, k = (200/h) " is an equation for adjusting bending properties when a
constant ratio of member depth to length is assumed.

Sit
The expression k = (A/B) is used for adjusting tension strength data for length when
member width is constant,

Swit
and k = (200/h) is the equation for adjusting tension data for member width when
iength remains constant.

When a sample strength value is adjusted to the standard size it is divided by k, and when
the strength value for a non-standard size is required the vaiue for the standard size is
multiplied by k.

Length Effects
Bending

Test data are available from Madsen® who tested 38x89 and 38x184mm S-P-F in both
Standard and better and No. 2 and better grade combinations, and Madsen and Neilson'’
who reported results for 38x89, 38x140, 38x184 and 38x235mm Hem-Fir No.2 and better
grade combinations. Alf tests were conducted using one-third point loading. Data for the 5th
and 50th percentiles was included in the analysis and are shown in Table 1.

Treating each data set separately an analysis of covariance was used to determine values of
S| m for each data set and all data combined. There were no significant differences in the
size parameters at the 95 percent level of significance between data sets, and the common
size parameter was S, = 0.17.

Tension

Test data are available from Lam and Varoglu'® who tested 38x89mm S P-F in both Select
structural and No. 2 NLGA grades; Showaiter, Woeste and Bendtsen'® who tested 38x89
and 88x235mm in the 2250f MSR grade and the No. 2 visual grades of Southern Pine, and
from Madsen'® who tested 38x89 and 38x184mm S-P-F in the Standard and better and No. 2
and better grade combinations.

As for bending strength the 5th and 50th percentile data were analyzed in combination with
the mean strengths available from reference 18, and the data are shown in Table 2.

Treating each data set separately, an analysis of covariance was conducted as for bending
to determine the vaiue of the length size effect parameter S|;. Although the statisticai
analysis leads to a rejection of the hypothesis of a common siope (significance levei 95 %)
for the tension data alone, when all bending and tension length effect data are combined the
statistical test showed no significant differences in the size parameters at the 95% level of
significance. The length effect for both tension and bending can therefore be concluded to
be the same value, i.e., S|y = Sy = 0.17 and the relevant size adjustment equations
become;-



for adjusting tension and bending strength respectively for length when cross section size
remains constant.

The reference tengths of 1800mm and 3600mm were chosen o be consistent with the CEN
standard width of 200mm, and the 9 to 1 length to width ratio for tension tests and the 18 to 1
span to depth ratio for the bending tests given in ISO 8375 and the CEN test standard.

Figure 2 shows the tension data with Egn. 9 and Figure 3 shows the bending data with £gn.
10.

The data points in Figures 2 and 3 are plotted using the following procedure. Having
determined Egns. 9 and 10 from the analysis of covariance, the equations are used to adjust
the strength values for each data set to the standard length. A sampie size weighted mean
of these values for each data set is then divided into each unadjusted strength value in the
data set to obtain values of k which are plotted against the length (or width or depth for other
eguations) associated with each strength value. The use of sample size weighting and
means of the lower fifth percentile values in this procedure follows that used by the CEN
prEN'? for determining characteristic values.

Depth Effects

A considerable amount of data on bending strength from tests carried out at the Building
Research Establishment in the UK is available and is listed in Table 3. In addition to this is
some new data from a UK/Canadian project sponsored by COF| which is listed in Table 4.
All of the data in Tables 3 and 4 was obtained from tests conducted according to the 1SO and
CEN test standards except for the 35x35, 35x47, 35x60 and 45x45mm samples in data sets 1
and 2 in Table 3 which used different spans. However these results were corrected to the
standard spans using the configuration factor in the CEN standard for determining
characteristic values. It should be noted that the tables contain results for a mixture of
species and grades.

Data from the Canadian Wood Council full-size iumber test pregram are given in Table 5.
The test method used a higher rate of foading and a span to depth ratio of 17:1.

The analytical procedure was the same used to determine the length effect. An analysis of
covariance was carried out on the data in Tables 3 and 4 which concluded that there was no
significant difference at the 95% level and the value of Spy, is equal to 0.4,

Figure 4 shows the data plotted using the procedure described for Figures 2 and 3 with the
equation

Kpm = (200/R)%% (1)
Exactly the same procedure was used for the data in Table 5 and again the data sets were
shown to have no significant differences in the size parameters. For this data the value of
Spm is equal to 0.45 giving

kjm = (200/h)8-45
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This equation is piotted with the kp, resuits in Figure 5.

When the data in Tables 3, 4 and 5 were combined the statistical test again showed no
significant difference and the best overall common vaiue kym = 0.4 was obtained and so the
equation for kg Is @s given in Egn. 11. Figure 6 shows this equation with the plotted data.

The size index for depth effects in bending members of constant length Syyy, is related to
Sam and S, according to Swm = Sam - Sum . Thus the effect of width for bending
members when length is constant is

K = (200700923 (12)

Width Effects

The UK data on tension strength is shown in Table 6 and comprises lower fifth percentile
values for various combinations of species and grades. Table 7 lists data from the Canadian
Wood Council. Each data set in both tables has one test length so that the value of S = Sy
can be derived independent of member length.

The 38x89mm data in Table 7 was tested at 2640mm and adjusted to 3680mm to conform
with the other data, by using the factor k = (2640/3680)%17.

The data in Tables 6 and 7 were analyzed as before and results in values for Sy of 0.12 and
0.23, respectively. The hypothesis that the width effect is the same for each data set was
rejected for the data in Table 6 and a plot of the data in Figure 7 indicates that the data for
the smallest size is inconsistent with the trends for the remainder of the data. With very small
sizes, tension strength becomes very variable and has the effect of reducing the sample
lower fifth percentite value. The analysis was repeated with the 35x35mm samples omitted
and this time it showed no significant difference and gave a vaiue for Sy equal to 0.24. This
data is shown in Figure 8. When the analysis was repeated using both Table 6 data (with the
35x35mm omitted) and Table 7 data, no significant difference was found and the value of Sy
was equal to 0.23 as shown in Figure 9. Therefore

kwe = (200/0)023 e, (13)

This analysis indicates that & minimum size should be included in the Eurocode & and the
CEN standards.

The width factor for tension strength required for the standards is kpy. The value of Sg; =
Swi + S| Therefore Sgy = 0.23 + 0.17 = 0.40 and the adjustment equation for tension
strength Is given by
ke = (200/0)040 (14)
It should be noted that by comparing Sgy with Sy, Syt with Sy, and Sy with Syym that:-
- The width effect on tension strength is the same as the depth effect on bencing
strength when member length is a constant factor times the member width or depth.
e, K = (200/h)%4,

- The width effect on tension strength is the same as the depth effect on bending
strength when the member length is constant. i.e., k = (200/h)%2°.



- The length effect cn tension strength is the same as for bending stren%th when the
width or depth are constant, i.e., ky = (1800/L)% 17 and kyq = (3600/L)V 17,

The fact that the results show the same values of S for the length effect in bending and

tension and the same value of S for the width effect in bending and tension is consistent with
the weakest link concept for brittle materials.

CONCLUSIONS AND RECOMMENDATIONS

From an analysis of test data comprising many different grades and species, the following
conclusions were reached;-

1. The factor (k) for adjusting characteristic values in codes and standards for both the
depth effect on bending strength and the width effect on tension strength, when each
property is based on a constant span to depth ratio, is given by

k = (200/h)0-4
where h is the depth or width of the member for which the strength value is required.

2. In using the factor given above a minimum size of around 35mm x 47mm needs to be
specified for tension members.

3. The factor {(ky) for adjusting tension or bending stresses to other depths or widths, when
the length remains constant, is given by;-

kw = (A /802

where A is the width or depth relevant to the stress value to be adjusted and B is the width
or depth relevant to the required stress value.

4. The factor (k) for adjusting bending and tension stresses to other member lengths when
the width remains constant, is given by;-

ke = (A /BT

where A is the length relevant to the stress value to be adjusted and B is the tength
relevant to the required stress value.
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Table 1. Length Effect on Bending Strength

Data b h L N MOR MOR
Set {mm) (mm} {mm) 0.05 0.5

Madsen 80 1 38 89 1113 100 24.48 52.21
S-p-F 1 38 89 2250 80 28.09 48.39
Std + btr

Madsen 90 2 38 89 780 135 31.80 58.21
S-P-F 38 89 1113 134 23.32 49.94
Std + btr 2 38 89 2250 134 24,09 44,02

B

Madsen 90 3 38 184 1371 150 22.96 37.42

S~P-F 3 38 184 2250 150 23,75 35.37
No. 2 + btr 3 38 184 4776 150 18.62 30.81
Madsen 76 4 38 89 1067 100 22.06 51.02

H-F 4 38 89 1628 100 17.24 39.99
No. 2 + btr 4 38 89 2286 97 16.89 38.95
4 38 89 3429 100 15.86 41.02

Madsen 76 5 38 140 1626 100 198.89 4550
H-F 5 38 140 2642 100 22.06 51.02
No. 2 + btr 5 38 140 3505 101 18,27 40.68
5 38 140 53856 100 18.55 38.61

Madsen 76 6 38 184 2210 99 18.27 45.85
H-F 8 38 184 3480 100 19.65 486.54
No. 2 + btr 8 38 184 4724 100 13.78 36.54
6 38 184 5944 99 16.656 38.26

Madsen 76 7 38 235 100 1413 38,85
H-F 7 38 235 103 17.68 39.30

H-~F: Canadian hem fir
S-P-F: Canadian spruce pinse fir

Std + btr: Standard and better grades
No. 2 + bir: NLGA No. 2 + better grades
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Table 2. Length Effect on Tensile Strength

Data b h L N
(mm) (mm) (mm)

Lam 90 188 89 2642 132 22,53 34.73
§-P-F 1 38 89 3683 133 21.35 32,86
SEL 1 38 89 4877 134 20.09 32.75
Lam 90 2 38 89 2642 122 10.03 22.87
S-P-F 2 38 89 3683 122 9.328 22.45
No. 2 2 38 89 4877 124 9.383 21.55

Madsen 90 3 38 89 670 120 19.76 33.87
S-P-F 3 38 89 1530 119 16.05 31.96
Std + bty 3 38 89 3970 116 12.82 27.49

Madsen 90 4 38 8% 457 134 19.33 38.62
S-P-F 4 38 89 670 134 19.24 35,49
No. 2 + bir 4 38 89 1530 134 12,86 29.89

Madsen 90 5 38 184 747 150 17.01 28.66

S-P-F 5 38 184 1530 150 16,16 27.44
No. 2 + btr 5 38 184 3970 150 12,36 25.44
Showalter 87 6 38 89 762 1C0 - 65.05
S.Pine 6 38 89 2286 98 - 56.89
22501-1.9E 6 38 89 3048 100 - 55.84
Showaiter 87 7 38 235 762 100 - 63.91
S.Pine 7 3B 235 2286 98 - 56,11
2250-1.9E 7 38 2385 3048 99 - 54,98
Showalter 87 g 38 89 762 98 - 39.63
S.Pine g8 38 89 2286 a8 - 33.56
No. 2 g 38 89 3048 o8 - 33.19

Showalter 87 8 38 235 762 104 -
8.Pine 9 38 235 2286 104 -
No. 2 9 38 235 3048

S-P-F: Canadian spruce pine fir SEL. NLGA Select Structural grade

S. Pine: U.S.A, southern pine No. 2: NLGA No. 2 Grade
No. 2 + btr; NLGA No. 2 and better grades
Std + btr: NLGA Standard and better grades
2250f-1.9E: NLGA Machine Stress Rated grade
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Table 3. Depth Effect on Bending Strength: U.K. Data

Data b h N MOR
Set (mm) {(mm) 0.05

|
1

1 50 200 458 24.40

1 58 170 85  22.80

1 70 195 91 22.80

1 38 100 214 26.50

1 38 1850 202 22.50

1 B0 200 202 2270

1 36 35 124 38.50

1 35 47 153 39.90

1 35 60 156 38.60

1 45 45 102 38.20

R/W S6 2 35 35 115  34.40

2 35 47 103 30.40

2 35 60 105 2390

2 45 45 34 31.80

H-F 58 3 74 150 83 20.70

3 74 248 g5  23.00

3 44 100 150 25.20

3 44 180 112 27.40

3 44 200 110 21.60

H-F SEL 4 44 100 59  33.50

4 44 150 57  29.10

4 44 200 44 2520

H-F No. 2 5 44 100 79  23.50

5 44 1580 45 23,50

5 44 200 39  16.40

S-P-F 88 6 38 89 215 30.40

6 38 184 264 21.10

S-P-F SEL 7 38 89 273 24.60

7 38 184 225 19.80

S-P-F No. 2 8 38 89 74 2480

8 38 184 4 2270

B.G D-F 88 9 38 100 95  20.60

9 47 200 140 18.20

B.G Sitka 58 10 47 228 43  16.50
10 72 250 68 1570

10 73 154 57 16.00

R/W: European redwood/whitewood 88: ECE 88 grade {(same as SS grade in BS4978)

B.G. D~F: British Douglas fir $6: ECE $6 grade (same as GS grade in BS4978)
B.G. Sitka: British Sitka spruce SEL: NLGA Select Structural grade
H-F: Canadian hem fir No. 2: NLGA No. 2 grade

S-P-F: Canadian spruce pine fir



S-P-F 1 38 89

S8 1 38 235
S~-P-F 2 38 89
SEL 2 38 235
S-P-F 3 38 89
No. 2 3 38 235
S-P-F 4 38 89
S6 4 38 2356

119
122

132
180

73
89

101
102

-2 -

S-P-F: Canadian spruce pine fir

58: ECE S8 grade (same as SS grade in BS4978)

S6: ECE $6 grade (same as GS grade in BS54878)

SEL: NLGA Select Structural grade
No. 2: NLGA No. 2 grade
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Data b ]
Set (mm} (mm)

D-F 5> 38 89
No. 2 2 33 184
2 38 235

H-F 3 38 89

SEL 3 38 184

3 38 235

H-F 4 38 89

No. 2 4 38 184
4 38 235

S-P-F 5 38 89
SEL 5 38 184

5 38 235

S-P-F 6 38 89
No. 2 6 38 184
6 38 235

D-F: Canadian Douglas fir
H-F: Canadian herm fir
S-P-F: Canadian spruce pine fir

SEL: NLGA Select Structural grade
No. 2: NLGA No. 2 grade

381
382
379

380
402
385

441
444
440

440
986
441
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Table 6. Width Effect on Tensile Strength: U.K. Data

Data b W L MORt

Set (mm) {(mm} (mm) 0.05
RIW 1 35 35 880 88 15,20
S8 1 35 a4y 880 87 20.80

1 35 80 880 141 19.40

R/W 2 38 100 3000 103 17.30
S8 2 38 150 3000 105 15.20
2 38 200 3000 91 14.20

RIwW 3 35 35 880 103 13.90
56 35 47 8BO 5t 18,80
3 35 60 8B0 108 14,30

]

RIW 4 38 100 3000 43 1570
S6 4 38 150 3000 48 13.40
4 38 200 3000 60 10.20
S-P-F 5 38 89 1900 218 17.20
S8 5 38 184 1900 259 14,50
S-P-F & 38 89 1900 &1 11.70
S6 6 38 184 1800 38 11.70
S-P-F 7 38 89 1900 285 14.20
SEL 7 38 184 1900

RIW: European redwood/whitewood
S~P-F; Canadian spruce pine fir

58: ECE 38 grade (same as SS grade in BS4978)
S6: ECE S6 grade (same as GS grade in BS4978)
SEL: NLGA Select Structurai grade



S5 -

Table 7. Width Effect on Tensile Strength: Canadian Data

Data b W L N MORt

Set (mm) (mm) (mm) 0.05

{MPa)
D-F 1 38 82 3680 372 17.46
SEL 1 38 184 3880 373 14.94

1 38 235 3680 373 14.04

D-F 2 38 B9 3680 373 10.96
No, 2 2 38 184 3680 3T 9.29

2 38 235 3880 370 B.40
H-F 3 38 B89 3680 360 17.27
SEL 3 38 184 3680 381 1472

3 38 235 3680 383 13.37
H-F 4 38 89 3680 382 12.34
No. 2 4 38 184 3680 381 10.42

4 38 235 3680 378 8.98

S-P-F 5 38 B9 3680 440 1571
SEL 5 38 184 3680 441 1227
5 38 235 3680 446 12.07

S-P-F 6 38 B89 3880 440
No. 2 8 38 184 3880 440
) 38 235 3680 463

anadian Douglas fir
anadian hem fir
F: Canadian spruce pine fir

Cc
C

D-F.
H-F:
S-P-

SEL: NLGA Select Structural grade
Nog. 2: NLGA No. 2 grade
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Bending strength of glulam beams

- A design proposal -

by
Jiirgen Ehlbeck and Francois Colling

The scope of a current research project! is the investigation of the bending
strength of glulam beams aiming at the development of design proposals. The
"Karlsruhe calculation model" (Ehlbeck et al 1985a, Colling 1988) - a finite
element model calculating the strength of glulam beams by means of Monte
Carlo simulations - was thought to achieve this purpose.

The simulations showed, however, that the strength of glulam beams is a very
complex field and that it is very difficult to describe the influence of one
single parameter. The "Karlsruhe calculation model" takes into account every
possible tendency, but the problem was to describe these tendencies
mathematically.

Therefore, a statistical model (Colling 1990) was developed, which devides
the totality of glulam beams into two groups: beams with wood failure (knots)
and beams failing due to finger joints. On the basis of the "true" strength
distributions of these two groups, it is possible to calculate the strength
characteristics of the resultant glulam beams,

According to this model, the strength distribution of the final product glulam
orientates itself very strongly by the lower of these two strength distributions
and the characteristic bending strength of glulam beams is governed by the
lower Sth-percentile of this group ("weaker material").

In fig. 1 the characteristic bending strength (Sth-percentile) depending on
KAR, ovendry density and MOE of the laminations is shown for beams with
finger joint failure (xoS ;) and wood failure (xO5 wood ) The index "0« indicates,
that the strength values are valid for a standard ‘beam with a depth of 300 mm
(see fig. 2). Based on these calculation results, beams with finger joint failure
were found to be the "weaker material” having the lower Sth-percentile. This
tendency even increases with increasing beam dimensions, because size

! Ehlbeck, I.; Colling, F.: Biegefestigkeit von Brettschichtholztrigern in
Abhingigkeit von den Eigenschaften der Brettlamellen im Hinblick auf
Normungsvorschlige



effects are more pronounced in case of beams with finger joint failure than in
case of beams with wood failure. This may be explained by the higher
variability of strength data in case of beams with failure due to finger joints .

490
0
\y\xi,wood
|

0
X5, ¢

N/mm?

20 ;
0,10 0,20 0,30 0,40 0,50 KAR [-]

40
xos,wood // -
] /?/

™~
:
S 30 — ]
20 B
370 400 430 460 490 oo Ikg/m?]
i /‘f
40 —
/
o x05,W0°d //
£ /
E A e
= 30 / -
A / X% g
/43/
20 -
9000 11000 13000 15000 17000 MOE [N/mm?]

fig. I: Characteristic bending strength of glulam beams with finger
joint failure (x05,1j) and wood failure (){05’WO od)



AO = 1800
F i F
HO = 300

A AN

L. = 5400
— [

dimensions in mm
fig. 2: Standard beam

The reliability of the statistical model and of calculation results was verified
by beam tests. A total of 42 bending tests were performed, Test set-up and
beam dimensions are given in fig. 3.

A= 2000
F F
1 |

% IGOO

7500 =7 100

* *
dimensions in mm

fig. 3: Test set-up and beam dimensions

Six test series with seven replications were performed. The three outer
laminations of the beams had to meet the requirements given in fgble 1.

A comparison between test results and calculation results proved very good
agreement (see fig. 4).



ef o

4

table 1. Requirements raised to the wood properties of the three
outer laminations on both sides
test requirements
series
| 0,35< KAR
11 0,20 KAR <035
111 KAR =< 0,20
1% 500 kg/m3 < 1
\% 15000 N/mm? < E
VI 15000 N/mm? < Eund KAR < 0,20
1 density at a moisture content of 12 - 14%
70
wood failure
finger joint failure <
shear failure
60 .
T 0ggt 8
Ocq ol
o]
- a T
50 750 % X1
o 0%
< %% = 0
> - = | x
[#)
[} _ x < o
= < g J
40 - + o=
T ) J_
S ! x ©
8 o >
g0 Z o
30 = =
20
1 I Hi v \'4 Vi
series
fig. 4: Comparison between test results and calculation results;

Tay = median value and s = standard deviation




Contrary to the test results, calculation results allowed some statements
concerning the expected characteristic strength values and it was shown that
the Sth-percentile of the bending srength of f_, glulam beams is almost
equal to the Sth-percentile of those beams with faﬂure due to finger joints.

In case of the standard beam of fig. 2, this strength value fO i was found to
be 20% higher than the characteristic tensile strength fi 0 of the occuring
finger joints, Hence it may be written:

g = 120-f0y 7 (1)

m,k

where

fom x = characteristic bending strength of the standard beam,
f, Ok = characteristic tensile strength of the finger joints.

But as tensile strength can hardly be controlled by glulam factories during
current quality control, the desired strength value f, ;| » should be estimated
by the corresponding bending strength value f ljmowmg the ratio of
tensile/bending strength of finger joints, it is posszble to estimate the tensile
strength by means of bending tests.

On the basis of numerous tests with finger joints (Ehlbeck et al. 1985b,
Ehlbeck et al 1989) a ratio of

foxf/fmkg = 23:4/36.3 = 0,64

may be expected. The ratio of the corresponding mean values was found to
be

ft,O,fj/fm,f] = 35,0/50,6 = 0,69.
Tests of Radovic/Rohlfing 1986 with finger jointed laminated veneer lumber

(LVL) however showed ratios of

ft,O,fj/fm,fj = 0,72 - 0,79

These values correspond well to those found by Johansson (1983 and 1986):
tij/fmf' 0,70 - 0,79.
The ratio of tensile/bending strength of finger joints is systematically

investigated in a current research project in Karlsruhe, so that definitive
values will be available within one year.



The following assumptions seem to be reasonable:

fi ok fmkg & 070 (2)

and
f{,{),tj /fm,fj & 0,75,

With eq(2), eq(1) may be written as:
fom k = 0,84 . fm,k,f] (3)

This relationship is valid for the standard beam, shown in fig. 2. The
characteristic bending strength f_ | of any given beam may then be calculated
as follows: ’

e = ko kg kg me,k ()

where
ky, ks kg = factors taking into account the effects of length L, depth H
and load configuration F

According to Colling 1990, these factors may be calculated according to
Weibull’s theory of brittle fracture as:

L BL, -0,15
k, = ({ — . —) 7 5
and
H  -0,15
k= (—) 6
H= ) (©)

L and H are the actual dimensions of the beam, whereas L, (=5400 mm) and
Hy (=300 mm) are the dimensions of the standard beam. BL and BL,
(=4 m) are the average lengths of the boards used.

Assuming a mean value of board length of about 4 m, eg(5) may be reduced
to:

L -015
ky = (—g) (7

The load configuration factor k, may be determined according to Colling
(1986). In case of a beam with uniformly distributed load, a value of
kp = 1,04 (8)

may be assumed.



Based on eq(3), the characteristic bending strength of the standard beam with
constant loading may then be calculated as:

Ok = 1,04-084. ¢
0,874 £, 4 5 €

mk

3

From this equation can be derived that the characteristic bending strength of
finger joints must be 15% (1/0,874 = 1,144) higher than the characteristic
bending strength to be achieved for the final glulam beam.

Thus, the following proposal for the design of glulam beams may be
established:

Based on the characteristic bending strength fomk of a standard
beam under constant loading, the characteristic bending strength

fm,k of any glulam beam may be calculated as

L H -015
= . T ke U 1
fmk = (5400 300 Fomk (10

with
L and H = length and depth of the beam in mm,
ki = load configuration factor (=1 in case of a single
span beam with uniformly distributed load).

The finger joints in the beam have to meet the following

requirement:

fokgz 150 (11)

m

It is essential to point out that in case of beams, systematically built up with
laminations having significantly different MOE-values, the ultimate bending
stress (in the outermost lamination) must be calculated according to the
theory of transformed sections.
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Glulam beams. Bending strength in relation to the bending strength of the finger joints

1. Scope

The scope of this paper is 0 illustrate the relation between the bending strength of glulam
beams and that of the finger joints. It is written as a contribution similar to that in Ehlbeck
& Colling which also deals with this subject. But this paper employs another experimental
source.

9 The relation between the bending strengths

The tests, which form the basis for this paper, have all been conducted at AUC and they
are reported in Larsen, 1979 and Larsen, 1982.

When the failure in glulam takes place at a finger joint then the tensile strength of the
finger joint has been decisive. So in research the investigations have been aimed at the
tensile strength of the finger joints. But in practice the strength check is carried out as a
bending test of the finger joints. Therefore one has determined the relation between the
tensile and bending strength of the finger joints.

Finger joints: f./f

In table 3.1 of Larsen, 1979 there is given in brackets the mean values of the relation
between the tensile strength f, i and bending strength n,f] of the tested finger joints
from 10 different manufacturers, 15 replicants were tested. Th]s relation varies from .56 1o
0.76 and the mean value of all is

ft,fj/fm,fj = 0.64 (2.1)

The relation between the bending strengths

In table 5.3a of Larsen, 1982 there is given the bending stress o, at failure in the outer
fibre of the tensioned part of the cross section. The different moduli of elasticity in the
laminations have been considered by means of a transformed moment of inertia. In the

following a will be substituted by fm,gl .



2

From this table the relation between the bending strength of glulam f ¢l and that of
finger joints £ fj can be calculated for some different cases by means of

o]
[
R

fm,gl/fm,fj - (fm,gi/ft,fj)'(ft,fj/fm,fj) (2.
where (fm,gl/ft,fj) is equal to oy /f, in table 5.3a of Larsen, 1982.

(ft,fj/fm,fj) is given in formula (2.1)
In table 2.1 the values of formula (2.2) are given for some tests with glulam beams typical

for practice.

Table 2.1 The relation between the bending strength of glulam and that of finger joints.

Ident.  Description of laminations (fm,gl/ft,fj) (fm,gl/fm,fj)
in the tensile side

1.31 2 high quality laminations 1.73 1.11
1.32 1 high quality lamination 1.60 1.02
4.1 1.57 1.00
1.33 Coinciding fingers in adja— 1.40 0.90
4.2 cent laminations 1.43 0.92
1.34 Coinciding fingers and the 1.41 0.90

inner one is a weak finger joint.

It appears from table 2.1 that the relation between the bending strengths are close (o unity.
The relation is & little above 1.0 if a sound lay—up is emploied and 10 per cent below in the
case of coincidence between finger joints in the two outer laminations.

The decrease in the strength relation for coinciding finger joints suggests that the actual
size of the joint (the weak part of the cross section) influences the relation. So apparently
the strength relation decreases when the size of the finger joint increases. This is supported
by the high bending strength of Laminated—Veneer—Lumber (Micro—Lam) despite the butt
joints in the veneer.



Further, from series 1 and 2 in table 5.3c of Larsen, 1982, which is reproduced in table 2.2,
it can be seen that the weaker the finger joints are compared with the rest of the lamina-
tion/glulam the smaller becomes the lamination factor expressed as f gl/ft i (oro / ft) .

Table 2.2 Lamination factors for glulam with different lay—ups in the two outer lamina-
tions in the tensile side.

Lamination No.:

1 2 fm,gl/ fi;,fj
Unjointed Unjointed 1.39
Finger joint Unjointed 1.61
Finger joint FJ.* or weak Fj* 1.42
Weak finger joint Weak finger joint 1.06
Weak finger joint Unjointed or weak Fj* spaced 1.26

more than 3-lam.thickness

* Fj = Finger joint.

This fact can maybe explain why Ehlbeck & Colling, 1990 suggest a lower value of
fin gi/f mfj - Because from the values in this report the range of the mean bending strength
of the finger joints can be estimated from

i

Im 33

. 1 _

The high value corresponds to the bending strength of the finger joints used in the tests
reported in Larsen, 1982 and the low value corresponds to that of the weak finger joints.



3. Conclusion

The relation between the bending strength of glulam and that of the finger joints seems to
depend on several factors. Among these are partly the size of the finger joints represented
for example by the thickness of the lamination, partly the relation between the strength of
the finger joint and that of the rest of the lamination. This could be explained by the fact
that the weak finger joint is brittle and the surrounding wood is in the linear state, so
stress redistribution will not take place.

In general it can be stated that the bending strength of the glulam is equal to that of the
finger joints if these control the strength.
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0. PREFACE AND EXPLANATION

In the draft it has been necessary to introduce 2 tables of strength classes,
one for glulam with a homogeneous cross-section and one for glulam where
different lamination grades have been combined in the cross-section. The last
mentioned is frequently employed in practise and it could be preferable to
standardise this set of strength classes.

Another possibility would be to have more classes so that homogeneous and
combined grades could be included in the same table of classes. But this
solution would give some problem with the setting of the strength values for
axial tension and compression. These would have to be set at a rather low level
in order to cater for the combined grade glulam with the low quality inner
laminations. This would penalise homogeneous glulam.

1. INTRODUCTION

A strength class system enables combinations of grade and species having similar
strength properties to be classified together with a common set of strength
properties., Such a system simplifies the process of marketing structural timber
by reducing the number of options at the specification/supply interface.

2. SCOPE AND FIELD OF APPLICATION

This standard lays dowvn a system of strength classes for structural glued
laminated timber which caters for the strength range in common use throughout
Europe. A number of strength classes are defined and characteristic strength
and stiffness properties are given.

Further, this standard contains rules for the determination of the
characteristic properties

by Specified strength classes for the laminations
by Calculation or
by proof testing.

3. DEFINITIONS

Glued laminated timber - A single structural member, not necessarily straight,
formed by gluing together laminations of timber with the grain running
essentially parallel.

Abbreviated: Glulam.

Homogeneous glulam - Glulam with a homogeneous cross-section where all
laminations are of the same grade (strength class).

Combined glulam - Glulam with a cross-section comprising inner and outer






laminations of different grades (lamination strength classes, see Table 3). The
outer laminations must cover the extreme one sixth of the depth on both sides
and be at least two laminations.

4. REFERENCES

EN.TC124.202 - 1989-06-19 Structural timber - Determination of characteristic

values of mechanical properties and density.

EN.TC124.203 - 1989-06-19 Structural timber - Strength classes

EN.TC124.303 - 1989-07-19 Glued laminated timber - production requirements.

ENXXX3

ENXXX4

Determination of physical and mechanical properties (IS0 8375)

Proof testing (to be drafted)

5. STRENGTB CLASSES

5.1

5.2

5.3

Table 1 gives the characteristic strength properties for five strength
classes for homogeneocus glulam.

Table 2 gives the characteristic strength properties for five strength
classes for combined glulam.

For both tables the values of bending strength, tension strength parallel
to grain and compression strength parallel to grain axe related to
members with a greatest cross-section dimension equal to 300mm.

6. COMPLIANCE

6.1

6.1.1

6.1.2

Glued laminated members comply with the strength classes of Table 1 and 2
if they are manufactured in accordance with the production standard
EN.TC124.303 and they meet the requirements of either 6.1.1, 6.1.2 or
6.1.3.

The grade and species shall meet the requirements of the relevant
strength class for structural timber from EN.TC124.203 as given in

table 3 and the characteristic bending strength of the laminate end
joints (fm,x,e5) shall be greater or equal to the characteristic bending
strength fm,x,q calculated in accordance with A.3.1 assuming homogeneous
glulam lay-up. That is

fl.k.-j>fm,qu
where fan,x,e; shall be determined in flatwise bending.
The grade and species shall have mechanical properties derived in
accordance with ENXXX3 and EN.TC124.202, which when used as lamination

properties in the formulae given in Annex A, produce mechanical

3



properties for glued laminated timber equal to or greater than the
properties in one of the tables for the strength class to vhich it is
assigned.

Further the requirement to the laminate end joints given in 6.1.1. shall
be met.

6.1.3 The glued laminated members shall be proof tested in accordance with
ENXXX4,

Table 1. CHARACTERISTIC STRENGTH PROPERTIES FOR BOMOGENEOUS GLULAM (N/mm? )

Strength class LH25 LH28 LH30 LH35 LH4O
Bending fe,x,9 25 28 30 35 40
Tension

- par. fe.0,%.9 20 23 25 28 32
- perp. fe,o90,%.9 0.3 0.4 0.4 0.4 0.4
Compression

- par. fc,0.%.9 25 26 27 29 33
- perp.  fc,s0,k.9 5.7 5.9 6.3 6.9 7.4
Shear fv. k., g 2.7 2.9 3.1 3.5 4.0

Modulus of Elasticity par.

+ bending  EBaean,n,g 10000 11000 11500 12500 13000
+ axial Eneon,a,g 10000 11000 11500 12500 13000
Density kg/m? 320 350 380 410 450

The lower fifth percentile MOE (Ex,g) = 0.8 Enean



Table 2. CBARACTERISTIC STRENGTH PROPERTIES FOR COMBINED GLULAM (N/mm?)

When calculating design values for strength and stiffness from the glulam

properties given in this Table, it can be assumed that the section is

homogeneous.

Strength class LC24 LC26 LC28 LC33 LC38
Bending fo,x,q 24 26 28 33 38
Tension

- par. fr,0.x.9 17 19 21 24 26
- perp. fe,9¢,%,4 0.3 0.3 0.3 0.4 G.4
Compression

- par. fc.0.x.4 22 23 25 27 30
- perp. fe,90,%,9 5.7 5.9 6.3 6.9 7.4
Shear fv.x,q 2.5 2.6 2.7 2.9 3.1
Modulus of Elasticity par.

+ bending  Enean,m,q 3500 10500 11000 12000 13000
+ axial Ensan,a,g 8500 9500 10500 11500 12000
Density kg/m? 250 300 320 350 380

" The lower fifth percentile MOE (Ex,q) = 0.8 Enean



Table 3. CLASSIFICATION OF GLULAM PRODUCED FROM LAMINATIONS MEETING THE
REQUIREMENTS OF EN.TC124.203

Strength classes for
homogeneous glulam LH25 LH28 LH30 LH35 LB4O

Required lamination
strength class C18-9E C21-10E C24-11E C30-12E C37-14E

Strength classes for

combined glulam LC24 LC26 LC28 LC33 L.C38
Required strength class of:

OQuter laminations C18-9E C21-10E  C24-11E C30-12E  C37-1l4E
Inner laminations C13-7E  C15-8E C18-9E C21-10E C24-11E




ANNEX

A.l

A2

A.3

A.3.1

where
fm,k,g

fe,o0,k

A CALCULATION OF CHARACTERISTIC PROPERTIES

The following formulae may'be used to calculate mechanical properties for
homogeneous glulam.

For combined glulam the formulae apply to the properties of the individual
parts of the cross-section. The design calculation and the stress
analysis can be carried out by linear elastic beam theory and transformed
cross-sections., The strength verification shall be executed in all
relevant points of the cross-section.

For design calculations for combined glulam which use a simplified
analysis assuming the cross-section to be homogeneous, the mechanical
properties given in Table 2 should be used.

All strength and stiffness values are given in MPa(N/mm?).

The mechanical properties of glued laminated timber are derived by
multiplying the laminate properties by a kia» factor vhich makes allowance

for:-

a) the test methods used for single laminations, which may be less
constrained than when laminations are bonded together in a single
member.

b) differences due to the dispersion of laminate low strength and low
stiffness areas throughout the volume of a glued laminated member.

¢) differences between the coefficients of variation of single laminates
and laminated members,

Mechanical properties.
Bending strength.
fm,k,g = klam,n ft,O,k

(2.7 - 0.04f¢,0,x)fe,0,x

is the characteristic bending strength of the glulam

is the characteristic tension parallel to grain strength of the
laminations.



A.3.2 Modulus of elasticity

Emsan,g = Kiam,£ Emean
= (1.25 - Enean/60000)Enear
where
Emean,g is the mean modulus of elasticity for the glulam either in bending
or tension/compression.
Enean is the mean modulus of elasticity for the laminations in bending

A.3.3 Tension strength parallel to grain

fe,o0,x,9 = kiam,t fe,0,x

n

(2.3—0.04ft,0,k)ft,0,k

wvhere

R is the characteristic parallel to grain tension strength of a
glulam member.

fe o0,k is the characteristic parallel to grain tension strength of the

laminations.

A.3.4 Compression strength parallel to grain

fc,0,x,9 = Kiam,c fc,0,x
= (1.5 - 0.01fc,0,x)fc,0,x
wvhere
fc,0,x,q is the characteristic parallel to grain compression strength of a
glulam member.
fc,o0,x is the characteristic parallel to grain compression strength of

the laminations.

A.3.5 Shear strength

fv,k,g =0.7fv,k,i + 1.4 MPa



vhere
fv.x,q is the characteristic shear strength of a glulam beam.

fv.x,i is the characteristic shear strength of the inner laminations.

A.3.6 Tension strength perpendicular to grain.

fr,90,%x, ¢ = ft,90,k,1

where

ft,90,%,9 is the characteristic perpendicular to grain tension strength of
a glulam member.

fe,90,%,1 is the characteristic perpendicular to grain tension strength of

the inner laminations.

A.3.7 Compression strength perpendicular to grain.

fc,90,k,g = 1-1fc,90,k,o

where

fe,50.x.9 is the characteristic perpendicular to grain compression strength
of a glulam beam,

fc,90,%,0 is the characteristic perpendicular to grain compression strength

of the outer laminations.

A.3.8 Density

The characteristic density of a glulam member shall be assumed to be equal to
the characteristic density of the inner laminations. This statement assumes
that the value will be used to determine the load capacity of mechanical
fasteners. However, vwhere any fasteners are secured to the outer laminations
only then the characteristic density for the outer laminations may be used.
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1. Preface and scope

The intention of this report is to throw light on the guidelines for design of timber trus-
sed rafters given in /Riberholt, 1989/. This has been done by intensive analyses of a
W—truss for which some different approximations have been investigated. This gives
further a numerical background for the simplifications presented in that paper and a
justification for the rules for these.

Further, there is given a consequence analysis, by comparing the results of strength ve-
rifications based on, partly a simple accepted method, partly the method described in
/Riberholt, 1989/.



2. Description of the method of analysis

All the analyses have been carried out for a W—truss with a geometry, loading and tim-
ber quality and sizes as shown in figure 2.1. The analyses of the internal forces have
been carried out by a plane frame program in order to investigate the effect of different
stiffnesses or relative displacements (slip) of the connections. The calculations have
been performed on a PC with a 80286 processor. The analyses have been based on tim-
ber cross—sections with a width of 50 mm, a top chord height of 150 mm, a bottom
chord height, of 125 mm and a height of the cross—sections of the diagonals of 75 mm.
But the strength verification has been carried out for timber with a cross—sectional
width of 47 mm and heights of 147, 122 and 72 mm. This little discrepancy has been
chosen in order to have strength utilizations close to unity, and it does not influence
the relative comparisons.

bhd b oo aeienam [ L L L L L L ELEL L

50x75
DK18

50=125 T24

(L4500, 3930 | t7e 1310 .. 600 |

4000 I
CTTTITIT aomomim b b T ity o;i

Figure 2.1 W—truss. Geometry, loading and timber grades and sizes. The truss
and the loading has been assumed to be symmetrical.



Design basis

All cslculations have been based on the Danish set of design codes relevant for timber
structures. The loading is in accordance with /DS 409/ and /DS 410/ and the strength
verification has been carried out in accordance with /DS 413/, which in principle is ve-
ry similar to /CIB 1983/.

The stress analyses and strength verifications have been carried out in accordance with
/Riberkolt, 1989/.

Timber grades
The selected timber grades have for this case (Long term loading, Moisture class 1,

Normal safety) the strength and stiffness values given in table 2.1.

Table 2.1 Design values of strength and stiffness for the selected timber grades,

MPa
Grade fm fc ft E0
124 11.2 10.7 7.5 8.400
DK18 9.0 8.5 4.3 7.200

Bracing

The top chord has been assumed braced laterally for every 1.00 m. For the compressed
diagonal the column length has been assumed to be equal to the distance between the
nodal points in the middle of the chords, i.e. 1.00 m.

Connection models

The models of the connections have been created from the guidelines in /Riberholt,
1989/. The connections have been modelled as pinned joints, completely stiff joints
and as elastic joints. For some cases the slip in the connections have been modelled by
a prescribed slip.

For the W—truss it is typical that the eccentricities in the joints between the chords
and the diagonals have almost no effect in the top chord, but a significant one in the



bottom chord. The reason why is that in the connection between the top chord and the
diagonal the force in the diagonal is almost perpendicular to the top chord. But in the
K—connection between the diagonals and the bottom chord the resulting force transfer-
red to the bottom is parallel to the chord so an eccentricity equal to half the cross—sec-
tional height will result in an essential increase in the bending stress in the bottom
chord.

Type of connections

The analyses have all focused on a timber truss with connections made of nail plates,
which are the connectors most frequently used. The analyses have comprised both cen-
tric and eccentric connections in the truss.

2.1 Overview of varied agsumptions

The modelling of the connections in a timber trussed rafter is of importance for the re-
sulting strength utilization of the timber. It has been discussed whether the connec-
tions should be modelled as the extreme possibilities: Pinned or completely stiff joints
or as the more realistic flexible joints. The last mentioned can be modelled as linear
elastic joints or by the introduction of prescribed slip between the timber members.

The following sensitivity analyses have been carried out:

1: Variation of the rotational stiffness of the joints from zero to infinity (from
pinned joints to completely moment stiff joints). No translations between the
members in a connection. The truss was modelled with either eccentric or cen-
tral connections.

2: Variation of all the joint stiffnesses from below "normal" to infinite stiffness.
3: The consequences of the proposed increase in the bending strength f .
4; How simple can a realistic model be?



2.2 Compared results

Concerning the strength of the timber it is obvious to focus on largest value of the
Combined Stress Index in a timber member.

Ut arn . .
-f; +1— for members in ten sion
m
CSI = (2.1)
% m . )
A for members in compression
st m

Basicly this has been done because this is what controls the dimensions of the timber
parts.

It is typical for timber trussed rafters that changes in the model assumptions results in
a change of the critical cross—sections, which are those with the largest CSI—values. In
some cases, where a change in the model results in a reduction of the largest CSl-va-
lue, but too an increase in the second largest CSI—value, the second largest CSI-value
has been given so that one gets an impression of how much the dimensions depend on
the assumptions.

Since CSI depends on both the axial stress and the bending stress these have been com-
pared too. It can be revealed here that the axial stress in a W-truss is very robust for
changes in the model assumptions.

In a few cases the deflections of some selected points have been compared partly in or-
der to investigate the effect on the deflections of flexible connections, partly to evaluate
how simple the model can be in order to obtain the same results as from more detailed
models.



3. Sensitivity analvses

3.1 The rotational stiffness of the joints

In this investigation the slip (the relative translation) in the connections have been dis-
regarded by using very large translation stiffnesses for the spring elements shown in fi-

gure 3.1.

Figure 3.1 Static ‘models in principle. The geometry is distorted in order to
. show the nodes and elements. Above is shown a W—truss with eccen-
tric connections, below one with central connections.



The rotational stiffness S of the joints have been varied from zero to infinity. The
values of S, have been determined in relation to the rotational stiffness of the timber
members connected to the node (joint). The stiffness has been fixed in relation to the
timber member in the connection with the smallest bending stiffness.

o EI
Sg = k + minimum (—f—)
where k integer factor. Stiffness factor
E Modulus of elasticity
1 Moment of inertia
{ Bay length of the timber member

It must be realized, that the Sg represents the rotational stiffness of gusset plates and
splices, in which there in reality are two mechanical connections involved in the force
transfer from one timber member to another. This influences the stiffness.

In figure 3.2 there is shown CSI values for the W—truss with eccentric and centric
joints respectively. In this case the bending strength of cross—sections at peak mo-
ments has not been increased.

1.00 4 €SI 1.00 4 €SI
] TC 1 TC
Dec 3
0.80 - TC2  0.80 3
3 BC ]
0.60 , gctrz 0.60 «w BC
3 be
] E Dt
0,40 3 0.40 3
3 TC Top chord 3 TC Top chord
0.20 BC Bottom chord 0.20 4 BC Bettom chord
3 DC Diagonal compressed 1 DC Diagonal compressed
3 Dt Diagonal in tension E Dt Diagonal in tension
¢ 1 3 10 30 oo 000 1 3 10 0 oo
e ———
Normal Stiftness
stifiness factor
range
Figure 3.2 Combined Stress Index for varying rotational stiffness of the joints.

Left the W—truss with eccentric connections, right with centric con-
nections. The integer number after the chord legends give the rank of
the critical cross section, see page 10.



Centric joints
The cross section in the chords with the largest CSI value has for all stiffness values
been:

Chord Bay Position in bay at
Top chord Lower Heel joint
Bottom chord Middle Middle

For the top chord a reduction in the support eccentricity will reduce CSI at the heel
joint and increase it in the middle of the lower bay. But the emploied support eccentri-
city 4.000-3.930 = 70 mm is very small and can hardly be reduced. Further CSI =
0.81 in the middle of the lower bay for k = 1, 80 a reduction in the support eccentricity
will result in a decrease in CSI at the heel joint but the dimension of the top chord will
be the same because of the increase in CSI at the middle of the lower bay so that this
cross section becomes critical.

It can be seen that for the chords of a W—truss with centric connections CSI is influen-
ced only marginally by the rotational stiffness of the joints. For the diagonals there is
a certain effect. Meanwhile if one wants to simplify the static model it seems reasonab-
le {0 assume:

Pinned joints if 5,< 35

Completely stiff joints  if S, > 35

From figure 3.3 it can be seen that the stresses from the axial forces are almost inde-
pendent of the rotational stiffness of the joints. The same is the case for the bending
stresses in the chords, while there is an effect for the bending stresses in the diagonals,
because they have such a little cross section that even small moments result in large
stresses.
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Figure 3.3 Stresses from axial force and moment for varying rotational stiffness

of the joint connections. Centric joints.

Eccentric joints
In this case cross sections in the chords with the largest CSI value has for all stiffness
values been:

Chord Rank Bay Position in bay at
Top chord 1 Lower Heel joint

2 Upper Middle
Bottom chord 1 Left K-node

2 Middle Middle

The rank signifies the cross—sections with the largest and second largest CSI-values.
In figure 3.2 the rank is shown with an integer after the chord abbreviation.

It can be seen from figures 3.2 and 3.4 that the influence of the rotational stiffness of

10



the joints is marginal for the top chord, while it has a certain effect for the bottom
chord. The reason why is that the diagonals together with the bottom chord carry the
excentricity moments in the joints so that the bending stress in the bottom chord is
reduced when the rotational stiffness of the joint is increased. As a consequence the
CSI of the diagonals increases when the rotational stiffness is increased.

If one wants to simplify the static model it seems reasonable to employ pinned joints or
completely stiff joints in accordance with the assumptions for centric connections.

In the figures 3.4 and 3.5 more details are given. From these it can be seen that the
stresses from the axial forces are almost independent of the rotational stiffness of the
joints, while there is an influence for the bending stresses in the bottom chord and the

diagonals.
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Figure 3.4 Stresses from axial force and moment for varying rotational sti{fness

of the joint connections. Eccentric joints.
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Figure 3.5 Moment distribution in the truss for k = 0 (pinned joints}), 3 and w.

3.2 Variation of the joint stiffnesses.

In this case the joint stiffnesses, both the translational and the rotational, have been
varied from below normal to infinite stiffness (completely stiff joints).

Based on the guidelines in /Noren, 1981/ a "normal set of joint stiffnesses" have been
determined. Since the nail plate connections have a non-linear stress—deformation re-
Jation and that the program only can analyse linear elastic members, it has been neces-
sary to employ a secant modulus for the joint stiffnesses. It has been estimated that
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for the case where failure occurs in the timber parts the stresses in the connections are
only 60—80% of the short term strength. This is the background for the stiffness values
given in table 3.1. This table also gives the calculated slips (relative displacements) of
the joints. Further, analyses have been carried out with joint stiffnesses, which all ap-
proximately are proportional to the "normal set of stiffnesses", they were

Low Normal / 3
High Normal - 3
Extra high Normal - 10

Table 3.1 Normal set of joint stiffnesses and calculated slips, that is relative
displacements in the joints.

Connection Spring Stiffnesses: Slip
10.

Rel.disp  Rotation
kN/mm  kNm/rad mm

Heel joint 15 20 20 0.9
Diagonals—chords 17 and 18 4 4 0.6

19 and 20 4 4 1.2
Ridge, horizontal 21 15 10 1.1
Splice in bottom chord 22 15 15 0.8

Since the W-truss with centric connection is less influenced by the joint stiffnesses
than the truss with eccentric joints, only the latter has been investigated. Further this
type is used commonly in praxis.

In figure 3.6 there is shown the Combined Stress Index for varying joint stiffnesses.
For the chords there is shown two curves of CSI-values, partly one where the bending
strength increase at moment peaks has not heen considered, and partly one where it
has been taken into account by an increase of 20%. The differences in these curves are
in the range of 0 to 10%.

13
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Figure 3.6 Combined Stress Index for varying joint stiffnesses. For the chords

two curves have been drawn for each, one without and one with an
increase in the bending strength of 20% at moment peaks. The latter
has an extension "peak".

The critical cross—section in the top chord is for low and normal joint stiffness situated
in the middle of the upper bay, but for larger stiffnesses this changes to the cross—sec-
tion at the heel joint. For the bottom chord the critical cross—section is always at the
K—joint. Figure 3.7, right, gives an overview for a truss with a normal joint stiffness.

In this figure there is shown the axial and bending stresses for varying stiffness of the
joints. Further there is shown the moment distribution and the values of CSI are writ-
ten at critical cross sections of the chords. Here CSI is calculated partly without and
with increase in the bending strength at moment peaks. The smallest CSI—values are
those with increased bending strength.
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Figure 3.7 Left: Sensitivity curves for axial and bending stresses. Right: Mo-

ment distribution in a W—truss with normal joint stiffness plus CSI-
—values with and without increase in the bending strength at moment
peaks.

The deflections are of course influenced directly by the joint stiffnesses, as can be seen
from figure 3.8. For normal joint stiffness the influence is essential, deformations in the
joints contribute more to the deflection than the deformations of the timber.

For a W—truss with a larger support eccentricity the increase in the bending strength
has a more pronounced effect on the strength utilization of the cross—section at the heel
joint. Figure 3.9 shows the CSl—values for a W-—truss with a support eccentricity of
0.15 m. The values are given with and without increase in { o At moment peaks.
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Figure 3.8

Figure 3.9

Deflections
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The influence of joint stiffnesses on deflections at the ridge, the
T—joint in the top chord, the K—joint and the middle of the bottom
chord.
0.63
0.61
097 ¥
097 _~7 7
1.18 0.76 T
1.04 084 076~ ,.;5';
0.84 1 A
i L iy __J’“}‘f
N e N S
Pt ol 'S
' 038 040 083 052
038 0.40 0.76 0.52
Combined Stress Index for the W—truss with a support eccentricity of

0.15 m, with normal joint stiffnesses, with and without increase in
the bending strength, 30% at the heel joint cross—section in the top
chord, 20% at other moment peaks.
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4. Simplified frame models.

In this section two simplified frame models have been investigated. The simplification
has resulted in that the number of nodes and thereby the number of degrees of freedom
has been reduced to approximately the half.

Only a truss with eccentric joints has been investigated, because with centric joints it is
very easy to set up a similar simple model, which is in agreement with the more detail-
ed model shown in figure 3.1. The slip in the joints can be modelled by a prescribed
slip.

In the simple model the force transfer by the nail plate at the heel joint has been mo-
delled by a pinned joint positioned at the joint between the timber parts, and the con-
tact stresses between the chords has been modelled by a spring. The eccentric connec-
tions have been modelled detailed, and at the ridge, there is introduced an eccentricity
resulting in a negative moment at the ridge. The slip in the joints have been conside-
red by a prescribed slip in the heel joint, the ridge and the splice plate with the values
given in table 3.1, which are those found for a truss with normal stiffness. So the re-
sults should be compared with those in section 3.2 for a W—truss with normal joint stif-
fnesses.

In the extra simplified model the transfer of the internal forces at the heel joint has
been modelled more crude. In the T—joint of the top chord the eccentricity has been
disregarded and so the beneficial effect of the eccentricity in the ridge connection.

For both models analyses have been carried out for pinned joints as shown and for com-

pletely stiff joints. Further the slip in the joints have either been disregarded or taken
into account by prescribed slips in the selected joints mentioned previously.

17
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Figure 4.1 Frame models. Top: A simplified model, Below: An extra simplified
model.

The bending strength of the chords has been increased by 20% in cross sections at mo-
ment peaks.

For the sake of simplicity it is an advantage to consider slip in the joints by a prescri-
bed slip between the timber member and the global node. In this way slip can be in-~
corporated in the analysis without the introduction of extra nodes or degrees of free-
dom.
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Table 4.1 Simple model results. Axial and bending stresses in MPa, CSI and
deflections in mm in the W-truss with either pinned joints or stiff
joints and with or without prescribed slip in the joints.

Pinned joints Stiff joints
No slip  Slip No slip  Slip
Centric connections
Top chord oN -2.77 —2.72 —2.76 —2.71
T 3.82 3.79 3.52 3.50
CSI 0.92 0.90 0.89 0.88
Bottom oN 2.11 2.09 2.11 2.10
chord T 3.54 4.21 3.28 3.97
CS1 0.60 0.66 0.57 0.63
Diagonal oy .89 —.84 (.88 —0.83
left O 0 0 2.76 2.64
CSI 0.26 .24 0.56 0.53
Diagonal oN 1.44 2.38 1.46 1.39
middle Oy 0 0 1.01 1.59
CSl 0.34 0.32 0.45 0.50
Deflec— TC top 7 15 7 15
tions TC middle 7 13 7 13
mm BC middle 11 19 10 19
BC node 7 15 7 15
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Table 4.1 continued

Pinned joints Stiff joints
No slip  Slip No slip  Slip
Eccentric connections
Top chord oy ~2.81 —2.76 -2.77 —2.72
T 4.33 4.30 3.80 3.76
(Sl 0.96 0.95 0.91 0.90
Bottom N 2.12 2.07 2.10 2.09
chord O 4.37 5.58 3.92 4,58
CSI 0.74 0.77 0.63 0.69
Diagonal oy -0.90 -0.84 —0.85 -0.80
O 8 0 5.24 4.79
CSl 0.26 0.24 0.82 0.76
Diagonal oy 1.46 1.40 1.50 1.43
O 0 0 2.12 2.71
CSI 0.34 0.33 0.59 0.63
Deflec— TC top 7 15 7 15
tion TC middle 8 14 7 13
mm BC middle 13 22 12 20
BC node 8 15 8 15
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Table 4.2 Extra simple model results. Axial and bending stresses in MPa, CSI
and deflections in mm in the W-truss with either pinned joints or
stiff joints and with or without prescribed slip in the joints

Pinned joints Stiff joints
No slip  Slip No slip  Slip
Centric connections
Top chord oN -2.64 -2.59 -2.59 -2.59
. 3.69 3.70 3.64 3.61
CSI 0.88 0.87 0.86 0.85
Bot. oy 1.95 1.94 2.05 2.03
chord Ty 3.84 4.58 3.32 4.02
CS1 0.60 0.67 0.57 0.63
Diag. oN -0.89 ~0.84 -0.72 —0.69
T 0 0 2.23 2.12
CSI 0.26 0.24 0.45 (.43
Diag. oN 1.42 1.36 1.27 1.23
T 0 0 1.48 1.93
CS1 0.33 0.32 0.46 0.50
Deflec. TC top 6 14 6 14
mm TC middle 6 12 6 11
BC middle 10 18 9 17
BC node 6 13 6 13

21



Table 4.2 continued

Pinned joints Stiff joints
No slip Slip No slip Slip
Eccentric connections
Top chord N -2.66 -2.61 ~2.59 -2.54
- 4.27 4.25 3.94 3.90
CSI 0.92 0.91 0.88 0.87
Bot chord oN 2.93 1.93 2.05 2.03
T 4.24 5.61 3.84 4.52
CS1 0.71 0.76 0.62 0.67
Diag. oN —0.87 —0.82 .68 —0.65
left T 0 0 4.07 3.61
CSI 0.25 0.23 0.65 0.61
Diag. oN 1.45 1.38 1.29 1.24
mid. . 0 0 2.48 2.95
CSI 0.34 0.32 0.58 0.62
Deflec. TC top 6 14 6 12
mm TC middle 6 12 6 14
BC middle 12 20 10 14
BC node 7 14 6 18

In all the cases the cross—sections with the largest CSI—values are situated in:
Top chord: Lower bay at the heel joint.
Bottom chord: Middle bay at the middle except for pinned joints and no

slip, where it was at the K—node.

This result is rather similar to that obtained in the more detailed model. But some dif-
ferences exist.
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From a comparison with the results for the detailed model in chapter 3.2 with normal
joint stiffnesses it can be seen that the agreement in CSI-values is:

Best Poorer
Pinned joints Completely stiff joints
Simple model Extra simple model

Slip in the joints No slip

Table 4.3 Relative deviations in CSI-values obtained by the simple models with
pinned eccentric joints as compared with the detailed model with nor—
mal joint stiffnesses.

Simple model Extra simple model
No slip  Slip No slip  Slip
Top chord - 2% - 3% - 8% - 9%
Bottom chord - 9% - 5% -19% - 9%
Diagonals: Compressed -13% ~20% -13% -20%
Tensile -21% -23% -23% -26%

The deviations given in table 4.3 should be acceptable for the simple model when slip
in the joints is considered.

5. Comparison with the present Danish hand calculation method

The present Danish hand calculation method is described in /Larsen & Riberholt,
1988/. It is similar to the method proposed in /Riberholt, 1984/, which transform the
distributed load to concentrated nodal forces so that the axial forces can be determined
from a lattice model, while the moments in the chords can be determined by moment
coefficients, here 0.1 in the top chord, 0.1 in the outer bay of the bottom chord and
0.08 in the middle bay of the bottom chord.

The results of this hand calculation method are in table 5.1 compared with those of the
models dealt with in this paper. The comparison is carried out only for a W—truss with
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centric connections, since the hand calculations have this as an assumption. The frame
models have been analyzed either by normal joint stiffnesses or by prescribed normal
slips in the connections.

Table 5.1 Combined Stress Index in some cross—sections calculated by 4
different models/methods. W-truss with centric connections.
Hand cal. Detailed model Simple model Extra
simple
Top chord Low bay  0.99 0.92 0.83 0.74
Up. bay 0.92 0.82 0.87
Low node 0.99 0.91 0.90 0.87
Bottom chord: K-node 0.63 0.49 0.49
Mid. bay 0.71 0.51 0.66 0.67
Diagonal: compres.  0.27 0.26 0.24 0.24
tensile 0.35 0.39 0.32 0.32

It appears from table 5.1 that there is a reasonable agreement between the maximum
CSI-values for the different timber parts. Further the frame model results are a little
conservative compared with the present Danish hand calculation method. They should
thus be applicable for praxis, and can be emploied for an optimal geometric design of
the W—truss, which the hand calculation method can't be used to, because it is limited
by the geometric assumptions of equal bay length.

6. Conclusions

For a W—truss it appears that the following conclusions are valid:

A: If the rotational stiffness S of a joint fulfill the requirement below, then it is
a reasonable simplification to assume that the connection is completely stiff for
rotations if

SH> minimum { 3%!]
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where EI/{ is a stiffness measure for the adjacent timber members with bay
length ¢

B: The relative displacements (slip) between the timber parts in the joints can be
considered by spring elements or by prescribed slip. The max Combined Stress
Index in the timber parts is relatively robust for practical variations in the

stiffness of the joints.

C: Even crude frame models of the truss give Combined Stress Indices similar to
those obtained by more detailed models.

D: The proposal {0 increase the bending strength of the chords at moment peaks
result in a decrease in the CSI—values of typical 5-10%, and it results in truss
designs, which have been used succesfully over a long period.

E: The proposed {rame models give Combined Stress Indices similar to those ob-
tained by a Danish hand calculation method used for many years. The hand
calculation method is a little more conservative.

The guidelines given in /Riberholt, 1989/ seems thus to be applicable for practical cal-

culations.
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Proposal for Euro Code 5 text on timber trussed rafters.
Hilmer Riberholt, ABK, DTH. 1990.06.13.

Rider to section 4.1 Deflections. Or a separate section of 5.25.
For fully triangulated trusses the local deflection between the nodes should not exceed
1/300 of the bay length for either dead load or variable actions.

5.2.5 Trusses

Trusses may be analysed as frame structures where the influence of eccentricities, de-
formations of timber elements, stiffness of the joints, and stress redistribution are taken
into consideration in the determination of the resultant stresses.

/* Horizontal load/deflection. Peter Ross will write a section how it should be consi-
dered by means of springs. May be guidelines for max Up orizontal */

Frame analysis

The analysis may be carried out assurning that the timber elements are linear elastic
with a stiffness based on EO,mean divided by kcreep given in section 4.1. The load-
slip relation of the joints are given in section 5.2.4 or they shall be assessed from stan-
dardized short, term test data (ISO 6891, ISO/DIS 8969 or similar) published by appro-
val systems (e.g. UEAtc or European Technical Approvals). If the static analysis is
used for strength verification then the load—slip relation may be taken as a secant with
the top point fixed to a load level of 60 per cent of the maximum load, and the stiffness
and the slip shall be modified by the creep factor in table 5.2.4.6.

Stiffness = (Stiffness from test)/k
Slip = (Slip from test) k

creep
creep

The modelling of the joints may be simplified to pinned joints if the essential slip of the
joints is considered by prescribed values. Annex X.1 gives guidelines for the modelling.

Simplified analysis

If the truss is a fully triangulated truss and external statical determinate then the axial
forces may be determined from a lattice model with pinned joints. The bending mo-
ments should be determined considering continuity of the members and eccentricities
e.g. in the connections or at supports. Annex X.2 gives guidelines.



Strength verification

The strength verification of the timber shall be carried out as described in section 5.1.
Annex X.3 gives guidelines for the effective column length of the members. Further
the bending strength of a member may be increased for cross sections at moment peaks
if the internal forces and moments can be redistributed if such a cross section fails and
if the eccentricities in the connections and at supports are taken into account.

Annex X.3 gives more details.

The strength verification of the joints shall be carried out as described in section 5.3.
For nail plates the strength verification is described in Annex X.4.

Rider to section 6.6 Transportation and erection
For timber trussed rafters guidelines are given in Annex X.5.

Truss annexes:

Annex X.1. Guidelines for the stress analysis of timber trussed rafters modelled
as plane frames.

Annex X.2. Guidelines for the stress analysis of statical determinate fully tri-
angulated trussed rafters of timber.

Annex X.3. Strength verification of the timber in trussed rafters. Special ef-
fects.

Annex X.4. Strength verification of nail plate connections in timber trussed
rafters.

Annex X.5. Production and practice of timber trussed rafters. (This is either a

supplement to or should be incorporated in EN TC124.208, Pro-
duction of timber trusses). The Truss Committee has considered
this and finds that the necessary precautions are expected to be
incorporated in EN T(124.208.
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Euro Code 5, Timber Structures
Annex X.1
Guidelines for the stress analysis of timber trussed rafters modelled as plane fra-
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1. GENERAL

1.1 Object

Static analysis of a truss. «

The object of the guidelines is to constitute a basis for the static analysis of timber trussed
rafters in the serviceability state or the ultimate state.

If it is desired to use an alternative analysis different from the methods in the guidelines,
this may be done, provided that the necessary justification is produced to show that the
alternative gives a description of the static behaviour which is just as good as that achieved
by the methods in the guidelines.

The guidelines concentrate on the analysis of plane timber trusses with nail plate connec-
tions by means of practical available plane frame programs. But the methods can too be
applied to trusses with other types of connectors if the method is adapted to their static
behaviour, Further they can be emploied in more general models, which for example take
into account spatial behaviour, trusses made of built up beams, non~linearities in the ma-
terial or in the geometry.

1.2 Definitions

Bay:
Structure {timber beam) between two neighbouring nodes.
Beam element:
An element, which models a timber part.
Connections:
Domain where timber parts and/or nail plates are in contact in such a way that
forces may be transferred between the parts.
Fictitious beam element:
Beam element, emploied in connections in order to model their static behaviour.



Node:
Intersection point of system lines of beam elements.

Spring element:
> An element, which can be used to model the mutual translation and rotation be-

tween timber parts in a connection.
Beam element

Stiff connection, node
Fictions beam element

Pin joint, node

BMZ “/NOde l/Node

—d B>
Chord-diagonal Splice with nail plate Splice with nail plate
Pin joint model. Elastic spring model.

Figure 1.2 Examples of connection models.

1.3 Symbols

The definitions of the symbols are the same as given in /Euro Code 5, Timber Structures/
or they are defined locally in the text.

2. THE FRAME MODEL

9.1 General description of the elements and the methods of the model

The frame model is built up by means of some elements. Straight beam elements model
the timber parts, fictitious beam elements model some constraints (ties) in or static beha-
viour of the connections and also spring elements mode} the elastic behaviour of the connec-
tions. In these guidelines the static models of the connection do not direct consider rotatio-
nal stiffness and moment transfer in the connections, the connections are modelled as pin-
ned joints. Meanwhile if the necessary data exist then moment transfer can be taken into
account. Further splices in the chords may in some cases be modelled as completely rota-
tional (moment) stiff.



The static properties of all elements shall be those, which are expected to be valid for the
real structure. This means that the stiffness values or prescribed deformations shall be
mean values. For nail plates these can be determined from calculations calibrated from
tests.

All the elements can be linear elastic, but elements based on material non—linearity will
with realistic material properties reflect reality better.

The deformation in the connections can be considered by means of a prescribed slip, elastic
spring elements or by means of a combination of prescribed slip and elastic spring elements.

Geometric non—linearity (column effect) can be disregarded by the frame analysis if it is
taken into account in the strength verification of the members.

If a geometric non—linear frame program is used for the analysis then the stiffness parame-
ters shall be given the design values for the actual conditions and imperfections shall be

considered.

2.9 Descrintion of the elements

Beam elements are intended used for the modelling of the timber, fictitious beam elements
are for the static behaviour of the connections and spring elements are for the slip in the
connections. Further, spring elements can be used for the modelling of the mutual transla-
tion and rotation in chord splices.

2.2.1 Beam elements

The beam elements are intended used for the modelling of solid timber, but glued built up
beams can be modelled similar. For built up beams where a slip can occur between the
timber members, this shall be taken into account.

The timber parts are modelled as straight beam elements. These shall allow for the defor-
mations originating in axial strain plus curvature of the timber parts.

Geometry

As a principal rule the system lines of the beam elements shall coincide with the centre of
gravity of the timber parts. For the chords this shall always be the case.

In the diagonals the system lines of the beam elements do not need to coincide with the
centre of gravity of the timber parts. However, the system lines shall lie within the cross
section of the timber. In the case that there is not coincidens this must be taken into ac-

count at the strength verification, for example by adding an eccentricity moment.
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Stiffness constants
The stiffness constants EA and EI are calculated based on the actual timber dimensions
and qualities. For built up beams, of which the different parts have different moduli of

elasticity, transformed cross—sectional constants may be emploied.

For a bay member with a changing or variable cross section this can be modelled by several
beam elements each with a constant cross section and with a stiffness adapted to the real
member,

Degrees of freedom in the coupling to other elements

Connections between beam elements are modelled in the following ways depending on the
static behaviour of the real connection if such one exists.

Pinned connections
Pinned connections and prescribed slip(s)

Completely stiff
Pinned connections
A pinned connection shall be used in general. The position of the pinned connection shall
reflect the load transfer in the connection. Enclosure 1 gives some examples of the position

for different types of nail plate connections.

Further the deformations of a connection can be modelled by a prescribed slip between the
beam elements connected to the node in the connection.

Completely stiff connections

If two connected beam elements model the very same timber part they shall be connected
completely stiff.

Nail plate splice connections in the chords can be modelled as completely rotational stiff if
their real rotational deformation has no essential effect on the distribution of the internal
stresses. This is the case in the following two cases.



A: Splicé connections positioned so that the chords would be stable even if all the spli-
ces acted as pinned joints. Further the splice connections shall only be subjected
to a moment which is less than one third of the maximum chord moment for all
Joading cases and provided it is verified that the nail plate connection has suffi-
cient load carrying capacity for the combined load of force and moment.

B: Splice connections, which are designed for the actual internal forces and moments
increased by 50 per cent.

2.2.2 Fictitious beam elements

A fictitious beam element can be emploied to reflect the static behaviour of a connection.
It can thus be used to model eccentricities or some constraints in the connections, for
example originating in contact between timber parts or ties from nail plates. The use of
fictitious beam elements is illustrated in Enclosure 1.

Note 1:  If the increased bending strength — according to Annex X.3— is to be utilized
then fictitious beam elements or similar shall be used to model any eccentry.

Geometry

The system line of a fictitious beam elements shall as well as possible coincide with the for-
ce transfer path.

Stiffness Constants

The result of the analysis is normally not sensitive to the values of the axial and bending
stiffness constants EA and EI. The reason why is typical that the fictitious elements are
short. So frequently they can be assigned stiffnesses of approximately the same order as
that of the adjacent beam elements. Further, if the two nodes connected by the fictitious
beam elements lie within the cross section of a timber piece, then the stiffness constants
can be infinite large or a socalled eccentric beam element can be emploied.

The axial stiffness constant EA can be calculated from the stiffness of a may be block of
wood subjected to compression or a may be nail plate subjected to tension.

The bending stiffness constant EI can be determined in a similar way. If the fictitious
beam element is connected to both nodes by pinned joints the value of EI may be chosen
arbitrarily.

Degrees of freedom in the coupling to other elements

Generally the coupling should be modelled by a pinned connection. But completely stiff
7



connections can be used for the modelling of internal eccentricities, see for example enclosu-
re 1.

2.2.3 Spring elements

A spring element can be emploied to model slip in & connection or a moment transferring
splice connection in a chord.

A simple spring element, which connect two coincident nodes, fulfil the static and kinema-
tic principles if it is assigned translation stiffnesses in two ortogonal directions. But joints
can also can be modelled by connection elements with multiple non—coincident nodes provi-
ded the static and kinematic principles are fulfilled.

Geometry

The spring element should be placed in the middle of the connection. It shall in no case be
placed outside the connection area.

Stiffness Constants

The values of the stiffness constants shall be based on measurements. They shall be deter-
mined on secant moduli reflecting the actual stress level in the connection, and they shall
consider creep of the connection.

The two points determining the secant shall be partly origo of the load—slip curve partly
the slip at the actual stress level.

In a fully stressed connection the secant modulus shail be based on the stress level defined
in section 2.3.3. If the stress level is lower then this can be taken into account by an in-
crease in the secant modulus.

It is acceptable to assume, that the stiffness for the relative deformations are independent
of each other. This means for example that the stiffness for a relative displacement in one
direction can be assumed independent of the force in the other ortogonal direction.

For a moment transferring splice connection in a chord the influence of a may be gap be-
tween the timber members shall be considered by the determination of the stiffness con-
stants for the mutual translation and rotation.

Degrees of freedom in the coupling to other elements

The spring elements should be coupled completely stiff to the nodes.

8



2.3 Description of the analysis methods.

A static model consists of the elements described in section 2.2, and they are connected in
accordance with the given guidelines. In this section guidelines are given for the loading,
the support and the consideration of the slip in the connections.

Since the purpose of the static analysis is different for the serviceability state and for the
ultimate state there can be differences in the approximations and therefore different static
models for the two states.

2.3.1 Loadings

In principle, the truss shall be subjected to the loads as they act in reality. For example, in
a roof with purlins, the truss must in principle be loaded by concentrated forces.

A row of concentrated forces may be equated to a distributed line load if the difference be-
tween the moments from the two loading cases is less than 10%, or if it is on the safe side.

Note: For lattice trusses the concentrated loads from purlins with equidistant distances
can be equated with a distributed load if the distance between the purlins is less
than 40% of the bay length.

Larger concentrated forces, including reactions, shall be applied where they act in reality.

2.3.2_Supports

Unless the supports are designed specially they can be assumed to behave as pin joints posi-
tioned in the middle of the support areas.

The model shall consider the stiffness of the supporting structure when the deflection of the
support nodes have an influence on the internal forces. This can be done by assigning stiff-
ness values to the supporting nodes.

In some cases a simpler model can be used. For example for trusses on two supports and
with both top and bottom chords, it can be assumed that vertical loads are taken by one
firm simple support and the other supports being joints on rollers. For horizontal load all
the supports can be assumed to behave as pinned joints on rollers but kept in position by
springs, which are assigned stiffnesses, corresponding to that of the supporting structures.



2.3.3 Modelling the slip in the connections

The slip in the connections shall at least be considered in those connections, of which the
slip is essential for the distribution of the internal forces and moments. Enclosure 2 con-
tains examples, where it for some truss types is estimated necessary to consider the slip in
some of the connections.

The slip in a connection can be considered by a prescribed slip, a spring element or a com-
bination of these two methods.

The prescribed slip or the secant modulus of the spring element shall for each loading case
be determined from the stress level which actually occurs in the connection.

But if the static analysis is used for the strength verification it is acceptable to use values
valid at a stress level equal to 60 per cent of the characteristic short term strength of the
connection. For serviceability analysis it is similar acceptable to use a stress level of 40 per
cent,

Creep shall be considered by the determination of the prescribed slip or the secant modu-
lus.

Guideline:
For stress levels deviating from 60 per cent the relation between stress and slip can
be determined from

Stress level = = = 0.37 —2- (2-0.37 --‘-1-—)
Ty Ugo U0

where 7 Shear stress between nail plate and timber
fk Characteristic strength of 7

u  Slip at the stress level
g Slip at a stress level of 60 per cent

If there is used a combination of the two methods the emploied prescribed slip and spring
stiffness shall be determined so that the total slip in the model is equal to the real slip.

10



Enclosure 1. Connection models.

There is given some examples of the modelling of connections. The intention of the models
is to reflect the static behavior as well as possible. The position of the resultant force in
the connection and the load—deformation characteristics have been considered by the posi-
tioning of the pinned joint.

/* More examples will be elaborated by the Truss Committee */

Symbols
Timber member
Nail plate
_— System line for beam elements modelling timber members

T, Fictitious beam element

T Pinned joint

-T Completely stiff connection

E1.1. Connections between 2 timber parts

Chord—diagonal

11



Chord—diagonal

No essential shear force in the diagonal
>30°

0N

Splice

==t> Fch

For a pinned joint in compression, Fch <0,

the plate connection shall be capable to transfer
at least 1/2 of the total force if the may be
contact eccentricity is disregarded.

I
!
1
1
2 Chords /
D f:t:h
Heel joint, centric support /
Further the fictitious beam member can be placed /
_> Fc.h

as the dotted line.
Tr

12



Heel joints, cantilevered

Above the support area there must
always be contact between the top
and bottom chord, for example by a
wedge. If the height of the wedge
h,, i larger than 200 mm, the grain

direction in wedge should be perpen—
dicular to the chord. The wedge must
be kept in position by nail plats.

E1.2. Connections between 3 timber parts

Chord—diagonals

The nail plates must be capable
to transfer the eccentric forces.

13
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Inclined chords—diagonal

E1.3. Connections between several timber parts. XJ

Ridge connection /i\

Connection in a scissor truss

14



Enclosure 2. Connections where slip shall be considered.

The slip in the connections shall be considered when it is essential for the distribution of
the internal forces and moments.

Some truss configurations are sensitive to slip in certain connections, so typical it is suffi-
cient to model the slip in those connections. The connections in question are typical those
in which a slip will cause large curvatures in timber parts.

The following sections give examples of truss configurations and connections in which the
slip shall be considered if nail plates are emploied as connectors. It is typical that the con-
nections in question are:

Heel joints: Slip in the chord directions.
Splices: Slip in the chord directjon.

Ridge connections: Slip in the chord directions.

E.2.1. Truss configurations not _sensitive to slip.

15



E.2.2. Truss configurations sensitive to slip.

The slip shall at least be considered in the connections marked with x.

Q\splice

X

1 1)

X X

16

Slip shall be considered:
1) Between chord and diagonal.
2) Vertical slip.
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1 GENERAL

1.4 Object

This annex describes a simpbiied methed of analysis for frossed rafters. By the method the
sopmal forces and internal moments in the timber members can be determined under some
conditions. U these are not fulfilled then the more general method described in Annex |

shall be used.

5. DESCRIPTION OF THE SIMPLIFIED METHOD

This meshod shall only be used for flly irlangnlated timber irussed rafters where the de-

Hoction of the nodes are small. This is the case for simnle supporied trusses with
!

connection stiffnesses similar to that of nall plate connections an o wherai-—

i) The angle between the top and bottom chord exceeds 17 degrees or the truss
height exceeds 0,15 span and
1) The truss height exceeds 7-cross sectional height of any of the chords.

The method shall only be applied where the sysiem lines comcide nside the timber mem-

hers §.e the magimuns joint ecceniricity should be hall the chord depth from the centreline.
The method shall not be used on trusses with re—entrant arcas.

For the chords in girder trusses, the maximum combined siress index shall be lmited to 0.9
using this method of analysis. In this way there is taken acconnt of that in reabty some in-
ternal bending moments oceur in the chords even when the girder fruss 15 loaded only in

the nodes.
Axial forces can be determined assuming a pin—jointed {ramework.

For chords continuous over several bays the internal bending moments should be determin-
ed assuming that members are conlinuous beams th roughout their length and with simple
pin supports at the nodes, Deflection al the nodes and pariial fixity at the joints should be
allowed lor by a reduction of 10 percent in the hending menents which would occur at the
aodes with no node deflection and no joint fixity. These reduced node moments shall be

ased to caloulate bending moments between the nodes,

L



Where the srussed rafter supports are not in accordance with Figure 1, allowance should he

made for bending moments induced by eccentricity of the forces.

Figure 1, Location of wall plate when the eccentricity may be disregarded.
Support shall be located so that not less than hall the width of each
bearing is vertically below the eaves joinl {astener and the distance

e 18 less than S[/Jqor 100 mm whichever is the greater.

The rules for positioning and design of splice joints shonld follow those given m Annex X.1

and X.4.
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1. GENERAL

1.1 Object

This annex describes how there can be dealt with some effects, which are special for timber
trussed rafters and which are not dealt with in /Euro Code 5, Timber Structures/.

1.2 Definitions

Bay:
Structure {timber beam) between two neighbouring nodes.
Beam element:
An element, which models a timber part.
Connections:
Domain where timber parts and/or nail plates are in contact in such a way that
forces may be transferred between the parts.
Fictitious beam element:
Beam element, emploied in connections in order to model their static behaviour.

Node:
Intersection point of system lines of beam elements.
Beam element
Stiff connection, node
Fictions beam element
Pinjoint, node
'—“&L 5
Chord-diagonal Splice with nail plate
Pin joint model.
1.3 Symbols

The definition of the symbols are the same as given in /Euro Code 5, Timber Structures/
or they are defined locally in the text.



2. STRENGTH VERIFICATION OF THE TIMBER PARTS

The strength verification of the timber parts shall be carried out as described in /Euro Co-
de 5, Timber Structures/.

If the frame analysis is geometric non-linear (internal forces and moments are determined
in the deflected state) then the column effects in the rupture criteria given in /Euro Code
5, Timber Structures/ can be disregarded. But the effects of initial imperfections shall be
considered.

In the following sections there are given guidelines for how to deal with some effects, which
are special for timber trusses, and which are not considered by /Euro Code 5, Timber
Structures/.

2.1 FEffective column lengths

The effective column lengths shall be determined based on the principles in /Euro Code 5,
Timber Structures/ and by considering the design of connections and splices.

The length may be judged to be the distance between two adjacent points between which
the deflected member is in a single curvature. For fully triangulated trusses the effective
column length is equal to the distance between points of contraflexure.

For bars or members over one bay and without special stiff connections to the nodes the
reduced column length is equal to the length between the nodes.

Fully triangulated trusses

For continuous members, i.e. chords, with a distributed lateral load of constant intensity
along the total length, the following reduced column lengths are valid. A continuous mem-
ber is a member over several bays either without splices or with splices positioned so that
the compressed beam would be stable even if all the splices behaved as pinned joints. It is
further assumed that the splices are designed for combined internal force and moment.

For continuous members with lateral load but without essential end moments the following
reduced column lengths are valid, Further, they are illustrated in figure 2.1a.



In an outer bay : 0.8 « bay length
In an inner bay : 0.6 - bay length
At a node . 0.6 - largest adjacent bay length

Figure 2.1a Reduced column lengths related to the bay lengths or the largest adjacent
bay length. Valid for moment distributions approximately as shown.

For continuous beams with lateral load and an essential end moment the following reduced
column lengths are valid. Further, they are illustrated in figure 2.1b.

Beam end with moment : 0.0, i.e. no column effect
In the bay second from the end : 1.0 bay length
Remaining bays and nodes : As described previously
1.0
0.0

Figure 2.1b Reduced column lengths related to the bay lengths. Valid for moment di-
stributions approximately as shown.

For continuous beams without lateral load (centrally loaded columns) the reduced column
lengths may be assumed equal to the bay length.

2.9 Strength verification of cross sections at_a moment peak,

This section does only apply if internal eccentricities and support eccentricities have been
considered in the static analysis.

For the strength verification of normal stresses in a cross section at a distinct moment peak
the bending strength can be increased by a factor k. It is further a condition that the



cross section is a part of a static indeterminate part of a truss, e.g. a continuous chord, or
that it together with other timber parts carries the moment, e.g. when the top chord and
the bottom chord together carry the eccentricity moment at an eccentric support.

Further it is an assumption, that the internal moment in the timber member changes sign
within 0.3 + bay length from the moment peak. See figure 2.2.

1
Figure 2.2 Requirements to be fulfilled by the moment distribution in a chord, here
as an example in the top chord of a truss, in order that the bending

strength may be increased.

The moment increase factor k m is calculated from

C.V.
1404 for C.V. < 25%

km o 25;0
1.4 for C.V. > 25%

where C.V. is the coefficient of variation of the bending strength of the timber. C.V.
shall be inserted in per cent. Unless other values can be justified C.V. can for conifers be
determined from

CV. =43 — fm,k
where C.V. is given in per cent
fm k is the characteristic bending strength of the timber in MPa.

2.3 Strength verification for small concentrated forces.

For loading cases with only dead load and a concentrated force, for example man load, it is
acceptable for lattice trusses, for which the stress in the timber ﬁa;-ﬁ from the axial force is  Hewcarg,



less than 40 per cent of the tensile or compression design strength, to undertake the
strength verification by
% F £ sin v
om~ \Y

<075 - f

where F is the concentrated force
¢ is the bay length between the nodes
v is the angle between the timber member and the force
W is the section modulus.
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1. GENERAL

1.1 Object

This annex describes how the strength verification of the very nail plate connections
can be carried out for structures in moisture class 1 and 2. If contact occurs between
the timber members this shall be considered by the determination of the forces and mo-
ment acting on the very nail plate connection.

1.2 Definitions

The geometry of the nail plate connection is given in figure 1.2.

Effective Q et

surface M
X\ F:M F’ \

bnet

IE!

|
]ll
i,i
I[l
ImJ
[
N
'

1
x

Figure 1.2 Geometry of the nail plate connection subjected to 2 force and a moment.



The x—direction is the main direction of the plate.
The y—direction is perpendicular to the main direction of the plate.

The net dimensions 8ot and bn of AT€ the actual dimensions. Meanwhile, in the ap-

proval a reduction may be prescribed to be applied at both ends.

The effective surface is the total surface of contact between the plate and the timber
reduced with those parts of the surface which are outside some specified lengths from
edges and ends. These reduction lengths take into account that the nails at the edges
have a reduced anchorage capacity and that the plate may be misplaced.

o is the angle between the x—direction and the force

I} is the angle between the x—direction and the gap.

2. STRENGTH CAPACITIES

The nail plate shall have approved values for the following characteristic properties.
The test methods are described in / ISO/DIS 8969 /:

)

the anchorage capacity pr. area for a=0
a,0.k

ft,x,k the tension capacity pr. width of the plate in x—direction

f o,k the compression capacity pr. width of the plate in x—direction
fv,x,k the shear capacity pr. width of the plate in x—direction

ft,y,k the tension capacity pr. width of the plate in y—direction

{ e.y.k the compression capacity pr. width of the plate in y—direction
fv,y,k the shear capacity pr. width of the plate in y—direction

c constant given for the actual type of nail plate.

For the anchorage capacity the modification factor k. depends on moisture class
and load duration class in the same way as described for joints in section 5.3. The par-
tial coefficient for the material is given in section 2.3.3.2 of /Euro Code 5/.



For the tension, compression and shear capacities of the very plate the modification
factor kmo d is 1.0. The partial coefficient for the material is given in /Euro Code 5,
Steel Structures/.

3. STRENGTH VERIFICATION

Contact pressure between the timber parts can be taken into account if the gap be-
tween the timber parts in the joint fulfil:

Max gap < 2 mm
Mean gap < 1 mm

Friction between the timber parts should normally be disregarded.

In a compressed connection the nail plate connection shall at least be designed for half
the compression force.

3.1 Anchorage capacity of nail plate

The anchorage stresses are determined from the force F4 and moment M 4 acting at
the centre of gravity of the effective area.

The anchorage stresses from the force 7p and the moment 7, are calculated from

X—FA (3.12)
T = 3.1la
F ef

M,
= _AT;&@X_ (3.1 b)

Where A of is the area and I is the polar moment of the effective area, I nax is the
distance from the centre of gravity to the farest point of the effective area.



The following conditions shall be satisfied
Ty S 2(1 - o) pq (3.1d)

<

TF+TM_1.5faOd (3.1e)

where the angle # is less than or equal to 90° and its value is

the angle between grain and force
¥ = mMax { &
the angle between grain and x—~direction

39 The capacitv of the steel cross section in the nail plate.

3.2.1 One straight joint

For a connection with one straight joint the formal forces in the two main directions
are determined from the following formuli. A positive value signifies that it is & fen-
sion force, a negative value that it is a compression force. See figure 1.2.

F = Feos ax2Fy sin (3.2.1 b)

FymFsinaﬂ:ZFMcosﬂ (3.2.1 b)
where

F  is the force in thr joint

Fypois the force from the moment M in the joint. Fyr= 2M /1 (3.2.1 ¢)
f is the length of the joint covered by nailplate, measured along the gap between

connected members.



The formal forces shall satisfy the following criteria

(R--’fg)2 + (R—y—d)2 <1 (3.2.1 )

where Rx d and Ry g are the design values in the x— and y—directions. They are de-
k] bl

termined as the maximum of the capacities in formal sections parallel with or

perpendicular to the main axes.

i d if compression

. _ ft,x,d if tension
ax,x e,

. _ ft,y,d if tension
ax,y

f if compression
¢,y,d p

3.2.2 Several straight joints

If there are several straight joints then the forces in each straight joint can be chosen 50
that equilibrium is fulfilled and that criteria (3.2.1d) is satisfied in each straight joint.

All critical sections shall be considered. If several sections have common parts then the
forces in these shall be assumed to be the same when the different sections are con-
sidered. Figure 3.2.2 illustrates an example.



o
et
—t

Joint between a chord and 2 diagonatls

Section [ -1

d . o
——b 43
°¢ Fbc | Mbc
SectionI!-11

Figure 3.2.2 Joint between a chord and 2 diagonals.



4, ROBUSTNES REQUIREMENTS

4.1 Minimum anchorage requirements

Any timber member shall at all connections be connected so that a force F, acting in
the truss plane in any direction can be transferred. The value of F r depends on the
size of the truss, it is a short term load, and the timber is assumed to have a moisture
content corresponding to moisture class 2.

F =10+0l (4.1 a)

where

F. Minimum design force in kN
{ The largest dimension of the truss in m.

The bite of nail plates connecting a timber member to the side of another shall fulfil.

. . [h/2
Bite > min {50 mm (4.1 1)
where h is the cross sectional height of the timber member being connected sidewards.

Nail plates in chord splices shall cover at, least two thirds of the cross sectional height.

4.2 Minimum requirements from horizontal transportation

All connections between chord members shall be designed so that their characteristic
capacity is larger than the actions during the transportation.

If there are no exact calculations of the actions then the connections shall be designed
for one of the following moments acting about an axis in the truss plane.



Calculated from the total dead load G and largest dimension £ (span) of the
truss:

M=1/8G¢ (4.2 a)

Calculated from the characteristic bending strength about the weak axis of the
timber

2
M=1/6hb fm,k (4.2 b)
where  h  cross sectional height
b cross sectional width, b < h, (timber thickness)
fm K characteristic bending strength of the timber.
The force in one of the nail plates from the moment M can be calculated from

F=M/b (4.2 ¢)

It is only necessary to verify the strength of the nail plate in tension.

10
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3.

CALCULATION OF A WIND GIRDER LOADED ALSO BY
DISCRETELY SPACED BRACES FOR ROOF MEMBERS

A previous paper, CIB-W18/22-~15-1 (Burgess, 1989b) made a proposal for a
bracing feature not included in the current draft of EC5 (2.5% or 2%
restraint) and also for the combination of end forces and moments when
calculating the restraint required for a beam-column. The following work
gives a sounder basis for the first proposal and revises the second one
following further study. The main part of the paper follows, developing a
calculation for the necessary flexural rigidity of a wind girder
restraining a number of top chords against buckling by means of a series
of discretely spaced braces.

JUSTIFICATION FOR 2.5% RESTRAINT

The previous paper found an expression for the deflection at each of r
discrete restraints for a column of length I with restraint spacing {=k .
Taking an initial curvature in r sinusoidal half-waves, the expression
found was

Nz
R,
l —

(l-'”'.[

3
-l .
il 14’. N S’f’,i.d)

I
(e}

(1)

where ¢ 1is the initial deviation from straightnegs, S is the restraint
stiffness and 8, ,, is the stiffness required for bracing an ideal column
under the same end load P. With the additional deflection §, limited to
c, an approximate method was applied to sghow that a restraint force of
0.025P would be needed at each restraint to correspond with an amplitude
of 0.003.4 in the initial curvature.

For initial c¢urvature in a number of half-waves different from r,
including the case with a single half-wave, similar formulae were found
but with r replaced by the number of half-waves.

BRACING FORMULAE FOR IDEAL COLUMNS

The previous report used the approach by Klemperer and Gibbons (1932,
1933) for ideal columns. This was fortunate because the approach brought
out the simple manner of expressing the results for initiadly curved
columns shown by (1). However the  expression for 8, ,, becomes
complicated even for three restraints, and more convenient expresgsions may
be found using finite difference equations as shown by Tu Shou Ngo (1944).

With some changes of symbols, the result he gives is

ALY oy w .y VI ) ;
<:‘r:..“_‘1’:‘L - {2.4- 2 tenl - %@:-—Am.t)} m‘f_;n‘l + {t.+zco¢t + —»E(Amt —stt)} = O (2)



where 3 5
W= Sl o S b

EY 1 an?

U IR o [

U= ?'\/_t;i T wnVEL

Although not stated by Tu, n represents the number of half-waves in which
buckling occurs.

End force less than interbrace Euler load

For buckling in r half-waves, the ideal restraint stiffness By, ia® %;%&Eu

&
for an end load less than w?P, is found by putting n = r in (2) and

trangposing to give

sy tom o BT o = neth
wid T R (t = rimt)cos LT + (alnT - eatt)

(3)

In the previous report -% wag taken as 0.5 m* to limit interbrace
&

deflection. The figure 0.5 was derived for a single-piece solid column,
ang higher values are encountered in design. To cater for a wider range,
%; in (3) may be taken as fm? with f = 0.5, 0.6 . . . 0.9,
&

Full bracing values from Tu’s formula

When~gmhf', {3) reduces to
&

by = Sk o wii- e B
F,uc(. fﬁe "+cmrﬁ%

= 2 (14 cos T0Y (4)

Formula (4) is used by Mohler and Schelling (1968) who quote a 1924 book
by F. Bleich as the source. Strangely, the formula is not given in
Bleich’s 1952 book ‘Buckling Strength of Metal Structures.’

For a single half-wave the corresponding formula is found by putting n = 1

instead of r in (2), and when-%:wﬁ the result found is
2-

Be = 2 (1= ot T2 (5)

STIFFNESS TO LIMIT ADDITIONAL DEFLECTION

Putting 6, = ¢ in (1) and solving for § gives
"D

0,
] 1 TS (6)
fz%.




5.
- using the values 5= %k and A ® i%g&; instead of 8§ and 8, ,,. With
8, ;q inserted from (BT, equation (6) gives the restraint stiffness
limiting the additional deflection to the original deviation from
straightness. If the original deviation is taken as &oo3§k, the force
applied by the restraint will be bé%y:O-OOGéﬁ giving

restraint force _ 4P xc-00d
end force o et
= 2_%29?*5 (7)
L™

This ratio expressed as a percentage is plotted in Figure 1 for m = 2 to

9. The figures on the grap@g show the number of restraints, r =m - 1.

The previous report with ?;xoﬁh% asgumed a straight line relationship
2

betweenn% and 8, ,,. The restraint stiffness for the halved end load with
), .

[ oy
deflection limited by %}:l wag then the same as 8, .44 for full bracing,

8¢,1a+ A dashed line with this basis is added in Pigure 1, plotted from
(7) with s replaced by 8; ;4+ It wag used as confirmation of the 2.5%
recommendation in the British steel code, and ﬂFigure 1 shows that this
figure makes provision for end loads up to % =o8ni with the formal
calculation method applied here. &

o

COMBINATION OF END FORCES AND MOMENTS
FOR RESTRAINT OF A BEAMCOLUMN

A proposal in paper 22-15-1 for combining end forces and moments to
calculate the discrete restraints needed for a beam-column may now be
revised following further work (Burgese 1990a, 1990b).

With equal end moments it is always congervative to express the
combination as

N o.M e
o T oME T R
M'J-
ox No= B4 P (8}
(=)

This applies when there is only lateral restraint at the centroid, and no
torsional restraint. To allow for the effect of torsional restraint,

brief formulae are derived in (Burgess 1990b) by incorporating s

r,id
values from (3) above.



6.

CALCULATION OF FLEXURAL RIGIDITY
FOR A BEAM RESTRAINING A NUMBER OF COLUMNS

The calculations refer to the type of roof gystem studied by MShler and
Schelling (1968), shown 4in plan in Figure 2. The latticed girder
regists wind loading as well as supporting compression members which form
the top flanges of a number of latticed girders placed vertically to span
the width of the roof. Figure 2 is drawn to show the wind load as a
distributed load on the restraint girder, although in practice it may be
applied at least partially by discrete forces.

RESTRAINT GIRDER LOAD TREATED AS A DISTRIBUTED LOAD

Mohler and Schelling treated both the wind load and the column restraint
load as uniformly distributed in work leading to the simple formula in DIN
1052. The formula has the effect of limiting deflection in a single half-
wave (first mode deflection) to a desired value for a given initial
curvature in a single half-wave. Buckling in r half-waves (mode r) is
also considered, recommending the use of equation (4) above to estimate
the brace forces, and this is catered for in DIN 1052 by a 2% rule
corregponding to the 2.5% rule in the British steel code.

Sinusoidal loading

CIB-W18 paper 21-15-3 (Burgess 1988) has shown that an easier approach may
be made for the mode 1 calculation by using sinusoidal loading, and this
leads to egsentially the same result as adopted for the German code. An
extension to mode r buckling is developed in a separate paper (Burgess
1990c), leading to the following results for the required flexural
rigidity of a restraint beam which is regarded as a solid beam to
eliminate Jjoint slip. The subscripts of EI represent the mode number.
When EI is written without subscripts or the symbol P, appears without
modification, these values refer to the column and not the restraint beam.

. U S S
BT, = et (b= 1) + 5 1 (9)
" e N ot - ir ™M
£t = Sk ot (ote _g o (10)
2t v v M
Eole _ Tﬁ(“?ﬁ ““)*’ Ny, (11)
&1 2t =) 4 =L
1 ( ) NDVPQ'
The initial curvature is « for mode 1 and:%gfor mode r, The end force
ratio is gﬂ:tm% with ¢t = 0.5, 0.6 . . . 0.9 and N is the number of
=2

columns braced.

P M
Writing Zfi
beam designed for mode 1 will always be stiff enough for mode r, and amply
stiff if there is more than one restraint.

;wfgesufwﬁ (11) is plotted in Figure 3 showing that a restraint
<
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RESTRAINT BEAM DEFLECTION
FROM PINITE DIFFERENCE EQUATIONS

Figure 3 is shown only as an approximation to simplify the results of the

following calculation for discrete loading. Since values are required only

at discrete, equally-spaced intervals, the method using finite difference
: . ] I Fd .

equations is appropriate (von Karman and Bilot, 1940).

Loading of restraint beam

Initially the restraint beam is examined as an isclated member carrying
loads the same as those restraining the column but with no connection
between the two members.

Figure 4 is drawn for 7 restraints. For the eneral case with m inter-
g

vales and r restraints (m = r + 1y, the initial curvature for mode r is

v a%ﬁn%gx. Making the additional column deflection at each restraint

equal to the initial deviation from straightness at +the same point, the
additional deflection at restraint n is

W= am%ﬂ {12}

with n = 1, 2 . . . r., The restraint force required by the set of N
columnsg at restraint n is

P, = NSmM"%‘-—":ﬁ {13)

giving the load values shown in Figure 4 for the restraint beam. 8 is
chtained from (6) as S:A%% and has the gsame value for all restraints.

Bending moment

Figure ©§ is adapted from a diagram given by Tu (1944) in relation tc the
restraint of ideal columns. The symbol x in the diagram means the same as
n. It is used only to express values at the discrete points x =0, 1 . .
+ m. For intermediate positions a different variable will be used to
express the distance along the length of the beam between the points x and
x + 1. 1In the diagram,

P"" = %’:(Mﬂ'—" Mx’i)

b, = iﬁj(mx - Maaw)



8.

hdding these and equating their sum to the load at point x or n shown in
Figure 4,

w e vt = A - -
NS e Alre o TTR = I( M'x.-i 4 &M')C fol)
v i = Lt E S A Jw-n-
My = 2M, ™M = Ne,t:a,/smm’ e (14)

Replacing the right-hand side by zero to form the homogeneous eguation
and putting M_=p” gives

Pans} b wd
B -2p #p = 0

p-zpai = O

with the double root , = 1 corresponding to the solution M, = ¢, + C,x

For a particular solution, writing M _=cal«dzmx in (14)

C&iﬂmf_nﬂ e i) 2Wapinliwe + ¢ /";’"“%ﬁ“'("’f-"”b = - NLGa ,&i/‘!’l—%::—'\ﬁfﬂ—
'l i P i — w37
E.C(Mﬁﬁ-ni).wbwﬂ‘x, = NS At S T

Equating the coefficients of Smfwx

¢ LTNESe

2 Cc«'&%ﬁ‘ - i)

so the complete solution of (14) is

M, = Ct-i-(‘,?_-x, - h—jwf';§&«m Mv:vtwﬂ’ﬂ (15)
I(MWJT -—i>

Whensz,Mx=Osocl=o
When x = m, M, = O:
O o= WLC.E_'-‘" - "“""t\“{'“.‘%"“%o’ A;"Aﬂ"{/ﬁ
2 (e T 1)
c = NESa A ¥ T = 0 gince r is an integer,

=" 2w (m:'—ﬁrr _i)
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s0 C, = 0 and the complete solution (15) becomes
13,95 Y
M.x s /mt\ ko e A :}:W'x ( 16)

which is valid only at the ends and at the restraints, where x = 1, 2 . .
. r.

Slope and deflection

In Figure 5, the variable z is used for intermediate distances in the
interval x to x + 1. Temporarily using EI without subscripts to refer to
the restraint beam, the change of deflection u over this interval may be
found from

L‘L’LL,{_ .
EX d.*%?‘ SRR A SR M {17)
where }Lx %@%”fme
L NS {

! . res ; . . )

L T (1= cod %ﬁ) 1'““’ T e+ D - AT %,_Trx}&

~-usi 16). Writi F = NLSeq 18
using (16) riting 7”“(%—1&5%%3) (18)

and ingerting in (17)

- dA E{ o 4 . e -
e - - S W N i
ET ) fa?_ = .,Z {M%‘iﬂ (.')L‘"?‘ ‘> AL ’A:r'Y'LTT .}C-li- "}a/ 4§ ,n)'\)im'mrl o
L F - ;
£ t:l'%, = 7 {Aifw;i-,ﬁi'( (% + i"” .&mf—ﬂf’t’ﬁc }g_ 4 F'ﬁ, AQ3®¥—;—LT‘I. o AN (19)

Sclution for slope

Expressing the slope as-%%axr, when z = 0, Ejv,=A and when z = £
Elvie,, = %{Mﬁhﬂ {7t )~ /,srim.,%jroc} + Fe A«vaf—n‘ﬂx- + B,

Expanding the term in the chain bracket leads to the difference equation
for slope:

' oo EL Y PP w P o A l
“'t::-u N ;ﬁ{(i«& Cmﬁﬂ))h.uf't-;aﬂx +‘AM'L::?:\T( cgﬁs%ﬁ;y“,f (20)

To find a particular solution, put

. — A A e " a3
V= DoslenZotTae 4 BCUﬁ?KNXL
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The left~hand side of (20) then becomes after expansion
> {( cos T T - {) AlnTeriae + anw cos vt } + B {(wsfmrr - 9 eosds oo ~M%W_Ma£—mﬁx}

and equating coefficients gives the two gimultansous equations

D(ws n-') - Balndzw = z.E‘i(i ces I w) (21)
Pt v Blendir-) = Efalniin (22)

which are solved to yield D = 0 and

A Af.m,f.ﬁ
B = -"z":-E'-—f ..__.g__m
b~ ol ?ﬁ.ﬂ
or with F inserted from (18)
le't;aabﬂ}:-ﬁ
B (23}
AELwd (i Cordy it ‘\T\‘)
The particular solution of (20) ig therefore
+
Vo= Boeost fTa = — NU Sa sinT cos L. rroc (24)
* L ARTw (1~ waml'l”)
For the homogeneous eguation Ve "V ® O trying .= C‘f;x gives
C4 4 .
Gf ~¢p =o0 (25)
w
cplp-d=o (26)

with the single root Bf=1 80 the solution is v = Cg(p‘hﬁé ¢, and the com-

plete solution of (20) is given by adding C, to (24). However ¢, is
easily seen to be zero. For symmetrical loadJ.ng (r odd) corfimn= w 5"“;" at

the centre and r =1, 3, 5, . . . gives M%JM%{.?C\Q:S&ZM . +» « which is

zero in all cases so ¢, must be zero to make the slope zero at the centre.
For antisymmetrical loading, cat,;‘..ﬁtrle when x = 0 and when x = m, ceS T = cos 2T,

COSATT, cosbT---all with the value + 1. To make the slope numerically the
same at both ends of the beam, €, must again be zero and the complete
golution for slope is as given by (24).
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Soclution for deflection

Integrating (19) with A = EIv,,

ot

3
ETw = %;A\iﬁ‘b%i‘((x-{—\ «-»Mm:{ﬁﬂx} + I’"%E/Mc-—-n‘)c + BT “3/ + B

5

When =z ¢, EIlu = Ely, = B

When =z =»€,

e FC it it o Ty A gLF_ AnEw A reme w2
E[Ié'x";—- —Z- {Alﬁ’l’;“ﬂ {x'e—l)'"ﬁwm‘ﬁﬁ)t 4= —-i—*/ﬁwk-’t’bmﬂ% - wv?T- m—-&j M%TT’X- B3 E‘-I\j/_r

Expanding the term in the chain bracket and simplifying gives the
difference equation for deflection

[__2'2. ( "~ )( - éwb-—T‘i +
— e ol e Ctrh—— n 27
q’g"xi—: V‘Y’-" GET = w1 Mmﬂ.’c l“"(_,oﬁ::ﬁ’ * ( )
For a particular solution, putting
Lk = (JAM’L ﬂr_ 4 ﬁC—(‘f-'&{JT\')C (28)
£

the left-~hand side of (27) becomes after expansion

o . . o 1 A T * - . .
G‘{(méﬁ,“"‘“bﬁmﬁ"% + Al T c«r&mﬁt‘(‘.}. + H{(cas%ﬁ Dcm.;nﬂx, sk TT Adn %"ﬁ'x_}

Bquating coefficients,

. eL :
G (w’; g—LTT - 1) - M%’ﬁ’ = CET (‘2— +Cmrvﬁﬁ>
) g {2 m‘fwﬂ) .
GotnEm + tesfor-1) = - £ g_lj“:‘“"m;?:“{; Sl

which yield H = 0 and

E {f‘ (2,. E cuf):i{%_'ﬂ\_

= -im (1- con L)

Inserting F from (18), the particular solution of (27) is

NS o (ot con )
o= T |‘.LmEI(l s Ty Al T (29)
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The solution of the homogeneous equation y,,,- vy, = 0 may be found as
indicated by equations (25) and (26) for the slope, v. The result y, = C,
ig to be added to (29) to give the complete solution but either of the
boundary conditions y, = 0 when x = 0 or y, = 0 when x =wm will eliminate
C, and (29) therefore gives the required complete solution for deflection.

Mode 1

For initial column curvature in a single half-wave the restraint beam
leading in {(13) changes to

P'n.:: NS /A'cxt.—:%‘_‘ﬁ' {30)
and the whole solution for moment, slope and deflection at the restraints
remains as above except that r is replaced by 1 in (16), (24) and (29).

GRAPHS FOR DISCRETE RESTRAINTS
The equations derived for moment, slope and deflection are plotted for

three restraints in Figure 6 for mode r and Figure 7 for mode 1, with all
scales divided by 10 for the latter. 1In each case the top diagram plots

ﬁ?&g from (16), the centre one is a plot of =% from (24) and the
straight line segments in the bottom diagram show a graph

;:_'
for i%?iu plotted from (29).
Do

All three eqguations are valid only at the points x = 0, 1, . . . 5 and the
values plotted for these points are joined by straight lines. This gives
a correct diagram at the top for bending moment, but for slope and
deflection the intermediate values are not correctly given by straight
lines.

The curved line in the bottom diagram of Figures 6 and 7 does give correct
intermediate values for deflection, plotted from the following equation
derived by the method of Macaulay ({(1919):

o - BN N i Ty e bl BN A2 1 o o« o i fre NS e
mon = )~ UE- - ) g HE-Lysontn + A% (31)
¥
wri
o e 3
A AL Ve S ) G- son g (33)
nH il

and in (31) the terms Ci*§%lfor n=1, 2. . . r are to be omitted if zero
or negative. -

The sign is reversed compared with equation {29) to separate the diagrams
and the three crosses are plotted from (29) to demonstrate agreement.
They could alternatively be plotted using
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BT,
NanL‘“

-\t’ -
(o 1); (i~ ) s BT - (1) L\ ;‘(Ma;)/m iy o wz'_lw) ST iaﬂ:-w)mug; w (34)

which gives the Macaulay solution for the restraint points where x = n =
0, 1 . . . w, Equations (34) and (29) are of course mathematically
identical and the object of applying finite difference equations is to
express (34) in the much neater form given by (29).

RESTRAINT BEAM FLEXURAL RIGIDITY

The solution (29) for the restraint beam deflection at restraint n (or x)
takes the same form as (12) for the additional deflection in the column at
restraint n. The calculation for the restraint beam has been made without
assuming it is connected to the column. However equation (29) may be used
to find the flexural rigidity of the restraint beam which makes its
deflections at the restraints the same as those in the column, and then
rigid braces may be inserted to transmit the bracing forces from column to
beam. This will make no difference to the calculation, and the restraint
beam will supply exactly the restraint force required to limit the
additional deflection to its initial value at each column restraint.

Mode r
3
Writing A = ket (35)
¥ R 0 Cort i n)

in (29) and reversing the sign so that the beam deflects in the same
sense as the column, then with x replaced by n,

NﬁS [+B
e O EZ-;;-.-» OL*A’;/N%W (36)

If y, is to be the same in (36) and (12), dividing (36) by {(12) gives

E.T, = koML G (37)

Mode 1

Again using (29) and (12) but with r replaced by 1,

2 +eon

OL‘ = 0k T {38)
slmg(ln-w‘.s:—;-\_)
Nifﬁia, .

o = TTET Aoy AL T (39)

1, = o, NUS (40)
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4, and £, have the same meaning as the right-hand side of (34). When
uging (34) for mode 1, the summation is still taken for r restraints but ¢
is put equal to 1 in the arguments of all the sine terms.

To provide in a better way for a varying number of half-waves in the
initial column curvature, (12) would be expressed 1¢£uxaaﬂﬁywhere p is the
number of half-waves, and r would continue to mean the number of
regtraints.

INTERCONNECTION OF COLUMNS AND BEAMS

For columns buckling in mode r, if E, I, for the restraint beam has the
value given by (37) then the restraint points in the beam and column
deflect to the same extent. This may be confirmed by inserting E,I_ from
(37) into (36) to give (12). The restraint points in the beam and column
may therefore be joined by rigid braces as shown in Figure 8. The graphs
are shown for the particular case of gix restraints, plotted as described
by the following notes,

Regtraint beam loading

This is symbolized in the top diagram by arrows with a length proportional
to

fa

- N L

from (13), where p, is the load in brace n. Including S_ in such plots
for increasing values of r would of course produce arrows of increasing
length.

Bending moment in restraint beam

The second graph represents bending moments at the restraints as

A2
. T (42)
NS.&h- 1vn(;-u4$%ﬁ)

derived from (16), and these pointe are correctly joined by straight lines
to produce the complete bending moment diagram for the restraint beam.

Initial and loaded curvature in columns

The third diagram, which is joined by ‘braces’ to the bottom one, repre-—
sents a number of columns with initial curvature %f.&ﬂﬂggﬁ and a loaded

curvature which is correct only at the restraints. Intermediate values
for one to three restraints could be plotted from formulae in Burgess
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(198%a) but are not needed here and the loaded curvature is shown simply
as gﬁ:LAum%gw ;, again assuming the additional deflection at a restraint

is equal to the initial deviation.

Deflection of resgtraint beam

On the other hand the deflection of the restraint beam in the bottom
diagram is represented exactly at all points by using (31). Writing the
right-hand side as k, to signify the Macaulay summation, if E_ I, = & WS L°
from (37) then 3¥ _m and all the k, values plotted against % are scaled by

dividing by‘,(,rr to agree with the scale used in plotting column deflection.

Interconnection for mode 1

Similar results are found for initial column curvature in a single half-
wave and the computer plotting program used for Figure 8 needs little
modification to produce the graphs for mode ! with six restraints shown in
Figure 9,

DISCRETE RESTRAINT WITH WIND LOADING

In a background paper of greater length (Burgess 1990c) some trouble is
taken to express a sinusoidal wind load as a series of discrete loads so
that the above theory may be applied. A later stage of the work reverts
to sinuscidal wind loading to gain simplicity in the final results with no
significant change compared with entirely discrete loading. The work
below retains sinusoidal wind load for combination with the discrete mode
r or mode 1 bracing lcads applied to the restraint beam.

DEFLECTIONS DUE TO COMBINATION
OF BRACING AND WIND LORD

For a sinuscidal wind load producing bending moments with central value M,
the central deflection of a restraint beam with flexural rigidity B'1" is

.2
T owt B't

I3

M
Fo
where P; = wE'1'/12.
Mode 1

With discrete mode 1 brace loads also applied, using (39} the total
central deflection u, for an odd number of restraints is
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If u, is limited to « = 0.003L for example,

3 oM
< — & ; ..
EoLo= NS L+ ":'ﬁ:'ﬁ g

or expressing 8, as,qg% '

£1,0= £1 (TNAL, + —“f‘—> (43)

! vy

Mode r

From {36), the total central delection for an odd number of restraints is

3 =
f
w,o= NSk gl b i
L ;

o Ly

where cﬁ:%% represents the amplitude of the mode r initial column

curvature.

Again limiting u, to a gives

A "L
- * NArde . M

S Ei(ﬁ wOEAE g (::.P.\,,> (44)
Ratio
Dividing (44) by (43) gives

Pl s M
EeXe | TSR ¢ oRaR (45)
= 1, TR A, + “i\-}%——i’;

Putting ﬁ%f‘rﬁf0¢mé as when plotting (11) the ratio (45) is plotted in
Figure 10 for comparison with Figure 3 from the purely sinusoidal approach
developed in the background paper (Burgess 1990c¢). The agreement is good
for r = 3 or more; the two sets of graphs are indistinguishable for r = 4
or more. Much better agreement may be obtained by replacing the termﬁﬁg%i
in (45) by ﬂﬁﬁ?i— r implying that the amplitude of initial column

curvature o = 0.003{? instead of 0.003%% . The result is plotted in
Figure 11, showing that (11) is a really good approximation for (4%)
modified in this way. Although (45) locks as simple as (11), it contains
o from (35} and s, from (6), so (45) is really a complicated expression,
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MODE r AS DESIGN BASIS

Figures 10 and 11 validate the sinusoidal approximation applied for Pigure
3 but an important element is omitted in the numerator of (45)

12 for three restraints, the total central deflection may be found by
superposition of the results for r half-waves and one half-wave given in
(Burgess, 198%a) and its Appendix, giving at the centre

In Figure

ol H
Y ﬁ;\ i N A6
CEREEE) TR o
Pe__ /33!;.1.’[ Pe' Ai,ix-{j
where a = g& ig the amplitude of the mode r

initial curvature.

Considering the first mode component separately and assuming this is to be
limited to ’a‘’ gives

Mo
i Nag,

{47)
- ﬁ)é ”J; “L

The first-mode initial curvature is here zero,
in addition to the mode r

If such curvature exists
curvature, (47) takes the form

I +'N2f’
S (5 - e (ae)
R/ D

- and the required brace stiffness is

O
- fo  Na®
b= g (z __nm__e:) (49)
PQ
For example wlthmﬁi FJE _«wa 9 m*=% x 14.4, the value of s, ,, from
:) r

(3) for F=:14'4 is 33.43 and (49) gives
e

P

[

. ) 4 L nid g
= 33-43 (i ‘i‘;’ﬁr\+3343>« :

—‘----vw-v-m) r«-n-w-m---.

ERRE

if

69°355 4 1437
= §3.73

In deriving (40), which leads to {43), the additional deflection is again
a smn‘1ﬁ and y, in (39) has the same formula but with a modified value for

S, so the required flexural rigidity of the restraint beam is

Sgé = A A, = MX00410891 % 8373 = 33.96 (50)
=
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Using the combined value % +ﬁ%§ is equivalent to taking the amplitude of
* 2

initial curvature as @14—%} . Alternatively the two terms may be

separated as in deriving (43) and the result obtained is

B I,

2 (i}
Ter T T g (1)

7 x 0.0410891 x 69.355 + %x 14,4

It

28.13 + 5,76

33.89

fl

In this calculation, with a result differing only slightly from the exact
value 33.96, 8, is not increased to allow for wind curvature but has its
ordinary value 69,355 from (6} with r = 1 as seen in the working below
(49).

Reverting now to (47) for zero first-mode curvature in the mode r case
which is being considered, the equation corresponding to (49) is

' Naf
B, = 8, i, (1 - wfﬂu&) (52)

It

N
33.43 (1 + %:»x 1;%%’2 = 33.43 + 14.37

47.802

The calculation corresponding to (80) is

1

X

o=
EL

= 19,385

3

n? x 0.0410891 x 47.802

and the one corresponding to (51) is

Ea?i = m2,/ .__M_
N3 T, 8, 44 7+ Na®, (53)

m x 0.041089%1 x 33.43 + 5.76

It

13.56 + 5.76

I

19.32 compared with 19.385 above

Thus in (53) the figure ‘1’ of (52) has led to the term 2« , 8, ., when
the first-mode curvature is zero in the mode r case, and thisg is just what
should be expected compared with (51) for the case with initial first-mode
curvature. When M = 0 the term 17?2 K18 g still remains, and this again
seems correct.

The additional term 2,8 ,4 18 to be inserted in the numerator of (45),
with the denominator unchanged as confirmed by (51), giving

. 1l o B
Ecly | ey FTead il + wap (54)
£, 1, e L
! i1 t)(:‘Ai -+ NO:‘P{L
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This is plotted in Figure 13, which 8till shows that a restraint beam
designed for mode 1 will always be stiff encugh for mode r, and amply
gtiff if there is more than 1 restraint. The relation between mode r and
mode 1 requirements is emphasised because the German code and ECS
basically require design for mode 1 column restraint accompanied by wind
loading, and the calculations above have shown that this is a conservative
procedure for multiple braces.

A question that arises is whether the procedure is over-conservative. As
explained by Mohler et al (1971) in a commentary on the 1969 version of
DIR 1052, the code recommendations arising from the work by Mohler and
Schelling (1968) were not fully implemented. It was decided to add only
half the wind load to the first-mode restraint load because {1}
egtablished methods of wind-girder design had proved satisfactory in
practice and (2) it seemed unlikely that first-mode initial curvature
would ocecur in the same direction in all the braced members.

The object of bracing is to hold the columns essentially straight over
their full length. The calculations for mode r agsume this is mainly
achieved for the overall length of the column but that there remains a
more localised ‘curvature’ which is intended to allow also for initial
imperfections., Taking this curvature in r = m - 1 half-waves maximizes
the required brace stiffness and the practice has seemed reasonable after
many years of consideration since the report of work by Winter (19%8).
However the work above shows that a mode 1 effect must be included when
congidering mode r behaviour, even when there is no initial mode 1
curvature.

FLEXURAL RIGIDITY REQUIRED FOR RESTRAINT BEAM

The necessary E,I_ values without wind load and with wind load may be
investigated as follows. For the first mode component of mode r
behaviour, instead of s, ,, the value s, will be applied to limit the
additional column deflection at a restraint to the initial value there,
This allows for a degree of imperfection even though the columns are
initially as straight as pessible.

Without wind load

The mode 1 component then requires %&%3 = m1?d .8, . For the mode r
component the flexural rigidity of the restraint beam needs to be t¥%'mﬂkwéf

to 1limit the mode r deflection at each column restraint in the same way.
Thus 21 must be the greater of w2y .8, and m?« .8, .

NET

r 8, ooy 8, Aoy

1 32,5616 0.0208334 32.5616 0.0208334
2 186.0585 0.00205786 51.0971 0.0308643
3 542.7968 0.0008777 69,3547 0.0410891
4 1173.6249 0.0002426 87.4401 0.0513423
5 2131.6453 0.0001256 105.4269 0.0616030
G 3454.2693 0.0000739 123.3836 0.0718664
7 5168.376% 0.0000473 141.2415 ¢.0821311
8 7295,0317 0.0000322 159.1028 0.0923962



20.

From the above table of values, when r increases from 1 to 8 «, 8,
increases from 0.6784 to 14.7005 while & s, reduces from 0.6784 to 0.2349.
The two values are equal when r = 1 and for a larger number of restraints

; : Eels
W, 8, becomes much greater than «£_,s,. A restraint beam with ﬁ%ﬁ =

%4, 8, will be more than adequate for the restraint of mode r when r
exceeds 1, and just adequate when r is equal to 1. The required Flexural
rigidity for the case without wind load is therefore given by

Sy = Wiy A, {55)
This will ensure that the mode r gtiffness is great enough to limit the
mode r deflection of each column restraint to its initial value, and

generally to a value much smaller than the Llnitial deviation.

With wind load

The case of zero initial first-mode curvature has been discussed, but it
is preferable to allow for a small mode 1 curvature in addition to the
mode r initial curvature. As an example, the required restraint beam
tipidity will be calculated for an initial first-mode curvature of 0.001L

with the additional deflection limited to 0.003L. Equation (4B8) then
becomes

B
3By + N ATy,

| o= - NaT, (56)
(-5)0-59)

and the example for 3 restraints continues as

IO o
L=8,, 01 - 3-&‘ NaFe (57)

=] -
2 '
'4’“(3*%\} j4oA X G738
= . - B R L = . LR o T SO 5 0 )
33 43-{1 i p T 3343 (14 e

L]

33.43 (1 + 0.7880)

59.77

#

giving —tt T2,

e .8, =72 x 0.04109 x 59.77

24.24

The alternative calculation corresponding to (51} uses a value of 8,
excluding the wind effect, calculated as

51 =3N(1— 2B (58)
A
= / b
= 33,43 \1 + COE Ty

45.4
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1s ; i1
'“i = ﬂ2o(,151 -+

R

I

Then {59)

Z
m

Nad,
=712 x 0.04109 x 45.4 + 5.76

18,41 + 5,76

24.17 compared with 24,24 above,

This simplified method may be applied in a different way by combining the
terms % and -2 to represgent an equivalent initial curvature, giving

R Ny
Eriv= 34, 8,, +& (____U'O_".L + M 60
ﬁ Moy 8 q T, \Ceel N (6%

=N? x 0.04109 x 33.43 + 14.4 % 0.7333 = 13.56 + 10.56
= 24.12

Equation (44) allowed for mode r deflection by incorporating a term
gichsr, and the total central deflection was limited to a for an odd

number of restraints. The corresponding expression incorporating (59) is

Eelel
wd

ks i M
= ;‘l.n&rsr + TP, 8+ {(61)

Mo,

Graphs forxr B I  required

Equation (61) is plotted in Figure 14 with v =1, 2 . . . B to represent
the last term Nﬂ”ﬁ =YL =« ¥ with t = 0.9 and N = 5 for the number of
ady N N

columns braced. B sgingle dashed line is added using (55}, which
represents the minimum bracing to be applied, irrespective of wind
loading. With two or more braces, the graphs show that the minimum
bracing caters also for the lower wind loads and need only be increased
for the higher values,

The first term of (61) assumes that the mode r component of restraint
deflection is equal to the initial deviation from straightness in mode r,
which is taken as a' = 0.003L = 0.003L/m. This is not correct because the
flexural rigidity necessary for mode 1 restraint is often much greater
than that for mode r, as noted below equation (55). Even as it stands,
(61) gives quite a low value for the first term, from

T

Evls I 2
e % % 0.0005777 x 542.8 +n? x 0.04109 x 45.4 + X 14.4

0.7737 + 18.412 + 5,760

24.95

i



22,

- 80 for design it would be satisfactory to omit the first term on the
right of (61), which would then have the effect of lLimiting the additional
mode 1 deflection to the desired value such as 0.003L used for
illustration above.

DESIGN FORMULAE

The chief formula to be developed for cases with wind loading would then
be

v

Eo T .
3 Ma P,

i
= Waiwé +
NET '

(62)

which could be expressed in the form g = Ng, + g, in the symbols adopted
by Briningheoff (1983) and is only needed for cases where the value from
{6l) exceeds that from (55). An alternative form for (62) is shown by
(60) and a simpler form for (55) may be obtained from (9).
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Summary

The design rules of the Eurocode for lateral buckling are not general enough and not consis—
tent and need to be revised. A general approach is therefore given of the buckling and
twist-bend buckling problem of symmetrical profiles loaded in bending in the two main direc-
tiohs and at the same time in torsion and compression.

The model, according to the second order stress theory, gives an extension of the existing
models by accounting for eccentrical lateral ioading, for instance by purlin hangers, in com-
bination with bending in the horizontal direction {wind loading etc.), with the influence of the
initial eccentricities, the warping rigidity and the failure criterion.

The failure criterion is related to a linear behaviour until fracture, because the experimental
strength of the beam is based on this approach.

Local buckling of thin webs and flanges ts assumed to be prevented by stiffeners. For the
stability calculation of this case, the Eurocode or [1] can be foliowed.

The derivation is based on an extension of the general differential equations of Chen and
Atsuta [2], to eccentrically applied lateral loading. These equations can be modified to the
form of those of Brininghoff [6], with an equivalent torsional rigidity to account for the
influence of warping and the Wagher effect. (The Wagner effect is the torsional moment
appearing by the components of the normal stresses in a warped cross section).

The solution of the differential equations is done by the Galerkin method and resuits in a
generalisation of the solution of L6].

Application of of the fallure criterion gives comparable expressions as given by Larsen [4],
[3], extended for eccentrically applied lateral loading.

The equations of Brininghoff and Larsen are thus special cases of the general expression,
and are verified by tests for these and other cases [31, [51, [6] (and thesis work Stevin-
laboratory}.

Conclusion

The theory gives an extension of the existing methods to the generai loading case of eccen~
trically loading in all directions {double bending with torsion and compression) and predicts
low instability values for a short beam with a low warping stiffness, loaded laterally on the
compression side. The existing design methods are unsafe for this case and it can be shown
that the warping stiffness of rectangular beams is not neglectable in this situation.

The method provides more general and better rules for the Eurocode and will be proposed
to replace art. 5.1.6, 5110, 5.2.6 (see appendix 2).



Notation

%
<
<

bending moment about the x-axis and y-axis

first derivative of M, to z, along the axis of the beamn

>®

torsional moment about the beam-axis
ultimate moment for failure = "W {ultimate stress times moment of rigidity)

theoretical twist-bend moment for pure bending and compression = yFey'Glm

0o x o e

theoretical twist-bend moment for laterai loading = M, -

Is M_ for F = O, so for bending without compression

T2 ZTIX
o

real twist-bend moment with initial eccentricities (lateral buckling)

at

n

normal force
Eulerian buckiing load = m2El/L?

buckling load (with initial eccentricities)

4]

Uitimate compressive force = fC-A (ultimate normal stress times section-area)
. , . . 2, 12
twist buckling force = Gl, (1 + {nSEl /Gl L )))/(Ix + iy)

deformations in resp. x~ and y- axis

L R R X e
9]

=

< <

differentiation of u and v with respect to z
rotation about the z- axis

factor due to the eccentricity of the lateral load

¥ R € € ¢

is: L/ = L/ A/l slenderness

compressive stress; f c is the compressive strength

a Q
o O

bending stress; f,, is the bending strength

Elx' El bending rigidity about resp. the x~ axis and y- axis

m

warping rigidity
Wagner effect = - F+(l_+ Iy)/A

equivalent torsional rigidity for high beams = Glt-(1 - [-E-)'(1 +

2
b8 -EIW)
2
t GItL

Torsional rigidity (St. Venant)

equivatent torsional rigidity = le'ﬁ - "E“ex)'““"‘1 - EZ1I /E]X

=T L O e R

n o*x 3 ~ <
=

moment of rigidity

=

eccentricity of the lateral loading
lateral loading

is: W/A, radius of rigidity

span, or effective buckling length

> - 7 T o

Area of the cross—section of the beam



1. Introduction

The stability design of the Eurocode is not general and consistent enough. For instance, in
the Eurocode the warping rigidity is neglected for free beams without a horizontal bracing.
For braced beams however the torsional rigidity is neglected. Further the initial eccentrici-
ties are regarded for braced beams and neglected for free beams although the reversed
would have been better. The given influence of the point of application of the lateral loading
on | ¢ applies only for long beams. So a more general approach is necessary. However the
known calculation methods for twist~bend buckling are incompiete and often mutually con-~
tradictory and need to be extended.

By Chen and Atsuta [2], general equations are given for thin walled beams. However solu~
tions are only giiven for pure bending with compression (thus without lateral loading).

The influence of lateral loading is given by Halasz and Czlesseilski [3], however without ini-
tial eccentricities and without normal loading. The influence of warping is also not regarded
there and thus there is no distinction between j-beams and box-beams. This is weil done
in [4] for |-beams, while the warping rigidity of rectangular- and box-beams is neglected.
By Larsen [5], general equations are given for the case of pure bending and compression,
including the Influence of Initial eccentricities and the failure criterion. The warping rigidity
is however neglected (as also is done by all authors for rectangular beams) although there
is accounted for warping deformation by the reduction of the torsional rigidity by the nega-
tive Wagner effect. This means that it is assumed that there is an unrestrained warping.
However restraint warping and warping rigidity Is always assumed to exist for thin~webbed
beams and trusses (beams with low torsional rigidity), for instance in most regulations, be-
cause the twist-bend buckling of these profiles is caiculated from the column buckiing of
the compressed flange, what is equivalent to a dominating warping rigidity.

By Brlninghoff [81, the Influence of the eccentricity of the lateral loading and the initial ec-
centricities are regarded for high rectangular beams. However the failure criterion is not
regarded and also the warping rigidity neglected, as is only right for long rectangular beams.
Because comparable general equations, including the influence of warping and the failure cri-
terion, for the general loading case are lacking for beams and for thin-webbed beams, the

derivation Is given here.

2  Stability of a symmetrical beam loaded in compression and double bending

2.1 General differential equations

From equilibrium of a deformed element, the general differential equations are given by Chen
and Atsuta ([2], eq.(2.179a)). For symmetrically beams these simplify to (see notations):
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fig. 1

Further simplification is possible by omitting small terms. This can be seen by using the first
term of the Fourier expansion of the variables.

For simply supported beams is for instance: u = usin(mz/L) and M = KAt-cos(n-z/L)
and the term: UM, of eq.{1) has a maximum value of order: G-Mt-na/i.a. Also the maxi-
mum vaiue of u"'-Mt is of this order. As shown later, eq.(5), the top-value of 2~u"-Mt' is:
(Tcz/i.z)'a'(ﬁ-h + g-b), what is neglectable with respect to: - I\'Zx" =q in eq.1).

In the same way, it can be shown that if q = 0O, the term: 2:Uu™M," is small with respect to
the terms (qJ-My)" and El -v"" and the terms with M, and M," can be ommitted In eq.(1}

and for the same reason also in eq.(2).

N

The values V"-Myand vM_ " are also comparable and equal to: %-V-My-sin(g%%) and
in the same way is: u™M, = u'M " =~ gu In eq.(3). L
From fig. 1, it follows that the increase of the torsional moment per unit length is:

- M= PS, +drsy TRV Ut prgre, tqrerey (4)

So 2" M’ g 2-u-(Tc2/L2)-(p-sp + Sy = PV +qu + pee, + q-cp-eq), and for high eccen-



- § -

tricities, for instance: Sp = h/2 and sq = b/2, the terms: ph/2 + qb/2 dominate (because
v << h/2; u ¢« b/2; tp-ep < h/2; cp-eq <« b/2) and 2-u"-Mt' becomes:

24" M, & (/L2 ) (prh + gb) (5)

B

For small eccentricities, for instance s Sq = 0, this term is much smaller and it is seen

that this term is always neglectable.

In eq.(3), ¢"" can be replaced by: " = - (x/L%)¢", and eq.(3) can be written in the
same form as given in [61:

(El,, (T3 + Gl + Khe" = UM, - M, - qu = 0 ®)
According to eq.(4) is:

TMy T aus e, Aty TR prere, grerey T ps, +qrgre, - Py, with:

q's p-e
— . G _ N
s, = sp(1 + o ) and e = eq(? +a_—ég)
P 9
2 2Bl FU_+1) n°El
ith: G| = &. =Gl 1+ Eam o XYYl wi.(1- L
With: GI, = Bl + Gl K = Gle(1+ B - X ) = ale (1 =) (1- £ ),
L L™ Yt 1 L GIt t
Gly-A °El
where: F_ = —---(é + —-—--~) is the twist buckling force, eq.(6) can be writlen:
oI+ 2.
t
Gl " ~ UM, + ps + qee, - pv =0 (7

For high beams the term: p'v is smalt and can be neglected is eq.(7).
For high beams, > ly and thus p << g, is in eq.(1) also the term: (cp-My)" neglectable be~
cause:
(cp-My}“ N A M=~ q.
However in eq.(2} is, for high beams, (M, )" ™ 4-g-p not always of lower order than: - p

or Ely-u”" and can only be neglected for low beams.So for high beams, eq.(1) to eq.(3) are:

Eix'v"" +Fv'~g=0 (1
Bl u™ + P + (M) = p = 0 7
Gij@" - u™M, + ps +qee, =0 {39

For low beams, where I)< and ’y are not far apart, eq.{1) to eq.(3) become:

El v + Fv' = g = 0 (")

Elyu™ + Fu - p = 0 (2")

Gly®" + qu = pv + s+ gsg + pre e ¥ gre e = 0 7
t - Bl /El

Now is: qu — pv = q-u-(1 - ‘3—:) = q-u-m%__—w)—(-, because according to eq.(1") and (2):
ex



bod _ ol 2,2y _ _
pv _ (EIV w /L - Frt /L) ey _ E_ly.1 F/F@y } El /Bl - F/F
Gy {E£X-R4/L4 - P /L)y Elx T F/Fex 1= F/Fex
where: F_ = ('n:r‘!/Lz)-F:"l>< and: Fey = ('rtg/Lz)'Eiy are the Eulerian buckling ioads.
£q.(3") can now be written with gu = - M U= - M, u™:
Gi (1~ F/F ) 1-F/F
v ex’ . " ex
- @l - MU e (prs + gre ) = 0 (8)
1 EIy/EIX X 1 Eiy/EiX v v
or:
Gl_-e” - Mx-u" tps,, tae e =0 8"

1-F/F
where: le' s, and e, are multiplied by: T":“"E"I—/QEE{;’ to get resp. G%m, S €y

Equation (8} has the same form as eq.(3") and can safely aiso be applied for high beams,
where | << |, , because then also: F « Fox and eq.(8) approaches eq.(3").

Equations (8, (1} and (2') can now be used as weil as for high beams (Ix »» | ) as for
low beams (I, —> 1) because this system turns to eq.(1), (2, (3) for high beams and to
eq.(1"), (2"), (3") for iow beams.

If now the Initial eccentricities u_, v and ¢, are intreduced, then the general applicabie dif-

0o
ferential equations for |>< p iy are:

ElL ™ = v ™) + Fov + M =0 ()
Bl = ™) P (M) + M) = 0 @)
Glm-(qo" N Mou' +prs qe '@ = 0 3"

where eq.(3"") is at the safe side if ¢, is important.
Equations (2') and (3™) have the same form as those of [8]. The differences are the equi~

valent eccentricities and rigidity Gl (in stead of Glg) due to warping effects.

2.2 Solution of the differential equations

Equation (1) is directly solvable. For instance with: v = vesin{mt-x/L); v, = Vysin(nx/L) and

q = gsin(nx/L) is eq.(1"):

v o= Folo * M, ith: M, = q't2/r® and F__= n?-El_/L?
Fex_F with: M, = g m and F_ = n"El /L7
2
= - Ty — "o, - T N .
Because MX,F = EI>< {v VO} , is: Mx,F" z EI>< (v VO) and:
M, + Fv
Mf = T 7 ©)
! ex

The solution of eq.(2") and eq.(3") can be found by the Galerkin method:



For a given differential equation: L(u) = O, in wich L is a differential operator, a solution is
assumed in a series form as: u(z) = ZT ai'fi(Z)' where fi(z) are known functions wich satis—
fy all boundary conditions (both geometric and static), then the coefficients a,'s can be ob-

tained from the n conditions:

L._ L_
fo C(w)-fi(z)-d(z) = fo L5, at@) 1@+ d@) = 0 (10)
This gives n algebraic simultanecus equations for determination of a toa,.
The application of this method for eq.(2™) and eq.{3"), Is given in the appendix. For the f/'s,

the first expanded term of the Fourier sine series are taken:

u

P
Multiplication by fj

u-sin(rz/L); @ = @-sin(rz/L); U, = ao-sin('n:z/l_); P, = éo-sin(nz/iﬁ);
g-sin(nz/L); M = M-sin(rz/L).
sin{nz/L) in eq.(10) and integration over the length L of the beam,

il
It

prsin(nz/L); q

gives two soivable equations in u and @ (see appendix).

- _ 2 - -
Substitution of: u = u-sin(rz/L) in: My = - Ely-(u = u)", or My = %Eiy-(u - U] gives:
2 2 2
_ 12 e - B _ Ms _-pL® e -glL
F'uo'“_g*z"l:' m)+uo'F'e'""§+°Po'Mx+M'(1+ i )
_ w? Gl Y My Y¥rorta M PGl
VI ! (1)
yF giie M2
(1 ‘"'"g“ja—”l)'ﬁ - ) —
" e k
i wich: g = Begi M = Bk Y T N
in wich: g = 572-q; M, = 3 M, and Mk = Fey Gl + with: Fey = E Ely.

2 _ L2
If M, and My are only due to lateral loading resp. q and p, then: M, = g_lz.. and My = Q’*-Lé‘
T i

and eq.{11} becomes {with omission of the top-bar-sign):

e M M2 M
wy (1 - X Ty e . . 2, -
F Yo (1 Gl ) * Fe_y Yo' T Mx * My (1 ke (Sm em))
m Mk m
My = (1)
¥ e M M 2

F m " x X
(1 Fey) (1 Gl ) (Mk)
If the beam is only loaded by boundary moments, for instance: Mx =M, at z =0, and for
z = L M, = M, then M," =0 and q = O has to be taken in eq.(11}.
For a combination of an eccentrical lateral loading: q with boundary moments: Mx,m is, for
a proportional loading increase, the ratio: M, m7a constant and eq.(11) is generally applica-

bie if e, Is corrected to e'm according to:

| ali/m® o - gL/ _ ®m ®m

e pand e = — =
2 v 2,712
m-"m M, T Mot al?m? tem m el 1 R en? Gl

X
and S, according to:

s = °m
m ?+My,m-n2/(p'L2)




Mx m 18 the top-value of the first expanded term of the Fourier expansion of the moment

surface due to the boundary moments.
The same applies for the moments about the y-axis: My m
The equations (9} and (11) are thus the wanted solutions of the system eq.(1"), (2") and

(3").
2.3 Simplification and asymptotecal values of twist-bend buckling.

In eq.(1?) is: M = yE_ Gl the theoretical twist-bend moment for pure bending.

gy —m
This means that for: e = s = Uy = @y = F=0,is:
M
My F= *——-;fA——E and this becomes very large if Mx approaches Mk'
’ %
1= (7

k
According to measurements of Larsen [53, M, in eq.(11) is neglectable and then in

eq.(11), the nominator and denominator can be devided by: 1 - (Mx'em)/Glm and eq.(11)

becomes:
M2 M F_ s
u-(F+F —E )+M-(1+_i_§¥__m_>
0 ¥ow ) Y v )2
M = L £ (1)
¥,k a2
[
IEey {M'C)z
2 2 em My 2
with: (M" ) = M -(3 - _._..___....._) This term (M' _}° can be written as:
c k Glm c
1- ergzMx M M
e - e -
Cj_emMc c( Gl G%m) C
Gl
m

where M_ follows from the zero vaiue of the denominator of eq.(11). So M. I8 the redu-
ced theoretical twist-bend buckiing moment by lateral loading and normal force because for
M, =>M_yt- F/Fey ) My.F becomes very large.

For high values of Mx’ M>< approaches MC, SO M'C —> M c and for high values of F is Mx
small and so (T\/1></l\./l‘c}2 is very small and the deviation between M'_ and M_ has a little
influence. So with a small neglection on the safe side, M'.. can be replaced by M_ and Is
eq.(11"):

M2 M F s
u.(|:+[:. X)+M.(1+M)
0 &Y (M )2 Y (M)
M, = < < (1)
y:F 2
1uf_~ X
Fey (M )2



As defined above, Mc follows from the equation:

2
e M
2 m_ ko _ w42

The resolution of eq.(12) is:

@ e_ 2 F

ZF
R e P =Y ) B o

50 the influence of the lateral loading can be accounted for by a constant a.

The real theoretical twist-bend buckling moment that makes the denominator of (1%) zero

= Sy LBV Eov o B
" El-Gl-(1+ g Git)a(: Ft) (1 Fev)( ex)
o
ooy
"TE
e o2 Foy (1= FF ) (1-FF_ )

D/( gc)eeii 1e§F/Ft DR

Ay o {0 (7 70 |

For pure bending, €0 - 0, this is a well known equation from theory (see for instance [21).

The index o of € Means that F in the expression for &, I8 zero.

0

2.4 Stress criterion

The maximal stresses in the beam due to the moments I\/l>< F and My E wich contain the
second order effects, have to satisfy the stress criterium for fallure. A reasonable approxi-
mation of this criterion, (see [4]) is:

o e

?_9_ + ‘F’b" < 1 (15}
o b
with: o, = (M x/Wx) + (M
and bending strengths.

y/Wy)' and o, = F/A and fc and fb are resp. the compression

This criterion is especially right for wet, high grade wood of smalier dimensions and is safe

for dry lower grade timber (for combinations of bending and compression).

Substitution of eq.{9) and eq.(11") in eq.(15} gives:



_“_

ur(F+ x)+M.(1+."."_><_':‘ir_2’f_ey_)

' Y 2 Y

F Mx + FVO Mc MC ,
+ + < 1 15

f A - 2

c fW (]~ ) M

b ""x F . F ¥

ex fb'W 471 - “"-"F - ""-*é

Y ey Mc

This equation has the form of the equation of Larsen [51. However it contains now the in-
fluence of warpihg, normal force and eccentrical lateral loading.

Mx In this equation stands for —E%:ffmx’ where Kﬁxis the top-value of the first term of the
Fourier series expansion of the moment area. M_ is equal to My'

In stead of a Fourier expansion the following approximation is possible. The value: 3~8_;c-f\'/§x

Table 1
loading bending B .= exact
3w
mement value
- I\Az’nax/{J MZe
| | T
M M 1M M M M
Q: )L - | 0.93 1 1
' / . /
f/\/l L
('M — M M M
NA 2 185 175 167
>
LP X PL/4 PL/4 PL/4
A 7 /\ 145 1.35 133
Q ‘
[ | /\ 2 2 2
gl-/8 L*/8 L*/8
A A ! 1.14 1.13 1.09

i 7
L/ -
4 =L Meed
— T~ 3PL/16 3PL/16 3PL/16
1.54 144 133

M st -(0.6+0.4-
(A : A) [\ 1°" expanded M-(0.6+0.4-x)

KM M e insufficient 2 0.4-M
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can be replaced by the mean moment of the middle half (at the largest buckling deforma-
tion) of the beam (with a minimum of 0.4M_ . If the moment changes sign along the

beamlength and the beam buckles with double curvature).

+L/4
So: %4 Ry -r\%( (= Mm,L/2) given in the last colurmn of the table.
~L/4

With this, a simple rule is given for the values of .

Eq.(15') can be written In the well known form:

e n, Fuv, M, n'V Feug + M‘y .
—F'"' + e 1' M + PO . M < 1 (15")
u X ux y uy
F F M2 M_-s F
with: n :_F_e_x;n. == with F' = F + —2.F_ and: M= M_(“__x_m_g_y)
X y F M2 &Y y y M2
c c

3 Simplified design equations

Equation (15') is general applicable and simply programmable. For practice, possibly still more
simply equations are desired.

Simpiification is possible by expressing the combined loading cases in the instability equation
in expressions for in plane buckling by compression and lateral buckling by bending alone.
Then the instability equation turns into the so called interaction equation. This interaction
equatioh and also the equations for in plane buckiing and iateral buckling can then be sim-

plified. For comparison, the usual cases of the codes will first be regarded.

3.1 In plane buckling

Useally the case of a lateral supported beam is in the regulations. For this case is:

uo=(,00=0;M =O;Fey“>ooandMC—>oo.

Y
£q.(15") becomes:
"§+MMmi?ﬁ>=1 (1)
u X ex
For MX =0, is: F = FC (centrically loaded beam) and the equation is:
F F v
C c 0 -
S v =y e Bl (7)
u u ¢ ex



FC can be resclved of this equation and is:

F F. F - F o F 4F
i S (R RRLCR R

The same equation applies for an unsupported high beam or column, buckling in the weak
direction. Then the index: x has to be replaced by: y.
Eq.(18) is the same as eq.(5.1.10 g) of the Eurocode.

Introducing: kE =F /F , and: vo/r = L/ = X, or Fex'vo

ex o’
k = F/F, then eq.(18) is:

/M ux - kE -n-l-fc/fb and

col

2

Keot = O-5{(1+ (1+ ﬂ'l'%)'kE) - ]/(1 +(1+ ﬂ'l'%)'kg) - 4kg)} (18")

This was an earlier proposal for the Eurocode.

From eq.(17), it can be seen that for a short test-specimen, when Foy ™ o0, the strength is:

Fco'(‘l + vO-Fu/Mux) = Fu = Fc0(1 + n-ko'fc/f J=F (14 cy) (17"

o) = Feo'l
If there is accounted for the slenderness and initial eccentricity of the test-specimen for
col = cc/fco’ and keu = kE-U + 205) =
eq.(18") becomes, according to the new Eurocode:

comprassion, by: fc o fCG-U + 2007, then, with: k'

= Fe><’/Fc:0’

Ko g =05{1+(1+ n-x-ff-g-ﬁ + 200m)-
m

=)
col T+ 207 "

2 4‘keu )

.F
e (e o))

Because A & 20 for the test-specimen in compression the term 20-7 in the expressions
above can better be replaced by (20 f /0701 - ke,
In the Dutch code T.G.B. 1972 is Vo = (0,14 A/200)r and eq.(17') is with X = O:

F v f
m0= 4 - R0 oy SR =12 01.075 = 1- 0,075 = 0,025
F M f, W

u ux b
where fc/fb =0,75. So: Fu = FCO/O.925 is used and kE = n°- E/(fc'k'S,S). This gives com~
parable results as in the Eurocode. The condition of limited deformation is not used in the

Eurccode because the strength condition is the only measure for safety.

For buckling and lateral buckling further simplifications are possible by re-arranging the

terms of the equations for short beams as well as for slender beams in the form:

b
-c

a=1—1 with b << 1 and ¢ << 1

making the conservative approxiation possible:



R A - T- ¢ 1
2= (1 1—C)H b~ b VL b
1-c 1-¢ 1-c

This too conservative value of "a" can partly be corrected by:

1 - 1 oy 1
b 1+c 1+b+|:)c 1+b+bcma

-1""C 1+C 1—(:2

1+

X

If this is done for eq.(17) than eq.(18') may be replaced by:

- i . .
k = if kE = 1 and:

col
1+ (fc/fm)nlﬁ + 1/kE)

<1

9]

K 1 it K

col E
1/kE+ (fc/fm)nk(i + kE)

making a simple design possible. The equations are slightly unsafe in the neighbourhood of

Kg = 1 and can be corrected in the same way as done In 3.2 for iateral buckling.

Elimination of; vy from eq.(18) and eq.(17) gives the interaction equation:

Mx F F'Fc
X - UL P (NP (19)
Mux (% r:c) ( Fex.Fu)

what is identicaly to eq.(5.1.10 d) of the Eurocode.
With the unsafe neglection of: F-Fc/(FeX-Fu) with respect to 1 in eq.{19), this equation is:

M + "ﬁ"""" = 1 (20)

being art. 4.5.4 of the Dutch timber code T.G.B. 1972.
Although the neglection is unsafe, the failure condition is in the same way too safe, and

eq.(20) will give a good approximation (especially for dry, low grade, large sized timber).

3.2 Flexurai~torsional buckling

For bending in the main direction without compression (My = 0; F = 0), eq.(15') gives the

expression for lateral buckling, Mi

at’
2
[at
M uo'(Fey' VE )
al L =y (1)
1cfb'Wx £ W .(1 - Mlat}
by M2
co

where the index 0 in Mco means that F = 0 in the expression for MC.

For short beams, Mgt = My = fb-W>< and M, << M_,. S0 eq.(21) is approximately:



2 2
Mlat Y Fev_ Mlat/M . uO'Fey Mlat 2
= v V| v 5 (1+M|t/M)
ux uy - Mlat/Mco Ly Mc

Because the second term of the last expression is small and Mlat —> Mux' this can safely

be approximated to:
M

Lix
Miag ® UE M2 2 (22)
1+ {?\Aey (JH_ ux)
uy M2 M2

co
or neglecting the smaliest term and using a correction factor B, eq.(22) becomes:
M
M, w LiX (22"

lat 2
F M
14..._0_@.\/ B

Muy M

For slender beams, Mgt ™ M « M ux: 20 €a.(21) s approximately:

M, .2
( Iat) - 1 A 1 (23}
M u.-F u -k M
co 0 sy 1 0 ey co
1+ o 1+ 1 ==
Muy 1 Mlat/Mux Muy ( Mux)
or:
lat 1
RS (24)
M u.-k M
<0 0_ey. co
1t (1 + )
uy ux

Eq.(24) is safe for slender beams but needs a correction factor B when appiied outside the

slender region and can be given like:

M
lat 1 .
Py (24"
Mco 1+ uG Fev (1 + MCO)B
2 M by Mux

Eq.(22) and eq.(24) are close together in the neighbourhood where Moy = My and there
eq.(227) is equal to eq.(24). The factor § can be determed from eq.(21) for that case.

Calling: Mat"Meg = MMy = X and qu;ey/Muy = ¢, then eq.(21) is, using eq.(24'):
1 1
T+ Bc = N1 or: 2{32c = 1—15—(—;7—2 M1+ Be/2  giving:

B == +j§ R B and in the whole range is:

AT A YoFey Meo (25)
Be = 2m Fo= Vem, W
Uy ey uy ux

The equations above may also be related to the bending strength of the standard specimen.

/M, = (0,75)° = 0,5625 and eq.(22') becomes:

According to the Eurocode is then: M lat
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M M
M, g ® = = == (22"
ujat UpFay My 1o u,F:
1+ S st S 075
uy Meo uy

with the specific values of Fey and M _, “:'ey and M'CO) for the specimen.
quéy/ZMuy = O‘S'kleynlyfc/fm = nE/(Bfm) {being for instance 307) for the test-spe-
cimen with a distance of the bracing of L = ter-iy ()&y = 40).
With the notations:
ke = Moo (M, (1 + 0.56-y/nE/(87))
King = M /M

i u,lat’
eq.(22') and (24') are corrected to the real bending strength My lat’

1+ 0.56ynE/(8f )

e 1 <1 for km z 1 (26)
1+ Enjg/o'S'key” Rz

1+ 0.56ynE/(8f )

ins 1 1 > for ke <1 &)
Laodis km)w/0.5-§<eynlyfc/fm T
m

Uy, or 1 in this last equation is unsafely taken to be zero for the Eurocode eq.(5.1.6 e).

i 2, ] _ _ o
Thus for: Miat ¢ Mu,lat/(1'4) is stated: kmst = Mlat/Mu,ia’t = Mco/Mu,Iat = km'

Meg = My, according to eq.(13) and: Mo = VFey'Gimo‘ For high beams is: EIy < El,
and neglecting the warping rigidity, as is possible for long beams with a rectangular cross
section, Glmo = Glt' So:

M = 1/..752.@3.’[;.@.&?.3,“ _ mebh

co 12 12 3 0" 6L 'E"/Gmean/Emean'ao

Because G is related to E, the mean values of the division can be taken. From this the ex-
pression of the Eurccode follows:

o =M ow =EE e, aE (28)
co co” "'x ~ L-h % mean” ~“mean

If the real first order bending-stress is compared with ¢__, then 0. has to be repiaced

by p 0., according to table 1. Then with log = o), eq.E:SB) is identicaly to eq. (5.1.8 e}
of the Euroccde. The factor: a, gives the influence of the eccentricities of the lateral load-
ing (see eq.(13)) and g, the influence of the moment distribution. It can be seen from eq.(13)
that the values of lef of the code are for slender beams and are not on the safe side for
short beams. A more simple approach is to regard the mean moment over the middle half
of the beam as mentioned before and to use directly the expressions for the eccentricity.
It can be concluded that the Eurocode description of Ky and ko are not general enough

and a better description is necessary.



3.3 Interaction equation for flexural-torsional buckling with compression.

If the rigidities Elx and E!y are mutually comparable, or when a beam is only loaded in the
weak direction, the stability calculation of in piane buckling {without lateral buckiing) is suf-
ficient. For the general case of lateral buckiing eq.(15") applies.

For only compression (F = Foi M, = My = 0), Is eq.(15"):

F .
i_:__(;_‘ + C O + c..0 = 1 (2.9)
L C C
1 = e Mo o] - ==
Fex) Uy ( ey)
For only bending (F = 0; M, = Mt My = 0), is eq.{15"} equal to eq.(21).

Elimination of uy and v, from: eq.(15", eq.(21) and eq.(29) gives, with safe neglection of:

. 2, 3 . kA2
FeF Y M Mlat_ My FM, ) F-M; -
(F 'E E _E ), (leM . ) and (F Ny . -Mz)’ the equation:
ex u ex u oMy c Mux ey uX o Me
2 2
...FFT\SAX +;+mx +(MX_MM-XM ) e 30)
ey  ux o ux M2 lat " ux (1 - = )(1 - ---—)
lat Fy Fey

For very siender beams, is: M < MlaJE << Mux and is eq.(30) approximately:

M2w M2 (1-E)(1-E)G-E 31
X lat ( Fc) ( Ft) ( Fey)
Because for such beams useally: F < Fo—> Fey <« Fyis eq.(31):
7 o
X 1..E..1_E R,1_E. (32)
MIez(t ( I:c) ( Fey) Fe

For short beams is: Fey» FC and Mlat—> Mux and in eq.(30), the dominating terms are:

M
LN (33)

Equations (32} and (33) are aproximately linear and a liear interaction equation is better
than a parabolic one as often is chosen in regulations, for instance in the form of eq.(31),
without the terms with Ft and Fe_y’ Also the choise of such a parabolic equation in combina~
tion with eq.(33), as is proposed in [5], can be unsafe. Better, but conservative, is to use

eq.(32), that approaches eq.(33) for short beams because M > M

lat
In fig. 2 some possible interaction curves are given for rectangular beams (ly = 25 to 150)

It can be seen that this curve can be approximated by two straight lines: y = 1 - ¢x and:

L
+c

section of the line: y = x, with the interacton curve, eq.(30). This point of intersection is

Iat/Mux and: KC = Fc/Fey = kcol/keu and if the ex-

pression for intersection is approached by the first terms of a row expansion in these pa-

y = (1~ x)/c. The intersecton of the lings is in the point (-11:}-_-(-: }, or the point of inter-

dependent on the parameters: Km = M
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Fig. 2. Interaction curves for beams with rectanguiar cross section.

TY 1.0
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fig. 3. Approximation of the interaction curve by 2 straight lines.

rameters, then:
1 1.25 - O.25-Km + 2-}<m 'KC 2 + KC

g TY¥s TEHCT ZF K or: ¢ = J5E 025 R_+2K K~

1

and the interaction equations are for this value of c:

. My Ux ol (34)
= t+c- <1 if: <=
Fc MIat Mlat Fc:
F Mx Mx F
et o s LR v T _ (35)

c lat lat c
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The value of Ft in eq.{30) has not much influence, so the lower bound is taken for torsio—
nally weak beams wherefor Ft — Fey‘ Eq.(34) is, unsafe, in the code T.G.B. 1972, with:
Kat/€ = 2. Sor F/F.+ Mx/2-Muxs 1 (art. 4.5.4).
With: ¢ = 1, and: Mgt ™ Fo272, where z is the lever arm of the moment (MX: z-Nx), is:
E Nx-z FC Fc: F
5+ VI;{.E =5 = Nx + 5, giving the calculation based on the buckling of the com-
pressed flange. This condition is fullfilled for torsional weak I- beams in pure bending. For
rectangular beams this calculation is safe. Mowever for short torsional weak I-beams and

trusses fateral loaded on the compressed fiange, this methed is unsafe.

4 Loading of the stability bracing

4.1 General equations

The foading of the lateral support by the bracing can be dtermined by eq.(2") and (3"}, where
the p changes sign and is equal to the ioading of the bracing. At the place of the supporting

bracing at height s, the deformation of the beam must be equal to the deformation of the
bracing up. So:

u=u, +slp- Py = Y (36)
Also the total load of the m supported beams: m-p, has to be equal to the loading of the
bracing. So:

p
ano_ e o™ — vy = R W T
S I T El, =N (37)

where W is the foading by the wind and Elh is the stiffness of the bracing.
Equations (2") and (3") become (with Sq = 0):

ElL (U™ = ug™) + (M) + Fu" + p = 0 (38)

le{cp" - qao") - Mx-u“ +tqee-ps=0 (39)

From eq.(37), eq.(38 and (39), the unknown loading p can be eliminated and two equations
in u and ¢ remain. From the solution of these equations, p can be calculated. The solution
of these two equations is analogous as for double bending as given in the apendix (see [61).
The lateral stiffness of the m supported beams is of lower order than the stiffness of the
breacing, or: rn-EIy << El, and if, as before, the influence of ¢, is neglected, then the loa~
ding of the bracing is:



men2u 2 M-(2:s ~ @) + Gl - s%F
—— L@l - e+ M T w( — )
L™ s eh eh s 'Feh (40)
Py * SN, > 40
(- M0 D) - (1- )
eh Feh-s ah
1r2~EIh
with: F , = )
ch e 2

4.2 Bracing and loading on the upper boundary of the lateral supported beams

For this case is: F = 0 and e = s = h/2 and eq.(40) becomes:

72U meM2/L2 + We(Mes + Gl )
P, = 0 5 v (41)
Gl o+ Mrs = M2/F

For the loading of the bracing is:
Py ~ L'Eih'uh (42)

and elimination of Ely, from eq.(41) and eq.(42) gives:

na-Mz-(uh+ uo)-m
Py = + W (43)
L -(GIVO+ M-'s)

If the influence of ®, was not neglected eq.(43) would have been:

2 2
M {u, + u)m 2
PV - . h 0 + Tcz -@D'm'M + W {44}
L '(G§VO+ M-s) L

Equation (43) can be written:

o uo + u

O-

- mM, L

PECR e W 45)
B v R

It is safe to take M = Mux in the denominator, giving a general equation for p,. For rec-
tangular beams is the term:

2:G| = 3 2
v _E 09:nbdee B
M h= T 2~

Lix 3-h-fb-b-h2 h?

For common beams is: uy/L < ~ 17400 and a bracing is useally stiffer than: u /L < 17600,
and p,, is for a beam with h = 10+b (without wind):

py M QTL""'"Mh, and the total force is: P = %:'pv'l” = 0.03. MM



This is equivalent to the value of the T.G.B.; 0,0S-m-Fmax of braced bars.
For a rigid bracing is u, =0 andis P, » 0,02 mM/h, as also is given in the T.G.B.

4.3 Bracing at the center or in the tension zone of lateral supported beams

The same approach as for unbraced beams can be foliowed for braced beams [82 and the
loading of each beam is by:

p = pv/m - W/m
leading to a simular equation as eq.(11) for the second order moment. The beam has to
satisfy the failure conditions leading to a simular equation as eq.(15').
The same simplifications for braced beams can be given as Is done in chap. 3 for unbraced
beams (see [81) leading to comparable equations. if the bracing is in the upper part of the
compression zone of the beam (2s - ¢ 2 ~ 3/GiVO/Feh) the eguations of 3.1 apply and the
interaction equation is the same as eq.(18).
In general the system may become unstable If the bracing is at the tension zone and the
loading is on the compression side or in the centre (for instance for pure bending is e = 0)
so when 2s - e Is negative or: 25 -~ e < - Gl o Fgpp (® 0). This instability can only be
avoided by sufficient torsional stiffness of the beams thus:
Stability is provided if: s 2 e/2 {bracing at the compression side of the beam) or when:
Gl, = (1/0.75%)M | (e ~ 2:5) = 175:M

% ulat u,lat’
tension side, loading at the compression side) and Mux is positive and s and e are positive

(e - 2's) where s < e/2, (bracing at the

when pointing from the centre to the direction of the compression side.
Because of this last requirement h/b < ~ 4 is necessary to have no reduced bending
strength for rectangular beams with bracing at the lower tension edge of the beam.

If this requirement is not fullfilled the following design rules apply:
M

- LIX N
M, = R v i M, < Mg (46)
0 Ux UX
1+ v (1 )
uy " 'vo o
M
- c0 .
M, = — v I M, = M (47)
0 ux cO co
T+ M, cs|v0'(1 t ) 2
y AX LIX
Gl

T - vo . -
with: Mco =TTs, € 2z = VG%VO/Feh

With the notations given before:
Ko = Mo/ (M g1 + 0.56+/1E/ 85 )

kins = MIavt/Mu,iat'



eq.(48) and (47) become:

1+ 0.56y/nE/(8f )

k. = for k_ =1 (46"
ns 1 {1+—)/n3\r/e—2z) m
Ifkm
1+ 0.564/mE/(8F )
for km < 1 (47"

+/Er.n(1 + k) A /te - 22)

X‘|—L
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Appendix 1
Gelerkin resolution of the differential equations.

The differential equatons (2™) and {3"): T_a(u,cp) = 0 and "L3(u,cp} = { are solved for the
first expanded of the Fourier sinus series:

Li

P

ussin(mz/L); Uy = Go-sin(n-z/i_); ¢ = prsin(mz/L); Py = @O-sin(n-z/L);

prsin(m-z/L); My = i\_Ay'sin(n:-z/L), where p = dz(My)/dyz.

For the loading in the main direction Mx' g, two known ezpanded terms are regarded in or-
der to see the accuracy of the description by the first expanded term for special loadings.

The second expanded term with sin(2-w-z/L), has no influence in this case.

M, = M sin(r-z/L) + My-sin3'mz/L); g = q, sin(m-z/L) + qsin(3-m-z/L).
L L

in the Galerkin equations: f "llz(u,cP)'fi(z)-dz = 0 and: f %(u,tp)'fi(z}-dz = 0, is:
0 0

fi(z) = f1(z} = sin(wz/L.)

and these eguations become:

2 2
f[E R (u - u )-sin?(m-z/L) - F-G- —2 sin(r-z/L) - @- -Ez sin(m-z/L)- {M sm(mi)
L L

+ M3' sin(3--75i~_3)} + 2- L:— @ cos(m:z/L) sin(re-z/L)- {M ‘Ccos IEL..._,) + 3 M cos(3 L Z)}

2 2

E sin®(r- cz/L) {M sm( )+ 9. M sin(3. TCZ)} 1{:__2_ sinz(m:-z/L):I-dz =0
i_

—

‘t

)

2 2
(p - tpo) = sin“(re-z/L) + U -—~2 sin®(rc-z/L)- {M sm( ) M sin(3-1-2 )}+
) L

em-é' sin2(n-z/l_)-{q1-siﬁ(lrtz) *ay sin(3-ﬂ|_;z)} + F_J'Sm‘ sing(n-z/L)]-dz =0

In these equations are:

L L. 7T
%f sin“(r-z/L)-dz = f sin®(m-z/L)-d (e z/1) = fsinz(cﬁ)-da = —%
o 0 0
s 1 TC
fs§h3{ﬂ£)'d0£ = %; f sin“(a)-sin(3a) da = - -%m; f sin(a)- cos®(e) de = —2§
¢ 0 0
7
fsin(oc)-cos(a)-cos(B-cc)-dcz = - % S0 the equations become:
0
& 2 2 2 2
e (G- E SR EE o T A A o 2
EiyL4 U =u)s - Fusy3 @L2M13 @L2M315+2L2‘PM13*
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or: 2
- 0) ~Fu- o2 S8 o =

Elyi_z(u uy) = Fru @Mt @ My My—O

and:

SGl )t B MO BMOte BB o o LB 8
m ¥ T o T 3T My B M3 T Sy €7 Gy 2 em Cm®9% 2 5y
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+p7rt smnO

With q-":""'s""a(‘?—é—:j———)M :WBMHM(‘i_r.\_A_B.) - =E2'E|'e = e g‘_Lz_ and

3k ™ 5.51’ X  3m SMJ/' Tey 2 Ty Tm mTfZ'MX

2,2

s =3 E—-i—‘_——ﬁt—‘ are these equations:

m m
¥

Fey-(u—uo)—F-u—rp'Mx—My=O

Glm-(cp - cpo) - Mx-u - e'm-cp-Mx - s'm-My =0

From these equations are u and @ solvable. So is:

U= Mv'(G|m~ e'm'MX + s'm'Mx) + MX'GIm'cPO + Fev'uo'(Glmm e'm'Mx)

- a . — M2
(Fey—F)-(Glm eme} M5

The total momernt I\/ly F ( with My and M>< as first order part) follows from:

2
= . — fR— b = Y . (= U = A = L —
My,F_ Eiy (u uo} > My,F 2 Eiy (u uO) ey {u uo) >
- ' — ! + . . = 2! - 3 — ' L]
M= My @l * (8= &M + Gl Mg+ MEug + Frug (Gl = € oM
yF

'k
CFGl - e M) - M2 ey
(Foy= (@l =& M) = M2



Appendix 2: Approximations of M,

In general the Euler moment of lateral buckling is:

o ey mo mo” -

2 z . _
M, = {F Gl 'ﬁhenm/z)*}éy/Gﬁno’* to- ;/w /2)7AE /G ) ) =

F_-h > 4GI[(1- EL/(El))
ol (e SR SIEI gy
2(1 S ) ey
N
o1
opy h/t2r) 2 4GI 4C 1
o e (201 - )

P

Only high beams need to be controlled for lateral buckling.

For high beams (e.g. Iy < I\,/:'l) eq.(1) can be simplified to:

2 4Gl 4C _
oot e B () (o 2w g
ey hd

For I-profiles and for trusses It has to be neglected and also for short beams the

warping rigidity dominates and eq.(2) becomes:

) e
o= o A () (222 - )

2
1] ¥

or for I-heams and trusses:

2
%0 7 OELi'( (%) +1o- %) (4)

For pure bending (e = 0) this becomes:

%0 T gy (5)

and for a ioading at the upper edge {e = h/2) is:

Op = 0,62'OEH. (6

This predicted low value of lateral buckling is verified by a computer calculation of

a short truss with a small lateraf loading to simulate an initial displacement.

For long beams the torsional rigidity may dominate and eq.(2) becomes:

| 2 4G]
%6 T %y %\ (1/(%) N (th;} h %) 7

or for pure bending (e = 0):



4Gl Tsf_i

= b t —_—
0 T %Bu 2r ;o F LW Y/ GIL/EL) (8)
X h*F

ey

oy

or for beams with a rectangular cross section (F = 16G):

- _ nEb” ¢
I /GE - ILh @
In general eq.(1) is for beams with a rectangular cross section (E/G = 106):
o :ﬂi——-(l/£2+<l“2 +03)(1~“13?) —9-) (1o
S R N h? h*x? h? h

Determining is a loading at the upper edge (compression side wherefore e = h/2),

For high beams {e.g. b < h/2), loaded at the upper edge (e = h/2) eq.{10) becomes:

Tee = 30 /05%+1 /n*h?) - 0,5) (11)

For short high beams (with dominating warping rigidity: Gl << ’IEZECW/LQ or: L < h
for beams with a rectangular cross section) in pure bending, e = 0, (e.g. the part

between two lateral supports) eq.(10) becomes:

- T . = >
Orp = 3705, ¥0.3 = 1.64 St (12)
For compact beams torsional instability may be determining. When I:I EI lateral

buckling will not occur but uncoupled buck!mg and/or torsional buci\lmg is po<;31ble

In the limit case Mc becomes for Ely > E \, {loading at the compression side or
e > 0):

2 2 . B
M, 1/Fe}.~GImO-(1/(emo/2) (F /Gl )+t - 1/(emo/2> (g /GL ) ) =

i

. 2y ) s
F Gimo (e mo/ 2y F /Glno‘(l/l ¥ 4'G];110/(Feyemo) I)

22

/E, Gl /2 B /Gl (1 +2GL /(F &2 ) - 1) =Gl /e =

mo o me mo” ' ey mo mo” Tmo
= Gl, /e = (Gl + n°C_ /1% /e (13)
VO t W
When the torsional rigidity dominates is: M, # GIt/e {torsional buckling).
When the warping rigidity dominates is: Mco Ry Tt?‘CW/{eL?‘) (buckling of the upper

flange). For I-beams and trusses loaded at the upper edge (e = h/2) this is:

.2 EI h?/4 b M, F,
Mco - 12' /o - Fe,\f':'? - N’fi TThT T T T Fe).f,ﬂ

ot the compresssion force in the upper flange by the Euler moment is equal to the



Euler buckling load of the upper flange. This is comparable with eq.(5) and smaller
than the equivalent eq.(6).

For a beam with a square cross section the warping deformation is neglectable and
also torsional buckling is not determining. The beam can only buckle in the loading
direction.

For a cross beam {( —|— with: I\‘, = ix) with dominating warping rigidity and no rigid

joints between the flanges is {counting only one flange):

M 2 3.2 21103 A ¢
I (;0 fy LQ‘O’SIEl%.%-Lzzw”%I} :U’{)'OEu
bh*/6  el” “7 bkt L2 h
when e = h/2 (loading at the upper edge).
The same value is found for pure compression g, = F A
Bl T L N N ERD*/12 0 - 0.0
I e N AT 12 bh Bu
Thus for flange-less profiles at the compression side (L, |=|, I_| profiles) instabi-

lity is due to buckiing of the compressed flange~less web.



Appendix 3 Proposal for design rules for the Eurocode

5.1.6 Bending

The following conditions shall be satisfied:

< | (5.1.6 a)

o Z - f
m,d 7 Tinst m.d

S d follows from the mean moment of the middle half of the beam with
length L (see figure 5.1.0) between the supports preventing rotation and

lateral displacement.

+L/4
=t (M
g = L-w,.f Mdix (5.1.0 b)
Y oL/4
loading bending exact  M/p =
moment value M

mean
M/p approx.

[ —
o
o~y
=~
i
o
-_a.L""N
S~
~loc

J/P \LP PL/4 PL/A
A _ Al S N 1.04 {
l’ f/
/ M GEM -~/
L/4 et
P 3PL/16 3IPL/IG
/\ T 1.33
A JAY
i M M (0.6+0.4-x)
(A- A)[E\\\\\‘h S 2 0.4-M
KMM — KN

Figure 5.1.6. Examples of the mean moment over the middle half of the beam.
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When the beam is loaded at the supports (x = - 5 and x = &) by bounda-

ry moments M and xM {where -1 = x £ 1) is:

S M(06 + 0.4, 04:M

“m.d T W W
} b

(5.1.0 o

The minimal value of S d of 0.4-M applies also for combined lateral
loading with boundary moments.

Cantilevers can safely be regarded as two times longer symmetrical loaded
beams (having zero reactions at the eads).

k.
inst
failuve by lateral instability (lateral buckling and torsional buckling).

kinst
stress, taking into account the effect of initial curvature, eccentricities

is a factor (< 1) taking into account the reduced strength due to
shall be so determined that the design value of the total bending

and the deformations developed, does not exceed fm d:

The strength reduction may be disregarded, ie. k 1, if displace~

inst
ment and torsion are prevented at the supports and if

f /o Lo (056 (5.16 )
m,k” ", crit

where S crit is the critical bending stress calculated according to the
classical theory of stability.

kinst may also be put equal to 1 for a beam where lateral djsplacement
of the compression side is prevented throughout its length and where ro-

tation is prevented at the supports.

Under the assumption of an initial lateral deviaton from straightness

of less than {/300 kil may be determined from (5.1.6 e-f),

st
k {1 +056y0E , /(8F_ )
Ko™ i 0.k ke ) for k =z (5.1.6 e)
l<m+ .]/O’S.REZ.??'AZ.FC,R /fm,k
k (1+056ynE  /(8F_,)
K ' o ) For k<1 (5.6 1)

inst” 2 T
Er 05ty + k) JO’S'I‘EZ 1y i:C,k/’cm,k

In (5.1.6 e-f) is the loading in z-direction, being also the direction of the
the weak axis and is:
i
7 o ﬁé——x- {(5.1.0 gl
z

where r, is the core radius of the compression side, giving for solid tim-
ber:

q = _{%83{1)_0 = 0.006, (5.4.6 h)
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z i

where lef is the buckling length and i, = 1/12/A,

2 ..
e ok,
K = _Ez . 0.k (5.1.6 )
Ez g 3 f
c;oep z ck
S crit
ko, = m.c;l = (5.1.6 k)
fic {1+ 0.50 NE 8 )
with
- . " Fi 2 . .
( - %\Ez b ) fc.k . ( (Q)2+(§_I_Z.)_(l' lef Gmeanltor . § Cw)_ g_)
“m,crit 2r lZ h L, 2 1h2 h21 h
Yoq- T Y TRy mean 2 " z
Y (5.1.6 1)
where
C, # @& warping factor: CW = 17112/4 for I-profiles and
C,, = 03.1h*4 = h*b%/160  for solid timber,

e = eccentricity of the lateral loading, being the distance of the load with
respect to the neutral axis if the beam is only lateraly foaded. The

sign of e is positive in the direction of the compression side or,

e = h/2 for a symmetrical beam, only lateraly loaded at the upper com-
pression side,

e = - h/2 for only lateral loading at the tensional boundary and

e = 0 for lateral loading at the neutral axis of the beam or for loading

by moments at the supports {(no lateral loading).
For combined lateral loading with moments at the supports e has to be

repiaced by e' according to:

(5.1.6 m)

L

where Oq is the design value of the bending stress by the mean moment
of the middle half of the beam by only lateral loading {eq.(5.1.6 b) and S
is the design value of the bending moments at the supports {eq.(5.1.6. c).
When 1 =1
z
/G 1 e
mean tor W

o = k + -E (5.1.6 n)
et o 2w/ ok
e Wy e e W_\,

L0 ., turns to the torsional value of:
¥ Tm,crit

0,mean

Simplifications of o at the safe side are possible.

= 1/16} (5.1.6 1) becomes:

m,crit

For solid beams {with G /E
mean’ ~o,mean
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5 =y (e)zaf(l—iiz)‘(l:éf +o3) -2 (5.1.6 o)
“m,orit 12 <,k h (2 2.2 ' ] 0.0 0
{ -2 N 1 w"h )
h?

For high solid beams (for instance if b < h/2) loaded by only bending

(e = 0) this is safely:

_ mb? E /L _‘ft2.0 3._112 (5.1.6 p)
T hel ek /167 T2 U e SR
ef leF

For relatively long. high, solid beams loaded by bending alone (e = 0} this

may safely be replaced by:

12
_Ttb_E- 1

6m.crit T ohel ol 4 (5.1.6 q)
ef

For relatively short, high, solid beams loaded by bending atone (e = 0}

the warping rigidity dominates and may safely applied:

=164k -f

“m,crit Ez ok (5.1.6 r)

For relatively high, long. solid beams lateraly loaded at the upper com-

pression side {e = h/2) is safely:

= 3k - , Z A
“m.erit T 3 I‘Ez Fc,k (1/0»55 * lef /{m" h?) 0,5) (5.1.6 s)

For trusses and thin-webbed profiles with a dominating warping rigidity

the torsional rigidity itor in (5.1.6 1) should be neglected and is:

k_ -h

f I /4C
_ Bz  _ciurep en? 'z ( w) _ Q) __
“micr” T2r i (I/( Bt (1 I},) 0 {5.1.6 t)

Yoy T_gm hz'lz

v

For high profiles with with flanges in the compression zone, whereby
these flanges mainly determine the rigidity IZ (for instance I - and T -

profiles and trusses) this is:

fok -(1/92 +1-£) (5.1.6 w)

5 o= k-
“m.crit l\Ez L h

For thin high profiles with a low warping rigidity (when IZ of the com-
pressed zone, being the web, is much smaller dan Iz of the total beam,.
for instance for +. I~ - or L - profiles, torsional instability may become
determining and the calculation can be based on the torsional or warping
rigidity of this web and is for the lateral loading at the compression

side and dominating warping rigidity:

=009k . -
0.9 i\Ez fc {(5.1.6 v)

o .
ni,crit Kk
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where k'EZ is the value of kEz when only the compressed web of the pro-
fite is counted for the rigidity.
For dominating torsional rigidity of the web the equation for long solid

beams can be applied.

With respect to torsional buckling by compression alone is also:

OC;O;d R O’()';{‘Ez'f.c;o:d {5.1.6 w)
and kEz has to be replaced by O’glk‘Ez in the expressions for columns of
5.1.10.

Columns

The bending stresses due to initial curvature and induced deflection shall
be taken into account, in addition to those due to any lateral load.

The theory of linear etasticity may be used to calculate the resultant
bending moment.

For the initial curvature a sinusiodal form may be assumed correspon-

ding to a maximum eccentricity of the axiai force of:
U, = arx (5.1.10 &)

where r is the core radius.

For solid timber 4 shall as a minimum be taken as:
7 = 0.000 (5.1.10 b)

icorresponding for a rectangular cross-section to an initial eccentricity

of about 1/300 of the length), and for glued laminated timber:
1 = 0.004 (5.1.50 ¢)

The stresses should satisfy the following conditions:

9c.0,d . “m.d ke < for c0.d . “m.d (5110 d)
kc'fc.o,d kinstlfm,d mc kc'{'c,o,d l"inst'[:m,d
[¢] G ] o]
]——C—‘.OFL" -k + T—D%wm < for ],C’Of'd < l’m.d 7 {5110 ¢}
‘eleod M€ ‘inst'm.d “cco.d “inst ' m,d
where:

2+ k /k
. _ ¢’ “Ez _ -
Kme " T2 -0k = ok i ~ b (5.110°)

inst inst ¢ TEz

(5.1.10 g)




f

1.
E—; =1 + (1 + ﬂ)\](i + 20,.{})_{1(3,0,1().

5z
5 (5.1.10 h)

m,k

If 7\2 < )\y the equations of 5.2.6 apply for instability in the z-direction

(direction of the loading) only.

5.2.0 Bracing

Adequate bracing shall be provided to avoid lateral instability of indivi-
dual members and the collapse of the whole structure due to external
loading such as wind.

The stresses due to initial curvature and induced deflection shall be
taken into account.

The theory of linear elasticity may be used.

The initial deviations from straightness at midspan shall as a minimum
be taken as 1/450 for glued laminated beams and as 17300 for other struc-

tures. .. b
'I:_g:——?o-—--—cﬂo-——-—m—-—- -
. iE N . ! )

N N N '

external lood on bracing

e -

P I

figure 5.2.6 a. Bracing system

With n equal members (e.g. beams or chords in a truss) of rectangular
cross-section, the bracing should in addition to external loads (e.g. wind)

be designed for a uniform load q per unit length:



n . N

o cd
Tbr.d Ik ok
"M bre Nbrom
where
95 b b 2 Eo.k'Gmean
l\bl‘,m = "":,;Q-'( T +15mt - O,(}SF).( T ) TR
m,k To.mean
for beams with rectangular cross sections, and:
kbr,m = for compression gords of trusses.
ky = !
“br.c

B30k -]\']- U, ubr}

NC qis the design value or the axial force in the member.

Where the member is a beam with a rectangular cross section with a maxi-

mum moment M and depth h, N should be taken as N = 1.5-M ,/h.
d c.d c,d d

Where the member is a truss NC d is the maximum compressive force.
£ . .
k; = ]/—— =1, (where [ is the span in m).

i
ky = 0.5(1 + )

U, is the initial deviation from sthaightness at midspan
Uy, is the deflection of the bracing caused by the sum of q and the ex-
ternal loads calculated with

E=E ,-f /f

o,k "m,d” "m.d

By the calculation of u,. the effect of slip in the joints should be
taken into account,

Stability of the braced beams

When the bracing is connected to the members at the compression side
or at the neutral axis of the lateral supported members the stresses of

these members should satisfy the following condition:

s
c.0.d “m.d .
k -f TR -f s 1
c “c,0.d mom " ¢.0,d
where
;

ke = 0.5(1 + 209)-\E -




k G
l ¢ “cod

< =1
mon : ;
1 I\E}' fc,o,d

When the bracing is connected to the tension side of the lateral suppor-

ted members k. is:
inst

o i+ U‘S(”/nho.k/(d§t11,]<) NP
inst 1+ —-lw(l + ]jl*)q/'r;?\_ r. /e - 2z) m
k *m zy
Y ™ m
{+0564/0E | /(8F )
] 0‘1\ l'ﬂ‘]\ FO!' kn.] < 1

“inst T 1 - . L
o Yk O+ lxm)W/n)\Zly/(e - 22)

with km according to 5.1.06,
e the excentricity of the lateral loading according to 5.1.0,
z  the height of the connection of the bracing with the same sign con-

vention as for e.
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4 BRIEF DE3CRIPTION ON FORMULA OF BEAM-COLUMNS IN CHINA CODE

3.Y. Huang
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Dept of Civil Engineering, Shapinba, Chongqing, CHINA

ABSTRACT

In this paper a formula of beam-cclumns in

China Cods for Timber Strueture Design,
GBJ5-88, iz introduced as well ag its
theoretical analysis and test
sidering non-linear

resulisa. Con-
property of material and
effect of loaded members, a
gimple unified formula is presented wused for

sgcond order

calculation of sccentrically loaded ¢oluansg,

beam-columns and combined loading members.
INTRCDUCTZION

For caleulation of +timber beam-columna an

empirical method, fiber-stress formula and

advanced fiber-stress formula had been per-~

formed sequentially in previous codae. Their
assumptions are of ldeal elasticity of
timber and linear superposition for member's

stregses.
In this paper the non-linsar property of
timber has been considered and also the
order effecta on loaded members heve
been taken into acccount in the formula in the
new code.

second

As early as in
retical analysis

1963 the preliminary  theo-
on this toplc had besn done.

In the period of 1966-1968 the tests on ax-
ially loadsd columns, sccentrically loaded
columns and beam-columns werse carried out. The
test specimens were made of Yunnan Pina

(Pinus yunnanensis Franch.) with knets as well
as with free knots, and their slenderness ra-
tios were 25-100, relative eccentricities
rate from (-5. However, later, only a part of
research results was accepted at the meeting
on modifylng timber code in 1968 due to the
fact that for short members the theoretical
ragults were not gocd agreed with tests.

During the period of 1971~1973 we paid a hight

regard to the research on structural timber

columng. The specimens were made of
Fir {Abies fargesii Franch.) with section of
100x10¢ and slenderness ratios from 36 to 125
However, dus to no sufficient research on short
mambers no

Sichuan

obaervations were made
at the confersnce on modifying timber code in
1973.

convineing

Subsequently, during the perioed of 1973-1980 in
addition %o checking the thecretical analysis
for short members, the complementary tests on
them ware carried out and the test informa~
tions of short columns obtained in 1860 and
1967 had been refered to as well, wa had found
that the test wvalues of short columns were
remarkable lower than thoss
stralght line

corresponding
formuls,

Together with the research on reliability  the
tests on columns loaded axially were
out again in 1984. The specimens of struc—
tural timber columns were made of Sichuan Fir
with gection c¢f 100x100 and slenderness ra-~
tics from 25 to 12%. At the same time, similar

carried

taasts on some wood Species such as Mumahuang
(Casuarine eguisetifolis)}, Longyuannan  {Buca-
lyptus exserta) and Poplar ( Populus bolleana)

were carried out in Guangdong, Xinjiang and
other provinces of China with the unified
plan and arrangements by the Working Group Mo-
difying Code for Timber Structure Design. Then
the squivalent mogulus ¢f elasticity, Ek’ and
the buckling coefficients of axially loaded
timber columns have been determined.

On the bases of a large amount of tests  spe-
cimens the relevant parameters of the
tical formula in thils paper could be deter-
mined. During the period of 1984-19835 this pro-
posed formula in this paper was checked in
contrast with formuls 4in previcus code accord-
ing t¢ different eccentricity, slenderness and
apecies by using a largs amount of computations,
and 1t wag also verified by tests results. At
the mesting in 1985, the plenary sesaion of the
Working Group Modifying Timber <Code

theore-

approved



that the proposed formula of timbser beam-cclumns
was g0 avallable a3 to be accepted into the
timber c¢ode which would be published in 1988.

By the way, 1t should be mentioned that 1t Iis
difficult to take into account both the second
order affects on loaded members and - the
non-linear property of material by means of
pure theoretical analysis methed, but easy by
means of electrical computer method. However,
the results of computation by ocomputer are a
large amount of datum dut for code it
simple formula. In this

engineering method

needs a
paper & practicable

used, that dis, the
can be derived from assumptions by us-
ing simplified theoretical analysis method and
the relevant parameters of the formula would be
determined by uaing test method.

can bhe
formula

ASSUMPTIONS AND SIMPLIFIED ANALYSIS

There is a typical member, as shown in Figure
1, with a hinge at each end of the member, a
longitudinal force 4is N, acting on the sach
end with eccentricity, 8gs and a lateral
force 2P, acting on the middle of length.

Filgure 2

Figure 1

The section of the member is rectangular with
width b, and depth h. The non-linear property
of timber 1s shown in Figure 2.

Let us suppose, as loading just
the fiber strain €

up to failure

lcad, 4 at the convex
side and Ey at tthe concave side of the member
can be meaaured. Then the graph of stress

distribution in the section of member
drawn as shewn in Tigure.3,

can be
according to

the assumption of plan deformation of cross-
gection and the relationship of gtress-strain
shown in Pigure 2.

[ —
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Pigure 3

Impogsibility of buekling for eccentrical loasd-
gd columna within the elasticity limit of
material has been pointed out from some
papers and 1t hags been confirmed by theoreti-
cal analysis and tests. It has been shown in
tests that when loading just up to failure, the
graph of stress distribution appears to he
sparp at the convex side of cross-section but
uniform smoth at the cpposite side. Consigdering
this fact, +he real graph of stress distri-
bution may be approximately simplified.

It is in agsumption that at the concave side of
menber there is & plastic zone of croszs-—section
in which the stresses are uniform and sequal
to strength fc' and modulug of elasticity is

squal 1o zero, simutanecusly, at the convex
9ide of member there is a sharply alanted
20ne 1n whieh the stresses are varied appro-
ximately as sloped straignt line and the

9lightly varied wmodulus of elasticity can be

simplified 1o be equivalent single one Ek
1

a function of failure stressb and
determined by tests on

which is
will be columns.
From FPlgure 3, the following equations
ogtablished in accordance with static
brium condition:

can  be
equili-

Longitudinal force
k]
H=bhf, -sbal(f +6) (1)
Internal moment
My=Fba( £ +6}(h/2-a/3) /y {2)
External moment



My = M + aM (3)

Where initial momeant

M= Ney+ P,( E /o - %)
additional moment
AMe -NY /7

From Eguation (1) we can get

bhfy~-¥
= e (4)
0.5 b 2 ¢
wWhere © is the fiber stress at ths convex side
of member. It is positive s3ign in  tension but

negative in compression. In Equation (3) M is

the initial moment without taking irto account
the second order erffect, 3¢ 1t may be called
as actual moment at fallure which can be ob-

tained by tests. However, both internal and
additional moments are theoretical moment cal-
culated according +to assumption. It is con-
gidered that the theoretical moments

eould not completely be equal to the

momént due to

perhaps

actual
no perfect theorstical assump-
tions. Therefore an adapting parametsr n of
theoretical model should be intreduced into
the above equations. n would be determined by
tests,

Then, put the theoretical moment equal o
the actual moment

My ~aM =X
that is,

(ong, -0) (35 ) am]/n
=f‘190+P( L/2—x)

(vhfe - K}{h/2 - a/3) = ¥ (ne, - ¥)

+nP( ¢ /2 - x) (5)
From Equation (5), we get
a=t+px+qy (6)
5P : 3N

= Ynfg - § 17 5fe - §

(n
t = 1.5h -~ ;qe;-0.50p¢

At fallure, the curvature
member at a

of flexural axis of
peint with a distance x, from

origin of coordinate is
4 6 + fg vhfe -~ N
¢ fi & 0. 5bE,a°

that 19
dey )
dx {(t+npx+aqy)
where
bh fo ~ ¥
8= Txo R (9)
Solving the differential equation (8) We
can get
2
=TTkl oy )2 (1 ~¥, ) (10)
2
4
b Bl
Where I x-?zr— moment of inertia
21 {M + Ney)
E = ° (11)
(oh te - Win
2 n Ney
K, = 12)
0 (bh T, - W& (

When M = 0 in Bquation {11), that is, P=0
in Pijgure 1, thern it may be called
trically loaded columns.

eccen—

For +his case from Equation (10) we can get

NEEk I )3

N |='—‘—"L2 ( 1 ~ KD (10 -a)

When eo=0 in Figure 1 and Equations (11)and
(12}, then the member will be loaded with
axial and lateral 1loads and it may be call-
od beam-columns. For this case from Equaticn
(10} We can get

72 By
2

N =.——vz—— (1 -x )2 (10-b})

From Eguaticons (10-a) and (10-b) we are a-

ware that the eccentrically leaded c¢olumns
are different from beam-columns, in capa-
city the former 18 lower than the latter

under a sams moment.

In addition, +the deflection at the middle
of the length of member could also be got
{disregard the negative sign ) :

w=%(1—k)(bth—N)h/N(13)

STRENGTH OF  -SHORT MEMBERS

It has
ghort members
related to

been shown that the strength of
without column affect pE:]

different test condition, it is



described as follows
A. Theoretical Strength of Material
Let us supposg that +the stress distribution
in the cross-section accords with the agssum-
ption of 2implified elasticity-plasticity pro-
4, and
fully
stress
fiber of crecas-section may be
increased up to fc
the acceptable

perty of timber, as

that the plastie
developad, both compressed
at the outmost

shown in Figure
deformation is
and tense

when

and rt respectively. Then
moments may be obtained as

M N 3t N
?fnz:('i.._!\-ﬂ)pﬂc{?;—'i)ﬂ—%] (14)1
A=1bh; w = bn? (1%)
6
- 3ty Iy
=T UF - 1) g et (16)
Where fc—~—compression strength parallsl to the
grain
ft—w—tension strength parallel to the
grain

fm———bending strength

fe

Figure 5

N M
The relationship betwesn KEZ and Wi, for Sichuan

Fir has been drawn as curve

A in Pigure 5.

The curve A would characterize the
acceptadble moment which has

theoretical

baen obtained

based on the relaticn of stress~strain ot
material, considering deeply developsed plastic
deformationy at the most utilization of com-
pression and tension strength of timber. Hence
it is a ideal case which might difficultly
be realized in practice. Its possibility per-

haps appears only when a large deflection
at the middle of length of longer column
occurs suddenly caused by instability of
column.

B. Strength of Beam—~Columnsg

The research and tests on the strength of
beam-golumng without column effect had al-
ready been carried out in Soviet Unien as
early as din 1940-1950. It has been  con-
firmed that the Bquation (17) shown as a
siloped line B, in Figure 5 should be ap—

proximately applicable for short members

without column effecst.
M N
- 4 - I 17
WEp X an

This formula is
existing codes

widely used in almost all
for practice in this fisld.

C. Strength of Becentrically lcaded Columns

However, for short members loaded gceen—
trically shown in Figure 6, the test re~
sults are lower than both A and B. We had
performed the tests of short members in 1960
1967 and 1977. It had been found that the
failure occured always at +the concave side of

members caused Yy the folds of timber fibers,

and at the convex sjde of members there
ware no vestige of damage, either the fiber
strain shortensd or the fiber sirain slight-
ly extened 1is 8o small, far from the

gtrain corresponding to tension strength.

Therefore the bending effort of membars cor-
responding to tension strength always could
not ©bve utilized. :

Based on the statistic test datum, the

following equation (1B} drawn as curve C in

Figure 5, approximately would be used :
Rey N y 1/2 N 4/3
el — e { —
Wiy i, + AfG) ( Af, ) (18}
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A3 a result of the above, the strength ori-
terion of members without column effect would
be suggested by means of the priciple of
relther unsafenness nor conservation. For all
members the following conditions should be
satisfied:
1. In the case of combined axial and lateral
lecading, +the initial moment of short members
should not exceed the moment calculated from

Bquation {17};

2. In
moment

the
of
the moment

case of accentrical loading, the end
should not axceead
caleulated from Bquation (18}

short members

3. In the case of taking into account the se-
cond order effect, the maximum moment at the
middle of length of members should not ex-
ceed the moment celculated from Bquation (14),
DETERMINATION OF THE
ADAPTING PARAMETER
Introduce the following expression into Equa-
tion {10}
ankI
I
It then becomes
— = 9 (1=K P(1-X%,) (19)
Afa 0
where ¢ 13 buckling coefficisnts of axially

loaded columns

When e85 =0 in Figure 1, 1t is of bheam-

columnsg, and EBquation (19) becomes
N 2
—— = - K &
it, P (1 ) (20)
When P =0 in Figure 1, it 4is of eccen~
trically Ileaded columns, and Eguation (19)
becomes
N %

K%=@(1~KO) (21)

If -0, the above eqs, {20} and (2%) should
in practice coincide with their strength cri-
terion obtained from tests of short members
described above., This 1is the principle
made to determine +the adapting parameter
of theoretical analysis model.

Further, when 8 = 0  then ko = C and
A—+0, thea ¢ = 1. From Egs. (20)
we

when
and (11)
can got

N N
Mo (1= /Afc) (t - AT, )bhzfc/(2 n
(22)

Put Eq. (22)
g8t

equal %o Eq. (17), then we

N
Afe

0w 3fe/fp (1 - {23)
Substitute Egq.

they Daccome

(23) into Bgs. {11) and (12)

K =(M+ Ney)/ [wrmu +J}l~gm:)3 {24)
]

- Ay
Ko = oo /[ wey(1+ ,/,Eg)_i (25)

DETERMINATION OF THE EQUIVALERT
MODULUS OF ELASTICITY

When P =0 and e5=0 in Figure 1, it is
¢f axially loaded Fquations
{24) ana (25) then Bouation {10)
becomes

columns. From
K=Kq=0

K= — (26)

Based on the test data of axially ioadsgd
columng and using the analysis method of
equivalent elasticity modulus, we can find
the relationship between squivalent elasii-

clity mogdulus Ek’ and buekling stress 6k



as shewn 1in Figure 7. Consequently, we can
get the eguivalent modulus of elasticity and
buckling coefficients of axdally loaded
columns. Please refer to [1] ang [2}.

s ol X  tests for axially loaded
) B15 columng of Yunnén Pine
a9 ¢ tests for eccentrically
. ﬁﬁ%\\ loaded columns of Yunnan
0.5
3 Pine
x
N
®
L } il i g_]i_
0 0.5 1.0 P45 Figure 7

Figure 8

RESULTS AND CONCLUSIONS

Finally, the unified simple formuls has already
been presented, which 13 applicable to the
eccontrically loaded columns, beam-columns and
other columns with eccentrical Ilcads and
lateral loads.

From Bguaticns (19), (24} and (25) it canbe
obtained

N

et (27)

¢ Pm Afe

¥ + He -2 e
g = {1 s A [ - -"-"'"""9—'"7"'_"." ] (28}
- “fm(*+#£%g ) me(1+,jkf 3

Where % -——- buckling coefficlent of axially

loaded columns
¢m - -—— reduced cosfficient taking into

account the effect of combi-
nation of eccentrical and lateral
loads
M s moment produced by lateral loads
Neg —- moment produced by longitudinal
loads N, wilth accentricity 8,
at the ends of columns

And also, Bquation (28} can be rewritten as

fmo=[1 - K32[1 - KK

Where X 13 the ratio of only eccentriecal
moment to  tetal moment.

If k=0, then Equation (28) becomes

2
Pm = [ 1 - -~_—§~———1:~] (29)
. AL
wem(1+ [o )
It is of ©beam~columns. Wwhen A0 Bqua-
tions (27) and (29) result in
M I I N
= (1. Ry (e ARy O
Wi {Af, J Afc

This equation 1s exactly as the 9ame as
Bquation (17).

If k=1, then Equation (28) bvecomes

- _ He 3
om = (1 mm-___wfm“f ﬁ%}] (30)

It 18 of eccentrically 1loaded columns. When
p A +~ 0 then Equations {27) and (30) re-
sult in

e oqo (Ho\5/6 L B y1/2_ B y1/3
Wy =1 (Afc) +(Afc) (Afc) (31)

This weguation has substantially a good a-
greement with Equation (18).

If k=0 and M = 0, then Equations {2H)and
(27) become

s, = (52)

Phis equation just coincides to the for-
muls of axially loaded columns.

It is recognized that the unified
simple formula 4is available for every ex-
treme case and alse it has been verified
by tests.

hceording to EBquations (27) and (30} the

calculatead resultsg of the eccentrically
loaded columns made of Sichuan Fir
wouid be drawn in Figure 8, in
which the broken line corresponds to

empirical formula.
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in order to check the maximum moment at

failure at the middlie of length of c¢olumns
the equation (13) for deflection can be used.

Additional moment A M=Nw= (1~K)(bhfch)h /6

that is

T P L1- Af me J (33)
In other hand, the end moment of eccantri-
cally 1loaded columns can, from Bguations

{27) and (30), be caleuldted as following

Heg A

Pzl A v S A v (34)
The results of the end-moment and mid-mement
of the eccentrically loaded
Sichuan fir have Ybeen obtained from Equa -~
tions (33) and (34), and drawn intc Figure
g9, 10, 11, for A = 40, 80, 120, respectively.

columnsg of

It 1is visible that the mid-moments are en—
cloged within the of the theoreti-
cal sgtrength

curve A
of materisl.

B //A
</ end-moment
\//(//
~ mid-span-moment

6m
In
Figure 10
REFERENCES
(1] Working Group Modifying the Cods for

Limber Structure Design, "Tests on the axi-
ally loaded columns with
Pine and Sichuan Fir",
7, 1975,

(2] s.Y. Huang, P.M. Yu, J.Y. Hong, "Buckling
and reliabillty checking of timber co-
CIB-W1BA/22~2-1, Bast Berlin, 1989,

knots of Yunnan
YEJIN JIANZHU No.

lumns",

O¢

// end-moment
RS Jﬁ¢midmspanwmoment
N

N

Figure 11






CIB-W18A/23-15-4

INTERNATIONAL COUNCIL FOR BUILDING RESEARCH STUDIES AND DOCUMENTATION

WORKING COMMISSION W18A - TIMBER STRUCTURES

SEISMIC BEHAVIOR OF BRACED FRAMES

N TIMBER CONSTRUCTION

by

M Yasumara
Building Research Institute
Ministry of Construction

Japan

MEETING TWENTY - THREE
LISBON
PORTUGAL

SEPTEMBER 1990






SEISMIC BEHAVIOR OF BRACED FRAMES IN TIMBER CONSTRUCTION

MOTOI YASUMURA#

1.INTRODUCTION

Trussed frames with the diagonal braces are the most simple
and efficient structural element to resist against the lateral
forces such as the wind load and the earthquake load. This struc-~
ture 1s widely wused 1in glued-laminated timber construction as
well as in conventional wooden construction. As the failure of
the braced frames generally depends on the buckling of the braces
or the failure of the end joints, it shows smaller ductility and
deformability than the framed structures in case of the
earthquake. In timber structure, wooden members show generally
brittle failures, so 1t 1s necessary to secure the ductile
property in mechanical joints. In this study, the braced frames
of the glued-laminated timber having different types of end
joints were subjected to the reversed cyelie lateral loads, and
the mechanical properties of the frames were investigated.

Load-displacement hysteresis loops were modeled with the bi-
linear slip model with reference to the experimental results, and
the time-history earthquake response analysis was carried out to
investigate the influence of the yield design load level on the
response spectrum.

2. DESCRIPTION OF SPECIMEN

Seven braced frames of glued-laminated timber were subjected
to the reversed cyclic lateral loads. Specimens were designed in
consideration of an one-story building of 7.5 meters in height
and the seismic design load of 50kN was assumed. The height and
the length of the specimen was respectively 7.5 and 3.6 meters,

#Senior Research Officer, Dr.Agr.,Dpt. of Structural Engineering,

Building Research Institute, Ministry of Construction, Tsukuba,
Japan



and the cross section of the columns were 15-by 30 centimeters,
Species of the glued-laminated timber was Ezomatsu (P.jezoensis
Carr.) and Todomatsu (A. sachalinensis Fr.Schm.), and the thick-
ness of the laminae was two centimeters,

In braced frames the end joints show sometimes brittle failure
due to the stress perpendicular to the grain caused by the rota-
tion of the braces at the end joint. 1In order to avoid this
effect, six specimens had the steel pin joints at the end of the
braces as shown 1in Fig.l. To compare the effects of the pin
Joints, one specimen had steel side plates without pin joints as
shown in Fig.2. Two types of specimens having the joints with the
steel side plates and the inserted steel plate were tested. The
ratio of the thickness of the braced members to the diameter of a
bolt was four, elght and twelve. The thickness of braces, the
diameter of bolts and the number of bolts varied according to the
Jjoint types as shown in Table 1. The details of Jjoints are shown
in Figs.3 and 4.

3. TEST METHOD

Fig.5 shows the outline of the test apparatus. The specimen
was set on the reaction floor and the reversed cyclic lateral
loads as shown in Fig.6 were applied at the top of the specimen.
The vertical and horizontal displacements of the specimen and the
strain of the members were measured with the electronic
transducers and the strain gages.

4. BEXPERIMENTAL RESULTS

4.1 DESCRIPTION OF FAILURE

All the specimens failed with the destruction of the end
Joints of the braced members due to the shear failure or fracture
of wood. In some specimens partial failure of wood occurred along
the bolt line after yielding, and it spread with the increase of
the load. In other specimens, the end joints failed suddenly with
the shear failure or fracture of wood at the joints. In any case
the Joints failed finally in tension. Although steel pin joints

were applied, the rotation of plates was observed in compression



braces.

4.2 HYSTERESIS LOOPS

Load-displacement curves of each specimen are shown in Fig.7.
They show the non-linear hysteresis loops with slips due to the
embeding of a bolt into wood. Initial slips due to the clearance
of bolt holes of one millimeter was observed in some specimen.
The residual displacement Increased as the displacement
increased. The unloading stiffness was approximately twice to
third times as large as the initial stiffness. The degrading
after the ylelding of a bolt was observed in some specimens in
which the thickness-to-bolt-diameter-ratio was eight and twelve,
but the yield point was not clear. This indicates that the braced
frames are basically non-ductile even though the ductility of the
Joints by securing the large thickness-to-bolt-diameter-ratio
gives slightly higher ductile properties in structure.

4.3 EQUIVALENT VISCOUS DAMPING

The equivalent viscous damping was obtained from the hys-
teresis curves of each specimen, and the calculated values are
shown in Fig.8, where the equivalent viscous damping is obtained
from the ratio of the absorbed energy to the external work per-
formed in each loop.

The equivalent viscous damping of each specimen showed very
similar values and was approximately 15% when the horizontal dis-
placement was less than 1/200 of the specimen height, and it
decreased to approximately 10% when the horizontal displacement
was approximately 1/1¢0 of the specimen height.

4.4 STRENGTH AND DUCTILITY

Fig.9 shows the skeleton curves of the load-displacement
relationships in each specimen, and Table 2 summarizes the ex-
perimental results. 1In Table 2 the maximum loads are compared
with the calculated yield load. Here, the yield load was calcu-
lated from the yield theory of the bolted joints[11[2], and the
embeding strength of 2.79kN/cm2 for glulam and the yield point of
23.5kN/cm2 for steel were assumed.

The maximum load of the specimen having the thickness-to-bolt-



diameter-~ratio of eight and twelve was 1.25 to 1.82 times(1.44
times in average) as large as the calculated yield load, while
that iIn the specimen having the thickness-to-bolt-diameter-ratio
of four was equal to or smaller than the calculated vield leoad.
Table 2 describes the ductility factor obtained from the ratioc of
the maximum displacement to the yield displacement. In order to
exclude the effects of the initial slips, the initial slips were
subtracted from the maximum displacement and the yield
displacement. The ductility factor of the specimen having the
steel pin Jjoints and the thickness-to-bolt-diameter-ratio of
elght and twelve was 1.84 to 2.25 (1.93 in average), while that
of the specimen of the thickness-to-bolt-diameter-ratio of four
was 1.@0. The ductility factor of the specimen without steel pin
Joints was 1.32 and showed smaller value than the specimen having
the steel pin joint. These facts lead the following design im-
plications in braced frame structures;

(1) Thin braces in comparison with the diameter of a bolt should
be avoided, and the thickness-to-bolt-diameter-ratio of braced
members should be equal or superior to eight.

(2) Stress perpendicular to the grain due to the rotation of a

brace at the end joint should be avoided by means of a steel

pin joint or other equivalent methods.

The ductility factor of the braced frames which agree with the
above 1items should be 2.0 1in average or 1.5 considering the
variation. The ductility factor of other types of braced frames
should be 1.0.

5.TIME-HISTORY EARTHQUAKE RESPONSE ANALYSIS

5.1 ANALYTICAL PROCEDURE
Time~history earthquake response analysis was performed on a
braced frame. Single-degree-of-freedom lumped mass model was
used, and the load-displacement relationship was modeled with the
bi-linear slip model as shown in Fig.11l. This model includes:
(1) loading on the primary curve before yielding
{2) loading on the post yielding primary curve



(3) unloading from peak on the primary curve

(4) reloading with soft spring

{(5) loading with hard spring toward previous peak
(6} unloading from inner peak

(7) reloading toward peak without pinching effect

The spring constant on the post yielding primary curve was as-
sumed to be a half times as large as that before the yield as
shown in Fig.10, and the damping was assumed to be 2%. This value
seems to be small for timber construction, however damping of 2%
was taken because the forced vibration test on the full-scale
building with braced frames[3] showed the damping of 1 to 3%, and
the hysteresis model used in this analysis included the hystere-
cal damping before the yielding.

Input earthquake ground motions were based on the records of
N-§5 component of the 1940 El Centro, E-W component of the 1952
Taft and E-W component of the 1968 Hachinohe. Here, the 1940 El
Centro N-S component was generated as a kind of standard ac-
celerogram in this analysis, and the 1952 Taft E-W component and
the 1968 Hachinohe E-W component were generated as the ac-
celerogram which glves higher response to the building having the
short natural period and long natural period respectively. These
accelerograms were linearly scaled to have the maximum accelera-
tion of 40@cm/sec2 and 300cm/sec2 in E1 Centro(NS) and Taft(EW),
and 300cm/sec2 and 225cm/sec2 in Hachinohe(EW), respectively.

5.2 ANALYTICAL RESULTS

Figs.12 and 13 show the input earthquake ground motion of the
1988 Hachinohe E-W component and non-linear time-history
earthquake response respectively. Fig.14 shows the example of
the force-displacement response at the natural period of 0.8
second and mg/Qy values of 2.9 and 2.5. Ductility factor response
spectrums obtained from the non-linear time-history earthquake
response analysls are shown in Figs.15 to 18, and the average
value of the ductility factor response of three accelerograms is
shown in Fig.19.

In order to submit the effect of spectrum shaping, the ac-
celerogram was linearly scaled at every natural period so that

the maximum linear acceleration response became lg. Fig.20 shows



the amplification factor in linear response with h=0.02., and
Figs.21 to 23 show the ductility factor response spectrum. IHere,
"Au" is the maximum acceleration of the normalized ground motion
input at that period which gives the linear acceleration response
of 1g., and "Ay" is the maximum acceleration of the ground motion
which gives the yield force in linear response.

It is possible to obtain the "q" value information from Fig.19
if the soil profile is determined. For the bullding whose natural
period is relatively short Fig.19 gives the direct information to
q
shows that 1f the yield load of the structure is greater than a
half of the weight of the building, the ductility factor response
will be smaller than 1.7 in El Centro(NS) 400gal and the equiv-
alent earthquake. Although Figs.21 to 23 tend to give more con-

" "

determine the value of braced frames. For example Fig.19

servative ductility factor response than Fig.19 they show the
similar information to Fig.19 when the natural period of the
building is shorter than 1.8 second.

6. CONCLUSIONS

Summarizing the results of this study, the following conclu-
sions are lead.

(1) All the specimens failed with the destruction of the end
joints of the braced members due to the shear failure or fracture
of wood. 1In any case the Jjoints failed finally in tension. Al-
though steel pin joints were applied, the rotation of plates was
observed in compression braces,

(2) Load-displacement curves showed the non-linear hysteresis
loops with slips due to the embeding of a bolt into wood. The un-
loading stiffness was approximately twice to third times as large
as the initial stiffness. The degrading after the yielding of a
bolt was observed in some specimens, but the yvield point was not
clear. This indicates that the braced frames are not basically
ductile structure

(3) The equivalent viscous damping of each specimen showed very
similar values and was approximately 15% when the horizontal dis-
placement was less than 1/200 of the specimen height, and it



decreased to approximately 10% when the horizontal displacement
was approximately 1/100 of the specimen height.

(4) The maximum load of the specimen having the thickness-to-
bolt~diameter-ratico of eight and twelve was 1.25 to 1.82
times{(1.44 times in average) as large as the calculated yield
load, while that in the specimen having the thickness-to-bolt
-diameter-ratio of four was equal to or smaller than the calcu-
lated yield load.

(5) The ductility factor of the specimen having the steel pin
joints and the thickness-to-bolt-diameter-ratio of eight and
twelve was 1.684 to 2.25 (1.93 in average), while that of the
specimen of the thickness-to-bolt-diameter-ratio of four was 1.90.
The ductility factor of the specimen without steel pin joints was
1.32 and showed smaller value than the specimen having the steel
pin joint.

(6) When the braced frames are designed the thickness-to-bolt-
diameter-ratio of braced members should be equal or superior to
eight and the stress perpendicular to the grain due to the rota-
tion of a brace at the end joint should be avoided by means of a
steel pin joint or other equivalent methods.

(7) The ductility factor of the braced frames which agree with
the above items should be 2.0 in average or 1.5 considering the
variation. The ductility factor of other types of braced frames
should be 1.0.

(8) It 1is possible to obtain the "q" value information from
Fig.19 if the soil profile is determined. Although Figs.21 to 23
tend to give more conservative ductility factor response than
Fig.19 they show the similar information to Fig.19 when the
natural period of the building is shorter than 1.6 second.
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Table 1. Outline of specimens

SPECIMEN JOINT L/d% BOLT Number THICKNESS
TYPE DIAMETER of of BRACE
(mm) Bolts {mm)
Ti- 4 Inserted 4.0 20 - 4 - 130 (90)=*x
TI- 8 steel B.1 16 4 140
TI-12 plate i2.5 12 g 160
TS~ 4 Steel 4.0 20 4 130 (80)%x%
TS~ 8 side 8.1 16 4 130
TS-12 plates 12.5 12 8 150
TR-B Without
pin 8.1 16 4 130

Jjoint

* Thickness to bolt diameter ratio.
¥*% Thickness of brace at the joint.
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Table 2 Experimental results
SPECIMER YIELD. DISP. MAX, DISP, INITIAL Dm-Do
LOAD*® Dy LOAD Dm SLIP Dy-Do
{kN) (x10-3) (kN} {x16-3) Do(x10-3)
TI-4 147 - 147 12,3 0.2 -
(1.0)%%
TI-8 101 10.0 147 18.8 0.6 1.94
(1.46)
TI-12 84 8.9 118 12.5 3.3 1.64
(1.25)
TS-4 147 - 137 11.5 3.4 -
' (0.93)
TS~-8 111 5.0 148 16.0 3.4 2.25
(1.33)
T8~-12 G4 9.2 171 i6.6 1.0 1,90
{1.82)
NS-8 111 7.8 147 10.3 0 1,32
{1.32)
*  Calculated from the yield theory of bolted joints with Fe=2.79%kN/cm?

and Fy=23.5kN/cn 2
% Ratio of the maximum load to the yield load.
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ANNE X

Criteria for Semi-ductile Trussed Frames with Diagonal Braces

Semi-ductile frames : q = 2.0 to 2.5

It is expected that the frame should fail with the failure
of the end joints of braced members which have sufficient
ductility.

a) The ratio of the thickness of wooden members to the
diameter of a bolt should not be less than EIGHT. If the
thickness-to-bolt-diameter-ratio of a joint except for the
end joints of a brace is less than EIGHT, the bearing force
at the joint should be less than TWO-THIRDS of the yield
load when the bearing force of the end joints of a brace
reaches the yield locad. In any case the thickness-to-bolt-
diameter-ratio should not be less than FQUR.

b) The joints connecting the wooden members should have enough
spacing between bolts and spacing between the rows of bolts
to have sufficient ductility.

¢) There should be no brittle failure at the joint due to the
stress perpendicular to the grain of wood.

d) There should be no failure of wooden members due to the
buckling, bending and tension. The stress in wooden members
should be less than TWO-THIRDS of the strength of wood when
the bearing force of the end joints of a brace reaches
the yield load. 4

e) Steel members should not brake.

Non~ductile frames : gq=1.5

i
It is expected that the wooden members do not fail before
the yield of joints.

a) The joints should have sufficient strength and should not
fail under the yleld load with the shear or the stress
perpendicular to the grain. :

b) Wooden members should not fail before the yield of joint by
buckling, bending and tension.

c¢) Steel members should not brake before the yield of joint.

Others : g=1.¢
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ON A BETTER EVALUATION OF THE SEISMIC BEHAVIOUR FACTOR OF LOW-
DISSIPATIVE TIMBER STRUCTURES

by

A, Ceccotti & A. Vignoli
University of Florence
Italy

Summary
Some results concerning the seismic verification of

low~dissipation timber structures designed according to Eurocode
8 assuming a behaviour factor ¢g=2 are given in this paper.

The semirigid connection design was performed considering
the suggestions given by the Authors in a previous paper.

The numerical simulation was carried out using a time domain

non linear dynamic analysis .

1. Intreoduction

Three kinds of timber structures are considered in the draft

version of Eurocode 8 [1]:
- non-dissipative
- low-dissipative
- medium-dissipative.

But due to the lack of knowledge the value of the behaviour fact
reducing design inertia forces ("g") was fixed uniformly equal to 1
for each kind of structure.

Afterwards a number of important rersearch papers have been
published and an international Workshop on this subject has been
held too (2].






Ceccotti e Larsen have suggested ([3] to give to g the
following values:
- non-dissipative, g=1
~ low-dissipative, q=2
- mediun~dissipative, g=2.5

In a recent work [4] the Authors have given quantitative
indications which can unable to obtain values of g higher than 1
In particular they defined three parameters essential for the
structural behaviour of base hinged portals:

£ =Myy / Mup
43= Puj / Pyj
where

My4 is the yielding joint moment
Myp 1is the ultimate beam moment
My 1is the ultimate joint moment
dy is the joint ductility

Py is the yielding joint rotat%on
Py 1s the ultimate joint rotation

The Authors suggested that it is possible to obtain a better
seismic behaviour if the following conditions are fullfilled
(Fig.1l):

0.6 < kK < 0.8
0.8 < £ < 0.9
dj> 6
In the present paper a first verification of such

indications is performed.

2. Materials and methods - Dimensioning

Three glued laminated timber base hinged portals (A, B, C)
of very different span and height so as to have a wider range of



the examined span/height ratio, have been designed.

They have been dimensioned according to the EC8 rules for
heigh seismicity zones (peak ground acceleration 0.35 g)
fellowing the response spectrum method and using the static
analysis. This has been able since the structure is similar to an
elementary oscillator. The maximum value of the normalized
spectral value was assumed as response coefficient due to the
fact that each portal has its period less than 0.6 seconds.,

The considered values of the various parameters are the

following:

-self-weight plus dead load = 6 KN/m
-characteristic snow load = 6 KN/m
-characteristic wind load = 3 KN/n
~factors for snow load , = 0.7 (pl= 0.3

-characteristic bending strength of timber: 25 MPa
-static modulus of elasticity (mean): 10000 MPa
-modification factor for increasing stiffness for
instantaneous actions: 1.2

_.q ey 2
-l = 0.35

The following load combinations have been considered:
-fundamental combinations

1.35 dead + 1.5 snow (Kped = 0.80 sz 1.25)

1.35 dead + 1.5 snow + 1.5 snow (Kyod = 0-90 , Y = 1.25)
-accidental combinations (earthquake)
dead + E + %2 snow (Kyod = 1.20 , KWA= 1.00)

as suggested by Eurocode EC5 and ECS.

The Jjoints compliance and the moment redistribution {5,6]
have been considered for the verification of the sections.

In Figg. 2,3 and 4 the assumed dimensions for portal beanms
and columns and the chosen characteristics for angle semi-rigid
connections are given following the suggestions given in [4].

We underline particularly that the beam resistence is higher
than the one of the joints and that their ductility is equal to
6.



3. Calculations

The numerical simulation have been performed using a non-
linear analysis as considered in ECS8.

The used calculation programme was DRAIN-2D. For the semi-
rigid connections an hysteretical behaviour with pinching as
described in [7] has been considered.

Eight different accelerograms were applied to the base of
the frames: four registered accelerograms and four simulated ones.

For the C portal we have considered also the contemporanecus
presence of a vertical earthquake having the same characteristics
of the horizontal one but with an intensity of 0.7 times

For timber a linear-elastic behaviour until the rupture has
been considered.

The damping coefficient for internal viscosity of the
material and friction between the structural elements has been
assumed equal to 5%

4. Results and observations

The so obtained results are given in Figg. 2,3 and 4 as
ultimate acceleration producing collapse.

For all portals the collapse acceleration is always higher
than the one required by EC 8.

From the Fig. 4 we can see that in the big span portal C
design for static loads is more important than the seismic one.

5. Conclusions

From this research it seems possible to state that designing
low dissipation semi-rigid connection portal frame timber
structures following EC 5 and EC 8 rules but assuming q = 2 and
using simple dimensioning rules for semi-rigid joints, it is
possible to obtain structures whose resistence easily fullfills
the Code strength requirements for seismic zones.
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Abstract

Regulatione and Codes of Practice are placing increasing emphasis on
structures being planned and .designed so that they are not unreasonably
susceptible to the effects of accidents. The UK Building Regulations
contain one such requirement entitled ’'disproportionate collapse’ which is
applicable to two building categories. Only one of these is of relevance
to UK timber bullding manufacturers, and it covers ‘single storey public
buildings having a clear span exceeding nine metres.’

This paper describes, with reference to a specific form of roof
construction, the differing ways in which the ‘disproportionate collapse’
requirement has been interpreted. It gives the authors’ preferred
interpretation and outlines a procedure which designers can follow to
satiefy the preferred interpretation of the requirement. The specific
form of roof construction considered covers non-load-sharing parallel
primary frameworks supported at wallplate level, and supporting
single-gpan secondary construction.

1.0 Regqulationsg

Regulations and Codes of Practice are placing increasing emphasis on
structures being planned and designed so that they are not unreasonably
susceptible to the effects of acclidents. The current UK Building
Regulations contain a requirement entitled "Disproportionate Collapse’,
shown in Table 1, which 4is applicable to two categories of bullding.

Requirement Limite on application

!
|
!
|
Disproportionate collapse |
A3. The building shall be Bo constructed that in | This requirement applles only to--
the event of an accident the structure will net be | (a) a bullding having five or more
damaged to an extent disproportionate to the cause | storeys (each basement level being
of the damage. ' | counted as one storey): and

I

|

l

|

|

*(b) a public building the structure of
which incorporates a clear span exceeding
nine metres betwsen supports.

Table 1. A3 requirement ‘Disproportionate Collapse’ for The Building Regulations, 1985, England and Wales
(* a revision presently being proposed restricts category (b) further to single-storsy or the
top mtorey of bulildings.)

Machanical resistance and stability

The conetruction worke must be designed and built in such a way that the loadings that are liable
to act on it during itse conastruction and use will not lead to any of the following:

(a} collapse of the whole or part of the work;
(b} major deformationa'to an inadmissible degree;

{c) damage to other parts of the works or to fittings or installed equipment as a result of najor
daformation of the load-bearing constructiony

{d) damage by nﬁ avent to an extent disproportionate to the original cauea.

Table 2. Essential Requirement 1 of the1COnatruction Products Directive



Furthermore the Construction Products Directive, which at some stage in
the 19%0‘'s will supersede the National Building Regulations of the
European Community member states, contains in its essential requirements a
speclfic reference to disproportionate collapse. Essential requirement
no. 1 entitled ‘Mechanical resistance and stability’ is given in Table 2
and it can be s=een that its part (d) contains in essence the same
regquirement as that of the UK Building Regulations. No limitation is
rlaced on the building categories to which it is applicable.

As already mentioned, the ‘disproportionate collapse’ requirement in the
UK is only applicable to twe building categories. However for the timber
industry this effectively reduces to one category as the first category
‘buildings containing more than five storeys’ is precluded by fire
congtraints from using timber as the main structural material. The second
category ‘publlc single-storey bulldings containing a clear span exceeding
nine metres’ is, however, a building category for which the use of timber
is being actively promoted and the research work at TRADA has concentrated
on this area. Thie paper is even more specific, discussing the topie in
relation to the economically important hybrid structures where the
rarallel non-lcad-sharing primary members are supported at wallplate level
(usually on masonry walls) and provide support to single-span secondary
congtruction.

2.0 Interpretation of the Recuirements of the Regulations

There is some confusion amongst practitioners as to how to implement the
‘disproportionate collapse’ requirement of the UK Building Regulations in
respect of public aingle-storey buildings having a clear span exceeding
nine metres and it has been interpreted in a number of different ways.
However before considering the differences in the interpretations their
common ground will be discussed.

The four most commonly-cited accidental evente are gas explosion, vehicle
impact, tree impact and sabotage. The only magnitude for accidental
loading accepted by the Regulatory Bodies in the UK is 34 kN/m?. This is
becausge while it is widely accepted that +this magnitude of accidental
loading is only appropriate for storeys towards the base of a multi-storey
building there is an absence of data regarding the magnitude of accidental
loadings appertalining to single-storey buildings. As designing
single-storey buildings to resist 34 kN/m? is not a realistic option, the
approach adopted assumes local failure at appropriate locations within the
structure,.

Another area of common ground is in respect of the stability of the areas
of building to either side of the damaged zone. It is generally agreed
that no area of building should be isolated from the building’s bracing
system by an accidental event. Thisg is discussed further in section 3.0.

The area where the ’'disproportionate collapse’ requirement is interpreted
in differing ways relates to the permissible extent of damage. There are
two prevalent views in the United Kingdom and these are best illustrated
by use of an example. Consider a roof structure comprising a series of
parallel non-lecad-sharing primary frameworks supported on masonry walls:



Interpretation 1. In the event of the removal of a section of one support
wall from under a single primary framework the secondary construction is
expected, with an overstress, to transfer the loads of the failed primary
framework to the adjacent intact primary frameworks. No part of the roof
construction falls to the ground.

Interpretation 2.  In the event of the removal of a section of one support
wall from under a gingle primary framework, the failed primary framework
and the secondary construction which it was previously supporting are
allowed to fall to the ground provided that +the area of damage does not
extend beyond the primary frameworks on either side of the falled primary
framework.

As one would expect, the two interpretations have significantly different
effects on the roof’'s design. The implications of each interpretation are
congidered in turn below.

Implications of Interpretation 1.

l. Single-span secondary congtruction, even with strengthened end
connections, almost invariably cannot support the loads of the failed
primary frame. Interpretation 1 leads the designer towards specifying
double-sgpan secondary construction.

2. The requirement to design double-span secondary construction to resist
the loads of a failed primary frame at an overstress results in an
increase in section size for the secondary construction over that
required by normal design for all except the lightest of roof
claddings.

3. For double-span secondary construction the failed primary frame tends
to ‘peel away‘ from the secondary construction at locations close to
the point of failure (removed wall for example). Again only the
secondary construction end connections associated with lightweight roof
claddings, where there is a wind uplift coriterion, tend +to have
sufficient withdrawal capacity to resist this. Hence interpretation 1
can require significant strengthening of the secondary construction end
connections.

4. The primary frames adjacent to the failed primary frame are required to
support additional loads from the failed primary frame at an
overstress. However usually no increase in section size over that
required by normal design considerations is necessary.

5. The design of the roof and side bracing are not affected.

Implications of Interpretation 2.

1. single-span or double-span secondary construction can be used with no
implication on secticn size in either case.

2. No changes need to be made to the secondary construction end
connections.

3. There is no implication for the section size of the primary frames.



4. For certain types of secondary construction, depending on the magnitude
of the wind (or other applicable horizontal) loading on the bracing
system, there may be a requirement to strengthen the roof and/or side
bracing.

Conglusion from comparison., The authors are of the opinion that in the UK
the incidence of reported events of accidental loadings on single-storey
structures incorporating a clear span exceeding nine metres has not been
such as to justify the application of the more rigorous interpretation 1.
Hence interpretation 2 represents a more appropriate course of action. A
procedure for ensuring that the requirements of interpretation 2 are met
is presented after a brief discussion on the placement of bracing systems
for parallel-framed structures.

3.0 Placement of Bracing Svystems in Parallel-framed Structures

The view has already been stated that the planning and degign of the
bracing system to a building should be such that no part of the building
is isolated from the bracing system by the damaged zone resulting from an
accidental event.

For parallel-framed structures the worst scenario is a single braced bay
in the middle of the building. This is because should an accidental event
cause failure of one of the primary frames forming part of the roof
bracing, then even agsuming that the remaining primary frames are not
dragged down by the failed primary frame, the two parts of the building
8till standing only have the c¢ladding to rely upon for their stability
against wind and other formes of horizontal load.

It is hence desirable that even parallel-framed structures compriging a
small number of primary frames should have a minimum of two braced bays
and that these are normally best located in the end bays of the building.
Many organisations, of course, already follow this practice.

Many parallel-framed structures rely on diaphragms extending the full
length of the building to brace the structure against lateral forces.
Clearly these types of structure can readily ensure that the parts of the
building on either side of the damaged zone retain adequate stability.

4.0 Cutline of Procedure to Ensure Avoidance of Digproportionate Collapse
for Certain Types of Parallel-framed Structures

4.1 Scope

This procedure is only applicable to roof structures where parallel
non-load-sharing primary frames are supported at wallplate level and
provide support to single-span secondary members.

The procedure is aimed at satisfying the already-described interpretation
2 of the ‘disproportionate collapse’ requirement.



4.2 Bagig of Procedure

The following discussion makes reference to the four-bay building shown in
Figures la-ld. To establish the basis for the prodecure let us consider
how loads acting on primary frame III are redistributed following the
failure of primary frame IIT.

1. The loads acting on primary frame III are transferred to the adjoining
secondary members by the connection between the secondary members and
primary frame III.

2. The secondary members acting in the three-pin tie system shown in
Figure 1d transfer the loads to the secondary member-primary frame
connections at primary frames II and 1IV.

3. The secondary wmember-primary frame connections at frames II and IV
trangfer these loads into primary frames II and IV.

4. Primary frames II and IV act as chord members to the roof bracings at
each end of the building which transfer the loads to the side bracingsg.

5. The loades from primary frame III are transferred to the foundations by
the side bracings.

For single-span secondary members it is known that the failed primary
frame III will almost invariably fall +to the ground. If the failure
occurs in steps 1-3 of the above load path the collapse is considered to
be in due proportion to the cause. On the other hand if the failure
occurs in steps 4-5 then the entire building may collapse and the collapse
would be considered disproportionate. As in reality the tensile capacity
of the secondary members is always greater than that of its end
connections, whether the collapse is disproportionate depends on whether
the secondary member end connections can resist sufficiently large tensile
forces to cause failure of the roof or side bracing. Hence the basis of
the procedure to make certain that collapse is not disproportionate is to
engure that the roof and side bracing can resist +the most onerous
horizontal load diagram that c¢an be developed by the secondary
member-primary frame connections in the failed bays.

4.3 Summary of Method

In deciding how to analyse the effecte of the failed primary frame two
factors become apparent.

l. TLoads. Prior to the accident the dead and imposed loading on primary
frame III is in equilibrium with the reactive loads provided by the
support walls. After the accident, although the dead and imposed loading
on the now-failed primary frame IIT remains unchanged, the reactive loads
provided by the secondary construction almost invariably cannot attain
sufficient magnitude to put the primary frame in equilibrium and the
primary frame collapses to the ground. Congsequently the external force
system acting on primary frame III is not fully known and the conventional
route of knowing the external forces together with the stiffness {force-
displacement) matrix for the member to determine the deformations and then
internal forces cannot readily be used.



2. . Deflection, Although there are no fixeéd values of vertical deflection
for the failed primary frame, for any point of the failed primary frame
the range of vertical deflections through which it passes during its

collapse to the ground is known. More

importantly a satisfactory

asgumption can be made about the relationship between the vertical
deflections at different points in the failed beam. This assumption is
simply that the primary frame falls as a rigid body and is valid because
when the loads on the secondary member-primary frame connections are close
to their wultimate values the overall downward movements of the primary

frame far exceed any differential movements
the primary frame) within the primary frame.

(due to flexural behaviour of

This assumption enables the roof’s behaviour to be approximated using the

outline procedure given in Figure 2.

START

hesuma a vailue for the maximum vertical deflectlon of tha
failed primary frama.

T

Y
Ueing the rigld body assumption, evaluate the vertical
deflections at specified points of the failed primary frame

A

{node points). &

Using the compatability relationship established in equation
1 evaluate the total horizontal deflections of the roof to
one sida of the failed primary frame. See section 4.4.

Evaluate the flexibility (displacement-force) matrices for
the two components of horizontal deflection given below:
1. Secondary member-primary frame connections.

See saction 4.5.
2. Roof bracing, See section 4.6.

Amend the valua of the maximum
vertical deflection of the
failed primary frame until
either equilibrium of the
primary frams is reached or more
likely failure of the secondary
member-primary frams connections
ocours,

[sum the two flexibility matrices to give the total flexibility matxrix. i

acting at the nodes,

Solve the flexibility matrix equation to give the horizontal loads A

[Evi&luate the overall momentse and shears acting on the roof bracing. ]

See section 4.7,

Ueing equation 2 evaluate the vertical reactive load on the failed
primary frame from the tensile action of the secondary construction.

Have the secondary member-primar”
frama connections all falled or is the
primary frame in equilibrium

‘ Yes
) STOP

Figure 2 - Flow chart summarising method

No




4.4 Geometric Compatibility of Deformations

At any secondary member location along the failed primary frame a
relationship can be established between the vertical downward movement of
the failed primary frame and the total horizontal movement in the roof to
one side of the failed primary frame using egquation 1.

4.5 Flexibility Matrix for Secondary Member-Primarv Frame Connections

Typical load-slip curves for a nailed and bolted end connection are shown
by the dashed lines in figures 3a and 3b. However the terms in the
flexibility matrix reflect the modelling of the load-slip curves by the
two solid straight lines of figure 3a and 3b. The load-slip behaviour of
all the secondary member end connections along a primary frame have
agssumed mean densities for the secondary member and primary frame.

In an analysis of any given failure mode for a primary frame the analysis
hag been continued past the point at which the first secondary
member-primary frame connection fails and in many cases it has been found
that the most onerous loads are exerted on the roof bracing when a number
of secondary member-primary frame connnections have failed.

4.6 Flexibility Matrix for the Roof Bracing

The Uncertainties Invelved in Determining the Deflected Shapes of Roof
Bracings. For any given form of roof bracing there are a great many
uncertainties involved in determining its deflected shape under a given
load diagram. Four of the more significant uncertainties are listed
below:

1. Even for the simplest of connections there are uncertainties regarding
load~slip characteristics, For many bracing connections the total
movement is made up of a number of smaller components each of which is
subject to some uncertainty.

2. It is uncertain how much of the primary frame contributes structurally
to the axial rigidity of the chord members of the wind girder? For
example for a wind girder connected to the top chords of trusees how
much does the remainder of the truss enhance the axial rigidity of its
top chord?

3. Under wind loading the gable posts transfer loads to the node peintsg of
a wind girder. On the other hand following failure of a primary frame
it is 1likely that the secondary  members will cause flexural
deformations between the node points.

4. Plate action of the roof cladding reduces the deflections of the
bracing, but this is difficult to quantify.

The Approach Taken in Modelling the Roof Bracing. It is doubtful whether
gome of the aforementioned uncertainties could be resolved with even the
most sophisticated of analyses. In view of this the approach taken is as
follows:

1. Approximate the roof bracing to a massive horizontal beam of flexural
rigidity (Young's modulus*Moment of Inertia), EI.



2. Assign 'best estimate’, upper bound and lower bound values to EI, such
that the actual deformed shape of the roof bracing under a given load
diagram falls at all points along its length between the deformed
shapes appertaining to the lower bound and upper bound values of EI as
shown in Figure 4.

3. It ie known that following the failure of a primary frame, a series of
point loads will be applied to the roof bracing at the secondary member
locations. Considering a point load from a single secondary member, as
ghown in Figure 5, equations 3a-3c extracted from (1) can be used to
determine the component of deflection from any given secondary member
at all the remaining secondary member locations along the primary
frame. The roof bracing flexibility matrix can be determined on this
basis.

4.7 Relationship between Reactive Forces in Three-pin Tie System of
Failed Bavy

The effective vertical reaction from any given line of secondary members
on the failed primary frame can be evaluated using equation 2 once the
horizontal reactions on the nearest intact primary frames from the same
line of secondary members have been determined.

4.8 Application of the Procedure

Before the iterative procedure of the flow chart in section 4.3 can be
embarked upon, the analyst must resolve the following:

l. Upper bound, lower bound and ‘best estimate’ values of the roof
bracing’s flexural rigidity.

2. Decision regarding the failure modes. 1In the case cited in this paper,
it was considered that only two failure modes needed to be analysed:

Failure Mode 1. Removal of one support wall (maximizing the overall
shears acting on the roof bracing).

Fajlure Mode 2. Localized but absolute failure at midspan of a primary
frame (maximizing the overall moments acting on the roof bracing).

Thus the procedures of the flow chart in section 4.3 have to be followed
gix times to cover the permutations of primary frame failure mode and roof
bracing flexural rigidity. From these analyses, it is possible to produce
envelopes of the horizontal loads, overall shear forces and overall
bending moments acting on the roof bracing.

The analyst is now in a position to check the bracing design produced for
normal design considerations against the requirements for accidental load
considerations. The checks for accidental lecad cases will invoke
considerably different load factors and material modification factors,
dependent upon the exact nature of the Code of Practice being followed.



5.0 Simplification of Procedure

5.1 Method of Simplification

Although the procedure outlined in section 4.0 only involves basic
structural mechanics, it is felt to be too time-consuming to be suggested
as a routine to be followed by most design engineers. It is considered
that it might be more acceptable if it were recommended that designers
take account of the loads due to a failed primary frame by applying simple
horizontal loads, taken from diagrams. The procedure would be similar to
designing against wind loads.

5.2 Derivation of Horizontal Load Diagrams for Roof Bracing

To derive the horizontal load diagrams described in section 5.3, the
procedure of section 4.0 was applied with the following range of
parameters:

1. Various primary frame spans between 9 and 24 m.
2. The two failure modes described in section 4.8.

3. A range of nailed and bolted gecondary member-primary frame
connections.

4. Using the 'best estimate’, upper bound and lower bound flexural
rigidities for the roof bracing below:

- Upper bound . . . EI value equivalent to a midspan deflection of
0.0002 x Primary frame span under a horizontal load of 4 kN/m.

- Best estimate . . . EI value equivalent to a midspan deflection of
0.001 x Primary frame span under a horizontal load of 2 kN/m.

- Lower bound . . . EI value equivalent to a midspan deflection of
G.005 x Primary frame span under a horizontal load of 0.5 kN/m.

The effects of varying the flexural rigidity of the roof bracing for all
of the primary frame spans and gecondary member~primary frame connections
investigated followed the trends given in figures 6a and 6b for failure
modes 1 and 2 respectively. The greater horizontal 1locads on the roof
bracing in the direction of the failed primary frame (secondary
construction in tension) occurred for the stiffer roof bracing systems.
However horizontal loads on the roof bracing in the opposite direction to
the failed primary frame (secondary construction in compression) could
cccur  over part of the roof bracing system, for less~gtiff roof bracings.
These could reverse the sign of the overall moment acting at some points
on the roof bracing. The magnitude of these particular moments increased
with decreasing roof bracing flexural rigidity.

5.3 Horizontal Load Diagrams to be Applied to Roof Bracing for Accidental
Events

To cater for the effects of a failed primary frame, it is recommended that
the following two load cases are applied to the roof bracing with an
important proviso cencerning the overall shear force.



H, = Mean ultimate load capacity
of secondary member-primary
frame connection

Load Case 1., A uniform horizontal load acting in a direction towards the
failed primary frame, of intensity (units~ force/length) h, where

h, = 0.7 x H
Secondary member spacing

Load Cage 2. A uniform horizontal 1load acting in a direction away from
the failed primary frame, of intensity (units- force/length) h, where

h, = 0.45 x H

Secondary member spacing

For both load cases 1 and 2, the overall shear force acting on the roof
bracing between the quarter-span points is to be taken as the overall
shear forces acting at the gquarter-span pointsa.

As has already been mentioned, the checks on the bracing system for these
two load cases will be carried out using considerably different load
factors and material modification factors, from those applied under normal
design conditions, dependent upon the exact nature of the Code of Practice
being followed.

6.0 Summary

In order to ensure the avoidance of disproportionate collapse for
parallel-framed structures, two tasks should be brought to the attention
of the designer:

1. In the event that accidental loading causes local failure in a primary
frame, he should be required to ensure that the adjacent primary frames
are not dragged down by the failed primary frame.

2. His attention should be drawn to the necessity to ensure that the
undamaged areas on either side of the damaged zone retain sufficient
stability to be able to withstand appropriate wind and other horizontal
loads.

Both steps require that bracing is placed in a minimum of two bays, and
that normally the bracing is best placed in the two end bays of the
building. Step 1 could be spatisfied for roof structures incorporating
parallel primary frames supported at wallplate level and supporting
single-span secondary members using the procedure given in section 5,3,
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PERFORMANCE OF TIMBER FRAME STRUCTURES DURING
THE LOMA PRIETA, CALIFORNIA EARTHQUAKE
17 OCTOBER 1989

by M. R, O’Halloran, E. G. Elias®™

CIB STRUCTURAL TIMBER DESIGN CODE

The CIB Timber Code (5) provides for the development of design procedures for
timber components and special structures. Section 7.4 is intended to provide
specific provisions for the development of bracing requirements. Currently, the
draft code does not contain references to either standard methods of test, sampling,
or analysis of test data reporting wall bracing or diaphragm action.

OBJECTIVE

The purpose of this paper is to present a review of the structural performance of
timber frame buildings following the 1989 Loma Prieta earthquake. Results of this
inspection reinforces the need for standardization in design of timber frame
structures to resist seismic loading,

BACKGROUND

The behavior of timber structures in seismic zones has been the topic of several
previous CIB papers on structural stability. The design of small wood-framed
houses to resist seismic loading was first discussed by Hansen in 1984 (7). Hansen
described the role of walls and partitions in withstanding the effects of seismic
activity and the appropriateness of timber frame construction for this application.
The approach to analyzing the response of timber frame components to seismic
activity has been varied.

Theoretical evaluations of connections and plane timber structures comprised of
rigid and semi-rigid joints has been investigated by Ceccotti and Vignoli (2,3, 4). In
1986, Yasamura described tests on racking resistance of wood-framed walls with
openings (13). Experimental test results on non-symmetric panel constructions were
examined with a mathematical model. The model accounted for a non-linear load-
slip relationship for the nailed joints.

(1) This paper includes information provided in APA Report T89-28 by W, A. Baker, D. H. Brown, and
J. R. Tissell as a result of their inspection trip.



Meanwhile in the United States, Tissell was evaluating the performance of plywood
shear walls and diaphgrams with varying sized openings (9, 11). A plane-frame
structural analysis program was employed to analyze the glue-nail constructions.
Engineering theory utilizing design values for lateral fastener loads and plywood
shear capacities was used to mathematically compute allowable load values for
seismic design. And finally, in 1986, Hiroshima described non-destructive
vibrational tests run on two-story timber frame buildings (8).

The CEN technical committee TC-124 Timber Structures is currently drafting a test
method whose objective is to establish design values for the racking properties of
wood-based panels (9). The test method described is similar to the United States
ASTM E72 Standard Methods of Conducting Strength Tests of Panels for Building
Construction (1). ASTM E72 is the primary test method used in the United States to
evaluate shear-resisting building components under lateral racking loads. The
American Plywood Association has used this method for close to 40 years to
evaluate structural panel sheathing. Tissell has recently reported test results
utilizing ASTM E72 supporting design information on unblocked shear walls,
stapled shear walls, sheathing over metal framing, double-sided walls, plywood over
gypsum sheathing and the effects of stud spacings and width (12). Over 494 tests are
summarized in this 1990 report. Results of the ASTM E72 tests have formed the
basis for allowable shears for structural panels provided in the United States
Uniform Building Code (UBC) as well as other U.S. model codes. The UBC is used
in the Western United States, including Loma Prieta, California. Structural panel
walls and decks constructed in accordance with code provisions based on ASTM
E72 tests performed very well during this earthquake.

INSPECTION REPORT

In the late afternoon of October 17, 1989 a strong earthquake was felt throughout
the San Francisco/Oakland Bay area (population: 5.9 million). The earthquake,
subsequently known as the Loma Prieta Earthquake, registered 7.1 on the Richter
scale. Much publicity was given to the collapse of a section of the double-decked
Nimitz freeway in Qakland where the majority of fatalities occurred, and to the
Marina district in San Francisco where a number of outdated residential buildings
were destroyed, either by the earthquake or by the ensuing fire resulting from
broken gas lines.

Other areas reporting heavy damage were Santa Cruz County, location of the
earthquake’s epicenter, and the town of Los Gatos, near the Santa Cruz Mountains.
Farther north on the San Francisco peninsula, several homes in the Los Altos Hills
area received heavy damage.



Despite the magnitude of the quake, the loss to human life and property was
minimal compared to earthquakes worldwide in the past twenty years. Table 1
presents a record of recent major earthquakes and their associated death tolls.
Timber frame construction designed to resist seismic activity accounted in part for
the minimal damage and loss of life in the San Francisco Bay area.

Table 1. Major International Earthquakes (6)

Year Location Magnitude | Loss of Life
1990 | Iran 7.3 40,000 (est)
1986 | Loma Prieta, CA, USA 7.1 63
1988 | Armenia 6.9 25,000
1985 | Mexico City 8.1 10,000
1978 | Iran 7.7 25,000
1976 | Tangshon, China 8.2 800,000
1976 | Guatemala 7.5 23,000
1971 | Sylmar, San Fernando Valley, CA, USA 6.4 <10
1970 | Peru 7.7 66,800
1971 | Anchorage, AK, USA 8.4 <10

On October 23, a team of three engineers from the Technical Services Division of
the American Plywood Association (APA) traveled to the San Francisco Bay area to
observe the effects of the earthquake on wood construction. The primary objective
was to determine if deficiencies may exist in U.S. building codes published
subsequent to the Sylmar quake in the San Fernando Valley of California in 1971.
The Sylmar earthquake resulted in several building code changes designed to
strengthen buildings against severe lateral forces.

The team discovered in short order that damage was quite widely scattered. Vast
areas between the highly publicized damage zones appeared to have little or no
structural damage from the earthquake. Team investigations, therefore,
concentrated in the local areas of damage mentioned above.

Conventional Wood-Framed Buildings

The epicenter of the earthquake was located in the Santa Cruz Mountains near the
Loma Prieta school. The quake opened up several ground fissures of considerable
length. The fissures necessitated pavement repairs in several places where they
crossed the road. In this area, primarily populated with wood-frame residences, the
extremes of no apparent structural damage whatsoever to complete destruction
were observed. Even in areas where damage was high, many wood-frame "success
stories” were encountered. The house pictured in Figure 1 appeared to sustain no
structural damage other than the collapse of the masonry chimney. The house was
two stories with a sloping lot and wood-framed daylight basement to the rear and



was sided with plywood panels which acted as bracing. It was located approximately
100 feet (30 m) from a ground fissure, and undoubtedly was shaken rather severely.
In fact, it was located about 600 feet (183 m) from a house that was completely
destroyed in the earthquake (house shown in Figure 3).

Dennis J. McCreary, staff engineer with the International Conference of Building
Officials, promulgators of the Uniform Building Code (UBC), visited Santa Cruz
County shortly following the earthquake. He observed, "It appeared that where
there were failures in wood-frame buildings, they were due to inadequate
connections, or lack of structural continuity in design.”

Cripple Walls

"Cripple" or "pony" walls appeared to have been the source of failure in a number of
damaged homes. Cripple walls are typically stud walls which spring from the
foundation to the first floor framing. They are often used on stepped foundations in
buildings built on sloping sites and are usually short, but can be as much as full story
height. When cripple walls have a stud height exceeding 14 inches (360 mm), the
Uniform Building Code requires that they be considered first-story walls for the
purpose of determining the bracing required. The code also requires that cripple
walls exceeding 14 inches (360 mm) shall be framed with studs not less in size than
that of the studding above and, when they exceed 4 feet (1200 mm) in height, cripple
walls shall be framed of studs having the size required for an additional story.

These requirements clearly indicate that such walls are required to provide
resistance to lateral forces, and are not merely skirting.

Several instances were observed where houses had been moved laterally off their
foundations. In every case of this type which was observed, the cripple walls were
laying flat on their sides as shown in Figure 2. Although these walls were typically
sheathed or sided with plywood panels, nailing was typically much sparser than
required by the code. Thus, the panels themselves could not provide sufficient
lateral resistance to prevent racking of the cripple walls. No instance was observed
where a cripple wall collapsed which was nailed in accordance with code
requirements.

Homes Constructed Prior to 1970

In an older section of Los Gatos, many houses were observed that had slipped
laterally off their foundations. The age of these houses would indicate that they
were board sheathed and the foundations appeared to be unreinforced masonry.
Due to the age of the houses, and that they were obviously constructed before
modern building codes, no detailed inspections were made by the team.



In the same area, the house shown in Figure 3 was seen. Even though it has a
double garage in the ground floor, it appeared undamaged. This house appeared to
be built under recent building codes,

Major Framing Connections

Two of the badly damaged houses that were examined showed very little connection
between the major floor framing members and the foundation. While both of these
houses had stepped foundations, each had one side where the floor framing bore
directly upon the sill plate which was well bolted to the concrete foundation.

In the rectangular house where the nominal 2-inch (38 mm) floor joists were on the
sill plate, there was no evidence of fasteners between the joists and the plate. The
Uniform Building Code requires three 8-penny nails per joist for this connection.
The perimeter band joist was nailed to each joist; however, the band joist was
fastened to the sill plate with toe nails approximately 4 feet on center,

The second house was octagonal in shape, and the floor was framed with nominal 4-
inch-wide (89 mm) beams (see Figure 4). A careful examination of the sill plate
showed at the most only one toe nail connecting the floor joists to the sill plate.

Again, the floor framing members were nailed to the perimeter band joist and, in
this case, the perimeter band joist was anchored to the foundation using hold-down
anchors with lag screws into the band joist. The earthquake movement was such
that the lag crews failed in withdrawal from the band joist.

Construction in the Marina District

The portion of San Francisco known as the Marina district is an area where the
rubble from the 1906 earthquake was dumped and then subsequently filled with
sand dredged from the bay. During the 1989 earthquake the fine sand liquified and,
in many cases, flowed up through cracks in the road or sidewalk. In other instances,
the sidewalks were badly distorted by pressure from the sand.

The typical building in this area is a four-story apartment consisting of three floors
above ground floor garages. Around the most badly damaged buildings, inspection
was by observations possible from outside the police barricades.

The large number of garage door openings on the ground floor of these buildings
resulted in only a very small length of exterior wall for racking resistance. These
walls were typically concealed by masonry veneer; however, in many instances, the
masonry had fallen away exposing the sheathing. The sheathing was typically
horizontal boards and in the one building where the sheathing had fallen off with
the masonry, there was cut-in 2 x 4 diagonal bracing. The few interior partitions
that were visible in the garages were sheathed with gypsum wallboard.
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While several of these apartment buildings did collapse, many more showed
evidence only of distortion at the first floor. Figure 5 shows one of these buildings.
House movers were already at work placing shoring to prevent further collapse, and
steel beams so that the buildings could be jacked up and the ground floor restored.

One small, approximately 2-1/2-story apartment building shown in Figure 6 was
entirely sheathed with plywood. On this particular building the exterior damage was
superficial, with a small 2-foot-high brick veneer wall falling away from the building.
Investigation showed no ties between the brick and the building. Upward ground
movement was sufficient to completely jam the garage door, so the owner found it
necessary to saw off the bottom of the door to open it after the quake. The concrete
garage floor was totally destroyed and will have to be replaced, but the building
above showed no evidence of damage.

At another location, a contractor was adding plywood sheathing to the interior of a
garage to add lateral resistance to a relatively undamaged apartment building. The
contractor pointed out that there were no anchor bolts from the sill plate to the
foundation, so his first step was to drill in anchor bolts. He then added blocking
between the studs and was applying 3/8" plywood horizontally to the walls.

One large apartment complex in the Marina district was destroyed by fire initiated
when natural gas lines were broken due to the earthquake. This can also be related
to lateral load resistance of buildings. According to Franklin Lew, Manager of
Seismic Safety Program for the city and county of San Francisco, "Wood-frame
buildings designed to provide lateral resistance are less likely to sway and drift in an
earthquake. This limits breakage of electrical, gas and water lines within the
building, thus reducing the chance for catastrophic fires."

Masonry Chimneys

The chimney damage shown in Figure 1 was common to many houses whether or
not they were further damaged. The chimneys typically were not reinforced and
were not tied sufficiently to the structure. Chimney failures were seen in many of
the areas observed. Some residences constructed in the last 15 or 20 years have
utilized insulated steel chimney flues enclosed by decorative plywood siding. A
number of these were observed, and none were collapsed except for one which
incorporated stone veneer.

Industrial Buildings

During the 1971 Sylmar, California earthquake there were numerous failures due

to masonry and concrete walls pulling away from roof systems, The failures were
initiated by weak connections between the walls and the roof framing. The Uniform
Building Code was subsequently improved to correct this situation by requiring a
positive tie between the walls and roof framing.

-6 -



A small industrial building in Campbell, about 20 miles (33 km) from the epicenter,
had minor damage of this type. A 4x12 timber ledger was bolted to the masonry
wall,

The plywood sheathing of the panelized roof was the only tie to the wall capable of
resisting outward (tension) forces acting on the wall. The nails holding the plywood
to the top of the ledger held, but the ledger split along the bolt lines. The splits in
the ledger were apparently caused by cross-grain bending. As mentioned above, this
detail is no longer permitted by the Uniform Building Code. In spite of the damage,
the plywood roof diaphragm functioned satisfactorily, preventing damage to the
masonry walls.

Masonry Buildings

Masonry buildings typically perform poorly in earthquakes, particularly those that
are unreinforced. Without reinforcement, masonry buildings fail in a brittle fashion..
In the town of Los Gatos, about 15 miles (20 km) from the epicenter, an entire
block of one- and two-story masonry stores had been severely damaged and will
undoubtedly be demolished.

Unlike wood construction, which is light in weight, masonry is heavy. Its greater
weight leads to greater lateral forces to resist than wood construction.

SUMMARY AND CONCLUSIONS

A team of engineers from the American Plywood Association visited the San
Francisco Bay area shortly following the Loma Prieta earthquake of October 17,
1989. Damage from the earthquake occurred in scattered locations within the
region. Within these locations, the heaviest damage appeared to be to buildings
with unreinforced masonry walls, All observed wood-framed buildings which were
damaged were either built before the 1973 Uniform Building Code introduced
updated earthquake regulations, or incorporated critical construction features but
with inadequate connections, or other features which were not nailed or stapled in
accordance with minimum code requirements.

It is the conclusion of the APA team of observers that framed construction built to
meet current provisions of the Uniform Building Code performed very well. No
code deficiencies for this type of construction were observed. However, greater
attention must be paid to design and installation of connections and fastenings, and
to structural continuity, especially in small buildings which may not be engineered.



Figure 1. Two-story house with wood-framed daylight basement located
about 100 feet from ground fissure in Santa Cruz Mountains, No apparent
structural damage except collapsed masonry chimney.



Figure 2. Collapsed cripple wall on house in Santa Cruz Mountains.
Plywood sheathing on all cripple walls was inadequately fastened, allowing
house to shift off foundation which split the sill plate along the bolt line.
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Figure 3, Undamaged split level house located in area of Los Gatos where :
many older one-story houses slipped laterally off their foundations.
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Figure 4. Completely destroyed house in Santa Cruz County. The lag screws
connecting the band joist to the anchors failed in withdrawal. Other than a
single toe nail, no fasteners were found tying the floor joists to the well
anchored sill.
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Figure 5. Corner apartment building in the Marina district. The masonry
veneer was anchored to the sheathing by nails embedded in the mortar.
House movers have shored the garage level in preparation for restoring the
building.
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Figure 6. Plywood sheathed and sided apartment building near the building

- shown in Figure 5. Except for the badly damaged concrete garage floor, this
| building had minor damage.
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1., Introduction

The fracture energy of timber being exposed to tension
acting across the grain is a parameter which is reguired
for the calculation of the shear stress of girders with
notchings at the supports (see the reference /1/).

Since hitherto only a few test results and findings con-
cerning the fracture energy have been available, in 1989
the CIB W 18 A working commission has agreed to perform
further tests and experiments with the participaticn of

intearested institutions,

2. Test procedure

2.1, Qgiectives

——— - — -

The objectives of the tests are the investigation into the
crack development parallel to the grain and the determinag-
tion of the corresponding fracture energy with a view to
enabling a drawing of conclusions therefrom to the behaviour
in practice of notched beams or connections (joints/faste-
ners) being exposed to stresses and strains acting perpen-
dicularly to the grain.

Considering the dependence of the results and findings on
the test method being adopted, a standardized (i.e. uniform)
method has been taken as the basis for all tests /6/.

The tests and investigations performed in the GDR referred
to a determination of the influence of the timber moisture
cn the fracture energy of mechanically sorted high-strength
timber, of the influence of z visual grade-related sorting
on the fracture energy with an equal degree of timber moist-
ure and of the fracture energy of glued laminated timber

as compared with that of structural timber,

o/oo



2.2, Test_arrangement and test material

-y - - ——t ok oy e vk e e -l A bR W W b

The test arrangement of the test material used is being
shown by Table 1 (see page 4), The test arrangement demon-
strating in detail the example of testing a timber square
with a glue-inserted middle piece of glued laminated timber
is being illustrated by the Figures 1, 2 and 3 (see the
pages 5, 6 and 7, respectively).

2.3, Test procedure

2.3.1. Preparation of the test specimens

- Storage of the glued test specimens in the climatic test

cabinet until reaching the equilibrium moisture rate .

Variant: A with W= 12 ¢;
B with W= 18 4;
c with W= 24 7%;

D to F with @) = 12 9.
- After having reached the equilibrium moisture rate ),

the weighing of the total sample is being carried out.

- Immediately prior to beginning the test, the slot in the
middle piece is being provided.

-~ Measurement and recording of all geometrical varameters

of the test specimens.

2.3.2. Execution of the testing

Testing machine: “TIRATEST 2300"~type universal testing
machine,
manufactured by the machine tool build-
ers' trust Werkzeugmaschinenkombinat
"Fritz Heckert" of Karl-Marx-Stadt
(Chemnitz), factory at Rauenstein

Testing speed: 0.6 mm pzr minute

Load application: constant until the complete failure of
the test specimen concerned

(to be continued on page 8) S
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(Continuation from page 3 as to item 2.3.2.)

tieasurenent data: . Recording (plotting) of a load-
deformation diagram ‘.

. Iamediately after the fracture, thz
timber moisture of the middle piece
is being determined
(weighing and drying tests according
to DIN 52 183 /5/ or according to
I50 3130, raspectively)
and determination of the anparent
specific gravity of the middle piece.

2.4, Evaluation

Rt R s

The evaluation was being effected by analogy with the re-
ference /6/.

The characteristic values (parameters) detsrmined anc svalu-
ated were as follows:

b - width of the test specimen (mm);

he - timber height (depth) within the slotted area (am);
Frax - maximum force {(N);

m - weight immediately prior to the testing (g):

U - deformation at the moment of the complete failure

of the sample (mm);

real really determined timber moisture (%3);
-~ anparent specific gravity (kg/ms);
W - measured work (Nmm);

G - fracture energy (Nmm/mmz)°

The statistical interpretation includes the determination of

Xnean ~ Mean value of one series of measurements;
- standard deviation;
- variation coefficient.

\T/oo



Pang?
In addition, measurement photographs of all test specimens
(middle pieces) were being provided from which all data as

to the location and width of the amnual rings may be in-
ferred.

One force-deformation diagram for each test specimen has

been ploted. The point Xy is marking the beginning of the
visible cracking.

The acoustic attendant phenomena of the crack development
have been investigated into by means of a sound emission
instrument at two additional test specimes. With a view
to providing an initial orientatiocn, two of the diagrams
are including a lotting {(recording) of the sound occur-

rences {expressed in mV) over the deformation u.

In order to safeguard the results and findings, further

tests and investigations will be required.

3, Test results and conclusions

A summary of the results and findings of all tests and

determination is being provided in the report /7/.

The conclusions are as follows (see table 2 and figure 4):

a) influence of moisture content
(timber with high density)

— a small degrease of fracture energy related to mean
value up to moisture content of 18 %

— a more continually effect of moisture content of
fracture energy related to the 5 % - fractil
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b) influence of sorting

- no difference between viusal sorted timber {grouped
in grade II according to DIN 4074) and machine sor-—
ted timber. .

The reason is the accidental high density of visual
sorted timber.

the fracture energy of visual sorted timber (grouped
in grade IIT according to DIN 4074( differ essential

(approximately 15 % related to mean value and 25 %
related to 5 % fractil)

&

c) fracture energy of glue

— glue has the lowest value fracture energy (approxima-—

tely 30 Z related to the mean value and 40 % related
to the 5 % fractil)



page 11

Table 2: Summary of the results of all Test series
series density fracture compared to
3. energy 2 series series
w[&g/m'ﬂj G/ Nmm/mm” ; A D
509...547...573 x= 0,350 100
A v =457 v=20,40 % - -
GS% = (0,296 100
539...574...0616 X = 0,326 93,0 -
B v = 4,4 F v = 10,40 % - -
GS% = 0,256 91,2 -
438...478...548 x= 0,328 93,7 -
C v=9,57% v = 13,30 % - -
65% = 0,256 86,5 -
491,..515...536 ¥= 0,358 102 100
D v=23,27% v=12,80 % - -
Gey = 0,282 95,3 100
5%
412...453,..521 x = 0,307 87,7 85,60
E v=28,7% v=17,80 % - =
Gey = 0,217 73,31 76,95
5%
545...580.,..607 x= 0,255 72,85 71,12
F v=4,57 v=17,40 % - -
GS% = 0,182 61,42 64,47
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Per Johan Gustafsson and Hans Jorgen Larsen:

DESIGN OF END-NOTCHED BEAMS; CIB Paper

W 18 A / 22-10-1, Berlin, GDR; September 1989

TGL 33 135/03 — E 89: Holzbau; Tragwerke; Berechnung
(Timber construction; Loadbearing structures; Limit
DIN 4074, Teil 1, Sortierung von Nadelholz nach der

Tragfsahigkeit; Nadelschnittholz. ~ September 1989
(DIN..., Part 1. Sorting of softwcod by the load-

TGL 33 136/01: Holzbau; Bauteile aus Brettschichten,
geklebt. Technische Bedingungen., — Januar 1987
(TGL...: Timber construction; Structural ccomponents
made of glued laminated timber. Technical conditions.

DIN 52 183: Priifung von Holz; Bestimmung des Feuchte~

(DIN...: Testing of timber; Determination of the

Determination of the Fracture Energy of Wood for Ten-

CIB - W 18 A Group, Draft Standard, November 1989

4. Literature (references)
/1/
/27
nach Grenzzustidnden
states design)
/3/
bearing capacity; Mill run softwocod.)
f&f
January 1987)
/5/
gehaltes. - November 1977
moisture content)
6/
sion Perpendicular to the Grain
/77

Rug, W.; Badstube, M.; Schéne, W.:

Determination of the Fracture Energy of Wood for Ten-
sion Perpendicular to the Grain

Report, Berlin/Leipzig 1990
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Tables of all test results
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Blatd 6
Annex 1
page 6
Tabellarische Zugeunengiellung der Linzelergebnisse
"Byuchenergie von Holz bei Zug rechiwinklis gur Faser®
{Tebular compilation of test results) ,
Varignte Ps BSH -~ Sorte 3, = 12 %
{geriea F)
Fi-Hr. 5 hy Pax = By GF pegt € ¥ ¢
() () () () {ma) ) {ks/2?) (S} o)
1 45,0 51,3 241 2271 &,2 10,5 534 539,63 0,273
e £5,0 51,5 223 2361 Tolk 10,5 557 501,76 0,253
3 45,2 51,3 254 2254 14,2 10,9 550 680,89 0,363
4 5,2 51,5 209 2057 o8 T 11,2 <6€ 434,49 0,216
5 5,2 51,5 e 2254 ¢, 0 COaLT 594 420,63 0,208
!z 45,2 51, 285 2243 0,8 9,7 €03 474,60 0,236
4 45,32 £1,7 258 2237 a2 10,1 559 413,21 (0,205
- £5,0 51,4 235 2604 7.5 1,2 el 607,04 0,304
Z <5,C 01,0 2461 zive PO 10,7 oGT 455,45 U, 236
e 45,1 57,4 251 2513 6,5 10,8 545 404,73 0,236
11 45,0 51,3 257 2154 545 1,2 (573 508,90 G, 267
12 45,0 51,4 254 235¢ Tel 10,4 565 514,50 0,259
mecn 250 796 10,2 580 4,255
g 21,6 .2 R 26,2 3,044
¥ . £,6 29,2 6,1 4,5 17,4
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ANNEX 2

Force-deformation diagram {(series A, test-no 1)
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ANNEX 3

Photographic representation of the crack development
by means of an example and repesentation of the
fracture surface (series 4)
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ANNEX 4

Measurement photographs as to location and with of
the annual rings (series A, test-no 1...3)






ANNEZX §

Test experiments as to the problems of sound emission
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INTRODUCTION

There are several problems in the design of timber structures that can only be dealt with
correctly by applying fracture mechanics methods. As examples may be mentioned
end—notched beams and failure by splitting in joints with load perpendicular to the grain. it is,
however, only recently that practical design methods have been based on fracture mechanics,
instead empirical methods have been used by which fracture problems have been regarded as
fictitious shear problems. There are a number of reasons for this. The resulting expressions
have been too complicated for practical use, and there has been insufficient knowledge on the
material parameters.

In {Gustafsson, 1988a] a simple method for the design of end—notched beams was proposed,
and CIB WI18A has agreed to introduce the method in a future version of CIB Timber Design
Code. It will also be introduced in a redraft of [Eurocode 5, 1987] for timber structures. The
method is described in [Larsen and Gustafsson, 1989] together with a proposal for a test
method for determining the basic material parameter in the method: the fracture energy in
tension perpendicular to the grain,

At a CIB WI18A meeting in September 1989 it was agreed to set up a joint project in which a
number of CIB W18A members would determine the fracture energy for a variety of timber
species and grades with the following purposes:

—  to evaluate the test method, and
—  to determine the fracture energy and its variation with density, moisture content,
growth ring pattern, etc.

This report summarizes the hitherto findings of the project. The following institutes have
contributed to the project:

—  Akademia Rolnicza, Katedra Meckaniki i Teckniki Ciepinej, Poznan, Poland

—  Bauakademie der DDR, Abteilung Ingeniurholzkonstruktionen, DDR

—  Danish Building Research Institute, Denmark

~  Forest Products Laboratory, Madison, USA

= Lund University of Technology, Division of Structural Mechanics, Sweden

—  Lund University of Technology, Division of Building Materials, Sweden

—  Luled University of Technology, Division of Structural Engineering and Mechanics,
Sweden

—  Royal Technical University, Department of Lightweight Structures, Sweden

~  South Bank Polytechnic, London, England

= Technical University of Denmark, Department of Structural Engineering, Denmark

—  Technical Research Centre of Finland, Laboratory of Structural Engineering, Finland






TEST METHOD
The test method is described in Annex B,

The principle of the method is shown in Fig. 1-2. The fracture energy is determined as the
total external work necessary for complete failure of the beam divided by the tested area

(he b)
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Fig. 1

Fig. 9 0.5¢ 3a 3q 0.5a

The reason for the choice of this method is that it is cheap and simple and the material
parameters can be determined directly from quantities measured in the test, i.e. without
having to make assumptions about other material properties such as modulus of elasticity,
which is necessary for the widely used compact tension specimen.

The tested volume should be free of knots. This feads to safe values, knots increase the
fracture energy often quite considerably.



RESULTS

The results from the individual test series etc are given in Annex Al—AL1l. When nothing
special is noted it is assumed that the purpose of the test is as stated in the introduction, i.e.
to evaluate the test method and get information on the fracture energy for different species
and grades.

In all cases the persons responsible for the testing are mentioned. When available, reference is
also made to separate reports published by the participating instituties containing details on
the preparation of the specimens and their treatment, loading and measuring equipment etc.

The results and conclusions of the individual lists are also given in the annexes with one
exception: the dependence of fracture energy on density is discussed in the following section,

FRACTURE ENERGY VERSUS DENSITY

In the following the relation between fracture energy G1 C and density P, :s analyzed for the
test results reported in Annex Al—A4, A6—A8, A10 and ALl

The data from Luled (Annex A5) are not included because the preparation and storing of the
specimens deviated from the standard. The same applies to data from Lund reported in Annex
9, where the depth of the test specimens was only 20 mm (standard 80 mm).

The data are identified by the number of the annex in which they are reported. For data 2
(Denmark) the measured energy values are corrected to the standard size by the correction
factors found in the table of results.

The results for Nordic redwood (data 1—4 and 8) is shown in Fig. 3, where the regression line
is shown for the individual populations. Each covers only a small interval of densities and there
is no general trend. The correlation coefficient is low, the numerical values being about 0.4
with 0.12 and 0.6 as extremes.

Taken as one popufation, however, there is a clear trend, see Fig. 4. The correlation
coefficient is 0.78, a satisfactory high value. In Fig. 5 the data for wood from Poland, DDR
and U.K. are added together with the Stockholm results for spruce. It is seen that the
regression line is unchanged. In Fig. 6 further results from USA are added. The regression fine
differs from that of European softwood alone, especially for high densities. The correlation
coefficient is 0.74.
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Fig. 3 FFracture energy versus density for Nordic redwood
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CONCLUSIONS

The test method is simple and with modern testing machines it is easy to get stable load
deflection curves.

The fracture energy increases linearly with the density. On single regression line can be used
for all the reported species. For individual species or groups of species slightly more precise
relationships can be obtained.

No influence of the growth ring orientation has been found.

There is not enough data to indicate whether the fracture energy is dependent on the
moisture content,

There is a marked depth effect. Doubling the depth from 40 mm to 80 mm and from 80 mm
to 160 mm increases the test values by about 20 percent. The length of the specimens has
only a minor effect, if any.

NOTATION

a sidelength of the tested volume

b width of tested volume

GI,C fracture energy in mode T; in Nm/m?2

hC depth of tested area

w moisture content; in percent

P  density determined from mass and volume at moisture content w, in kg /ms3
o between the direction of the stress and the growth rings
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Communities, Report EUR 9887, 1987
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ANNEX Al
Lund I[nstitute of Technology, Division of Structural Mechanics (1988—89), Sweden

Contact person
Bertil Enquist

References
Series 1: [Gustafsson and Enquist, 1988b]

Supplementary purposes
To investigate the influence of

—  the load applications (one line load in the centre versus two line loads)
—  the depth of the saw cut on the stability of the test (hC:O.S h versus h =0.4 h)
—  the influence of the length of the tested volume (a)

Wood
Swedish Redwood, Pinus Silvestris

The 14 specimens in series 0 were from 7 different plank
All specimens in series 1—2 were from one plank
All specimens in series 3—6 were from another plank

Geometry and loading

The series number is denoted in the figure. The width were in all cases about 45 mm.
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Results
Test values are mean values with coefficient of variation in (percent)

Series 0 1 2 3 4 5 6

No. of spec. 14 6 6 6 6 6 6

-~ unstable 3 5 4 0 0 0 1

o < about 459 >

w % 14.9(2) 13.1(1) 13.0(1)  14.3(1) 13.2(2) 14.5(1)  14.8(3)
P kg/md  462(12)  487(1)  488(1)  304(2)  404(2)  402(1)  405(3)

GIE) Nm/m2 300(18) ~ 335(10) 353(10) 312(12)  346(8)  341(11)  293(26)

Conclusions

- There is no difference between the results with one or two fine loads. Therefore the
simplest — one line load — is prescribed in the draft standard.

= The stability of the test is better with an effective depth of 0.4h (depth of saw cut
0.6h) then with 0.5h. Therefore an effective depth of 0.4 is prescribed in the draft
standard.
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ANNEX A2
Danish Building Research Institute, Denmark and
Lund Institute of Technology, Division of Structural Mechanics, Sweden

Contact person

Hans Jorgen Larsen and Bertil Enquist

References

Supplementary purposes
To investigate the influence of the size of the specimens

Deviations from draft standard

In series 1 the length and depth were doubled (160x160 mm). In series 3 they were halved
(40x40 mm)

Wood
Redwood, Pinus Silvestris
The test specimens were each cut as shown from one plank about 45 mm thick (planed)

208

2

1 160 80 ' 80 407 mm
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Results
Test values are mean values with coefficient of variation in (percent)

Series 1 2 3

No. of spec. 6 12 6

— unstable 1 0 0

a mm 160 80 40

W % 14.3(1) 14.0(2) 14.0(2)
P w kg/m3 584(4.5) 566(5.5) 548(5.5)
G] C Nm/m?2 551(19)1 483(11) 413(6)

1 589(12) when two with pitch are disregarded, one of which was also unstable and thus
already disregarded

2 One with a knot in the tested area and having GI,C in excess of 1000 Nm/m?2 is
disregarded

3 Ratio of matched specimens with series 2 as reference

Conclusions

There is a statistically significant (99.9 level) size effect, a higher fracture energy is found for
larger specimens (depths) corresponding to about 15-20% for every time the side length is
doubled.
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ANNEX A3
VTT Technical Research Centre of Finland, Laboratory of Structural Engineering, Finland

Contact person

Alpo Ranta—Maunus

References
[Faldt, Ranta—Maunus and Rundt, 1990]

Deviations from draft standard

The specimens for series B and C were stored at a relative humidity (RH) of 80 percent
(against 65 percent). The specimens for series C were on purpose stored at 45 percent RH the
last 2 days before testing.

Wood
Pinus Silvestris. The width was about 40 mm,

Results
Mean values and coefficient of variation in (percent)

Series A B C
No. of spec. 20 10 10

w % 10.8(2) 12.3(2) 11.4(2)
Py  ke/mE  B17(9) 518(8) 521(8)
Gre  Nm/m2  408(23) 415(15) 436(19)

Conclusions

The effect of differences in moisture content is not statistically significant.
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ANNEX A4
Royal Technical University, Stockholm, Department of Lightweight Structures, Division of
Structural and Timber Engineering, Sweden

Contact person
Ulf Arne Girhammar and Staffan Hultgren

References
Series 41 and 42: Redwood Pinus Sylvestris
Series 43: Spruce

Wood
The width was about 40 mm.

Deviations from standard

The length of the tested volume in series 42 was only 40 mm {against 80 mm).

Test results
The values are mean with coefficient of variation in (percent)

Series 41 42 43
a=b mm 80 40 80

No. of spec. 10 9

— unstable 3 0

w % 13.1(2) 13.5(4) -
b, ke/ms  480(4) 7505 360(1)
o 150700 250450 450600
Gi e Nm/m2  408(23) 415(15) 291(12)

1) If the results for series 42 are corrected to 80 mm by a factor of 1/0.87 (see Annex A2)
and to a density of 418 (see Fig. 5) a fracture energy of 394 Nm/m2 is found.
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ANNEX A5
Luled University of Technology, Division of Structural Engineering and Division of Structural
Mechanics, Sweden

Contact_person
P.A. Daerga, B.E. Nielsen and A. Olsson. Division of Structural Engineering
A. Valligren. Division of Structural Mechanics

References
[Daerga et al., 1990]

Woo
Redwood. Pinus Silvestris from northern Sweden. Although the average growth ring width was
very small — only about 0.8 mm — the density was relatively Jow. The width of the specimens

=3

were about 44 mm.

Deviations from standard

The specimens were stored at 25 percent relative humidity (against 65 percent). The saw cut
was made when the beams were manufactured, i.e. about a month before testing. The rubber
layers recommended in the standard were omitted.

Results
Mean values with coefficient of variation in (percent)

No. of spec. 6 (all stable)
w % 7.7(10)
Py  kg/m3  445(3)

o about 900
Gie  Nm/m  201(8)

Conclusions
The last method is simple to use and with a servo—hydraulic closed—loop testing machine it is
not a problem to obtain stable and reliable results.
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ANNEX A6
Akademia Rolnicza, Katedra Meckaniki i Teckniki Ciepinej, Poznan, Poland

Contact person
Ryszard Ganowicz and Piotr Olejniczek

References

Supplementary purpose
To determine the influence of the growth ring orientation on the fracture energy.

Wood
Whitewood, Picea Abies and Redwood, Pinus Sylvestris. The width of the specimens were
about 45 mm

Test resuits
Mean values with coefficient of variation in (percent)

Picea Abies Pinus sylvestris
un— semi stable un— semi stable
stable stable stable stable
No. of spec. 13 18 13 12 7 24
w % Not reported, standard climate used
Puw  ke/m® 499(1)  497(2)  502(2)  561(5)  538(6)  549(5)
Crc  Nm/m2  365(14)  348(22)  346(27)  494(11) 527(12)  524(18)

fn the following figure the relative fracture energies (i.e. the individual test results relative to
the species mean) are plotted against the angle q.
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G

I.c/ GI,c,rmc_'cm

Conclusions

The fracture energy for the unstable or semistable cases are not significantly lower than
for stable cases. Only the results from the stable cases are, however, taken into
consideration.

For Picea abies, the fracture energy decreases with increasing o (i.e. the lowest values
are found for tension in the radial direction. The same trend is found if all test resuits
are taken together. The correlations are however weak/very weak (correlation coefficient
about —0.50 and —0.10 respectively). For Pinus Sylvestris there is an opposit trend (very
weak, correlation coefficient about 0.10,
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ANNEX A7

Forest Products Laboratory, Madison, USA

Contact _person
David E. Kretschmann

References
[Kretschmann, 1990]

Supplementary purpose

To determine whether there is a size effect.

To present information on Mode I fracture relationships and to compre the test results with

other.
Mode I results.

Deviations from the draft standard

The dimensioning deviated from the draft standard (80x56 mm and 40x28 mm instead of

80x80 mm, see table below.

Wood

Southern yellow pine (Pinus Echinata) and Pinus Taedar. The widths are given in the table

below.

Results
Mean value and

Series 1 Series 2

rejected! accepted rejected! accepted
a mm 56 28
b mm 35 20
h mm 80 40
No. of spec. 9(7) 13 10(1)1 29
w % 11.9(9) 11.8(10)
20 o 550(12) 540(10)
pw’wQ 615(12) 603(10)
o ~00 ~300
GI,C 553(41) 706(45) 651(16) 671(23)

Land 2 see next page
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The total number of rejects are given together (in paranthesis) with the number rejected
due to unstable load—deflection curve. Other reasons for rejection were: checks before
testing, distorted specimens or presence of pith.

Dry weight, volume at testing.

Conclusions

The mean value for the smaller specimens are on average 5 percent larger than the
bigger. Due to the large coefficient of variation and because also other variables are
different, this difference is not significant.

In {Kretschmann, 1990] it is stated: "The method proved to be simple to use giving
results which indicate a slight size effect. It seemed, however, that a lot of material is
required to conduct this test as compared to compact tension test specimen. | was also
surprised that no comments were made in the standard requiring the placing of a sharp
crack in the notch root. The comparison of these results with Klc values determined
from compact tension specimens indicate that the area under the curve method for
determining fracture toughness over estimates the value for Klc".
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ANNEX A8
Technical University of Denmark, Department of Structural Engineering

The testing has been done at Lund Institute of Technology, Division of Structural Mechanics
(Bertil Enquist)

Contact person
Hilmer Riberholt and Ralph Jensen

References

Wood
Nordic whitewood (Picea Abies)

Results
Test values are mean values with coefficient of variation in (percent)

No. of spec. 41 21 62

w %

ot -0 ~300

P kg/ms3 455(8) 465(8) 458(8)
GI,C Nm/m?  287(23) 286(15) 286(20)

1 Al specimens were cut from planks with a year ring pattern as shown either at
middepth (o about 00) or at quarter depth (« about 300)

Conclusions
The difference in growth ring orientation has no influence in the results.
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ANNEX A9

Lund Institute of Technology, Division of Building Material, Sweden

Contact persons

l.ars Bostrom and Bo Johansson

References

Deviations from the draft standard

The sidelengths of the tested volume were 20x20x20 mm.

Wood
Redwood. Pinus Sylvestris.

Resuits

No. of spec. 5
w % ~12
Pow  Kg/m3 460

Gy Nm/m2 250 (coefficient of variation: 10%)

Conclusions

The fracture energy is significantly lower than for the results reported in Annex Al—2. This
can be explained by the small specimen size.
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ANNEX A10

German Academy of Architecture and Building, Berlin and Research institute of BAUFA,
Leipzig

Contact persons
Wolfgang Rug and Manfred Badstube, Berlin
Werner Schone, Leipzig

References
[Rug, Wolfgang and Badstube, Manfred, 1990]

Supplementary purposes

—  To determine the influence of the moisture content
—  To determine the influence of different visual grades
= To determine the fracture energy of the glue lines in glued laminated timber.

Deviations from the draft standard

The depth is 90 mm for ordinary wood and 128 mm for glued laminated timber
(corresponding to 4 lamellas).

Wood
3 different grades of solid redwood (red pine) were tested. Grade I was mechanically graded

(mean E=12000 MPa). Grade II and 111 were visually graded. The glued laminated timber
was made from whitewood.
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Results
Test results are mean values with coefficient of variation in (percent)

Series A B C D E F

No. of spec. 12 12 12 12 12 12

— unstable 3 5 4 0 0 0
Timber grade [ [ 1 II 11T Whitewood
h mm 90 90 90 90 90 128

w % 125(2)  17.3(3)  234(2)  12.2(2)  13.0(6)  10.4(6)

1

v  Ke/m3  B47(5)  574(4)  478(10) 5I5(3)  453(9)  580(26)
GI:C Nm/m?  350(9)  326(10)  328(13) 358(13)  307(18)  255(17)

Gy (o=541)1) 350 305 396 388 402 235

1) GI C referred t0 a density of 547 kg/m3 i.e. the density of the reference series A. By the
calculations the relation found in Fig. 5 is used.

Conglusions

—  There is no significant influence of the moisture content. If only series A and B are
compared there is a significantly decrease of the fracture energy with increasing moisture
content, but this trend is contradicted by the results of series C.

—  Thereis no influence of grade apart from the one reflected in the density.

—  The fracture energy of the glulam glueline is significantly lower — only about 2/3 — than
for solid timber with a corresponding density.
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ANNEX A1l

South Bank Polytechnic, Mechanical Engineering, Design and Manufacture, UK.

Contact person
David G. Hunt, South Bank Polytechnic and Merab M. Rukhadze, Georgien Technical
University, Thbilis, USSR

Wood
Redwood. Pinus Sijvestris. The width was about 40 mm.

Deviations from standard

The depth of the specimens was only 40 mm (against 80 mm)

Test results
The values are mean values with coefficient of variation in (percent)

No. of spec. 12
w % 10
Py  kg/md  503(11)

Gre Nm/m2  263(16)
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Foreword

In the design of timber structure knowledge of the fracture energy is
needed, e.g. for the design of end notched beams and joints with load

acting perpendicular to the grain.

The fracture energy depends on the test method. It is thus necessary to
have a standardized method to make results from different laboratories

comparable.

The method described in this standard is based on a proposal from Per
Johan Gustafsson*, who found that the fracture energy thus determined

could be used directly in the design of end notched heanms.

* Per Johan Gustafsson and Hans Jergen Larsen: DESIGN OF ENDNOTCHED
BEAMS, CIB paper W18A/22-10-1, Berlin DDR, September 1989



29

1 SCOPE

This standard specifies a method for determining the fracture
energy of wood in tension perpendicular to the grain (mode I).

2 REFERENCES

IS0 3130 Wood - Determination of moisture content for physical
and mechanical tests

3 SYMBOLS
sidelength of the tested volume, see figure 1: in mm
b width of tested volume and area, see figure 1, in mm
Cr,e fracture energy in mode I; in N/mm
g gravity acceleration; 9,81 m/s2
b, depth of tested area, see figure 1; in mm
m - mass of the test specimen; in kg
My mass of tested volume at moisture contentul; in kg
u deflection; in mm
u, deflection at failure: in mm
W work domne by midpoint force; in Nmm
moisture content: in %
Pu density determined from mass and veolume at moisture

content w; in kg/m3



30

TESTING

Principle

SURFACES GLUED

l 3a

0501//

SAWN CUT, t~ 3mm

! I—
w
Q
T

| S——

Figure 1 The test specimen is composed of three pieces of wood
glued together to form a beam with cross-section
(a*b) and a length of about 7a.

The tested volume is a right prism a-a'b with one face perpen-

dicular to the grain and with a saw cut parallel to two of the

faces parallel to the grain, see figure 1.

The tested area is h,-b, with h, = C.4a.

The tested specimen is a beam with cross section a‘b and length
7a, produced by gluing 3a long wood beams to the two planes

parallel to the saw cut, see figure 1 and 2.

Note: An example on a jig for producing the specimen is

shown in Annex A.
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RUBBER LAYER, t~2mm

STEELBALL( d~a/8 ) AND PRISM-a/8 xa/8x bmfd ,—

| it
STEEL PRISM: aféxalhx b —d e /
e T VA RUBBER LAYER t -2 STEEL CYLINDER
STEEL BALL: d~a/4 B mm Ry
| 3a | 3g ]

A =

Figure 2 The beam is loaded in three-point bending

The beam is simply supported - in one end on a steel prism
resting on a steel ball, in the other end on a steel prism
resting on a steel cylinder - and is loaded at midpoint through
a steel ball and prism. Between the wood beam and the steel

prisms are placed a 2 mm rubber layer.

The beam is loaded until failure in about 3 minutes with a

constant rate of movement of the cross head of the machine,

The fracture energy is calculated as the work done by the
midpoint force and the dead weight divided by the tested area

(the area above the saw cut).
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Apparatus

A testing machine able to load with a constant rate of movement

of the cross head.

Equipment to measure the mid span load of the beam with an

accuracy of % 1% of the maximum load applied,

Equipment to measure the cross head movement or the mid span

deflection with an accuracy of * 1%.

Egquipment to support and load the beam as shown in figure 2.

Test specimen

The wood to be tested should be conditioned in a climate of

(20 % 2)°C and (65 * 5)% RH until equilibrium,

After conditioning the test volume is shaped.

Its mass m,is determined to the nearest 0.1 g. Its sidelengths

are measured to the nearest 0.1 mm.

The two timber beams a'b-3a are glued to the tested volume.

Nete: There are many suitable glues e¢.g. resorcinol or

PVA

After curing the test specimen is again stored in a climate of
(20 * 2)°C and (65 % 5)% RH until equilibrium and kept in this

climate until testing.

Immediately before testing the 3 mm wide saw cut is made, and

the mass of the test specimen determined.
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Test Procedure

Place the beam on the support and load in the mid span with a

constant rate of movement of the c¢ross-head of the test machine,
- : . a . : ;

so that collaps is obtained in about S—-(Bil) minutes, with a in

mm,

Determine the complete load deflection diagram by measuring

continuously corresponding values of load and deflection.

Note: Deflection may be measured as the movement of
the point of load application relative to the
supports, or as the movement of the crosg-head.
In the latter case, the machine must expose only
elastic deformations so that no energy consuming
irrecoverable plastic deformation occurs in the

machine or in the load and support equipment.

Note: For the test results to be valid it is required
that the load deflection response is stable. The
response is unstable if at some instant during
the test, the load decreases momentarily. An
unstable response may be due to too low a stiff-
ness of the testing machine or the load and

support equipment,

Measure the depth, h,, of the tested area (above the saw cut).
After the testing the moisture content is determined in accord-
ance with ISC 3130 (weigh - dry - weigh), by taking a reasonable
part of the material of the tested volume.

Results

Calculate the density of the tested volume as
= my/(a-a-b)
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kN §

Un N
X mg, L. m-g
AREA 5" Ug AREA'?T'UO
Fig. 3 From the complete and stable load deflection curve the

external work is calculated as W + mgu,

Calculate the fracture energy as

Gy,e = (W + mguy)/(hehb)

where

W is the work done by the midpoint force

m is the mass of the beam

g is the gravity acceleration

Uy is the deflection at failure

Note: W is obtained as the area under the load deflec-
tion curve, see figure 3.

Note: The work from the mass of the beam before uj is
mgu, /2, and it is assumed that the failure energy
after u, is of the same magnitude,

7 REPORT

The report should at least contain
- Botanical identification of the tested wood
- Density of the tested wvolume
- The growth ring width and pattern, especially in the tested
area above the saw cut
Nete: This can conveniently be done by taking a

Xerox copy
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Geometry of the tested volume of the area, see Annex 2
Meoisture content at testing

Time to failure

Special features of the load deflection curves, e.g. whether
it is stable or not

Fracture energy

Load carrying capacity (maximum leoad)
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PREFACE

RILEM TC 110-TFM has prepared a state-~of-the-art report on the
application of fracture mechanics to timber structures. The
report is divided into chapters written by the authors as

follows:

1. Introduction by Gustafsson
2. Fracture mechanics models Valentin

3. Fracture properties of wood Bostrom

4. Fracture analysis Gustafsson
5. Design by fracture mechanics Ranta-Maunus
6. Recommendations Ranta-Maunus

This paper invelves two last chapters of the present version
of the report (including the numbering system). RILEM TC 110-
TFM has now completed its work and the final report will be
published during the early part of 1991.

5 DESIGN BY FRACTURE MECHANICS

5.1 Existing design codes

The existing design codes for timber structures do not usually
include fracture mechanics in any form. The most direct use of
fracture mechanics appears in the Australian Timber Engi-
neering Code (AS 1720-1975). The application is made in a hid-
den form: design equations show only conventional terms like
normal stress, shear stress and shear strength, as will be

shown later.

The shear design of dimension lumber contained in the recently
released Canadian Engineering Design in Wood code (CAN-086.1-
M89) was developed using an indirect application of fracture
mechanics (Foschi et at, 1989). In the calibration of the
design procedure, two possible modes of longitudinal shear
failure in lumber were considered - one of which is based on
linear elastic fracture mechanics concepts. For the first
mode, shear failure is assumed to occur in the clear wood.
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This failure mode treats the ASTM D143 offset block strength
as a random variable and includes the effect of the volume of
material under stress on the ultimate shear strength. For the
second mode, shear fallure is assumed to be the result of
rapid propagation of an end split. Previous editions of the

Canadian Design Codes were based solely on ASTM D143 shear
test results and the assumption that every piece of lumber
contained the most severe check, shakes or splits possible.
Consequently, the previous apprcoach resulted in very
conservative shear design stresses. In the new code, the shear
capacity of end-split lumber is a function of two randon
variables: the mode II stress intensity factor, and the crack
length for the size and species of lumber under consideration.
Critical mode II stress-intensity factors were obtained from
bending tests on single end-notched beams for several wood
species, while the size and frequency of crack lengths were
collected from an in-grade lumber testing program where lumber

had been conditioned to approximately 15 % moisture content.

5.11 Notched beanms

For the design of the strength of notched beams, the criterion
is given in egn (3.2.6) of AS 1720-1975 in the form

0.30 + 7 £ C3 £ (1)
where o = 6M/bhn2, the nominal bending stress,

T = 1.5V/bh,, the nominal shear stress at net section,

f; = the permissible shear strength, and

Cq = is given in the table.
In order to demonstrate the size effect produced by egn. (1},
we rewrite in the case of large notches (hy > 0.1h in Fig.l)
in the form

0.30 + 7 < ¢ h~1/n £y (2)

where ¢ = 2.2 to 3,



n =2 to 4, are given coefficients depending on the
angle of the notch, and

j=g
i

is the height of beam [mm]

For small notches (hy < 0.1h), the design equation is of the
type

0.30 + 7 < ¢ h,V/P £ (3)
with ¢ and n different from egn. (2).
It should noticed that formula (1) combines the effect of
shear and bending stresses in a simple way and uses the value
of shear strength as a substitute for the mixed mode fracture
toughness. The size effect provided by the term h™+/? is in

good agreement with many theoretical approaches and experimen-
tal results.

Some modifications have been proposed to the Australian design
code which would lead to the following equation

o+ 47 < g fV (4)
with g values given in Table 1.

A plot of egqn (4) is shown in Figure 2.

Table 1. Coefficient g for eqn. (4). Dimensions in [mm].

Notch angle g
slope 1,/h,
(Fig. 1) hy 2 0.1 h hy, < 0.1 h
0 9.0 n~9.45 3.2 h T0-45
-0.33 ©-0.33
2 9.0 4.2 h}
4 9.0 h™0-24 5.2 h "0-24




Fig. 1. The notch geometry.

Vioteh ! Vo A lo/ho =4

01 05 - 10

Fig. 2. The relative strength of a notched beam in comparison
to the shear strength of an unnotched beam with
height h, = oh. The scale is adjusted so that the
strength of a beam with h = 200 mn, l,/hy = 4 and hg
= 0.1h is 1. 8 = 1 and h = 200 mm (- - -? or h = 800
mm ). New Australian formulation as in eqn (4).

5.12 Lap joints, butt joints in laminations

In AS 1720-1975 equations are given for glued lap joints
(4.10.3) and butt joints of glulam laminations (7.4.2.1).



These are based on stress intensity factors induced by the
notches (Fig. 3). The eguations are not quoted here, but they
result in a size effect for the load carrying capacity of the
type t'0°5, where t is the thickness of a single member or

lamination.
| S A
< ] g
| .
{
1 : 1
. { 1 1
; { 1
A FAYE

Fig. 3. Lap joint and butt joint.

5.2 Standard proposals

A design standard for notched beams has been proposed for CIB-
W18A by Larsen and Gustafsson (1989). It is based on the
fracture energy concept, and the paper involves a testing
method for the determination of the material value, fracture
energy Gc,k' The design condition is

1 1.5 [Eg xGe,x/h1%"°
fa <~ - 0.5 2y,1.5 (6)
kp [0.6a(1-a)Eq 3/Gy10°® + (B+1,/h) [(6(1/aa?)]

where Eo,k is the characteristic value of the modulus of elas-
ticity parallel to the grain
Gy is the characteristic value of the shear modulus
Gc,k is the characteristic value of the fracture energy
for splitting along the grain
z is the length of the failure region
T4 = 1.5 V/bhj is the nominal shear stress for effec-
tive cross-~section
kn is the partial coefficient for material properties



Egn (6) is illustrated in Figure 4. The advantage of the
method lies in its simplicity: one equation gives a reasonable
result for various notch sizes and locations. Also critical
arguments can also be directed at the simplicity: the method
assumes that the fracture energy is independent of the
fracture mode (I vs. II)}, which is a rough approximation. An-
other oversimplification is that the present version of the
method does not take into account the effect of tapering of
the notch (notch angle), which is traditionally assumed to be
important. Methods based on notch singularity result in a

significant dependence on notch geometry (see Fig. 2).

Vnnt:hlvu
i \
20+ \
\
\ y )
\ \\ —=—h=200mm,B=0
\ ~ P
\\ SN J~+—h =800 mm, B=0
/
1\ /
1.0 AN /

\_/ — Eurocode 5

L h=200mm, =10
——h = 800mm, $=1.0

T

0s 1.0 1-a

Fig. 4. The ratio between the strength of a notched beam and
the shear strength of an unnotched beam of height hy,
= ¢h in accordance with egn (6) (from Larsen &
Gustafsson, 1989).

5.3 ©Qther Potential applications

Besides the design of notched beams, several areas can be in-
dicated in which fracture mechanics may have a role when de-
veloping new design methods. As far as the the design code

text is concerned, it is likely that new terms like fracture



toughness, will be avoided as long as possible, and the design

equations written with conventional terms.

The topics listed below consist of some well-defined areas as
well as areas in which the research is not yet in progress.

5.31 New strength theories

In general, timber used in constructions and clear wood are
considered quite different materials. This is justified be-
cause there is a major difference in tension and bending
failure modes when stress is mainly acting in the grain di-
rection. The failures in timber are usually result from dis-
turbances in grain direction often caused by knots.

The splitting mode fracture behaviour, as caused by shear
force and tension perpendicular to the grain, is different:
clear wood is as weak as, or weaker than, timber with the same
density, Xnots or the slope of grain not having a detrimental
effect on the shear strength (Larsen & Riberholt, 1973). This
is the basic reason why a fracture criterion based on the be-
haviour of clear wood can be safely used for the analysis of
timber structures in cases where the fracture is caused by
splitting. The knots in timber can stop the growth of cracks
and raise the load carrying capacity, which complicates the
validation of theoretical results, but does not make them un-
reliable when the reason for a large deviation in results is
recognized. As a conclusion fracture mechanics is a potential

tool when developing new strength theories for splitting.

A general fracture criterion for the splitting mode could be

developed. It should be probabilistic in nature. If based on
concepts requiring the existence of initial cracks, an impor-
tant issue would be the statistical distribution of the ini-
tial crack sizes. Combined with a detailed stress analysis
taking into account the moisture-~induced state of stress, the
application of the fracture criterion could reveal new design



criterion for shear and perpendicular-to-grain stresses,

including the volume effect.

Probabilistic fracture mechanics has been applied in some

other fields of technology, such as in the aircraft industry
and in safety analyses of nuclear power plant components. Re-
cently fracture mechanics has been applied also in timber en-
gineering, as a part of probabilistic design system (Foschi et
al, 1989).

The load duration effect has been regarded as a crack propaga-—
tion problem, as has been mentioned earlier in this report.
Consequently, fracture mechanics has the potential to be ap-
plied in duration of load studies. When doing this the complex
state of stresses induced by moisture variation should be

taken into account (Ranta-Maunus, 1990).

In special cases like blades of wind mills, a fatique analysis
of wooden structures is needed. When fatigue is regarded as
crack propagation, fracture mechanics is a natural method to
be applied.

5.32 Acceptance limits for observed cracks in service

The most obvious and direct application of fracture mechanics,
the stress intensity factor calculation, can be made in con-
nection with existing visible cracks in a ready-built con-
struction as a part of the decision-making process on whether
the structure has the regquired load-carrying capacity or not.
This situation is administratively different from the design
phase, in which the cracks do not yet exist; they are some-
thing to be avoided.

New tools for judgement, simple graphs for instance, can be
developed based on fracture mechanics for cases when large
cracks are present. However, this is not a simple task because
of

- difficulties in measurement of crack depth and shape



- mixed mode fracture of a finite length crack combined with a
varying stress perpendicular to the grain caused by moisture

variation.
5.33 Shear failure

It has been often argued that it is difficult to obtain shear
failure of a glulam beam in laboratory tests, if the material
is not considerably checked. Consequently, it has been claimed
that shear failure need not be considered unless there is a
sawn notch or drying checks in the beam. If this is true for
timber in general, we have to conclude that a pre-existing
crack or notch is the cause of shear failure, and the crite-
rion for shear capacity should be converted in to a criterion
for acceptable discontinuities. This would be a typical
fracture mechanics problem.

The problem of beams with side cracks is not widely discussed
in literature. A study concerning symmetrical side cracks
concludes that a crack depth of 15 % of the width of the beam
(on both sides of the beam) gives the same shear capacity at
the capacity given by the characteristic shear strength
(Murphy, 1980). Further studies should be made on the effect
of side cracks. When performing these, the effect of drying
stresses should be considered.

The problem of a beam with a single end crack has been analy-
zed by a probabilistic method (Foschi, Folz, Yao, 1989). As a
part of comprehensive work, both shear failure of defect free
wood, and the growth of existing end cracks are included as
failure modes in the reliability analysis. The term inherent
crack length is introduced to indicate the size of crack below
which the conventional shear strength criterion gives lower
shear capacity than the fracture mechanics criterion. The re-
sults are given in the form of a reliability index 8 for the
total of both failure modes, and the contribution of pre-exis-

ting cracks is not separated. The main recommendation based on
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this analysis is that the shear design condition of beams

should include a volume effect of the form

¢.5

L H
rSfV(oo) (7)
LH

where 7 is shear stress, f,, shear strength involving ap-

v
propriate code coefficients, and L and H refer to the length

and height of the beam.

It is interesting to notice that different approches of sepa-
rate problems, shear failure of a beam in egn. (7) and failure
of a notched beam in eqn. (2) result in quite similar size ef-
fect.

A complication with shear failure is that in structures shear
stress is usually followed by simultaneous stress perpendic-
ular to the grain. Whether it is tensile or compressive has a
great influence on the load-carrying capacity. This also makes
it difficult to test the shear strength of materials.

5.34 Stress peak areas

Traditionally the stress concentrations around holes and
notches have been calculated by the use of the theory of elas-
ticity. However, the peak value of stress is related to the
radius of curvature, and with small values of radius the peak
stress values do not directly indicate the potential for
failure (Stieda, 1966). In principle, the application of
fracture mechanics is natural in cases where a high stress
peak occurring in a small volume is the cause of fracture. The
stress peak can be the result of structural discontinuity, and

be influenced by a steep moisture gradient.

Two different approaches can be applied when no structural
discontinuity is present: one assuming a crack in a high-
stress area, another dealing with fracture theories which need

no initial crack. When assuming a crack, a probabilistic ap-
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proach is appropriate, or a concept of a design crack can be
introduced. The design crack concept means that, based on
experience, a certain size of crack will be assumed in any lo-
cation in the structure, and the onset of crack growth is ana-
lyzed by LEFM. This kind of design method is applied in the
aircraft and nuclear industries.

In addition to the other applications mentioned in this chap-
ter, a list of potential applications in which a high-stress
area, but not neccessarily a stress singularity, is the cause

of fracture, is given as follows:

Holes in beams. Various shapes of holes are made in glulam
beams. Sharp corners are usually avoided, but drying checks
can be present around the hole. The failure mode is a combina-
tion of modes I and II (Fig. 5a).

Hangings. Hangings causing tension perpendicular to the grain
in primary beams may cause the splitting of the beam. When
hanging is made by nailing, the initial cracks are induced.
Failure mode is quite pure mode I.

Cambered beams. In curved beams of varying height, a locally
varying state of stress is caused, tension perpendicular to
grain being an important component (Fig. 5¢). Together with a
drying crack and residual stresses due to moisture changes the
mode I fracture or a combination of modes I and II is pos-
sible. The problem has been discussed by Leicester (1974). A
theoretical and experimental work concerning checked wood
loaded by tension perpendicular to the grain is given by
Schniewind and Lyon (1973).

Mechanical joints. Splitting of wood is one of the fracture
modes of mechanical joints. The application of fracture
mechanics is illustrated by Sobue and Komatsu (1989). Also the
splitting of wood during drying under a constraint caused by
the mechanical joint can be analyzed by fracture mechanics.
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Nail driving. Design codes have rules to indicate when nails
can be used without predrilled holes. These rules could be
evaluated by the use of fracture mechanics as shown by Sobue
and Komatsu (1989) (Fig. 5d).

Drying checks. The splitting and checking during drying could
be analyzed by fracture mechanics, probably by the use of a
fracture criterion which works without the assumpion of an
initial crack.

t
d

(a) {b)

(c)
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()

Fig. 5. Illustration of some applications of fracture
mechanics.

5.4 Unlikely applications

Fracture mechanics, as defined in this report, is not a gen-
eral tool which could replace earlier design methods. In order
to emphasize this, a short description will be given of cases
where the application of fracture mechanics may be possible,
but is not seen as effective or practical.
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The bending strength of timber, being influenced by numerous
factors, would be very difficult to handle by fracture
mechanics, and it is not seen how design practices could be
improved by this means. This takes note of the idea that knots
are very different from sharp cracks and not easily analyzed
by fracture mechanics. Moreover, tension and compression in
the grain direction are in the same category as bending. This
is true even if the effect of knot size has been predicted
fairly well with equations based on LEFM (Pearson, 1974).

6 RECOMMENDATIONS

RILEM TC 110-TFM recommends a new technical committee to be
formed to work in the area specified in paragraphs 6.1 and
6.2. Furthermore, some recommendations concerning research
related to the application of fracture mechanics to timber are
outlined in paragraph 6.3. Because the area of possible
applications of fracture mechanics is wide as has been
indicated in earlier chapters, but the number of researchers
working in the area is small, only the areas of highest
priority are pointed out in this chapter.

6.1 Standardization of test methods

There is a need for standardized test methods for
determinatining the fracture properties of wood and for
testing full size members when verifying theoretical results.
The development of test standards for the three basic fracture
modes as well as mixed modes would make it possible to compare
the results obtained in different laboratories and ensure an
internationally compatible database for supporting code
development,

6.2 Developnent of design methods

Internationally acceptable methods for predicting the shear
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capacity of timber structures need to be developed. These
methods should include the design of notched and unnotched
beams. The methods should consider the effects of the
following: member size, placement of loads, varying moisture
content and duration of load. The benefits of the new design
methods would be a more realistic assessment of the load
carrying capacity of timber members under shear stresses.

6.3 Research needs

There are several areas in which more research is needed be-
fore applications in design become available. The following

areas are emphasized here:

~ a new general strength criterion for combined shear and ten-
sion perpendicular-to-grain should be derived for wood
members, with emphasis to glued laminated timber structures.
The method could be based on probabilistic fracture
mechanics. The lack of data on initial crack size and shape
distributions, however, is one of the key issues to overcome
in taking this approach. The effect of residual stresses due
to moisture variations should also be taken into account.
International co-operation in research would be neccessary
to achieve this goal.

- more research is needed for development of fracture criteria
for situations with stress gradients such as mechanical

joints, notches or drying stresses.
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