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2  Minutes of the Meeting 
by F Lam, Canada 

 

CHAIRMAN'S INTRODUCTION  

The Chair opened the INTER 2025 meeting and welcomed the delegates to Istanbul. 
INTER 2025 is the 12th meeting of the International Network on Timber Engineering 
Research. In total, our group, formerly named CIB W‐18, had 58 meetings in 52 years.  

The Chair thanked Frank Lam, who has been a member of INTER for over 30 years, 
most of the time not only as a participant but also serving the INTER community in his 
role. The Chair also thanked Carmen Sandhaas for the preparation of proceedings, 
organization of reviews, provision of papers, and support for the organizers and 
participants.  

INTER 2025 is hosted by C Girgin and her team from the Faculty of Architecture, Yildiz 
Technical University. The Chair thanked the organization team for their hospitality. 
This meeting is the first meeting of INTER or CIB W‐18 respectively, in Turkey.  

C Girgin welcomed the participants to the 2025 INTER meeting in Istanbul and 
thanked A Ceccotti for initiating the idea for having the meeting in Turkey and 
thanked the sponsors of the meeting. C Girgin provided a brief introduction of the 
history of standardization on modern timber technologies in Turkey. 

INTER 2025 has 66 participants from 16 countries with especially a high participation 
from outside Europe indicating a strong interest in the work of the group worldwide. 

INTER continues the tradition of yearly meetings to discuss research results related to 
timber structures with the aim of transferring them into practical applications, 
meaning codes and standards. INTER is an independent body with strong links to 
standardization, hence the Chair welcomed all colleagues who are also representing 
standardization committees. 

25 papers were accepted for this meeting with 19 final submittals. These papers were 
chosen from 26 submitted abstracts, hence after some reorganization no review 
process had to be realized for this year’s meeting. In a review process, the papers are 
selected based on 4 acceptance criteria (state of the art, originality, assumed content 
and relation to standards or codes). The Chair thanked all authors of abstracts and 
papers.  

The Chair commented about the late withdrawal of accepted abstracts and the 
logistic issues created by such actions. He asked the participants to provide 
suggestions on how to mitigate this problem in future. He further suggested 
participants to think about topics, such as publication of INTER papers and the role of 
INTER regarding standardization, to be discussed during the final day of the meeting. 
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Papers to be presented at INTER meetings shall be submitted at least one month 
before the meeting to enable all participants to read the papers beforehand. Papers 
must be presented and defended by one of the authors. The presentations were 
limited to a maximum of 20 minutes each in order to allow time for meaningful 
discussions after each presentation.  The presenters were asked to relate the 
presentations to the objective of translating research results into design rules. All 
presenters were asked to conclude their presentation with a clear statement 
concerning the impact of the results on existing applications or future developments 
in codes and standards. 

In INTER meetings, the delegates have the right to decide on the acceptance of the 
papers for the proceedings. All authors are invited to amend their papers according 
to the comments and recommendations of the experts in this group before final 
submittal for the proceedings. The proceedings will be produced by Carmen 
Sandhaas in Karlsruhe. Finalized papers must be sent to Carmen Sandhaas at the 
latest end of September this year.  

The following 7 topics will be covered in this meeting:  

(1) – limit state design                  ‐ 1 paper 

(5) – stress grading                   ‐ 2 papers 

(6) – stresses for solid timber                   ‐ 2 papers 

(7) – timber joints and fasteners                    ‐ 7 papers 

(15) – structural stability                   ‐ 4 papers 

(16) – fire                    ‐ 2 papers 

(19) – fracture mechanics                 ‐ 1 paper 

 

There would be a possibility to present notes towards the end of the technical 
session. The presentation of notes is strictly limited to 10 minutes without discussion. 

 

INFORMATION FROM OTHER ORGANIZATIONS 

European standardization. The Eurocode revision is in its final stage. S Winter 
provided a presentation on EC 5 progress overview. The process started in 2010, the 
time frame for last standards to be published is Sept 30, 2027. The date of 
withdrawal of 1st generation of Eurocode is March 30, 2028. S Winter will step down 
as chair of EC 5 in 2026. P Dietsch thanked S Winter for his contribution and 
leadership to EC 5. 
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U Hübner presented information on European work on product standards in CEN/TC 
124. The role of CEN is to support process between member states. Two product 
groups: GLT/CLT and panel products will be brought together. The CPR Acquis 
process is working well with European commission towards standardization requests. 
However new construction regulations ask for 19 environmental parameters/criteria 
to be provided for each product; hence, more work is needed.  

G Doudak gave an update on Canadian CSA O86 code on Engineering Design in Wood 
with new design information on CLT floors and walls in platform construction, self‐
tapping screws, mechanically laminated timber, timber concrete composite, wood 
charring rates, and lateral torsional buckling. F Lam provided an update of the new 
addition of CSA O122:25 on structural glued‐laminated timber with addition of new 
species groups (Hem‐fir), manufactured laminates, and production of 1‐hour and 2‐
hour fire‐rated glulam. 

J Smart of AWC provided information on updates of US codes and standards 
developments. In the US, the model building code (International Building Code IBC) is 
available which references technical information from AWC, APA, and ASTM 
Standards. 90% of residential construction in US is from wood. Most are light wood 
frame. The percentage of commercial construction in wood in the US is growing 
because of mass timber construction technologies. They are working on the 2027 
International Code with 4 different construction types. Up to 18 stories in Type 4A 
without exposed timber is allowed in US. Wild fire issues are being considered in the 
US with the 2024 International Wildland‐Urban Interface code. Interpretation of 
requirements for continuity for fire resistance for light wood frame platform 
construction has been clarified. A Frangi commented on the importance of the wild 
fire topic and received clarification that 2‐hour fire resistance is for the inside of the 
building unless separation between buildings is less than ~3m. 

P Quenneville provided updates on progress for NZ standards. They have issues with 
harmonization with the Australian code. Seismic and connection design updates are 
available in NZ code. 

The Chair commented that INTER is a working commission, not a conference. Good 
quality papers are the foundation of this group but its reinforcement is the discussion 
process. Hence the Chair encouraged participants to speak out to continue the 
tradition of lively discussions in the quest for even higher quality results. 
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LIMIT STATE DESIGN 

58‐1‐1  Enhancing the concept of overstrength in timber engineering: A proposal 
for a broader and more reliable application ‐ B Azinović, R Brandner 

Presented by B Azinović 

H Blass asked whether all properties in Table 2 are considered as brittle failure (e.g. 
compression perpendicular to grain failures are not brittle). B Azinovic responded 
that these could be considered as failure modes that one wants to protect against. 

P Dietsch asked why for structural timber products such as GLT, CLT and LVL in Table 
2 the γRd‐values are considered without consideration of the failure modes of the 
strength properties such as shear or tension perp. that one wants to protect. B 
Azinovic agreed that this aspect could be improved. P Dietsch suggested that maybe 
one should consider properties that do not benefit from protection. 

JM Cabrero asked why distinguish between class 2 and class 3 materials as both are 
brittle failure modes. B Azinovic responded that COV are different in class 2 and class 
3. They further discussed differences between shear and tension perpendicular to 
grain failures. 

R Scotta commented about their Kyoto INTER paper in 2017 which showed the type 
of connection is important. He asked whether the connection type should be 
considered. He further pointed out the overstrength factor in Eqn. 6 should be a 
multiplier not divider. B Azinovic responded that he is not sure about the 2017 Kyoto 
paper but the concept would align with current paper. He will check about the 
overstrength factor. 

O Sisman and B Azinovic discussed the effect on different actions considered. 

S Winter commented that he did not get the ‐factor and different load duration 
situations in relation to how the overstrength factor would be changed. B Azinovic 

explained that  will change the shape of the distribution. S Winter further 
commented that Eqn. 6 is incorrect. 

S Franke commented on the overstrength factor and COV as some properties have 
significantly less COV than the state range in the paper. B Azinovic agreed that this 
could be examined further. 

A Ceccotti asked for a conclusive statement. B Azinovic concluded that the 
overstrength factor will need to be increased for unreliable properties. 

P Dietsch asked for reasoning why this paper was published in the Engineering 
Structures Journal first, hence beneficial comments from INTER experts are missed. B 
Azinovic stated that this INTER paper has additional features with the intent of 
another publication in another journal. 
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STRESS GRADING 

58‐5‐1  A binary visual‐based classification model for grading reclaimed structural 
timber for reuse ‐ A Aloisio, D P Pasca, Y De Santis, M Fragiacomo,  
H Burkart, A Øvrum 

Presented by A Aloisio 

F Lam asked how actual defects in reclaimed timber such as localized slope of grain, 
end checks be considered in the model and influence the results. A Aloisio responded 
that this work is a starting point and focuses on the Norwegian proposal for 
reclassifying recovered timber with small diameter round holes; more advanced 
model will be considered in future.  

P Dietsch commented that the results from four‐point bending tests are tied to this 
configuration and the member being reused in bending. A Aloisio responded that 
only bending strength was considered and 3 heights were studied. 

P Dietsch commented that the tension strength perpendicular to grain for small clear 
wood of 4.5 MPa was used and asked if one should consider a lower value of say 1.0 
MPa in a sensitivity study. A Aloisio responded that since a homogeneous model 
without defects was considered we assumed higher small tension perpendicular to 
grain strength. 

P Dietsch commented that past research from Falk in the US suggested that holes 
smaller than ½ the size of the largest knots can be ignored. A Aloisio responded that a 
very large hole tends to drive all failures and maximum diameter does work together 
with the rule of sum of hole diameters in the two extreme zones. 

JM Cabrero commented that the time related to the use of real beams is an 
important issue. A Aloisio said that the work is a starting point and the topic is 
complex. JM Cabrero further commented that the 4‐point bending tests have a 
specific moment diagram which might be different from real use. A Aloisio agreed 
that the results depend on loading scheme, and the rule of sum of hole diameters in 
the two extreme zones and threshold might be adjusted for other cases. 

H Blass commented that the starting point should consider realistic cases. A Aloisio 
responded that the starting point is related to the Norwegian standard on reclaimed 
wood to consider such a binary model. Selection of random parameters to generate 
the hole is based on experts feedback. There were discussions on closely spaced hole 
issues. 

BJ Yeh questioned why choosing 80% as threshold. In N. America there are concerns 
with how to define and consider load duration issues for reclaimed wood. A Aloisio 
responded that the threshold is based on the Norwegian standard. It would be 
interesting to consider a range. He said this type of problem is multi criterion based. 
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A multicriteria approach is needed to consider load history and load duration issues 
as a separate problem. 

T Demschner asked if the approach handles damages that are rectangular shape. A 
Aloisio responded that the model cannot handle these cases currently and will need 
to adjust the approach. T Demschner asked what about holes created by nails or 
dowels. A Aloisio responded that these cases can be handled. 

S Winter questioned if comparisons were made between hole size as related to 
original grade. A Aloisio responded that hole size was not related to defects in the 
original grade. However the scatter and shape of strength distribution are similar 
between real timber and model. 

P Dietsch commented that final editorial checks of the paper are needed before 
submission for the proceedings. 

 

58‐5‐2  Tension strength, stiffness and visual grading of red pine structural  
boards in accordance with Turkish Standard TS 1265‐ 2012; Effect of  
knot diameter ‐ F Kurul, M Özdemir, İ Tuna, T Yılmaz, M Arslan, S Ermiş,  
T Dündar 

Presented by F Kurul 

P Dietsch commented that the table listed moisture contents of 15%. Were these 
boards technically dried and would the results be different otherwise. F Kurul said 
there were no moisture adjustments for tension strength. 

BJ Yeh asked if the edge and center line knots were considered differently. F Kurul 
said they were measured and noted but not considered in the paper. 

B Azinovic commented that climatic change in Europe will lead to more availability of 
Mediterranean red pine species in the wood supply chain. 

 

STRESSES FOR SOLID TIMBER 

58‐6‐1  Deformation level and specimen geometry in compression perpendicular 
to the grain of solid timber, GLT and CLT timber products ‐ D P Pasca,  
A Aloisio, F M Massaro, H Stamatopoulos, Y De Santis, A Øvrum 

Presented by D Pasca 

A Frangi commented about the calibration results showing large differences between 
the E90 chosen and the E90 from literature.  

J Töpler asked about the possible use of the numerical model for design. D Pasca 
responded that the configurations covered are different and may not be applicable 
directly for design. J Töpler commented that numerical models involve calibration 
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versus verification and asked if two different data set were used. P Pasca said the 
data set was split such that 80% of the data were used for calibration and 20% of the 
data were used for verification. 

R Tomasi and D Pasca discussed if the kmat of case A was not of key interest but the 
paper focused on kmat of case B matched the findings but leads to larger levels of 
deformation. R Tomasi asked, if the different values of hef were separated in analysis. 

P Dietsch commented there are other models available and asked if the authors 
considered them. P Pasca responded that no as they only focused on the new 
Eurocode model. P Dietsch asked for any mechanistic explanation on hef = min (0.7h; 
210 mm). D Pasca responded no as it was based on numerical results only. P Dietsch 
commented that perhaps it might be explained by compression perpendicular to 
grain stresses being transformed into shear stresses at this level of height. 

T Tannert commented that the limit of the 210 mm seemed arbitrary. D Pasca 
responded that some regression work was done. He agreed this limit is a bit arbitrary 
and more simulations can be done in future. 

P Dietsch also asked why the journal publication was realized before the INTER paper 
as the advantage of including suggestions from INTER experts is then missed. P 
Dietsch suggested that editorial checks be performed and additional references be 
added before submission for the proceedings. 

 

58‐6‐2  Experimental study on timber compression and shear: effects of slope of 
grain and presence of screws ‐ N López Rodríguez, J M Cabrero, I Arteaga 
Jordá, P Guindos Bretones 

Presented by N López Rodríguez 

H Blass pointed out that in Figure 2 the interpretation of fiber orientation was 
incorrect as annual ring orientation was wrongly considered as fiber orientation. 

H Blass commented that the screw through the specimen at 90 degrees did not 
provide any reinforcement to the wood; in fact, it would weaken the specimen. 

A Frangi commented that the reported shear strength more than 10 MPa as high and 
the generalized conclusions were too strong. 

T Tannert also commented on the wording of reinforcement being confusing. 

P Dietsch commented on shear tests and received clarification that different 
direction of fiber orientation did not cause compression rather than shear stress. 

A Frangi commented that shear area decreased by 20% could potentially explain the 
high shear strength.   
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P Dietsch and N López Rodríguez discussed whether there was any need for change 
to standards regarding the proposal and the conclusions that reinforcement could 
lower the strength. P Dietsch mentioned the work of M Enders‐Comberg on steel 
fasteners in areas of compression. 

 

TIMBER JOINTS AND FASTENERS 

58‐7‐1  Linear approximation of an elasto‐plastic extension of the Johansen 
theory to predict the deformation of dowel‐type fasteners ‐ J Riepe,  
J Díaz, J Schänzlin 

Presented by J Riepe 

H Blass questioned the initial slip load slip curve shown by the model. J Riepe 
responded that the initial slip from the numerical model was shifted to match the 
initial slip from the experiment results. 

H Blass commented about the angles 1 and 2 that would imply under elastic 
condition and the horizontal part of the dowel would also load the wood. J Riepe said 
some adjustments were made in the model to account for this aspect. 

S Winter and H Blass discussed the shear force being zero at point of maximum 
moment / plastic hinge location which implies the assumed shear force and shear 
plane should be valid. 

R Tomasi and J Riepe discussed how to implement this model into standard. 

U Hübner commented that this paper is useful especially dealing with stiffness issues. 
Comparisons with experimental data would be useful especially dealing group 
effects. P Dietsch added that research on group effect was available from past 
research. 

P Quenneville questioned why there was greater variation with modes a and b. J 
Riepe said there was rotation somewhere and also whether deformation of the 
dowel was involved would make a difference. 

JM Cabrero commented that there is a need to extend the model to consider group 
effects and experimental verification should be done. J Riepe said the same input was 
used for embedment.  
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58‐7‐2  Influence of steel properties on the ductility of connections: An 
explorative experimental investigation ‐ L Kramer, M Geiser, L Furrer 

Presented by L Kramer 

P Quenneville supports call for action on fy values for steel. 

T Tannert asked if the steel properties of the dowel were tested and suggested to 
add this information. L Kramer said this was tested. 

C Sandhaas and L Kramer discussed the influence of production process on the dowel 
in relation to cold forming to the properties of the final product. C Sandhaas 
mentioned that does not only depend on the steel but also on the type of fastener. 

 

58‐7‐3  Fatigue behaviour of threaded rods bonded into glulam for application in 
bridge construction ‐ R Steiger, B Zumbrunn‐Maurer, L Kramer, T Strahm, 
E Gehri 

Presented by R Steiger 

S Winter asked why parallel to grain was considered in ash but perpendicular to grain 
was considered in spruce. R Steiger said that budget constraints led to concentrating 
testing on the boundary situations to seek reduction in cost. S Winter received 
clarification of the stress level in the bond line. 

C Demirci questioned the tolerance for this type of connections if they were made on 
site and asked how to ensure this work in service class 3 conditions. R Steiger replied 
that this type of connections needs a company with good quality control. In this case 
the company has more than 20 years of experience. The work was not extrapolated 
towards service class 3. 

C Sandhaas commented on the test setup of 3 or 4 bonded‐in rods and asked if the 
number of bonded‐in rods in a connection would affect the conclusions. R Steiger 
agreed that this could affect the results. 

H Blass commented about the statement that there is lack of guidance in the code on 
rolling shear failure in the perpendicular to grain cases. He said Karlsruhe Institute of 
Technology has worked on this topic with a proposal available. R Steiger stated that 
they are aware of the work but the partner company has been working on their own 
proposal. 

P Dietsch commented that the paper indicated that a reduction to 2/3 for SC3 seems 
to be safe. He asked if there was any data available for justification. R Steiger agreed 
that they do not have test results on this. 
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U Hübner said high risk is associated with on‐site gluing and implied that on‐site 
gluing should generally be avoided; hence, quasi‐industrial, factory made systems are 
needed. 

 

58‐7‐4  Birch and laminated densified dowels for timber connections ‐ an 
experimental study ‐ A Aloisio, R Tomasi, Y Wang, R Crocetti  

Presented by A Aloisio 

F Lam received clarification from R Tomasi that the loading plates in the bending 
shear test setup have rounded edges. 

P Dietsch commented that clamping the dowel in the test setup could cause a rope 
effect. A Aloisio agreed that a rope effect could exist but this was not considered in 
the analysis. 

H Blass questioned the tensile shear test setup as the dowel could slip out under 
load. R Tomasi said the test set up was originally designed for screw testing. H Blass 
said this cannot work for dowels. 

H Blass asked about the densified veneer wood dowel and whether they are 
considered as hardwood. A Aloisio responded that they are considered as hardwood 
dowels. H Blass said densified veneer wood dowels behave differently compared to 
hardwood dowels especially in long term behaviour. 

A Aloisio and T Claus discussed rope effect mechanism as observed in the test. A 
Aloisio further confirmed that pull out tests were not performed. 

A Frangi commented about the deformation mechanism of the dowel. 

T Demschner and A Aloisio discussed about the test set up of shear/bending tests in 
terms of the possibility of friction and hence rope effect affecting the results. 

J Smart commented that the high ductility of the birch dowel was surprising and 
asked what would happen if reversed cyclic loading was applied in terms of ductility. 
A Aloisio said high ductility of birch could be observed in other tests and they do not 
have information on reversed cyclic loading. 

P Dietsch commented that editorial changes to the paper are needed and suggested 
upgrading the paper to include new information before final submission for the 
proceedings. 
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58‐7‐5  Resistance to brittle failure of connections with inclined STS in CLT loaded 
along the major strength direction ‐ T Tannert, A Einipour, J Zhou,  
A Salenikovich 

Presented by T Tannert 

J Cabrero received clarification that the side shear failure plane was close to the 
screws. 

A Frangi received clarification that the tests were designed to avoid screw 
withdrawal. T Tannert said the intent was not for designers to design these types of 
connectors as they are not good connections. He added that the model did not 
predict the failure plane.  

P Dietsch commented that the paper should mention which failure mode was 
predicted. He asked how deep the screws need to penetrate into the longitudinal 
layer to be considered. T Tannert responded that they do not have information on 
the minimum penetration depth required. 

P Dietsch agreed that we need to consider conservative models in case of lack of 
information. Industry however might argue that they already have good performance 
history hence added conservatism would not be needed. T Tannert said in Canada we 
do not have long history of using these large connections; hence, designers will be 
happy to receive guidance. 

H Blass asked whether the bottom failure planes were always between two 
orthogonal layers. T Tannert said they were closed to the glue‐line. H Blass said one 
should then consider the bond.  

C Demirci received clarification on the difference between step and plug shear.  

P Quenneville commented that the screws also pull at the glue‐line.   

 

58‐7‐6  Probabilistic block shear failure mode model ‐ N López Rodríguez,  
R Cruz Hidalgo, J M Cabrero, P Guindos Bretones 

Presented by N Lopez 

P Dietsch commented that tensile stresses perpendicular to grain occur when the 
dowel moves into the wood; furthermore, shrinkage cracks often exit. These are not 
considered in analysis based on short‐term testing. He commented that tensile and 
side plane shear resistance should not be added per points discussed previously. 

C Demirci discussed parametric study where if a4 is small one would get block shear 
failure. Minimum a4 should start from a value bigger than 10 mm in the parametric 
study. JM Cabrero responded that they were considering plug shear in this study. 
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A Frangi, T Tannert and JM Cabrero discussed that the addition of resistances of 
different planes is incorrect. 

 

58‐7‐7  Load‐bearing behavior of PMPF connections with air gap between PMPF 
and timber ‐ D Staiger, H J Blass 

Presented by D Staiger 

F Lam commented that practical adjustment factors to account for tooth embedment 
gap are available from N. America TPI/TPIC standard for cross reference: no 
adjustment for embedment gap < 0.8 mm; ineffective for embedment gap > 1.6 mm; 
60% effective for embedment gas between 0.8 mm and 1.6 mm. 

S Winter and D Staiger discussed the arrangement of nail plate installation procedure 
with the plates being slightly inclined to represent a partially withdrawn plate. 

G Doudak commented about bending of teeth from shrinkage of the wood. D Staiger 
said that in reality the detachment was not uniform hence the test considered this 
fact. 

G Doudak said that there is large difference between model and test results in the 
zero gap case. D Staiger explained that the difference is between mean vs 
characteristic value. 

U Hübner commented that detachment of tooth plates is common and asked how 
would one remedy these cases. D Staiger responded that the goal of the work is to 
understand the phenomenon as a first step. They tried to push the plates back into 
the wood but it was not successful. 

C Sandhaas asked would it be possible to propose considering gaps in the initial stage 
of design. D Staiger responded that there are other effects to be considered including 
plate geometry, teeth design, timber properties, etc.   

S Winter commented that tooth plates with shorter nail lengths compared to the one 
tested are commonly used in Germany. 

J Smart and D Staiger agreed that relaxation of the wood could cause further 
withdrawal. 

D Staiger commented that manufacturers already knew about this issue. 

T Tannert asked about micro teeth system which need to be compressed into the 
wood. 

U Hübner commented that 25% of the teeth area is allowed to have gaps of 1 mm. 
Practical ways to consider this issue economically are needed. He commented about 
cyclic and drying conditions in service vs test conditions. 

P Dietsch suggested to add some illustrations to the paper. 
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STRUCTURAL STABILITY 

58‐15‐1  Lateral stiffness of light timber‐framed shear walls with cladding ‐ 
proposal for an analytical model ‐ L Rauber, B Hoffmeister 

Presented by L Rauber 

A Ceccotti received confirmation that no vertical load was added. He commented 
that Canadian results a couple of decades ago showed gypsum system should have 
reduced ductility. If the strength of the cladding is reduced, the R‐factor should be 
reduced as well. 

T Skaggs questioned why OSB + cladding showed doubled capacity but not stiffness. 

G Doudak asked about whether stronger hold‐downs would be needed. L Rauber said 
the hold‐down had high capacity and they also tested GTB wall alone. 

R Tomasi and L Rauber discussed just using the lateral slip modulus from nails in the 
modeling process. R Tomasi received clarification if separate tests on staples were 
done. C Sandhaas commented that the test setup cannot take load in a specific 
direction. 

S Winter commented that the doubled load capacity is due to the reduction of nail 
spacing. It is a plastic situation that Eurocode takes into consideration in design. In 
the elastic range, cladding can participate but not in the plastic range; hence, 
explaining the stiffness issue. He commented about fire design fixing. Tests should be 
conducted in density values and kser and timber properties should be measured, 
instead of taking properties from standards.  

P Dietsch commented on the level of activation of fasteners against the stud. L 
Rauber said the analytical formulation considered cladding as single plate and OSB 
panels as second plate. 

 

58‐15‐2  Experimental investigation of a two‐storey full‐scale CLT structure with 
resilient rocking walls for seismic behaviour factor determination ‐  
S R Agarwal, A Hashemi, P Quenneville 

Presented by P Quenneville 

T Tannert asked what is needed towards standardization of this proprietary system. P 
Quenneville responded that engineers have freedom to take responsibility for this 
system. 

T Tannert asked what is needed to get a generic system into the standard with for 
example R=6. P Quenneville said test data would be needed. 

G Doudak asked whether the R=3 is at the system level. P Quenneville responded 
that R=3 is based on reduction of base shear. G Doudak asked whether these systems 
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were designed for a specific deformation level. P Quenneville responded they were 
designed to remain elastic. 

O Sisman asked whether overstrength factors were considered. He asked for strength 
limitation cases and if it would be advantageous to increase the strength of the 
damper without increasing the thickness of CLT. P Quenneville responded yes to both 
questions. 

A Ceccotti commented that this system can be used for very important structures. 
Smaller buildings with smaller consequence classes such as two or three‐storey 
structures do not need such sophistication. P Quenneville responded that the 
concept of resilient can be and should be applied to all buildings. 

R Scotta and P Quenneville discussed the role of steel in friction damping. 

P Dietsch commented that information on creep of post tensioned systems is 
available from the work of M Gräfe. He said for the system tested in this paper, a 
technical report should be provided as reference. P Quenneville said the work is 
reported in a PhD thesis. 

 

58‐15‐3  Determination of Canadian seismic force modification factors for post‐
tensioned cross‐laminated timber rocking walls ‐ H Zhu, M A Bezabeh,  
A Iqbal, M Popovski, Z Chen 

Presented by MA Bezabeh 

G Doudak commented that this work needs to assume Rd Ro to get the archetypes 
and then verify the validity of the chosen Rd Ro values. He asked how would one 
generalize the results to other systems. MA Bezabeh said their goal was to consider 
as many systems as possible. 

G Doudak asked how sensitive are the results to the choice of collapse criterions of 3 
to 5%. MA Bezabeh responded that the choice was based on collected damage 
evidence. 

C Demirci received clarification that the model has shear connectors and a 
Timoshenko beam was used to model CLT. 

A Ceccotti received confirmation that the tall tested system shown had period of 2 
seconds. He mentioned that wind considerations would govern the design. MA 
Bezabeh responded that other people had considered wind issues and agreed that 
base shear would be wind governed. 

C Girgin and MA Bezabeh discussed differences between U shape and friction‐based 
dampers. 
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P Dietsch commented that archetype ground floor layout is different from typical 
floors layouts of ground floors. MA Bezabeh responded that this is considered in a 
continuing study. 

P Quenneville and MA Bezabeh discussed how tension rods can be treated if floor 
layouts were different between floors. 

P Dietsch commented that the presentation was too long, for the INTER audience the 
introduction should have been shorter. 

 

58‐15‐4  Studies on fluid forces acting onwood house under flood ‐ T Tsuchimoto,  
S Hirano, Y Takadate 

Presented by T Tsuchimoto 

G Doudak commented that only one aspect ratio was considered. Was there any 
numerical study on the influence of aspect ratio? T Tsuchimoto responded that only 
one aspect ratio was tested and computer analysis will be considered in future. 

T Demschner commented that the work studied slab on grade buildings only and no 
consideration of crawl space and basement. T Tsuchimoto responded past test 
results indicated crawl spaces reduced water flow.   

A Frangi asked if Keff can be extrapolated to other cases. T Tsuchimoto responded 
that this is a difficult problem. 

P Dietsch asked if it would be possible to relate pressure inside the building from 
water to wind pressure on a building. Then information in wind codes could be 
applied for this topic. T Tsuchimoto responded that it would be possible. 

P Dietsch commented that this paper is a reduced version of the authors’ WCTE 2025 
paper. He suggested to add elements to the paper to make it different from the 
WCTE paper, otherwise this paper could not be published as INTER paper. 

 

FIRE 

58‐16‐1  Performance of bond lines in different fire related small‐scale tests ‐  
J L Vihmann, A Just 

Presented by J Vihmann 

P Dietsch asked about how was the influence of material properties excluded from 
the small‐scale tests. JL Vihmann said density was checked. 

P Dietsch received clarification that charring information was based on the company 
that produced this particular type of product. Also J Vihmann is working on the 
correlation. 
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S Winter received clarification that 90 min vs 120 min heating is related to GLT vs 
CLT. He commented that keeping Annex B and consider additional small scale test 
method while keeping statements in EN 18070 together. 

A Frangi commented that it is good that expensive fire tests can be replaced by small 
scale testing. He noted adhesive 9 may have some values obtained from specifier. 

T Demschner received clarification that worst case scenario being 20 mm thick 
laminates and fire tests will clarify possible bond line behaviour under fire. 

S Winter commented that block shear tests are sensitive to wood species and asked 
about the amount of fiber failure under elevated temperature. J Vihmann responded 
that they do not have this information at hand. S Winter asked if they intend to 
repeat glue no. 9 tests. 

J Smart commented that loading should be close to design level. J Smart and A Frangi 
discussed the importance of bond‐line behaviour in fire and if this is a good test. A 
Frangi stated that tests with 40 mm laminations can’t be scaled down. 

 

58‐16‐2  Fire performance of hollow glue laminated timber elements ‐ N Perković, 
V Rajčić, J Barbalić 

Presented by N Perković 

A Frangi commented that the authors encompassed too many aspects in the paper; 
hence, it is too complicated to make this research generally applicable for 
standardization, it is rather a topic for a technical approval. The authors should focus 
on a specific product instead. N Perkovic agreed. 

A Frangi commented on charring rates for one‐ and three‐dimensional cases with 
holes and that one should be careful with cases where thinner laminates are 
involved. 

S Winter is critical of statement that intumescent paint could increase resistance to 
fire normally. He said in practice the intumescent paints are not effective to increase 
fire resistance. We want to minimize chemical treatment as this goes against green 
building concepts. He questioned why PUR which is a D4 class and how to control the 
quality of the glue. N Perkovic explained how the gluing process was conducted and 
different adhesives were tested before deciding on PUR. 

A Just agreed with comments on standardization and received clarification about 
painting on three sides and which side was considered. N Perkovic further clarified 
definitions of some variables. A Just suggested to put recommendations in the paper. 
V Rajcic added the results can be applied to products for doors and windows.  
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P Dietsch asked about cross section width and charring rate. N Perkovic responded a 
higher notional charring rate was calculated; however, 0.75 mm from EC5 Part 1 and 
2 was used as charring rate. 

P Dietsch commented about placing mineral wool in the cavity which would reflect 
energy and hence increase temperature in the wood. N Perkovic agreed and saw 
increase in heat flux in results.  He will think about alternative insulation materials. 

 

FRACTURE MECHANICS 

58‐19‐1  Tenon connections – Consideration of brittle failure by fracture mechanics 
approach ‐ T Claus, W Seim 

Presented by T Claus 

S Franke asked whether mode 1+2 was considered. T Claus responded they always 
used a fracture energy approach. S Franke suggested to compare results with model 
from B Franke. T Claus responded that more tests on GL for a material model will be 
needed. 

H Blass received clarification he,2 is based on height of secondary member. 

S Winter asked whether impact from model results have been cross‐checked for 
practice. T Claus responded that the model is safer: 10.6 kN vs 16 kN compared to EC 
model. 

A Frangi received clarification that comparisons were done between mean values and 
probabilistic approach to achieve characteristic values. 

P Dietsch commented that there are previous works on multiple tenon joints and 
suggested to study the influence of tolerances in the multiple tenon joints. 

 

NOTES 

Five notes were presented. 

 

ANY OTHER BUSINESS 

Open discussion of five topics was conducted related to operation of the INTER 
meeting. 

a) C Sandhaas made a proposal on the publication of proceedings for future INTER 
meetings. It was agreed that the on‐line version of the INTER proceedings will 
continue and printed versions of the proceedings will be available as print‐on 
demand only. DOI will be given for each individual paper. For this, an abstract and 
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keywords for each paper will be needed. The minutes of discussion of the paper 
will appear before the paper which can sometimes act as warning of the content.   

b) The Chair proposed that each accepted paper is reviewed by one expert on the 
topic. The expert will provide comments and review at the start of the meeting for 
the author to address. This is intended to increase the quality of the papers. The 
end of September will be the deadline for making changes to papers based on 
feedback of the review and discussion during the meeting. Participants agreed with 
the proposal unanimously. 

c) The Chair proposed the maximum time of 20 minutes for the presentation as a 
hard ceiling, hence the objective should be 16‐17 minutes presentation time. The 
Chair and Secretary will aim for 25 papers as a maximum with ~ 35 minutes per 
paper. Discussions of the paper involving elemental questions on methods, 
interpretation of findings, errors, conclusions, and concerns are of prime 
importance and will be issues to be included in the minutes. He asked the 
participants to consider this when formulating questions, some types of questions 
could be asked during breaks as well. Questions asked in the meeting need to be 
concise and clear. The Chair proposed that presentation of notes will allow some 
questions in case the presentation time is below 10 minutes. The total time 
allowed per note will remain at 10 minutes including questions to the note. Total 
time to be allowed for all notes will be 1 hour. The participants all agreed. 

d) The Chair proposed two options to ensure INTER papers meet the traditional intent 
of INTER to discuss research results related to timber structures with the aim of 
transferring them into codes and standards. A hard option requiring each accepted 
abstract meeting a minimum score in the category of “relation to standards or 
codes” during abstract review and a soft version based on selection of papers from 
a threshold group with the higher score in the category of “relation to standards or 
codes” during abstract review. Voting on the options was very close with the soft 
version having one extra vote. It was suggested that the chair consider both 
options during the selection of abstracts during next year as this will be an evolving 
process. 

e) L Kramer proposed to set up a shared database for timber engineering research. J 
Töpler commented that a modeling database is available and on‐going led by 
FPInnovations. All participants are supportive of the proposal. The key is to find 
funding to support the initiative. P Dietsch asked interested parties to coordinate 
and plan for a short report to identify challenges. Senior members can then work 
together towards securing funding for this initiative. 
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VENUE AND PROGRAMME FOR NEXT MEETING 

R Tomasi invited the participants to attend INTER 2026 at Norwegian University of 
Life Science in As, Norway, on August 24 to 27, 2026. 

Venue in 2027: University of British Columbia, Vancouver, Canada, August 9 to 12, 
2027 (a week before WCTE). 

Venue for 2028 is open. 

 

CLOSE 

The host Prof C Girgin and team from Yildiz Technical University thanked the 
participants for coming to Türkiye for INTER 2025. 

The Chair thanked the host for their hospitality. He thanked the participants, the 
authors, and the presenters for contributing to INTER 2025.   

The Chair thanked Carmen Sandhaas for organizing the INTER proceedings and her 
hard work and support for INTER.  

Chair thanked Frank Lam for his continued support to CIBW18 and INTER over the 
years. 
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3  INTER Papers, Istanbul 2025 
 

58 ‐ 1 ‐ 1  Enhancing the concept of overstrength in timber engineering: 
A proposal for a broader and more reliable application ‐  
B Azinović, R Brandner

58 ‐ 5 ‐ 1  A binary visual‐based classification model for grading 
reclaimed structural timber for reuse ‐ A Aloisio, D P Pasca,  
Y De Santis, M Fragiacomo, H Burkart, A Øvrum 

58 ‐5 ‐ 2  Tension strength, stiffness and visual grading of red pine 
structural boards in accordance with Turkish Standard TS 
1265‐ 2012; Effect of knot diameter ‐ F Kurul, M Özdemir,  
İ Tuna, T Yılmaz, M Arslan, S Ermiş, T Dündar 

58 ‐6 ‐ 1  Deformation level and specimen geometry in compression 
perpendicular to the grain of solid timber, GLT and CLT timber 
products ‐ D P Pasca, A Aloisio,  
F M Massaro, H Stamatopoulos, Y De Santis, A Øvrum 

58 ‐ 6 ‐ 2  Experimental study on timber compression and shear: effects 
of slope of grain and presence of screws ‐  
N López Rodríguez, J M Cabrero, I Arteaga Jordá,  
P Guindos Bretones

58 ‐ 7 ‐ 1  Linear approximation of an elasto‐plastic extension of the 
Johansen theory to predict the deformation of dowel‐type 
fasteners ‐ J Riepe, J Díaz, J Schänzlin

58 ‐ 7 ‐ 2  Influence of steel properties on the ductility of connections: 
An explorative experimental investigation ‐ L Kramer,  
M Geiser, L Furrer

58 ‐ 7 ‐ 3  Fatigue behaviour of threaded rods bonded into glued‐
laminated timber for application in bridge construction ‐  
R Steiger, B Zumbrunn‐Maurer, L Kramer, T Strahm,  
E Gehri 

58 ‐ 7 ‐ 4  Birch and laminated densified dowels for timber connections ‐ 
an experimental study ‐ A Aloisio, R Tomasi, Y Wang,  
R Crocetti 

58 ‐ 7 ‐ 5  Resistance to brittle failure of connections with inclined STS in 
CLT loaded along the major strength direction ‐  
T Tannert, A Einipour, J Zhou, A Salenikovich 

58 ‐ 7 ‐ 6  Probabilistic block shear failure mode model ‐  
N López Rodríguez, R Cruz Hidalgo, J M Cabrero,  
P Guindos Bretones
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58 ‐ 7 ‐ 7  Load‐bearing behavior of PMPF connections with air gap 
between PMPF and timber ‐ D Staiger, H J Blass 

58 ‐ 15 ‐ 1  Lateral stiffness of light timber‐framed shear walls with 
cladding ‐ proposal for an analytical model ‐ L Rauber,  
B Hoffmeister

58 ‐ 15 ‐ 2  Experimental investigation of a two‐storey full‐scale CLT 
structure with resilient rocking walls for seismic behaviour 
factor determination ‐ S R Agarwal, A Hashemi, P Quenneville

58 ‐ 15 ‐ 3  Determination of Canadian seismic force modification factors 
for post‐tensioned cross‐laminated timber rocking walls ‐  
H Zhu, M A Bezabeh, A Iqbal,  
M Popovski, Z Chen

58 ‐ 15 ‐ 4  Studies on fluid forces acting on wood house under flood ‐  
T Tsuchimoto, S Hirano, Y Takadate

58 ‐ 16 ‐ 1  Performance of bond lines in different fire related small‐scale 
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1 Introduction 
1.1 Technical background and impetus for the work 

Unforeseen and hardly predictable sudden collapses of structures need to be avoided. 
Structures that allow excessive plastic deformations as a result of local or global over-
loading are desirable not only to warn of an approaching collapse, but also to poten-
tially activate less stressed components and structural areas by local stresses and 
global load (re)distribution in statically indeterminate structures, which could also in-
crease their robustness (cf. Jorissen & Fragiacomo (2011)). To ensure that such plastic 
deformation occurs before brittle failure, a clear failure hierarchy must be followed 
that prioritises the yielding of the ductile regions while preventing the brittle regions 
from reaching their load-bearing capacity. According to the Load and Resistance Factor 
Design (LRFD) framework this is usually expressed by 

𝑅b,d ≥ 𝛾Rd ∙ 𝑅d,d ⇔ 𝑅b,k ∙
𝑘mod

𝛾M
≥ 𝛾Rd ∙ 𝑅d,k ∙

𝑘mod

𝛾M
  

(1) 

where Rb,d and Rd,d are the design values of the brittle and ductile resistances, respec-
tively, Rb,k and Rd,k are as the corresponding characteristic values, kmod is the modifica-
tion factor, γM is the material partial safety factor and γRd is the so-called overstrength 
factor. This approach, known as capacity-based design, is based on two key concepts: 
the concept of overstrength design, which aims to maintain the intended failure 
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hierarchy, and the concept of ductility, which allows failure modes to be categorised 
as either brittle or ductile. While capacity-based design is widely accepted, particularly 
in earthquake engineering, the discussions on overstrength and ductility in timber en-
gineering reveal ongoing uncertainties that underline the need for further develop-
ment, standardisation, and regulation of these concepts. 

Focusing on the concept of overstrength, there are a number of different contributions 
to γRd; according to Mitchell et al. (2003) and Schick (2017), these are: (i) the use of 
standardised, non-optimised dimensions of components (geometry aspect), (ii) differ-
ences between characteristic (nominal) and design values (safety aspect), (iii) differ-
ences between experimental and characteristic (nominal) capacities calculated using 
engineering models (model aspect), (iv) material dependent activatable reserve capac-
ities, such as strain hardening in steel (material aspect), and (v) additional capacities 
activated by system actions (system aspect).  

In timber engineering there are even more aspects, such as equal material partial 
safety factors and modification factors, which are argued by ease-of-use and general 
conservativity in design, size and volume effects, freedom in the definition and deter-
mination of characteristic values, uncertainties caused by varying grading procedures 
possible for achieving the same strength class as well as limits in determining over-
strength from experiments; for more details cf. Brandner & Azinović (2025). In this re-
spect, conservatism in nominal values and engineering models must not lead to con-
servative design of structures in all cases, as it can be the case with overly conservative 
yield capacities, for example.  

 
Figure 1. Definitions of the overstrength factor in the context of structural reliability analysis with 
action E, ductile capacity Rd and brittle capacity Rb: (a) definitions of Schick (2017) and Jorissen & 
Fragiacomo (2011); (b) definition of Schick et al. (2013) (please note: “…” indicates partial 
overstrength factors). 
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In the past various definitions for the overstrength factor had been developed. Related 
to timber engineering and with focus on earthquake design (γM & kmod = 1.0), Mitchell 
et al. (2003), Jorissen & Fragiacomo (2011), Šušteršič et al. (2011), and Schick et al. 
(2013) (see Figure 1) defined overstrength within the LRFD framework and in principle 
as ratio between extreme upper and lower quantile values of the ductile resistance, 
with γRd = Rd,0.95 / Rd,d. These definitions involve the safety and model aspect as well as 
the variability of Rd and set a clear limit for the design value of the brittle resistance, 
with Rb,d ≥ Rd,0.95. However, since this group of definitions only considers the ductile 
resistance but no interaction with the brittle resistance, there is no possibility to con-
trol the additional safety in the latter. Such a control mechanism is explicitly included 
in the second group of definitions, which uses the structural reliability analysis frame-
work and treats Rd as action and Rb as resistance, with pf,Rd = P(Rb ≤ Rd) as failure prob-
ability, i.e. the probability of brittle prior ductile failures; cf. Deam (1996), Brühl et al. 
(2014), Schick (2017) and Aloisio et al. (2023; 2024) (see Figure 1). However, none of 
these definitions allows control over the probability of failure of the brittle part and 
ensures that it is lower than that of the ductile part by the additional safety to be de-
fined. This is because there is no direct control of Rb against the action E.  

Studies in Brandner & Azinović (2025) clearly show that with realistic settings of the 
statistical distributions and parameters for E, Rd and Rb, the design of structural com-
ponents according to the overstrength definitions of both groups can lead to less safety 
than intended and even to cases where the failure of the brittle part becomes more 
likely than that of the ductile part.  

 

1.2 Objective of the study  

Motivated by this, after a quick recap of past overstrength definitions for timber engi-
neering the paper will present an alternative definition for the overstrength factor, 
formulated within the structural reliability analysis framework as a logical consequence 
of system reliability analysis in Brandner & Azinović (2025). It considers the whole sys-
tem of action(s) E as well as the ductile Rd and brittle resistances Rb and directly trans-
lates the stated demand in capacity-based design that Rb needs to be overdesigned to 
achieve a ductile failure, which means that pf(Rb) < pf(Rd) <=> P(Rb ≤ E) < P(Rd ≤ E), with 
pf(.) as the failure probability. This new, alternative definition is compared with the 
current definitions for γRd from both previously introduced groups in frame of a param-
eter study, in which the statistical distribution models and its parameters are varied 
with focus on the variabilities of Rd and Rb.  

Focusing on statistical distribution models frequently applied and recommended for 
representing E, Rd and Rb (c.f. JCSS (2001)) as well as realistic parameter settings (with 
focus on realistic ranges of variabilities), the aim is to identify possible future regula-
tions for the overstrength factor by transferring the outcomes from structural reliabil-
ity analyses into the LRFD framework. Such recommendations are considered reason-
able depending on (groups of) resistances and ratios between coefficients of variation 
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(uncertainties) of Rb and Rd. In doing so, the authors see it as relevant to consider duc-
tility and overstrength not only for accidental load scenarios but more generally, also 
for characteristic (permanent) load scenarios. 

2 Assessment of overstrength factors 
2.1 Review of overstrength definitions related to timber engineering 

As quickly introduced in Section 1.1, past definitions of overstrength can be divided in 
definitions in frame of (i) the LRFD framework and (ii) structural reliability analysis. 

Starting with the first group (i), the work of Jorissen & Fragiacomo (2011) need to be 
mentioned: They defined the overstrength factor as ratio between the 95 %-quantile 
and the design value of the ductile load-bearing capacity, as product of three partial 
factors, given as  

γRd =
𝑅d,0.95

𝑅d,d
=

𝑅d,0.95

𝑅d,0.05
∙

𝑅d,0.05

𝑅d,k
∙

𝑅d,k

𝑅d,d
= γsc ∙ γan ∙ γM   

(2) 

whereby γsc accounts for the variability within the experimentally determined ductile 
capacity (statistical aspect), γan for the model bias and model uncertainty at the level 
of 5 %-quantile values (model bias and model uncertainty aspect), and γM to prevent 
ductile failures with nominal reliability. Inserted in Eq. (1), the design requirement acc. 
to the LRFD framework gives Rb,d ≥ γRd Rd,d <=> Rb,d ≥ Rd,0.95.  

Šušteršič et al. (2011) defined γRd as the product of two partial factors, the overdesign 
factor γod = Rd,d / Ed (= inverse of the degree of utilisation; allows explicitly to account 
for higher than demanded ductile capacity, which is implicitly also considered in γRd 
acc. to Mitchell et al. (2003) and Schick (2017)) and the principle overstrength factor 
γRd = Rd,0.95 / Rd,d, with Rd,0.95 calculated directly from experiments. In seismic design (γM 
& kmod = 1) it simplifies to Rd,0.95 / Rd,0.05 which corresponds to γsc of Jorissen & Fragia-
como (2011).  

Schick et al. (2013) defined the overstrength factor as ratio between the 95 %-quantile 
value of the experimental ductile capacity and the characteristic capacity estimated 
from engineering models, i.e. γRd = Rd,exp,0.95 / Rd,mod,k, which, in seismic design, equals 
again the definition of Jorissen & Fragiacomo (2011). They also divided γRd in three, but 
in comparison with Jorissen & Fragiacomo (2011), differently defined partial factors, 
see Figure 1 (b), which are given as  

γRd =
𝑅d,exp,0.95

𝑅d,mod,k
=

𝑅d,mod,mean

𝑅d,mod,k
∙

𝑅d,exp,mean

𝑅d,mod,mean
∙

𝑅d,exp,0.95

𝑅d,exp,mean
= γmat ∙ γmech ∙ γ0.95   

(3) 

whereby γmech, as model bias, is associated with mechanical effects (e.g. friction, con-
servatism in design rules, differences between nominal (ordered) and delivered quali-
ties). This definition explicitly divides Rd in two density functions, one for the engineer-
ing model f(Rd,mod) and one for the experiments f(Rd,exp). This allows a clear definition 
of all measures contributing to γRd, the model bias, model uncertainties and additional 
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variabilities coming from, for example, differences between samples, batches and pro-
ducers. 

For the second group (ii), the works of Deam (1996), Brühl et al. (2014), Schick (2017) 
and Aloisio et al. (2023; 2024) must be named.  

Like Deam (1996) also Brühl et al. (2014) and later Brühl & Kuhlmann (2017) and Brühl 
(2020) deduced γRd from structural reliability analyses with g(X) = Rb – γRd Rd as limit 
state function, by treating Rd as action and Rb as resistance. Brühl et al. (2014) stressed 
the need to consider variabilities in both capacities as well as their possible correlation. 
This formulation has the advantage that γRd is not only linked with the ductile capacity; 
however, there is still no proof that pf(Rb) << pf(Rd). Anyway, Brühl et al. (2014) recom-
mended to set the safety margin between Rb and Rd in relation to the consequence 
classes in EN 1990 (2010). 

Schick (2017) and Seim & Schick (2018) defined γRd again within the structural reliability 
framework by setting pf,Rd = 0.04 (βRd = 1.75) in reference to the NZS 4203 (1992). The 
design point is then calculated acc. to Rb,d = Rd,d <=> Rb,mean – αb βRd σb = Rd,mean + αd βRd 
σd, with g(X) = Rb – Rd = 0 and pf,Rd = P(g(X) ≤ 0), with αb and αd as sensitivity factors and 
σb and σd as standard deviations, respectively, for the brittle and ductile load-bearing 
capacities. The overstrength factor γRd is defined as product of two partial factors γ*

Rd 
and γ*

m given as 

γRd = γRd
∗ ∙ γm

∗ =
𝑅d,mean+αdβRdσd

𝑅d,k
∙

𝑅b,k

𝑅b,mean−αbβRdσb
  (4) 

A similar approach was applied in Aloisio et al. (2023, 2024), who focused especially on 
separating bias and uncertainty in estimating the ductile capacity in aleatoric and ep-
istemic parts.  

To summarise in brief, overstrength definitions acc. to Mitchell et al. (2003), Jorissen 
& Fragiacomo (2011), Šušteršič et al. (2011) and Schick et al. (2013), group (i), use the 
LRFD framework and concentrate only on the ductile load-bearing capacity. They de-
fine γRd as ratio between the 95 %-quantile value from experiments and the character-
istic value of the ductile capacity as used in the design, so that a brittle failure prior to 
a ductile failure becomes unlikely. Any interactions between Rd and Rb as well as Rb and 
E remain unconsidered. Deam (1996), Brühl et al. (2014) and Schick (2017), group (ii), 
deduce the overstrength factor from structural reliability analyses on component level, 
with Rd as action and Rb as resistance. This allows to consider the distributions and 
moments of them, however, the interaction of Rb and E again remains uncontrolled. 
Furthermore, the presented overstrength concepts are usually formulated for specific 
limit states. An operational definition of overstrength which allows to apply the con-
cept on a more general basis is still missing.  

2.2 Formulation of a new concept of overstrength 

Current definitions of overstrength directly / indirectly check the failure probability of 
the ductile part pf(Rd) and assume that placing the density function f(Rb) right to f(Rd) 
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guarantees pf(Rb | E) < pf(Rd | E), but this is not always the case, as exemplarily demon-
strated in Brandner & Azinović (2025). Acc. to the presented outcomes, it is neither 
sufficient to set overstrength requirements by sole discussion of variability, bias and 
uncertainty of Rd nor by structural reliability component analysis with Rd and Rb, re-
spectively, as action and resistance. This becomes obvious in case of CoV[Rd] << 
CoV[Rb], a typical circumstance in timber engineering where ductility usually needs to 
be realised in steel (metal) parts, such as dowel-type fasteners and fittings, which usu-
ally feature much lower variabilities in its properties than timber products. However, 
it depends also on the statistical distribution models chosen for representing the action 
E as well the resistances Rb and Rd, especially on the tail characteristics of the distribu-
tion models, i.e. the upper tail of E and the lower tails of Rd and Rb.  

To meet the target failure hierarchy that ductile prior brittle capacities are reached 
with set reliability and along the whole structural hierarchies (from the hierarchy of 
structural components, fastener and joints up to the hierarchy of the overall construc-
tion), the interactions of Rd and Rb with the action(s) E need to be considered. To ac-
count for this, a new definition of overstrength was defined within the framework of 
structural reliability system analysis, as published in Brandner & Azinović (2025). This 
approach, although deduced from structural reliability analyses at system level, is still 
formulated at component level. Conditioning that pf(Rd) = pf,d ≤ pf,0, with pf,0 as the 
target (nominal) failure probability (e.g. pf,0 = 10–6 acc. to Eurocode 0 (2010)), is en-
sured by the limit state function g(X1) = (Rd / E) = 1.00, with failure probability P(g(X1) ≤ 
1.00) = P(Rd / E ≤ 1.00) = pf,d ≤ pf,0, a second limit state function g(X2) = (Rb / E) = 1.00 is 
defined, with P(g(X2) ≤ 1.00) = P(Rb / E ≤ 1.00) ≤ pf,d pf,Rd, with pf,Rd as probability to 
observe brittle before ductile failure. In doing so, the failure probability for the brittle 
component pf(Rb) = pf,b has to fulfil pf,b ≤ pf,d pf,Rd, or in the limit case with pf,d = pf,0, the 
additional safety for brittle capacity is directly multiplied by the target probability re-
quired for the ductile capacity. With pf,0 = 10–6 and pf,Rd = {10–1; 10–2}, for example, the 
probability of brittle failures would become pf,b ≤ {10–7; 10–8}.  

This new approach is a logical consequence of structural reliability system analyses of 
the serial chain of ductile and brittle failure modes. Piluso et al. (2019) and Maglio et 
al. (2024), for example, conducted parameter studies analysing the reliability of mo-
ment-resisting steel frames following the principles of the theory of plastic mechanism 
control in a probabilistic setting. By defining the global failure as the design target 
which has to be reached, e.g. in 95 % of the cases before other local failures, over-
strength factors were calculated for different variabilities of yield strength as measures 
of aleatoric uncertainty. However, such analyses are scarce and the authors are not 
aware of comparable studies in timber engineering which, in contrast to steel struc-
tures, have to cope with much larger epistemic and aleatoric uncertainties. 
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2.3 Benchmark of the new concept with current approaches 

A sort of a benchmark on a theoretical level of the new concept with current ap-
proaches was presented in Brandner & Azinović (2025). Two cases with different com-
binations of statistical distribution models for the action E, the ductile Rd and the brittle 
resistance Rb were analysed: Case (i) {E; Rd; Rb} ~ Lognormal (LN) and Case (ii) E ~ Ex-
treme Value type I (EV-I; Gumbel), Rd ~ Normal (N) and Rb ~ Weibull (W). The following 
variabilities were defined for the benchmark study: CoV[E] = 30 %, CoV[Rd] = 5–15 % 
and CoV[Rb] = 15–30 %. The influence of the parameters was investigated using struc-
tural reliability analysis at the component level, which means that there is only one 
action (one exposure scenario) and one resistance, either ductile or brittle. As will be 
discussed later, typical ULS scenarios usually have a range of different actions and re-
sistances, which then require system reliability analyses. 

In Case (i) (all variables distributed lognormally), only the newly proposed approach 
maintained a consistent reliability ratio between Rb and Rd, expressed by βb / βd. De-
pending on the ratio between CoV[Rb] and CoV[Rd] existing approaches sometimes re-
sulted in overly conservative designs or even reliabilities below target levels. The back 
calculated overstrength factors γRd which correspond to the LRFD framework differed 
between the new and existing approaches by up to approximately 35 %, ranging from 
approximately 1.0 to 1.7. In Case (ii) (mixed EV-I, N and W distributions), the newly 
proposed approach again ensured a constant βb / βd ratio, unlike existing approaches. 
When CoV[Rb] > CoV[Rd] the existing approaches failed to maintain ductile failure prec-
edence. The differences between approaches are larger in Case (ii) where extremely 
high compensations were necessary, with overstrength factors up to ten times higher 
than for Case (i) demonstrating that both the variabilities and the chosen statistical 
distribution models strongly influence structural reliability and γRd. The overstrength 
factors γRd appeared to be extremely sensitive, ranging from approximately 0.9 to 20.0. 
Overall, this underlines the necessity of implementing the newly formulated approach 
in order to agree on the extra safety margin for brittle failures and the need for com-
prehensive structural reliability analyses so as to calibrate the overstrength factors ac-
cordingly to make them available for design processes within the LRFD framework. 
 

3 Parameter study  
3.1 Review on representative statistical distribution models for actions and 

resistances and corresponding variabilities  

The decision on a statistical distribution model for representing a random variable 
must be made with great care and with an awareness of the fact that it might have a 
significant influence on the calculated probability of failure, therefore also to the cal-
culation of the overstrength factors. Evaluation standards such as EN 14358 (2016) and 
ISO 12491 (1997) provide rules for common statistical distribution models but leave 
the choice to the user. In contrast, EN 1990 (2010) contains some recommendations 
for statistical distribution models, while PMC of JCSS (2001) gives more information 
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and detailed recommendations for statistical distribution models for a large number 
of action and resistance random variables. 

As shown in Brandner & Azinović (2025) the statistical distribution models used to rep-
resent the action E as well the resistances Rb and Rd, can have a major influence on the 
calculation of overstrength, the extent of which is also shown in Section 2.3. In order 
to create a realistic background for the overstrength calculation with the proposed 
approach, it is important to use realistic parameter settings. The following bullet points 
provide an overview of the recommended distribution models F(X) and, if available, 
the typical variabilities for actions and resistances, expressed as coefficients of varia-
tion (CoV[X]), that are relevant to the topic of this paper:  

• Permanent loads: F(X) ∼ N, CoV[X] 5–10 % (Schneider & Schlatter (1996); JCSS 
(2001); EN 1990 (2010); ISO 2394 (2015)) 

• Variable loads: F(X) ∼ {EV-I; LN; N}, CoV[X] = 15–50 % or higher (Schneider & 
Schlatter (1996); EN 1990 (2010); ISO 2394 (2015)) 

• Snow load: F(X) ∼ {EV-I; EV-II (Fréchet)} (Schneider & Schlatter (1996); JCSS (2001)) 

• Wind velocity: F(X) ∼ W (X10’,mean), CoV[X] = 20–30 %; F(X) ∼ EV-I (X10’,mean,max), 
CoV[X] = 25–40 %; F(X) ∼ EV-I (peak velocity), CoV[X] = 10 % [JCSS (2001)] 

• Spectral acceleration: F(X) ∼ LN, CoV[X] = 50–60 % or higher [Abrahamson & Silva 
(1997); EN 1998 (2005)] 

• Material props./resistances/model uncertainties: F(X) ∼ {LN; N; W} (EN 1990 
(2010)) 

• Material strengths: F(X) ∼ {N (ductile); LN (multiplicative); W (brittle)} (Sørensen 
(2004)) 

• Structural steel: F(X) ∼ LN, CoV[X] = 4–7 % (JCSS (2001)) 

• Reinforcing steel: F(X) ∼ N, CoV[X] = 5 % (JCSS (2001); ISO 2394 (2015)) 

• Concrete: F(X) ∼ LN, CoV[X] = 6 % (compr.); F(X) ∼ LN, CoV[X] = 30 % (tens.); F(X) ∼ 
LN, CoV[X] = 15 % (MOE) (JCSS (2001)) 

• Structural timber: F(X) ∼ N (compr. perp.; density), CoV[X] = 10 %; F(X) ∼ W (tens. 
perp.), CoV[X] = 25 %; F(X) ∼ LN (bending; shear), CoV[X] = 25 %; F(X) ∼ LN (ten-
sion par.), CoV[X] = 30 %; F(X) ∼ LN (compr. par.), CoV[X] = 20 %; F(X) ∼ LN (elastic 
prop.), CoV[X] = 13 % (JCSS (2001)) 

• Glulam: F(X) ∼ LN (bending strength), CoV[X] = 15 % (JCSS (2001)) 

• Fatigue analysis: F(X) ∼ {N; LN; W} (Sørensen (2004)) 

• Model uncertainties (general): F(X) ∼ {LN; N}, CoV[X] = 3–15 % (ISO 2394 (2015)) 

• Model uncertainties (specific): F(X) ∼ LN (M & V in frames), CoV[X] = 10 %; F(X) ∼ 
LN (steel bend. & shear), CoV[X] = 5 %; F(X) ∼ LN (steel welded conn.), CoV[X] = 
15 %, bias 1.15; F(X) ∼ LN (steel bolted conn.), CoV[X] = 15 %, bias 1.25 (JCSS 
(2001)) 
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3.2 Setting of analysed cases and applied methods 

In exemplifying code calibration for structural timber, Kohler & Fink (2015) treated the 
resistance (CoV depending on the specific resistance variable) and model uncertainty 
(CoV 10 %) as lognormal variables, permanent loads as normal (CoV 10 %) and variable 
loads as Gumbel (EV-I) variables (CoV 40 %). Furthermore, for timber structures typical 
/ meaningful ratios of permanent to total loads, given as α = G / (G+Q), were identified 
within 0.1 and 0.8. Kohler & Fink (2015) covered different design situations (i.e. differ-

ent αi values) by aligning to the target probability 𝑝f,i = 𝑃{𝑔i(𝑋, 𝑅̂, 𝐺̂, 𝑄̂)} < 0 and by 

considering the following limit state equation  

𝑔i(𝑋, 𝑅̂, 𝐺̂, 𝑄̂) = 𝑧i
∗𝑋𝑅̂ − 𝛼i𝐺̂ − (1 − 𝛼i)𝑄̂ = 0  (5) 

where 𝑧i
∗ are calibrated design solutions with an acceptable failure probability pf,i, 𝑅̂, 

𝐺̂ and 𝑄̂ are resistance and loads represented as random variables and normalised to 
a mean value of 1 and X is the model uncertainty. In this paper, Eq. (5) was used to 
calculate the optimal 𝑧i

∗ value for designing the ductile and brittle parts to the selected 
target probability values of pf,d ≤ 10–6 and pf,b ≤ {10–7; 10–8}.  

Based on own experience in statistical analysis of experimental data and for simplifica-
tion, it is suggested to represent strength, elastic properties and density of timber and 
timber products generally as lognormal random variables; cf. Brandner (2013). This is 
also true for tension perpendicular to the grain as well as compression parallel to the 
grain where JCSS (2001) gives also other recommendations. In general, it needs to be 
outlined that timber, as hierarchically organised natural material, is characterizable by 
quasi-brittle to ductile failure behaviour, far from ideal brittle as it is fundamental for 
the Weibull theory of materials; cf. Weibull (1939).  

The calculation of the optimal 𝑧i
∗ values in the parameter study was performed in Wolf-

ram Mathematica v11.2 with a root-finding loop function via numerical integration for 
estimating the failure probability. The loop function calls calculation of failure proba-
bility while adjusting the statistical distribution parameters to find where the failure 
probability matches the selected target. The root-finding function uses Newton-
Raphson or a hybrid secant method. The numerical integration used in Mathematica 
v11.2 uses adaptive numerical quadrature for simple regions, while it switches to 
Monte Carlo sampling for complex conditions. The overstrength factors are finally cal-
culated by defining the quantile ratio γRd = Rb,0.05 / Rd,0.05, therefore transferring the 
outcomes from structural reliability analyses to the LRFD framework. The quantile val-
ues are computed analytically.  

For the parameter study key sources of uncertainty and the loading ratio α where var-
ied in the structural reliability model. Table 1 shows the analysed key parameters, 
which were combined to analyse altogether 60 different cases. For each case, the so-
lution was sought by either considering the modelling uncertainties or without model-
ling uncertainties as well as for two different target probabilities for the brittle part (i.e. 
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pf,b ≤ {10–7; 10–8}). Therefore, four different solutions were calculated for each case: (i) 
γRd,with X|pf,b = 10–7; (ii) γRd,without X|pf,b = 10–7; (iii) γRd,with X|pf,b = 10–8 and (iv) γRd,without X|pf,b 
= 10–8. For the reference case the underlined parameters were selected. The model 
uncertainty for the brittle part (Xb) was considered as a lognormal random variable 
with CoV[Xb] = 10 % and a mean value of 1.0 and was not varied in this study.  

This systematic variation of parameters enabled to analyse how the selected factors 
affect the calculated reliability for ductile and brittle failures and consequently the cal-
culation of the required overstrength.  

Table 1. Parameters and their settings as analysed by the parameter study. 

parameter variation (reference setting underlined) 

CoV[G] (abbrev. “VG”); G ~ N {5; 10} % 

CoV[Q] (abbrev. “VQ”); Q ~ EV-I {20; 30; 40} % 

α = G / (G + Q) {0.10; 0.50; 0.80} 

CoV[Rd] (abbrev. “VRd”); Rd ~ LN {5; 10; 15} % 

E[Xd] | CoV[Xd] = 10 % (abbrev. “Xdm”); Xd ~ LN {1.00; 1.15; 1.30} 

CoV[Rb] (abbrev. “VRb”); Rb ~ LN {10; 15; 20; 25; 30; 35} % 

 

3.3 Results and discussion of the outcomes from the parameter study 

Overstrength factors calculated from simple structural reliability analyses are pre-
sented in Figure 2. The graph shows the calculated overstrength factor variation (ver-
tical axis) across different parameter studies (horizontal axis). The horizontal axis is di-
vided into blocks with a different colour indicating a group of which parameters are 
varied — from a reference case through variations in CoV[G], CoV[Q], CoV[Rd], CoV[Rb], 
mean value of Xd, α and combinations of these. Different lines compare how the results 
change under different target failure probabilities for the brittle part (pf,b = 10⁻⁷ and 
10⁻⁸) and whether the modelling uncertainties of the ductile (Xd) and brittle part (Xb) 
are included or not. 

The conclusions and observations drawn from the analysed cases are summarized in 
the following bullet points:  

• A higher variation of G (case 2) had no influence on γRd, as it is still much smaller than 
the variation of Q. 

• Looking at cases {3; 4} compared to case 1, the consideration of the model bias E[Xd] 
> 1.00 had no effect on γRd; this is because it was directly compensated by higher 
zd-values. In common design practice, the bias coming from the models used to 
estimate the characteristic properties and/or from differences between the or-
dered and delivered product quality may not be directly taken into account; in such 
cases, the bias can be defined as a multiplication factor γbias applied directly to the 
overstrength factor, i.e. γbias · γRd.  
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• By setting the resistance part as default and just varying α and CoV[Q], it turns out 
that γRd increases with increasing α and decreasing CoV[Q], i.e. in the cases analysed 
it is maximum at α = 0.8 and CoV[Q] = 20 %. The Increase in γRd with increasing α is 
due to the circumstance that the variation of the action is decreasing but still con-
tains a specific share of the highly variable component of the variable loads Q. 
Higher γRd values at lower CoV[Q] can be explained by the fact that in these cases 
the distance from f(Rd) to f(E), with f(Rd) and f(E), as density functions of the ductile 
resistance and the action, is rather small as both have quite small variations. How-
ever, since the variation of Rb is much larger (CoV[Rb] = 25 %) compared to CoV[Rd] 
= 5 %, f(Rb) must lie further to the right, which leads to higher γRd values. 

• The consideration of the model uncertainty, expressed by the random variables Xd 
and Xb, as multipliers for the ductile and brittle resistances, leads to greater overall 
variability of both resistances. However, as the uncertainty is similar for both re-
sistance parts, the effect on the overstrength factor is small. The ratio γRd,without X / 
γRd,with X is on average close to one (0.99 for pf,b = 10⁻7 and 0.98 for pf,b = 10⁻8) and 
within a range of 0.95 to 1.04. In this context it should be noted that the estimated 
γRd values are also subject to some uncertainty due to the applied structural relia-
bility approach. Nevertheless, ratios above 1.00 have in common α = 0.8, CoV[Rd] = 
{10; 15} % and COV[Rb] = {25; 30; 35} %, i.e. a high proportion of the permanent to 
total load in combination with variations of the resistances in the upper range.  

• The analysis of different combinations of CoV[Rd] = {5; 10; 15} % and CoV[Rb] = {10; 
15; ...; 35} % shows that the overstrength factor increases with increasing CoV[Rb] 
and decreasing CoV[Rd], i.e. the greater the difference between the variation of the 
ductile and the brittle part, the higher γRd. However, it is also shown (case 17) that 
the new approach used to calculate the overstrength factor based on simple relia-
bility analyses enables even overstrength factors < 1.00 when CoV[Rb] < CoV[Rd].  

• In the last block of results (cases 33 to 60), different settings for CoV[Q], α, CoV[Rd] 
and CoV[Rb] were analysed. Apart from cases {53; 54} and {57; 58}, with CoV[Rd] = 
CoV[Rb] = 15 %, the γRd-values for CoV[Q] = 20 % are higher than for CoV[Q] = 40 %. 
The reason for this has already been mentioned: < CoV[Q] consequence in a small 
distance between f(Q) and f(Rd) to fulfill the target failure probability of pf,0 = pf,d = 
10⁻6. Because of CoV[Rb] > CoV[Rd], f(Rb) must lie further to the right in order to also 
fulfill pf,b = 10⁻7 or 10⁻8. This circumstance is compensated for when CoV[Rd] = 
CoV[Rb]. The worst combination, i.e. the settings that lead to the highest over-
strength factors, is therefore an action dominated by permanent load (>> α) with 
small CoV[Q] (overall small CoV[E]) and CoV[Rd] << CoV[Rb].  

• The overstrength factors for pf,b = 10⁻8 are on average 1.14-times higher than for pf,b 
= 10⁻7 (range 1.08 to 1.22). The lower values are for cases with α = 0.8 and CoV[Rb] 
in the lower range of {10; 15} %, whereas in the upper range the cases feature α = 
0.1 and CoV[Rb] = {25; 35} %.  
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Figure 2. Overstrength factors based on simple structural reliability analyses for two different settings 
of the target failure probability of the brittle part (pf,b = 10⁻7 & 10⁻8) and with / without consideration 
of the model uncertainty of the ductile(Xd) and brittle part (Xb). 

 

4 Proposal for the regulation of overstrength 
factors 

The need to implement the newly formulated approach to determine the overstrength 
factor in a way to achieve the additional safety margin and to avoid brittle failure has 
been emphasized in the previous chapters. In order to achieve the objective and iden-
tify possible future regulations for the overstrength factor, the results of the structural 
reliability analyses were transferred to the LRFD framework. Going one step further, 
the overstrength factors should depend on (groups of) resistances and ratios between 
coefficients of variation (uncertainties) of Rb and Rd to define a meaningful design pro-
posal. Furthermore, this study highlights the importance of accounting for ductility and 
overstrength not just in accidental loading situations but also as a general considera-
tion for characteristic load scenarios. 

In standard design practice, the LRFD framework relies on characteristic load and re-
sistance values, while expected values, typical coefficients of variation and statistical 
distribution models are usually not provided in conventional (timber) codes. To ensure 
the target safety / reliability levels, adjustment factors are provided to transform 

40

INTER / 58 - 1 - 1



 

characteristics properties into design properties, such as partial safety factors, material 
specific modification factors and others. For ease-of-use all these rules are based on a 
simplified and often uniform framework and overall conservatism. Therefore, it does 
not make sense to consider the above results from a simple reliability analysis directly 
in an LRFD framework. Simplifications and regulations on a conservative basis are again 
sought when transferring the results. 

One of the first decisions to be made concerns the amount of additional safety to pre-
vent brittle prior ductile failures. In the structural reliability analyses provided in this 
paper, two cases were analysed, pf,b = 10⁻7 and 10⁻8, i.e. pf,Rd = 10⁻1 and 10⁻2. NZS 4203 
(1992), meanwhile replaced by NZS 1170.5 (2004), regulates pf,Rd = 0.04 (permissible 
range 0.023–0.067) which lies in-between the analysed values in this paper. As the 
variabilities in timber strength properties are usually higher than for steel, pf,Rd in the 
range of 1–5 % seems to be a meaningful basis for discussion.  

In addition, the regulation of overstrength factors in classes could be a simple and eas-
ily applicable approach. A corresponding proposal can be found in Table 2. The classes 
are defined depending on the main influencing parameter, CoV[Rb]. 

 

Table 2. Proposal for a classification of overstrength factors to be applied within the LRFD framework. 

γRd | pf,Rd = {0.10; 0.01} CoV[Rb]* [%] examples 

 {< 10} specific cases** 

{1.40; 1.60} {10 – 20} strength graded structural timber (compression 

perp.)  

structural timber products {glulam; CLT; LVL} 

(strength properties) 

embedment strength; withdrawal strength; head 

pull-through strength 

{1.65; 1.85} {20 – 25} strength graded structural timber (compression 

parallel) 

block shear; splitting; plug shear 

{2.45; 2.85} {25 – 35} strength graded structural timber (bending; tension 

parallel & tension perp.) 

*the CoV[Rb] here refers to the coefficient of variation of the undesired failure mode  

**beneficiary low overstrength factors are possible to determine by means of structural reliability 

analysis 

The maximum overstrength factors defined in Table 2 are exceeded in only one of the 
60 cases analysed, as shown in Figure 2, which is not unrealistic in principle, i.e. prac-
ticably possible, but clearly a rare case. However, it should be noted that the presented 
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classification applies only to strength graded and classified timber and timber products 
and that the highest CoV[Rb] considered in the analysis was relatively high (35 %).  

In addition to the overstrength factor in Table 2, material partial safety factors, modi-
fication factors, etc. must be taken into account for characteristic load scenarios. In 
general, any bias in respect to applied engineering models and bias caused by differ-
ences between ordered and delivered material quality, as often reported for steel 
dowel-type fasteners and fittings, especially for the lower steel classes, have to be con-
sidered too (cf. Gündel (2020)). As a result, the design value of the brittle, non-ductile 
part(s) need to fulfil Eq. (6).  

𝑅b,d = 𝑅b,k
𝑘mod,b 

γM,b
 ≥ 𝑅d,d ∙ γRd ∙ γbias = 𝑅d,k

𝑘mod,d

γM,d
∙ γRd ∙ γbias  (6) 

 

To put the proposed overstrength classes into perspective, the values from Table 2 
could be compared to the overstrength values defined by current LRFD approaches 
and reported in the literature. A short literature review of approximately 10 research 
campaigns on connections defining overstrength factors by existing LRFD approaches 
can be found in Ottenhaus et al. (2020). It is reported that overstrength factors for 
timber connections generally range from about 1.0 to 2.5, with isolated extreme cases 
exceeding 4.0, depending on the connection type, material, and loading direction. 
These published values are approximately in the range of the proposed overstrength 
classes, however, it needs to be noted that the values in Table 2 are without consider-
ing any bias. Further analyses should therefore be performed to define the influence 
of bias on the reserve capacity in timber joints.  

A sort of a first estimation on the bias from the delivered steel material can be found 
in Ottenhaus et al. (2020), where accidental overstrength, γerr, is discussed, which is 
introduced when materials with higher than specified (ordered) grades are supplied. 
In practice, this mistake often goes unnoticed since high strength steel is visually not 
different from mild steel and the error would only be discovered through experimental 
testing. Installation of the higher strength material can lead to unsafe (seismic) design 
since the connection may now no longer be the weakest link in the strength hierarchy. 
An example of large-scale hold-downs with dowels was presented and where γerr 
reached up to 1.17. Similarly, in Blaß & Colling (2015) the dowel bending and tensile 
tests also revealed that actual steel strength values often show significant over-
strength. Blaß & Colling (2015) showed that doweled timber connections often exceed 
design predictions, partly due to the inherent bias from the delivered mild steel dow-
els, although this is not explicitly stated. 
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5 Conclusions 
This study reviews the existing definitions of overstrength in timber construction and 
shows that the current design approaches cannot always ensure a clear hierarchy be-
tween ductile and brittle failure modes. For this reason, a new reliability-based ap-
proach is proposed that explicitly takes into account the statistical distribution models 
and the coefficient of variations of actions and resistances. A target additional safety 
for brittle failure is maintained by explicit control of the ratio between the probabilities 
for ductile and brittle failures, thus maintaining the intended failure hierarchy. 

The most important results of the study are presented in the following points: 

• Firstly, the findings from Brandner & Azinović 2025 were summarised, which illus-
trate that conventional LRFD-based overstrength factors may be insufficient, espe-
cially when the coefficient of variation for the brittle capacity significantly exceeds 
that for the ductile capacity. For example, for CoV[Rb] = 30 % and CoV[Rd] = 5 %, the 
required overstrength factor calculated by structural reliability approach, which is 
back calculated to the LRFD framework, can exceed γRd > 10, while conventional ap-
proaches would imply values closer to 1.5–2.0. Such high differences between the 
approaches were found when an unfavourable but still possible combination of rec-
ommended statistical distribution models (E ~ EV-I, Rd ~  N and Rb ~ W) occured.  

• In Brandner and Azinović (2025), the parameter study is based on a single action 
(one exposure scenario) and one resistance type at the component level, whereas 
in this paper, the parameter study extends this by considering a combination of ac-
tions (i.e. G & Q), for a more realistic mapping of typical ULS scenarios. 

• To ensure realistic, meaningful and practically relevant input data for the parameter 
study, a review on recommended statistical distribution models and typical CoV val-
ues for representing the random variables was carried out, since this information 
strongly influences the calculated overstrength factors from the proposed ap-
proach. 

• The parameter study has shown that different settings for the permanent and vari-
able loads and resistances, in particular their coefficients of variation, strongly influ-
ence the calculated overstrength factor. It was shown that the highest overstrength 
factors result when the permanent action dominates (high α) in combination with a 
low CoV[Q] and CoV[Rb] >> CoV[Rd]. This is because a small CoV[E] narrows the dis-
tance between the position of the statistical distributions of load and ductile re-
sistance and pushes f(Rb) of the brittle resistance further to the right to maintain the 
target reliabilities and intended failure hierarchy. 

• Practical recommendations for the classification of overstrength factors according 
to the variability of brittle components are given to assist designers in choosing ap-
propriate values for realistic design scenarios. The classification of overstrength fac-
tors should at least consider the variability of the brittle components, as dominating 
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parameter. It is discussed that a target reliability for not observing brittle prior duc-
tile failures should be agreed in the course of standardization. For timber structures, 
the probability of brittle prior ductile failures pf,Rd in the range of 1–5 % appears ap-
propriate as the strength is more variable compared to steel. 

• The proposed overstrength classes for a target probability pf,Rd = 10⁻¹ range from 1.4 
to 2.45. For materials and failure modes with lower scatter, such as strength prop-
erties of strength-graded structural timber in compression perpendicular to the 
grain, glulam, CLT, LVL, or basic connection properties (embedment; withdrawal; 
head pull-through), CoV[Rb] typically ranges from 10–20 %, giving a γRd = 1.4. For 
strength-graded structural timber in compression parallel to the grain and for brittle 
joint failure modes such as block shear, splitting and plug shear, a moderate CoV[Rb] 
of 20–25 % suggests γRd = 1.65. For high-scatter failure modes like bending or ten-
sion parallel or perpendicular to the grain in strength-graded structural timber, 
where CoV[Rb] can be 25–35 %, the required overstrength factor rises to γRd = 2.45. 
For pf,Rd = 10⁻2 and for the same classes, γRd = {1.60; 1.85; 2.85} are proposed. 

• In addition to the calculated overstrength factors, the approach in the paper is sup-
plemented by proposing an additional bias factor γbias to account for deviations in 
delivered to ordered material quality (quality bias) and tested to calculated proper-
ties, latter based on engineering models (model bias), which both can significantly 
affect the brittle and the ductile resistance. By incorporating this additional bias fac-
tor γbias as multiplier, the overstrength factors could increase, ensuring that the in-
tended failure hierarchy is maintained. Anyway, quality bias could be prevented if 
adequate quality assurance methods are applied.  

• Finally, the proposed overstrength classes (without quality and model bias) were 
compared to LRFD-based overstrength factors determined from tests on timber 
connections and reported in the literature. It was shown that the values are in a 
similar range. 

As part of future work, it is recommended to extend the considerations on ductility 
and overstrength beyond the scenarios for accidental to characteristic load scenarios 
to ensure the design of safe and robust timber structures in practice in a more general 
perspective. In addition, to validate the new approach, it would be necessary to gen-
erate a broader and more comprehensive set of international test data on fasteners 
and joints, including full background information such as test setups and load-displace-
ment curves. Another important aspect is that joints and connections feature a num-
ber of different failure modes which, modelled as a system, all are probable to a spe-
cific level. To make the analyses presented herein more realistic this aspect needs to 
be taken into account and the component-wise analysis extended to system reliability 
analyses. In respect to the quality and model bias, which both can significantly and 
additionally contribute to the overall multiplier on the ductile resistance, on the one 
hand the establishment of adequate quality assurance measures is highly recom-
mended (can be considered by simply adjusting γbias).  
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DISCUSSION 

The paper was presented by B Azinović 

H Blass asked whether all properties in Table 2 are considered as brittle failure (e.g. 
compression perpendicular to grain failures are not brittle). B Azinovic responded that 
these could be considered as failure modes that one wants to protect against. 

P Dietsch asked why for structural timber products such as GLT, CLT and LVL in Table 
2 the γRd‐values are considered without consideration of the failure modes of the 
strength properties such as shear or tension perp. that one wants to protect. B 
Azinovic agreed that this aspect could be improved. P Dietsch suggested that maybe 
one should consider properties that do not benefit from protection. 

JM Cabrero asked why distinguish between class 2 and class 3 materials as both are 
brittle failure modes. B Azinovic responded that COV are different in class 2 and class 
3. They further discussed differences between shear and tension perpendicular to 
grain failures. 

R Scotta commented about their Kyoto INTER paper in 2017 which showed the type of 
connection is important. He asked whether the connection type should be considered. 
He further pointed out the overstrength factor in Eqn. 6 should be a multiplier not 
divider. B Azinovic responded that he is not sure about the 2017 Kyoto paper but the 
concept would align with current paper. He will check about the overstrength factor. 

O Sisman and B Azinovic discussed the effect on different actions considered. 

S Winter commented that he did not get the ‐factor and different load duration 
situations in relation to how the overstrength factor would be changed. B Azinovic 

explained that  will change the shape of the distribution. S Winter further 
commented that Eqn. 6 is incorrect. 

S Franke commented on the overstrength factor and COV as some properties have 
significantly less COV than the state range in the paper. B Azinovic agreed that this 
could be examined further. 

A Ceccotti asked for a conclusive statement. B Azinovic concluded that the 
overstrength factor will need to be increased for unreliable properties. 

P Dietsch asked for reasoning why this paper was published in the Engineering 
Structures Journal first, hence beneficial comments from INTER experts are missed. B 
Azinovic stated that this INTER paper has additional features with the intent of 
another publication in another journal. 
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1 Introduction

The demolition sector generates vast amounts of waste, including wood waste, which

presents significant opportunities for reuse or recycling in structural applications (Ar­

belaez et al., 2019). The repurposing of recycled construction timber is in alignment

with regulatory frameworks, such as the European Union’s Circular Economy Action Plan.

Additionally, the increasing cost of virgin construction timber, driven by rising demand,

further underscores the importance of timber recycling. However, a primary obstacle to

higher recycling rates is the absence of standardized guidelines for regrading reclaimed

timber, as it often contains marks and damage from prior applications.

Assessing the mechanical performance of recovered timber presents unique challenges,

as traditional Visual Strength Grading (VSG) standards were designed for new timber

and do not fully account for the characteristic defects of reclaimed materials. This often

results in excessive downgrading (Cruz et al., 2015; Arriaga et al., 2021). Additionally,

these standards are tailored for specific species and growth regions, making them less

applicable to mixed­species reclaimed timber (Smith & Hicks, 2009).

Research on the mechanical behavior of recycled timber has primarily focused on evalu­

ating stiffness (Osuna­Sequera et al., 2020;Morales­Conde &Machado, 2017), density

(Osuna­Sequera et al., 2019; Martínez et al., 2020; Mariño et al., 2002; Acuña et al.,
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2011), and strength properties (Llana et al., 2023). Strength assessments have been

particularly concerned with the influence of irregular cross­sections and longitudinal

shrinkage fissures. However, limited research exists regarding the impact of holes on

the mechanical properties of reclaimed timber (Cavalli et al., 2016). The pioneering

study by Falk et al. (Falk et al., 2003) demonstrated that holes with diameters up to half

the allowable knot size for the assigned strength grade could be tolerated in Douglas fir.

The findings highlighted that hole positioning significantly affects strength, especially

when located near the tension edge of a bending member. Similar results were obtained

by Crews et al. (Crews & MacKenzie, 2008), who investigated recycled hardwoods in

Australia. Their work contributed to the development of an interim industry standard

that permitted holes equivalent to knot sizes within a strength grade in central board

regions, with stricter limitations for holes near the edges (Forest and Wood Products

Australia, FWPA (2008)).

More recent investigations have prioritized non­destructive testing (NDT) to assess

capacity and degradation effects associated with timber ageing (Llana et al., 2023).

However, these studies have largely overlooked the impact of hole­induced damage.

Addressing this gap, the present work introduces a classification framework for recycled

timber, explicitly considering hole distribution and characteristics from prior use.

To this end, a stochastic finite element (FE) model was developed in Abaqus to con­

duct stress analyses of planar beams containing randomly distributed hole patterns.

Dimensionless parameters derived from these simulations enabled the development of

a mechanics­based methodology to estimate bending strength reduction. The generated

dataset served as input for data­driven classification models, which could be seamlessly

integrated into a visual grading system for recovered timber beams. The proposed binary

classification approach, validated against experimental bending tests on beams with

predefined hole configurations, offers a practical method for assessing the structural

suitability of recycled timber. It should be noted that the experimental campaign did not

account for ageing effects on mechanical properties, as newly sourced beams were used.

Instead, artificial defects (i.e., holes) were introduced to simulate prior usage conditions.

2 Problem formulation

The Norwegian proposal for reclassifying recovered timber introduces a novel classifi­

cation system, the R­class, which contrasts with the conventional C­class used for new

structural softwood (prNS 3691­3:2023, 2024). The newly defined classes—R24, R18,

and R14—are directly correlated with the mechanical properties of their respective

C­class counterparts. According to the standard, reclaimed structural elements originally

graded as C30 can be reassigned to R24, C24 to R18, and C18 to R14. The characteristic

bending strength ratio between consecutive classes is approximately 80%, which serves

as the threshold for determining the reduction in bending strength capacity.
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Figure 1. Illustration of the workflow of this research, starting with the mechanics­based FE model with
experimental validation, used to generate a dataset for calibrating visual­based classification models of
reclaimed timber, discriminating among two classes: Reusable and Non­reusable timber beams.

This studymainly focuses on developing a robust binary classificationmodel for recovered

timber beams, predicting the loss of bending capacity based on the visual assessment

of artificial defects, specifically small­diameter round holes. The authors followed the

subsequent logical path to achieve this, as shown in Fig. 1.

First, a stochastic finite element (FE) numerical model was developed to generate rel­

evant configurations for training the classification model. Once the methodology was

experimentally validated, as reported in (Pasca et al., 2025), the authors utilized Monte

Carlo analysis results to predict bending strength reduction using an equivalent stress

approach. Subsequently, a database was compiled, incorporating hole configurations as

input and bending strength reduction as output, to develop suitable classificationmodels.

Various machine­learning classification models and simpler conditional models were

compared to assess their feasibility for standard implementation in grading recovered

timber.

3 Bending stregth estimation from FE model

Accurately predicting the bending capacity of timber beams containing such holes would

necessitate simulating the nonlinear fracture mechanics response across numerous

configurations while incorporating all potential uncertainties. Given the brittle­elastic

behavior of timber under bending loads, this study proposes an alternative method

that predicts the reduction in bending capacity through elastic stress analysis. This

computationally efficient approach facilitates the creation of a suitable training dataset

for data­driven classification models.

The classificationmodel is built on the hypothesis that failure is linked to localized strength

values around a given hole. The governing design inequalities can be formulated as:

{
σ11,m ≤ fm,
σij,hi ≤ fij, ∀{i, j} ∈ {1, 2}, ∀hi

(1)
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Where σ11,m is themaximum longitudinal tensile stress at themid­span, fm is the bending

strength, σij,hi is the maximum stress in the ij direction around the i­th hole hi and fij
is the strength in the ij directions, namely 11 (parallel to the grain), 22 (perpendicular

to the grain), and 12 (tangential), assuming a plane geometry of the beam and thus

assuming that the perforations are through­holes. The strength value fm is different

from f11. While the first is associated with the bending verification corresponding to the

timber class, the second is associated with the tensile failure of the wooden fibre (Baño

et al., 2011).

The goal is to assess the reduction of the bending capacity of the perforated beam

compared to the non­perforated reference configuration, based on linear elastic analyses.

Therefore, the stress verification around hole hi is defined as an equivalent bending check,

defining a bending strength associated with the effect of the perforation (fm,ij). The

following algebraic passages lead to the definition of an equivalent bending verification

of a perforated beam:

σij,hi ≤ fij⏟
Stress verification at the hi hole

→ σij,hi
σ11,m

σ11,m
≤ fij

fm

fm⏟⏟⏟⏟⏟⏟⏟
Algebraic manipulation

→ σ11,m ≤ fm
kstrength,ij

kstress,ij
= fm,ij

⏟⏟⏟⏟⏟⏟⏟⏟⏟⏟⏟
Equivalent bending verification

(2)

where kstrength,ij, kstress,ij and fm,ij, are defined as follows

kstrength,ij =
fij

fm
(3)

kstress,ij =
σij,hi
σ11,m

(4)

fm,ij = fm
kstrength,ij

kstress,ij
(5)

Namely, kstrength,ij in Eq. 3 expresses the ratio between the strength along the ij direction

(fij) and the bending strength (fm), while kstress,ij in Eq. 4 expresses a ratio among maxi­

mum stresses around the hole in the ij direction (σij,hi ) and the maximum longitudinal

tensile stress at the midspan (σ11,m). Eq. 5 represents the bending capacity of the beam

equivalent to the hole verification along the ij direction.

Eq. 2 reduces to a bending check if kstrength,ij = kstress,ij = 1. Therefore, Eq. 2 specializes in

four distinct equations in the plane case. Specifically, it reduces to a bending verification

if kstrength,ij = kstress,ij = 1 and in a verification around the generic i­th hole in the 11, 22,

and 12 directions, knowing the strength values of the respective directions, parallel to

the grain, perpendicular to the grain, and tangential, respectively. Therefore, the bending

52

INTER / 58 - 5 - 1



capacity of the beam with hole (fm,hi) can be considered as the minimum between the

four, as in

fm,hi = min

⎧{{{
⎨{{{⎩

fm,
fm

kstress,11
kstrength,11

,
fm

kstress,12
kstrength,12

,
fm

kstress,22
kstrength,22

(6)

where subscripts 11, 22, and 12 identify the directions parallel to the grain, perpendicular

to the grain, and tangential.

The ultimate goal is to estimate the reduction capacity factor (kred) compared to the

reference configuration without holes, as reported below

kred =
Rm,hi

Rm
=

Wfm,hi

Wfm
=

fm,hi

fm
(7)

where Rm,hi is the bending resistance in the perforated beam and Rm the bending resis­

tance in the reference configuration without holes. As reported in the same equation,

this expression can be written in terms of the ratio between the bending strengths,

assuming the same bending modulus of resistance (W). The modulus of resistance is

inherently linked to bending stiffness in the elastic phase. Experimental investigations

reported in (Pasca et al., 2025) confirm that bending stiffness remains largely unchanged

in the presence of holes. Since these holes are relatively small and comparable in scale to

natural wood defects, their influence on bending stiffness and the modulus of resistance

is negligible.

Using the expression in Eq. 7, derived from an elastic analysis of a perforated beam, the

reduction in bending capacity can be quantified as a percentage. From a theoretical

standpoint, it is important to emphasize that kstrength normalizes stress values relative

to strength values along the grain to facilitate comparability. It is well understood that

the strength perpendicular to the grain is significantly lower than that parallel to it.

Consequently, even a relatively small stress in the perpendicular direction may cause

bending failure, despite being lower than its parallel counterpart. Additionally, a crucial

aspect to highlight is that kred does not depend on the absolute stress state but rather on

the relative distribution of stresses at different locations. Therefore, it can be computed

by assuming any arbitrary force value in the simulation of a four­point bending test.

4 Dataset generation from stochastic FE model

The stochastic FE model was developed in three main steps: (i) generating random hole

distributions, (ii) constructing a numerical model of a 2D planar beam in Abaqus and

performing stress analysis under bending loads, and (iii) calculating kred using Eq. 7. One
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of the most challenging aspects is the random generation of hole groups. The authors

selected three commonly available beam cross­sections in Norway: 50×100 mm, 50×150

mm, and 50×200 mm. In each simulation, the parameters listed in Tab. 1 were varied,

including the total number of hole groups, individual hole diameters, the number of

holes per group, as well as the centroid position of each group and its holes. The beam

length, L, was set based on its height, H, according to the relation L = 19H.

Table 1. Description of the main parameters varied in the Monte Carlo simulations and the respective
lower and upper bounds.

Description Symbol Lower bound Upper bound

Total number of groups of holes Ng 1 5
Diameter of each hole d 1 30
Number of holes per group Nh 1 5
Relative coordinates positions of the centroid of the group [xC , yC ] [mm] [L/19,10] [L×18/19,H­10]
Relative coordinates of the center of each hole [ρ,θ] [0,0] [50 mm,2⋅π]

The generation of holes is defined in cylindrical coordinates, where ρ represents the

centroid distance of the cluster of holes and the i­th hole with diameter d, and θ is the

corresponding angle in radians. Once the beam geometry is established, the procedure

begins by randomly determining the number of hole groups (Ng), the number of holes

per group (Nh), their diameters (d), and their centroids (xC , yC ), all of which are assigned

randomly. Consequently, this centroid is not a geometric centroid, like the center of

mass for each hole cluster, but rather a randomly defined reference point used solely

to generate the subgroup of holes. The values of the variables in Tab. 1 were sampled

based on a uniform probability density function within the specified bounds. These

values were derived from the authors’ experience and research activities conducted

within the SirkTRE research project. The algorithm relies on the random generation of

size, number, and position of the holes, assuming uniform probability density functions.

It also includes a validation step to prevent intersections and ensure all elements remain

within the beam’s geometric boundaries during the generation process.

The final steps involve importing the generated geometry into Abaqus, an FE solver,

to analyze the planar stress state of the randomly generated geometries. These steps

are implemented using Python, which is tightly integrated with Abaqus. This approach

enables the automation of geometry generation, importation into Abaqus, analysis

execution, and result extraction. It is important to highlight that for stress analysis, the

orthotropic nature of wood must be considered. The stiffness parameters in Tab. 2 were

adopted based on the values specified in the EN 338 standard (EN 338:2016, 2016) for

softwood solid timber with strength class C24.

To calculate kred, the authors extracted the highest stress values around each group of

holes and, using the relevant strength value for each stress state, estimated the reduction

factors according to Eq. 7. The estimation of kred required assessing the stress state in

the undamaged condition for the three selected beam heights to compute kstress. The

values provided in Tab. 3 were then used to determine kstrength.

54

INTER / 58 - 5 - 1



Table 2. Mechanical parameters assumed for simulating the mechanical response of the timber beam,
where E is the Young’s modulus, ν the Poisson ratio and G the shear modulus. The subscripts 1 and 2
indicate parallel and perpendicular directions to the grain, respectively(EN 338:2016, 2016).

Parameter Symbol Value

Young’s modulus parallel to grain E11 11000 MPa
Young’s modulus perpendicular to grain E22 E11/30 MPa
Longitudinal­radial Poisson ratio ν12 0.3
Longitudinal­tangential Poisson ratio ν13 0.036
Radial­tangential Poisson ratio ν23 0.018
Longitudinal shear modulus G12 E11/16 MPa
Rolling shear modulus G23 G12/10 MPa

Table 3. Distribution, mean value (μ) and coefficient of variation assumed for the strength parameters.
(Köhler et al., 2007; Baño et al., 2011)

Property distribution μ [MPa] CoV

Bending strength, fm Lognormal 40 0.25
Fiber strength, f11 Lognormal 105 /
Tension strength perp. to the grain, ft,90 = f22 2­p Weibull 4.5 0.25

Shear strength of clear wood, fv = f12 Lognormal 8 0.25

5 Classification model and key findings

The input features and the output kred, defined in Eq. 7, were then fed to several classifi­

cation algorithms. Two classes of algorithms were used: Machine Learing algorithms

and a straightforward conditional model formalized below in Eq. 8 below:

Classify (kred) = {
kred ≥ 80% if (∑

i∈Zone 1 di > t1) OR (∑
i∈Zone 2 di > t2)

kred < 80% otherwise
(8)

where t1 and t2 are fixed thresholds for zones No.1 and 2. The numbering of the zones

corresponds to the numbers shown in Fig. 2, where zone No. 1 identifies the two external

longitudinal zones, and No. 2 refers to the inner zone.

It is important to recall the investigative process that led to defining both the sum of the

hole diameters as a key feature and the specific partitioning of the beam. Regarding the

sum of the diameters, the authors tested various conditional classification algorithms,

but the most effective feature was the sum of the hole diameters. Other considered

features included the maximum diameter, the number of holes, the average diameter,

and the standard deviation of their sizes. As for the partitioning, the rational behind

the division between Zone 1 and Zone 2 is evident. In the outer regions, where holes

affect the fibers most stressed under bending, the impact is significantly more critical.

The decision to exclude the quarters near the supports stems from the experimental

campaign, which indicated that holes positioned in these regions had a negligible effect.

These observations are based on experimental configurations D, E, F, and H, which

feature holes predominantly near the supports (Pasca et al., 2025). The results exhibit

negligible reduction, with reduction factor values below 1, clearly indicating a bending

capacity greater than the reference. Overall, the testing campaign demonstrates that the
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Figure 2. Beam partitioning for feature extraction.

primary factors influencing bending capacity are the hole position (significant only if near

the mid­span, where the bending moment is maximal), the maximum hole diameter,

and the total number of holes. Due to the lack of information on this aspect and for

precautionary reasons, the quarters can be considered negligible only if the sum of hole

diameters in the two extreme zones does not exceed 100 mm and the maximum hole

diameter does not exceed 30 mm. Additionally, holes with diameters smaller than 3

mm are disregarded, as experimental evidence has shown them to be insignificant when

equal to or below this threshold.

The purpose of machine learning models is to provide an upper accuracy limit compared

to simple conditional models. This helps determine whether the increased model com­

plexity leads to significant benefits or if it is unnecessary to go beyond the conditional

model defined in Eq. 8. The authors compared a variety of ML models. Namely they

trained the logistic regression (LR) (Cramer, 2002; Bishop & Nasrabadi, 2006), linear

support vector machine (Linear SVM) (Vapnik, 1995), random forest (RF) (Breiman, 2001),

and Extreme Gradient Boosting (XGBoost) (Chen & Guestrin, 2016). The calibration of

the models was pursued using the k­fold method. This involves dividing the training

dataset into k equally sized folds, with each fold alternately serving as the training and

validation set during the k­fold cross­validation process. Prior studies have shown that

stratified cross­validation with 10 folds yields a smaller bias while limiting variance, even

when computational capabilities allow for more folds. Therefore, the dataset was split

into 5 (k = 5) equal subsets, with each subset used for training and validation. In this

process, one fold is selected as the validation set while the remaining k − 1 folds are

used for training, resulting in k distinct models, each trained on a unique subset of

data. To address the class imbalance issue, the authors employed the Synthetic Minority

Oversampling Technique (SMOTE) algorithm (Chawla et al., 2002), which synthetically

generates new samples in the minority class to achieve a balanced class distribution.

The classification metrics from the various folds are then aggregated and averaged to

get a fair comparison across different ML models. All ML algorithms were applied using

their default hyperparameters provided by the Python Scikit­learn library (Pedregosa

et al., 2011). The results of the machine learning models are not reported, as the ML

models demonstrated performance metrics comparable to the conditional model. For a

balanced dataset between the two classes, accuracies ranged from 85% to 90%.
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Figure 3. Scatter plot of the data with true labels, falling in the unusable (red) or reusable (green)
classes as a function of the sum of diameters in Zones 1 and 2, shown on the x and y axes, respectively.

The conditional binary classification model in Eq. 8 relies on two thresholds, referred to

as t1 for zone No.1 and t2 for zone No.2, as per Fig. 2. Zone one corresponds to the two

areas of the beam, namely the top and bottom outer strips, each being 1/4 of the beam’s

height, and zone two represents the remaining central strip. Fig. 3 displays a scatter

plot of Monte Carlo analysis data, with true labels distinguishing between unusable

(red) and reusable (green) classifications. The sum of diameters in Zones 1 and 2 is

plotted on the x and y axes, respectively. A noticeable transition between classes occurs

once specific threshold values on these axes are exceeded. This transition appears to be

largely independent along each axis, forming a rectangular reusability domain, where the

boundaries align with the axes and extend toward an approximate separation line. While

this separation is not sharply defined, a distinct transition zone is observable. To enhance

visual clarity, alpha shading has been applied to overlay the Monte Carlo analysis results.

The goal of the model in Eq. 8 is to classify between reusable and non­reusable using the

sum of the diameters of the holes in zones 1 and 2. The conditional model’s performance

metrics can be evaluated in multiple ways, tailored to reward specific aspects, such

as false positives and negatives. In this model, the authors will aim to reduce the

misclassification of non­reusable beams that are classified as reusable. This is indeed the

worst­case scenario associated with an unsafe reuse. To this end, the metric adopted to

maximize the F1 score with β = 2 has been chosen to enphasize false negatives:

Fβ = (1 + β2) ⋅ TP
(1 + β2) ⋅ TP + β2 ⋅ FN + FP

(9)

Where TP, FN, and FP indicate the true positives, false negatives, and false positives,

respectively.

Tab.4 presents the performance metrics for the conditional models defined in Eq. 8,

for both the reusable and non­reusable classes. The thresholds are selected based on
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Table 4. Performance metrics of the conditional model in Eq. 8 for the usable and non­reusable classes
assuming the thresholds for t1 associated with the maximum of the F1 score and t2 corresponding
to the minimum value associated with the F1 score stabilization. The values t1 and t2 are in mm. B.
Accuracy stands for Balanced Accuracy.

Reusable Non­Reusable
Precision Recall F1­score Precision Recall F1­score B. accuracy Accuracy AUC­ROC

0.97 0.79 0.87 0.34 0.82 0.48 0.80 0.79 0.80

the maximum F1 score for t1 and the minimum value of t2 associated with the F1 score

stabilization.

The precision for the non­reusable class is notably low, indicating a high number of

false positives—instances where reusable items are misclassified as non­reusable. How­

ever, the recall for this class remains consistently high, demonstrating that the models

effectively capture most truly non­reusable items.

Conversely, the reusable class exhibits exceptionally high precision (0.97), accurately

identifying reusable items with strong reliability. The F1 scores reflect this trend: the non­

reusable class has a lower F1 score, around 0.48, emphasizing the difficulty in balancing

precision and recall. In contrast, the reusable class achieves a significantly higher F1

score of approximately 0.87.

Overall, the majority of predictions across models are correct, as indicated by the con­

sistently high AUC­ROC values. Tab. 4 highlights the model’s strong ability to classify

reusable items with high precision and overall accuracy. However, improving precision

for the non­reusable class remains an area for enhancement to minimize false positives.

Nonetheless, this limitation does not impact structural safety, as the misclassification

only affects reusable items being mistakenly labeled as non­reusable.

6 Conclusions

To facilitate the reuse of structural timber recovered from existing buildings, it is essential

to regrade it, assessing the impact of artificial defects such as small holes from previous

applications. This study introduces a classification model to categorize beams with

artificial defects as either ”reusable” or ”non­reusable,” based on whether the reduction

in bending capacity remains below or exceeds 20% compared to an intact beam. To

achieve this, the authors developed a stochastic finite element model (FEM) to predict

the bending strength of beams containing randomly generated small holes.

The finite element model is built upon two key assumptions: the homogeneity of timber,

implying the absence of natural defects, and brittle­elastic behavior. These modeling

assumptions were validated against an experimental campaign reported in (Pasca et al.,

2025). The proposed visual grading model evaluates reusability by computing the sum

of hole diameters within two beam zones: Zone 1 consists of the edge strips extending
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one­fourth of the beam height on each side, while Zone 2 represents the central strip.

Classify = {
kred ≥ 80% if (∑

i∈Zone 1 di > t1 = 12 ) OR (∑
i∈Zone 2 di > t2 = 28 )

kred < 80% otherwise

(10)

where kred, as defined in Eq. 7, represents the reduction factor of bending capacity, di
denotes the diameter of a given hole (excluding holes with di < 3mm), and t1 and t2
are threshold values for Zones 1 and 2, respectively. The thresholds t1 and t2 in mm

were determined to maximize the F1 score for the non­reusable class while minimizing

false negatives. This approach prioritizes structural safety in classification and aligns

with the conservatism principle in engineering standards. For practical application, it

is recommended to disregard holes with a diameter smaller than 3 mm. Additionally,

the sums of diameters should be computed along the entire beam length, excluding the

quarters, provided that the maximum hole diameter does not exceed 30 mm and the

total sum remains within 100 mm.

7 References

Acuña, L.; L. Basterra; M. Casado; G. López; G. Ramón­Cueto; E. Relea; C. Martínez &

A. González (2011). “Application of resistograph to obtain the density and to differ­

entiate wood species [aplicación del resistógrafo a la obtención de la densidad y

la diferenciación de especies de madera].” In: Materiales de Construccion 61.303,

pp. 451–464.

Arbelaez, R.; L. Schimleck; J. Dahlen & S. Wood (2019). “Evaluation of lumber from de­

constructed Portland residential buildings.” In:Wood and Fiber Science 51.4, pp. 432–

440.

Arriaga, F.; C. Osuna­Sequera; M. Esteban; G. Íñiguez­González & I. Bobadilla (2021). “In

situ assessment of the timber structure of an 18th century building in Madrid, Spain.”

In: Construction and Building Materials 304.

Baño, V.; F. Arriaga; A. Soilán & M. Guaita (2011). “Prediction of bending load capacity of

timber beams using a finite element method simulation of knots and grain deviation.”

In: Biosystems engineering 109.4, pp. 241–249.

Bishop, C. M. & N. M. Nasrabadi (2006). Pattern recognition and machine learning. Vol. 4.

4. Springer.

Breiman, L. (2001). “Random forests.” In:Machine Learning 45.1, pp. 5–32.

Cavalli, A.; D. Cibecchini; M. Togni & H. S. Sousa (2016). “A review on the mechanical

properties of aged wood and salvaged timber.” In: Construction and Building Materials

114, pp. 681–687.

59

INTER / 58 - 5 - 1



Chawla, N. V.; K. W. Bowyer; L. O. Hall & W. P. Kegelmeyer (2002). “SMOTE: synthetic

minority over­sampling technique.” In: Journal of artificial intelligence research 16,

pp. 321–357.

Chen, T. & C. Guestrin (2016). “Xgboost: A scalable tree boosting system.” In: Proceedings

of the 22nd acm sigkdd international conference on knowledge discovery and data

mining, pp. 785–794.

Cramer, J. S. (Dec. 2002). The Origins of Logistic Regression. Working Paper 2002­119/4.

Tinbergen Institute.

Crews, K. I. & C. MacKenzie (2008). “Development of grading rules for re­cycled timber

used in structural applications.” In:World Conference on Timber Engineering. World

Conference on Timber Engineering (WCTE).

Cruz, H.; D. Yeomans; E. Tsakanika; N. Macchioni; A. Jorissen; M. Touza; M. Mannucci &

P. Lourenço (2015). “Guidelines for on­site assessment of historic timber structures.”

In: International Journal of Architectural Heritage 9.3, pp. 277–289.

EN 338:2016 (2016). “Structural Timber — Strength Classes.” In: EN 338.

Falk, R.; D. DeVisser; J. Plume & K. J. Fridley (2003). “Effect of drilled holes on the bending

strength of large dimension Douglas­fir lumber.” In: Forest products journal 53.5,

pp. 55–60.

Köhler, J.; J. D. Sørensen & M. H. Faber (2007). “Probabilistic modeling of timber struc­

tures.” In: Structural safety 29.4, pp. 255–267.

Llana, D. F.; G. Íñiguez­González; M. Plos & G. Turk (2023). “Grading of recovered Norway

spruce (Picea abies) timber for structural purposes.” In: Construction and Building

Materials 398, p. 132440.

Mariño, A.; R. Fernández & R. Fernández (2002). “Análisis comparativo de la densidad

de la madera Pinus sylvestris L. mediante la utilización del Resistógrafo.” In: Revista

CIS­Madera 9, pp. 60–70.

Martínez, R.; J.­A. Balmori; D. Llana & I. Bobadilla (2020). “Wood density determination

by drilling chips extraction in ten softwood and hardwood species.” In: Forests 11.4.

Morales­Conde, M. & J. Machado (2017). “Evaluation of cross­sectional variation of

timber bending modulus of elasticity by stress waves.” In: Construction and Building

Materials 134, pp. 617–625.

Osuna­Sequera, C.; D. Llana; M. Esteban & F. Arriaga (2019). “Improving density estima­

tion in large cross­section timber from existing structures optimizing the number of

non­destructivemeasurements.” In: Construction and BuildingMaterials 211, pp. 199–

206.

Osuna­Sequera, C.; D. Llana; G. Íñiguez­González & F. Arriaga (2020). “The influence of

cross­section variation on bending stiffness assessment in existing timber structures.”

In: Engineering Structures 204.

Pasca, D. P.; A. Aloisio; Y. De Santis; H. Burkart & A. Øvrum (2025). “Visual­based classifica­

tion models for grading reclaimed structural timber for reuse: A theoretical, numerical

and experimental investigation.” In: Engineering Structures 322, p. 119218.

60

INTER / 58 - 5 - 1



Pedregosa, F. et al. (2011). “Scikit­learn: Machine learning in Python.” In: the Journal of

Machine Learning Research 12, pp. 2825–2830.

prNS 3691­3:2023 (2024). “Evaluation of Reclaimed Timber: Part 3 ­ Visual Strength

Grading.” In: prNS 3691.

Smith, A. L. & S. J. Hicks (2009). Design of floors for vibration: A new approach. Tech. rep.

Ascot, UK: Steel Construction Institute.

Vapnik, V. N. (1995). The nature of statistical learning theory. Springer Science & Business

Media.

61

INTER / 58 - 5 - 1



DISCUSSION 

The paper was presented by A Aloisio 

F Lam asked how actual defects in reclaimed timber such as localized slope of grain, 
end checks be considered in the model and influence the results. A Aloisio responded 
that this work is a starting point and focuses on the Norwegian proposal for 
reclassifying recovered timber with small diameter round holes; more advanced 
model will be considered in future.  

P Dietsch commented that the results from four‐point bending tests are tied to this 
configuration and the member being reused in bending. A Aloisio responded that only 
bending strength was considered and 3 heights were studied. 

P Dietsch commented that the tension strength perpendicular to grain for small clear 
wood of 4.5 MPa was used and asked if one should consider a lower value of say 1.0 
MPa in a sensitivity study. A Aloisio responded that since a homogeneous model 
without defects was considered we assumed higher small tension perpendicular to 
grain strength. 

P Dietsch commented that past research from Falk in the US suggested that holes 
smaller than ½ the size of the largest knots can be ignored. A Aloisio responded that a 
very large hole tends to drive all failures and maximum diameter does work together 
with the rule of sum of hole diameters in the two extreme zones. 

JM Cabrero commented that the time related to the use of real beams is an important 
issue. A Aloisio said that the work is a starting point and the topic is complex. JM 
Cabrero further commented that the 4‐point bending tests have a specific moment 
diagram which might be different from real use. A Aloisio agreed that the results 
depend on loading scheme, and the rule of sum of hole diameters in the two extreme 
zones and threshold might be adjusted for other cases. 

H Blass commented that the starting point should consider realistic cases. A Aloisio 
responded that the starting point is related to the Norwegian standard on reclaimed 
wood to consider such a binary model. Selection of random parameters to generate 
the hole is based on experts feedback. There were discussions on closely spaced hole 
issues. 

BJ Yeh questioned why choosing 80% as threshold. In N. America there are concerns 
with how to define and consider load duration issues for reclaimed wood. A Aloisio 
responded that the threshold is based on the Norwegian standard. It would be 
interesting to consider a range. He said this type of problem is multi criterion based. A 
multicriteria approach is needed to consider load history and load duration issues as a 
separate problem. 

T Demschner asked if the approach handles damages that are rectangular shape. A 
Aloisio responded that the model cannot handle these cases currently and will need to 
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adjust the approach. T Demschner asked what about holes created by nails or dowels. 
A Aloisio responded that these cases can be handled. 

S Winter questioned if comparisons were made between hole size as related to 
original grade. A Aloisio responded that hole size was not related to defects in the 
original grade. However the scatter and shape of strength distribution are similar 
between real timber and model. 

P Dietsch commented that final editorial checks of the paper are needed before 
submission for the proceedings. 
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1 Introduction 
Wood is used in many areas of life and has also been used as a building material since 
people  settled  down.  In  modern  construction,  only  wood  that  meets  a  specific 
strength  grade,  as  defined by  each  country's  legal  requirements,  can be used.  This 
regulation aims to ensure both structural safety and economic use of materials (Kurul 
and As 2023). 

Structural  timber  is  graded  in  two main ways:  visual  strength  grading  and machine 
strength grading. Visual strength grading evaluates various defects that can affect the 
wood's strength,  including knots, fiber deviation, annual ring width, pith, and cracks 
(Ridley‐Ellis et al. 2018). Each country has established its national standards for visual 
grading.  In Türkiye,  the national standard TS 1265 has been  in place since 1973  for 
the visual grading of softwood timber used in construction, providing different classi‐
fication rules for joists and boards. 
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Recently, there has been increasing interest in wooden structures, particularly follow‐
ing the earthquakes in Türkiye. This has led to demand for engineered wood materi‐
als,  such as Glulam  (Glue‐Laminated Timber)  and CLT  (Cross‐Laminated Timber),  as 
well as structural timber. To meet this demand, domestic production of these mate‐
rials needs to be established. Before the lamination process, boards shall be tension 
strength  graded  and  declared  as  a  tabulated  strength  class  in  accordance with  EN 
14080 (2013) for GLT and EN 16351 (2015) for CLT.  

In 2023, a big research project, supported by the General Directorate of Forestry, was 
initiated  to determine  the  tension  strength classes of  local  softwood species  corre‐
sponding to their visual grades, as specified in TS 1265 (2012). In this project, Turkish 
red  pine  (Pinus  brutia),  Anatolian  black  pine  (Pinus  nigra),  Scots  pine  (Pinus  syl‐
vestris), fir (Abies spp.), spruce (Picea orientalis), and cedar (Cedrus libani) were stud‐
ied as they are the most common softwood species of Türkiye (OGM 2020). The ten‐
sion strength classes of six softwood species derived from this project will be submit‐
ted  to  the  CEN  TC  124/WG2/TG1  committee  and  included  in  the  EN  1912  (2024) 
standard.  

This  study  presents  the  results  of  the  aforementioned  project  for  Turkish  red  pine 
(Pinus  brutia).  Changes  in  the  strength  classes  and  grading  yields  were  also  ques‐
tioned by measuring the parallel and narrow diameter of the knot, based on the ratio 
of the knot diameter (KDR) to twice the width.  

2 Materials and Methods 
2.1 Material 

Turkish red pine primarily grows in the Mediterranean, Aegean, and Marmara coastal 
and back‐coast regions, as well as locally in the Black Sea Region, as illustrated in Fig‐
ure 1.  This  species  is  commonly used  for  structural purposes.  To assess  the  timber 
sources of Turkish red pine  in Türkiye,  its central growing regions were first divided 
into  four  key  areas:  the  Eastern  Mediterranean,  the  Western  Mediterranean,  the 
South Aegean, and the North Aegean regions. In 2021, the nine Regional Directorates 
of Forestry in these areas produced 92% of the annual Turkish red pine sawlog out‐
put, amounting to 3.14 million cubic meters. Following this, nine "Operational Direc‐
torates of Forestry" were selected that geographically represent the Regional Direc‐
torates and had a significant sawlog sales volume in 2021, as shown in Figure 1. The 
nine chosen regions were then merged based on similar characteristics to create five 
regions. The first region was Adana, the second region was Antalya‐Isparta, the third 
region was Çanakkale‐İzmir, the fourth region was Denizli‐Muğla, and the fifth region 
was Mersin‐Maraş. 
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 Figure 1. Sampling of Turkish red pine specimens. 

A total of 1856 red pine boards, obtained from different growing regions in Türkiye, 
were studied with nine different cross‐sections: 20×100 mm2, 30×100 mm2, 40×100 
mm2,  20×150  mm2,  30×150  mm2,  40×150  mm2,  20×200  mm2,  30×200  mm2,  and 
40×200 mm2 at a moisture content of 12%.  

2.2 Visual Grading of the Timbers According to TS 1265 (2012)  

Türkiye’s  national  visual  grading  standard,  TS  1265  (2012),  provides  the  definition, 
classification,  specifications,  inspection,  testing,  marketing,  and  control  rules  for 
softwood timber manufactured  from pine,  fir,  spruce, and cedar with a  rectangular 
cross‐section,  intended  for structural purposes only. Softwood timber  is sorted  into 
three  classes:  Class  1,  Class  2,  and  Class  3.  Measurements  of  features  other  than 
knots are conducted according to TS EN 1309‐3 (2018). In this study, the knots were 
measured in two ways: parallel to the surface, as in the standards (Figure 2), and also 
in  the narrow diameter of  the knot as an alternative. Table 1 presents some of  the 
essential visual grading rules outlined in the standard. 

 

Figure 2. Measurement method of (a) single knots, (b) knot clusters for boards. 
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Table 1. Some of the visual grading rules in TS 1265 (2012). 

Characteristics 

Grades 

High Load Bearing 

Capacity 

Class 1 

Moderate Load 

Bearing Capacity 

Class 2 

Low Load Bearing Ca‐

pacity 

Class 3 

Knots          

  The narrow diameter 

is no greater than 50 

mm 

 

The narrow di‐

ameter is no 

greater than 70 

mm 

 

No limitation 

 

a) Single knots: 
- In planks, boards and laths; 
the ratio of the sum of the 

apparent dimensions of the 

knots on each face in the 

section to twice the width of 

the piece must be max.  

 

0,20 

 

 

 

 

 

 

 

0,33 

 

 

 

 

0,50 

 

 

 

 

 

 

b) Knot cluster: 
- In planks, boards, and laths; 
The ratio of the sum of the 

dimensions of the knots 

measured perpendicular to 

the timber axis, within the 

worst 150 mm length, to 

twice the width of the piece. 

0,40  0,66  0,75 

Slope of grain 

a) In case of the presence of a sur‐

face fissure; 

b)In case of no surface fissure; 

Deviation in 1 m length is not greater than; 

70 mm 

 

100 mm 

120 mm 

 

200 mm 

200 mm 

 

300 mm 

Annual ring width  The area of the 

growth ring bigger 

than 4mm should 

not be greater than 

1/2 of the whole 

cross‐section area. 

No limitation 

 

No limitation 

 

All criteria  in the standards were checked and measured for all specimens. The big‐
gest  defect  located between  the machine  grips was determined based on  the  four 
sides of the boards. To ensure that the biggest defect is located within the test zone, 
the loading points were shifted to the right or left along the specimens, which were 
prepared  longer than required for the test. Then, the excess parts remaining at the 
ends of the specimens were cut.  
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For  Turkish  red  pine,  a  total  of  1856  boards  were  visually  graded  according  to  TS 
1265  (2012),  and 980 of  them were  selected  for  testing. When  selecting  the  visual 
grades,  the regions and cross‐section dimensions of  the boards were taken  into ac‐
count, aiming to have at  least 40 specimens  in each visual grade for each region.  It 
was also considered that the selected specimens for mechanical tests were distribut‐
ed as evenly as possible to each cross‐section.  

2.3 Mechanical Testing  

The selected specimens were tested in tension to determine the modulus of elasticity 
in  tension  and  the  tensile  strength  in  accordance with  EN 408+A1  (2014).  The  test 
setup is shown in Figure 3. 

 
Figure 3. Test setup for tensile test according to EN 408+A1 (2014). 

The density and the moisture content of the specimens were also determined on de‐
fect‐free pieces with  full  cross‐section cuts  from the specimens after  the  test.   The 
moisture  content  of  the  timber  was  determined  in  accordance  with  EN  13183‐1 
(2002).  The  test  values  for  the modulus  of  elasticity  and  density  of  specimens  not 
tested at 12% moisture content were adjusted using the formulas given in EN 384+A1 
(2020). 

2.4 Derivation of Visual Grading Assignments  

The method for determining characteristic values of mechanical properties and den‐
sity, which indicate the strength class, for defined populations of visual grades, is giv‐
en in EN 384+A1 (2020). The tension strength values of the specimens with a nominal 
depth of 100 mm were adjusted to a depth of 150 mm by dividing by the factor kh as 
indicated in EN 384+A1 (2020).  

After completing the required adjustments, the 5‐percentile strength values (f05,i), de‐
fect‐free density (ρ05,i), and the mean stiffness values were determined for each visu‐
al grade of red pine boards as stipulated  in EN 14358 (2016). As an alternative, the 
characteristic values were also recalculated for narrow knot diameter ratio. So, how 
changes  in  KDR  ratios  affect  the  characteristic  values  and  visual  grading  efficiency 
were analysed. 
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3 Results and Discussions 

3.1 Mechanical Test Results 

Table 2 and Table 3 present the tensile test results of Turkish red pine boards, cate‐
gorized by region and visual class for parallel and narrow knot diameter ratio, respec‐
tively.  As  seen  from  the  results,  the mean MCs  of  all  the  specimens  vary  between 
15,1% and 15,6%. The mean values of the modulus of elasticity in tension and tensile 
strength  of  the  specimens  decreased  as  the  visual  class  worsened  for  both  knot 
measurement methods, as expected. 

Figures  4  and  5  show  the  correlations  between  the  KDR  and  tension MoE  and  the 
tensile strength of Turkish red pine for parallel and narrow knot diameter ratios, re‐
spectively. As seen  in the results,  the tension MoE and tensile strength decrease as 
the KDR values increase. The correlations between the KDR‐tension MoE are found to 
be moderate,  and  KDR‐tensile  strength  is  found  to  be  higher  than  this.  As  can  be 
seen, defects affect strength more than stiffness. Also, the parallel knot diameter ra‐
tio gives better correlations than the narrow knot diameter ratio.  In the graphs, the 
KDR of  0.5  typically  represents  the  limit  value  for Grade  3  timber,  and points with 
KDR values higher than 0.5 are classified as rejected timber. However, in some spec‐
imens, this ratio can reach as high as 0.75 due to the presence of a knot cluster. This 
situation, combined with the presence of other defects, such as fiber deviation, caus‐
es the correlation to decrease. 

 
   Region 1  Region 2  Region 3  Region 4  Region 5 Total 

R2  0,278  0,164  0,309  0,250  0,210  0,245 
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   Region 1  Region 2  Region 3  Region 4  Region 5  Total

R2  0,518  0,444  0,530  0,416  0,420  0,454

Figure 4. The relationships between the parallel KDR‐MoE and the tension strength. 

 
   Region 1  Region 2  Region 3  Region 4  Region 5 Total

R2  0,230  0,173  0,259  0,162  0,188  0,208

 

 
   Region 1  Region 2  Region 3  Region 4  Region 5 Total

R2  0,448  0,435  0,430  0,354  0,354  0,394

Figure 5. The relationships between the narrow KDR‐MoE and the tension strength.
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Table 4. The 5‐percetile values of Turkish red pine for the parallel knot diameter ratio. 

Source 

Number 

of Spec.  MC (%) 

Adj. ft,0 (MPa)*  Adj. Et,0*  

 (Ēi) (GPa) 

Adj. Density (kg/m3)* 

Mean  f05,i  Mean  Ρ0.5, i 

Class 1 

Region 1  47  15,6 (6,6)  46,2 (34,6)  23,4  11,9 (16,6)  561,4 (10,5)  453,9 

Region 2  40  15,9 (6,8)  49,4 (45,1)  18,8  12,2 (23,1)  584,4 (9,1)  486,3 

Region 3  42  15,2 (6,9)  38,4 (34,9)  18,4  10,8 (23,1)  561,8 (8,7)  472,6 

Region 4  57  15,6 (6,9)  38,6 (31,9)  20,3  11,8 (16,4)  560,2 (9,8)  460,8 

Region 5  46  15,5 (6,1)  39,7 (36,4)  18,3  10,8 (20,1)  506,8 (8,7)  426,4 

Class 2   

Region 1  66  15,7 (6,6)  26,5 (33,8)  13,2  10,3 (19,1)  549,5 (10,9)  441,4 

Region 2  45  16,0 (7,1)  30,4 (35,0)  14,6  11,5 (22,1)  572,7 (8,6)  482,2 

Region 3  69  15,5 (6,1)  29,9 (40,3)  12,3  9,6 (20,3)  556,3 (9,0)  466,0 

Region 4  58  15,4 (6,9)  29,1 (35,8)  13,3  10,8 (16,8)  553,2 (9,9)  454,2 

Region 5  61  15,7 (5,5)  24,2 (31,8)  13,8  9,7 (17,1)  515,3 (9,3)  428,7 

Class 3   

Region 1  57  15,0 (6,4)  22,7 (32,7)  11,6  9,4 (21,8)  555,9 (11,1)  444,1 

Region 2  46  15,4 (7,3)  22,9 (34,7)  11,3  10,3 (20,3)  581,3 (10,0)  475,5 

Region 3  64  15,2 (5,1)  18,0 (34,6)  8,7  8,3 (26,0)  551,4 (8,7)  465,2 

Region 4  57  14,8 (4,5)  19,8 (35,1)  9,9  10,0 (21,3)  553,2 (11,7)  435,9 

Region 5  57  15,3 (6,6)  20,0 (39,0)  9,3  9,1 (20,5)  519,3 (10,5)  421,0 

Table 5. The 5‐percetile values of Turkish red pine for the narrow knot diameter ratio. 

Source 

Number 

of Spec.  MC (%) 

Adj. ft,0 (MPa)*  Adj. Et,0*  

 (Ēi) (GPa) 

Adj. Density (kg/m3) 

Mean  f05,i  Mean  Ρ0.5, i 

Class 1 

Region 1  77  15,6 (6,6)  37,5 (47,2)  12,7  11,0 (19,6)  566,1 (11,7)  446,7 

Region 2  58  15,9 (6,8)  43,6 (49,2)  15,7  11,7 (23,7)  584,9 (9,1)  488,7 

Region 3  66  15,2 (6,9)  34,0 (42,3)  13,1  10,3 (23,0)  556,2 (9,2)  464,2 

Region 4  70  15,6 (6,9)  36,7 (34,9)  16,3  11,4 (17,5)  561,0 (10,1)  459,4 

Region 5  67  15,5 (6,1)  34,8 (41,1)  15,5  10,3 (19,5)  518,1 (10)  424,4 

Class 2 

Region 1  60  15,7 (6,6)  24,7 (36,5)  11,1  10,0 (20,9)  548,6 (9,9)  450,8 

Region 2  50  16,0 (7,1)  26,3 (36,2)  12,8  11,3 (21,3)  586,0 (10,6)  473,2 

Region 3  80  15,5 (6,1)  24,6 (50,3)  8,2  8,9 (25,6)  559,5 (10,4)  454,7 

Region 4  66  15,4 (6,9)  25,6 (42,8)  9,8  10,4 (20,6)  551,4 (9,6)  455,5 

Region 5  68  15,7 (5,5)  22,3 (40,1)  9,7  9,4 (21,9)  511,9 (9,5)  424,1 

Class 3 

Region 1  53  15,0 (6,4)  22,3 (32,7)  11,6  9,5 (22,9)  567,7 (13,4)  430,0 

Region 2  41  15,4 (7,3)  21,2 (37,8)  8,9  9,9 (25,2)  588,0 (12,2)  456,7 

Region 3  60  15,2 (5,1)  17,2 (35,4)  8,0  8,1 (29,2)  550,0 (8,1)  474,9 

Region 4  56  14,8 (4,5)  17,9 (40,1)  7,5  9,6 (26,9)  547,6 (12,8)  421,0 

Region 5  62  15,3 (6,6)  16,5 (45,0)  6,3  8,6 (24,5)  527,7 (9,5)  437,1 

The numbers in the parentheses are the coefficient of variation. 

* Adjusted values based on the moisture contents and/or timber depths 
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3.3 Derivation of Characteristic Values and Strength Classes 

Following the calculation of the 5‐percentile values for the regions, the characteristic 
values of  tensile  strength, modulus of elasticity  in  tension, and density were deter‐
mined  for  the  regions  according  to  EN 384+A1  (2020).  The  characteristic  values  of 
tensile strength, modulus of elasticity in tension, and density of each visual grade and 
corresponding strength classes in EN 338 (2016) are given in Table 6 for parallel knot 
diameter ratio and in Table 7 for narrow knot diameter ratio. 

As seen in Table 6, the strength classes of Class 1, Class 2, and Class 3 were found as 
T18, T13, and T10, respectively. In Table 7, the strength classes of Class 1 and Class 2 
were  found as T14,5 and T9,  respectively. But  for Class 3, no  strength class assign‐
ment could be made.  Red pine has the widest growing areas in Türkiye. In Europe, it 
has a limited distribution in the Mediterranean coastal zone in the Balkans and Italy. 
For this reason, the tension strength values of the red pine timber from any country 
were not assigned in the EN 1912 (2024) standard before. 

When  red  pine  is  compared  to  other  pine  species  in  EN  1912  (2024),  Scots  pine 
boards  from Austria, Germany, and Poland were assigned T22  for S13  (first  grade), 
T14  for  S10  (second  grade),  and  T10  for  S7  (third  grade).  So,  in  this  study,  it  was 
found that the tension strength classes of Turkish red pine boards were slightly lower 
than those of similar pine species grown in Europe.  

When the tension strength classes (T18‐C30, T13‐C22, and T10‐C16) are compared to 
the bending strength classes for Turkish red pine (Classes 1, 2, and 3 were assigned 
C35, C24, and C20, respectively) in EN 1912 (2024), they are found to be lower. This 
is likely due to the difference in grading rules for joists and boards, as well as the fact 
that tensile strength is more affected by defects than bending strength.  

According to Table 6, GL 28h glulam can be produced from red pine Class 1 boards, 
GL 22h from Class 2 boards, and GL 20h from Class 3 boards, all  in accordance with 
the EN 14080 (2013) standard. This will pave the way for domestic manufacturers to 
use domestic raw materials and contribute to cost reductions. 

 

 

75

INTER / 58 - 5 - 2



 
 

 
 

Ta
b
le
 6
. D

er
iv
a
ti
o
n
 o
f 
ch
a
ra
ct
er
is
ti
c 
va
lu
es
 o
f 
vi
su
a
l g
ra
d
es
 a
n
d
 c
o
m
p
a
ri
so
n
 w
it
h
 t
h
e 
re
q
u
ir
em

en
t 
in
 E
N
 3
3
8
 f
o
r 
p
a
ra
lle
l k
n
o
t 
d
ia
m
et
er
 r
a
ti
o
. 

Ta
b
le
 7
. D

er
iv
a
ti
o
n
 o
f 
ch
a
ra
ct
er
is
ti
c 
va
lu
es
 o
f 
vi
su
a
l g
ra
d
es
 a
n
d
 c
o
m
p
a
ri
so
n
 w
it
h
 t
h
e 
re
q
u
ir
em

en
t 
in
 E
N
 3
3
8
 f
o
r 
n
a
rr
o
w
 k
n
o
t 
d
ia
m
et
er
 r
a
ti
o
. 

       G
ra
d
e 

St
. 

C
la
ss
 

C
h
ar
ac
te
ri
st
ic
 T
en

si
le
 S
tr
en

gt
h
 (
M
P
a)
 

C
h
ar
ac
te
ri
st
ic
 M

o
d
u
lu
s 
o
f 
El
as
ti
ci
ty
 (
G
P
a)
 

C
h
ar
ac
te
ri
st
ic
 D
en

si
ty
 (
K
g/
m

3
) 

1,
2𝑓

଴ହ
,௜,

௠
௜௡

∑
𝑛 ௜

𝑓 ଴
ହ,

௜
௡௦ ௜ୀ

ଵ

𝑛
 

k n
 

f k
 

St
. 

cl
as
s 

re
q
. 

1,
1𝐸

௜,௠
௜௡

∑
𝑛 ௜

𝐸 ௜
௡௦ ௜ୀ

ଵ 𝑛
 

k n
 

𝐸 ଴
,௠

௘௔
௡

,௞

St
. 

cl
as
s 

re
q
. 

1,
1𝜌

଴ହ
,௜,

௠
௜௡

∑
𝑛 ௜

𝜌 ଴
ହ,

௜
௡௦ ௜ୀ

ଵ

𝑛
 

k n
 

𝜌 ௞
 

St
. 

cl
as
s 
 

re
q
. 

1
 

T1
8 

2
1
,9
 

1
9
,9
 

1
,0
 

1
9
,9
 

1
8
,0
 

1
2
,5
 

1
2
,1
 

1
,0
 

1
2
,1
 

1
2
,0
 

4
6
9
,0
 

4
5
9
,1
 

1
,0
 

4
5
9
,1
 

3
8
0
 

2
 

T1
3 

1
4
,8
 

1
3
,3
 

1
,0
 

1
3
,3
 

1
3
,0
 

1
1
,2
 

1
0
,8
 

1
,0
 

1
0
,8
 

1
0
,0
 

4
7
1
,6
 

4
5
3
,1
 

1
,0
 

4
5
3
,1
 

3
4
0
 

3
 

T1
0 

1
0
,4
 

1
0
,1
 

1
,0
 

1
0
,1
 

1
0
,0
 

9
,6
 

9
,9
 

1
,0
 

9
,6
 

8
,0
 

4
6
3
,1
 

4
4
7
,7
 

1
,0
 

4
4
7,
7
 

3
1
0
 

G
ra
d
e 

St
. 

C
la
ss
 

C
h
ar
ac
te
ri
st
ic
 B
en

d
in
g 
St
re
n
gt
h
 (
M
P
a)
 

C
h
ar
ac
te
ri
st
ic
 M

o
d
u
lu
s 
o
f 
El
as
ti
ci
ty
 (
G
P
a)
 

C
h
ar
ac
te
ri
st
ic
 D
en

si
ty
 (
K
g/
m

3
) 

1,
2𝑓

଴ହ
,௜,

௠
௜௡
 

∑
𝑛 ௜

𝑓 ଴
ହ,

௜
௡௦ ௜ୀ

ଵ

𝑛
 

k n
 

f k
 

St
. 

cl
as
s 

re
q
. 

1,
1𝐸

௜,௠
௜௡

∑
𝑛 ௜

𝐸 ௜
௡௦ ௜ୀ

ଵ 𝑛
 

k n
 

𝐸 ଴
,௠

௘௔
௡

,௞

St
. 

cl
as
s 

re
q
. 

1,
1𝜌

଴ହ
,௜,

௠
௜௡

∑
𝑛 ௜

𝜌 ଴
ହ,

௜
௡௦ ௜ୀ

ଵ

𝑛
k n
 

𝜌 ௞
 

St
. 

cl
as
s 
 

re
q
. 

1
 

T1
4,
5 

1
5
,2
 

1
4
,6
 

1
,0
 

1
4
,6
 

1
4
,5
 

1
1
,9
 

1
1
,5
 

1
,0
 

1
1
,5
 

1
1
,0
 

4
6
6
,8
 

4
5
5
,5
 

1
,0
 

4
5
5
,5
 

3
5
0
 

2
 

T9
 

9
,8
 

1
0
,1
 

1
,0
 

1
0
,1
 

9
,0
 

1
0
,3
 

1
0
,4
 

1
,0
 

1
0
,3
 

7
,5
 

4
6
6
,5
 

4
5
0
,6
 

1
,0
 

4
50

,6
 

3
0
0
 

3
 

‐ 
7
,6
 

8
,3
 

1
,0
 

7
,6
 

8
,0
 

9
,4
 

9
,5
 

1
,0
 

9
,4
 

7
,0
 

4
6
3
,1
 

4
4
3
,7
 

1
,0
 

4
4
3
,7
 

29
0
 

76

INTER / 58 - 5 - 2



       

4 Conclusions 
The following conclusions may be drawn from the results of this research: 

 In  Turkish  red  pine  boards  graded  in  accordance  with  TS  1265  (2012),  the 
strength classes corresponding to Class 1, Class 2, and Class 3 were  found as 
T18 (C30), T13 (C22), and T10 (C16), respectively. 

 In the alternative knot measuring method, the strength classes corresponding 
to Class 1 and Class 2 were  found as T14,5 and T9,  respectively. No strength 
class  assignment  for  Class  3.  When  the  knot  measurement  method  was 
changed, the grading yield increased, even though lower strength classes were 
obtained for Classes 1, 2, and 3. Despite this, it is recommended to use the ex‐
isting method in the TS 1265 standard.  

 In general, the tension strength classes of red pine boards were found slightly 
lower than the values given in the EN 1912 standard for European‐grown same 
or similar pine species. 

 As a  result,  the way has been paved  for  the production of GLT and CLT  from 
Turkish red pine in accordance with European standards. 
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DISCUSSION 

The paper was presented by F Kurul 

P Dietsch commented that the table listed moisture contents of 15%. Were these 
boards technically dried and would the results be different otherwise. F Kurul said 
there were no moisture adjustments for tension strength. 

BJ Yeh asked if the edge and center line knots were considered differently. F Kurul said 
they were measured and noted but not considered in the paper. 

B Azinovic commented that climatic change in Europe will lead to more availability of 
Mediterranean red pine species in the wood supply chain. 
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Abstract

This study investigates the influence of deformation level and specimen geometry on

the compression perpendicular to grain (CPG) behavior of solid timber, glued laminated

timber (GLT), and cross­laminated timber (CLT) products. The recent inclusion of Van

der Put’s mechanics­based model in the Eurocode draft offers a theoretical foundation

for stress dispersion. Nevertheless, critical enhancements related to deformation levels

and effective height influencing stress distribution remain unaddressed. This paper

extensively evaluates these enhancements through theoretical development, numerical

validation using finite element modeling (FEM), and experimental validation data from

two extensive testing campaigns.

1 Introduction

Timber is an orthotropic material whose mechanical behaviour depends strongly on

grain orientation. Along the fibres it exhibits high strength and stiffness, whereas across

the fibres its capacity is markedly lower. When loaded in compression perpendicular to

the grain (CPG), collapse of the tubular wood cells governs the response and ultimate
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failure Persson, 2000; Swedish Wood, 2016. Such situations frequently arise at supports

Hassan et al., 2014 and although CPG failure seldom leads to global collapse, it could be

more relevant for the Serviceability Limit State (SLS); at the Ultimate Limit State (ULS) the

stresses in the members are those corresponding to an admissible deformation rather

than to the intrinsic material strength.

Classical studies focusedmainly on clear wood, glued laminated timber (GLT) andmassive

sections Graf, 1921; Suenson, 1938; Gaber, 1940; Frey­Wyssling Stüssi, 1948; Rothmund,

1949; Kollmann & Côté, 1968; Gehri, 1997; Basta, 2005; Hoffmeyer et al., 2000; Hübner,

2013; Stamatopoulos et al., 2022, while more recent investigations have extended to

engineered products such as cross­laminated timber (CLT) Brandner et al., 2016.

Until now, European design practice EN 1995 2005 has relied upon the semi­empirical

expressions, originating from the work of Blass Blass & Goerlacher, 2004. In the 1990s

a new, plasticity­based approach was introduced by Van der Put (Van der Put, 1991)

and subsequently refined and validated by Leijten (Leijten, 2016). In his comprehensive

review, Leijten (Leijten, 2016) observed that most global bearing­capacity design models

(NEN 3852 1978; CIB, 1983; AS 1720 1988; NZS 3603 1993; DIN 1052 1999; EN 1995

2005; Van Der Put, 2008; Kitamori et al., 2009; NDS 2012 2012; Blass&Goerlacher, 2004;

Van der Put, 1991;Madsen et al., 1982) remain empirically derived and frequently lack a

solid mechanical basis. After extensive debate, the forthcoming revision of Eurocode 5

has now adopted this mechanical framework.

Van der Put’s formulation, rooted in plasticity theory, assumes isotropic stress spreading:

compressive stresses disperse at a 1∶1 angle (45°) for small deformations and at1∶1.5 (34°)
when deformations reach roughly 10 %, consistent with the experimental observations

of Madsen (Madsen et al., 1982).

Important practical questions, however, remain open. The permissible increase in

strength associated with larger deformations and the effective depth over which the

compressive stress is assumed to act are still determined empirically. The present study

addresses these gaps. It first introduces an experimentally calibrated regression model

that links the incremental CPG strength coefficient to the admissible deformation level.

It then explore the maximum effective height for accurate stress distribution in deep

timber elements. The findings are based on two extensive experimental campaigns on

the CPG behaviour of GLT, solid timber and CLT.

2 Design Model for Compression Perpendicular to
the Grain (CPG)

The draftof Eurocode 5 (prEN1995­1­1) introduces a design­capacitymodel for engineered­

wood members loaded in compression perpendicular to the grain, both without and

with reinforcement. For unreinforced timber, the model is based on the modified Van

der Put approach, comprehensively described in Leijten, 2016.
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To verify a timber element subjected to CPG, the following design inequality shall be

satisfied:

σc,90,d ≤ kc,90 kmat fc,90,d (1)

where fc,90,d is the design compressive strength perpendicular to the grain and σc,90,d
is the corresponding design stress, obtained by dividing the design compressive force

Fc,90,d by the contact area A: The coefficient kmat reflects the material behaviour and the

permissible compressive deformation, whereas kc,90 accounts for stress redistribution

within the member.

Values of kmat (Table 1) were determined using the partial safety factors γM given in

EN­1995­1­1 (EN 1995 2005).

According to the draft code, both kc,90 and kmat may be taken as 1.0, or they may be

evaluated with Eq. (2) and Table 1, respectively:

kc,90 = √
lef

lc,90
≤ 4.0 (2)

Here lef is the effective stress­spreading length parallel to the grain and lc,90 is the loaded

(compressed) length in the same direction (see Fig. 1). For CPG, lef is derived from a 45∘

stress­spreading angle.

�

�

45°35°

lef

lc,90bc,90, lc,90

bef, lef

tclt

lc,90
lef

hef

h

�

a)

b) c)

lef lef lef lef
lc,90 lc,90 lc,90 lc,90

hef
hef

hef

lef lef
lc,90 lc,90

Figure 1. Typical situations used to calculate the CPG effective parameters for (a),(c) GLT and (a),(b)
CLT.

83

INTER / 58 - 6 - 1



Table 1. Values of the coefficients kmat for different timber products.

Type of timber product Case A Case B Case C
Strain kmat Strain kmat Strain kmat

Solid wood based (SWB) (see Table 5.1) 0,025 1,4 0,10 2,1 0,20 2,7
Softwood LVL and GLVL loaded edgewise 0,015 1,0 — — — —

Softwood LVL and GLVL loaded flatwise 0,025 1,3a 0,07 1,9 0,30­ 0,005h 2,5b

Hardwood LVL and GLVL loaded edgewise 0,015 1,0 0,035 1,2 — —
Hardwood LVL and GLVL loaded flatwise 0,020 1,3 0,05 1,6 — —
a: for h ≥ 46mm b: for 20mm ≤ h < 46mm

The strain in Table 1 is defined as total deformation divided by the effective depth hef .

For members on continuous support,

hef = min{h, 280 mm}, (3)

while for members on discrete supports and subjected to distributed and/or local CPG,

hef used in Eq. (2) becomes

hef = min{0.4h, 140 mm}. (4)

When the loaded area is non­rectangular (e.g. round washers), lef and lc,90 in Eq. (2) may

be replaced by the corresponding effective area and loaded area.

Cross­Laminated Timber (CLT). For CLT compressed perpendicular to its plane, additional

mechanisms (notably the “blocking’’ effect Brandner, 2018) result in increased capacity.

The distribution factor kc,90,CLT can be taken as 1.0 or, where 1 ≤ tmax/tmin ≤ 2, may be

calculated using a 35∘ spreading angle:

kc,90,CLT = √
bef lef

bc,90 lc,90
≤ 4.0, (5)

with bef the effective width perpendicular to the grain and lef the effective length parallel

to the grain.

3 Experimental Campaign

Two comprehensive CPG campaigns were performed at NTI and NTNU: one on glued­

laminated (GLT) and solid timber (ST) members (Moseng & Hagle, 2012), and one on

cross­laminated timber (CLT) (Troller, 2014). An overview of the experimental series are

provided in Table 2 and 3. A detailed description of the testing campaigs and its results

can be found in Pasca et al., 2024. A short summary of the testings are hereby reported:

• GLT/ST campaign.
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Table 2. Overview of the experimental tests, where b and h are the specimen width and height, ds is
the distance from support to load plate, l the specimen’s total length and lc,90 the load plate length.

Series
Plate Spec. Geo Length Plate Constraint

lc90 [mm] b [mm] h [mm] ds [mm] ltot [mm] ∧ ∩ Rot Fix n. test Class

A1 90 90 60 90 X X 4 L40C
A2 90 90 90 90 X X 5 L40C
A3 90 90 120 90 X X 4 L40C
A4 90 90 150 90 X X 4 L40C

B1 48 90 90 980 X X 10 L40C
B2 48 90 90 980 X X 15 L40C
B3 90 90 90 980 X X 10 L40C
B4 48 90 90 980 X X 10 L40C
B5 90 90 90 980 X X 10 L40C
B6 48 45 90 980 X X 10 L40C
B7 48 90 48 980 X X 10 C24/C30
B8 90 90 405 980 X X 10 L40C

D1 48 90 90 980 X X 12 L40C

E1 48 90 90 980 X X 14 L40C

F1 48 90 90 980 X X 15 L40C
F2 48 90 90 980 X X 15 L40C

H1 48 48 198 376 980 X X 15 C24/C30
H2 90 90 405 605 1480 X X 14 L40C
H3 90 90 405 605 1480 X X 14 L40C

Total 201

Table 3. Overview of the experimental tests, where b and l are the width and length, h the height, with
subscripts specific to the load plate, specimen and support plate as done in Table ??. In and Out in the
last column indicate the inner and outer lamellae.

lc,90 bc,90 l b h ls bs
Series [mm] [mm] [mm] [mm] [mm] [mm] [mm] Steel CLT n. test Class

A1 50 50 50 50 100 50 50 X 9 T22 (out) T15 (in)
A2 100 100 100 100 100 100 100 X 8 T22 (out) T15 (in)

B1 50 50 400 50 100 400 50 X 5 T22 (out) T15 (in)
B2 100 100 400 100 100 400 100 X 5 T22 (out) T15 (in)
B3 100 100 400 100 100 400 100 X 5 T22 (out) T15 (in)

D1 50 50 400 50 100 50 50 X 5 T22 (out) T15 (in)
D2 100 100 400 100 100 100 100 X 5 T22 (out) T15 (in)
D3 100 100 400 100 100 100 100 X 5 T22 (out) T15 (in)

BM1 50 50 300 300 100 300 50 X 5 T22 (out) T15 (in)
BM2 100 100 300 300 100 300 100 X 5 T22 (out) T15 (in)
BM3 100 100 300 300 100 300 100 X 6 T22 (out) T15 (in)

DM1 50 50 300 300 100 50 50 X 4 T22 (out) T15 (in)
DM2 100 100 300 300 100 100 100 X 5 T22 (out) T15 (in)
DM3 100 100 300 300 100 100 100 X 6 T22 (out) T15 (in)

Total 78
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– Material. Norwegian spruce GLT class L40C (≈ GL30C) and ST classes C24/C30;

mean densities 454 kg/m3 (GLT) and 412 kg/m3 (ST) at 12% moisture content.

– Configurations. Seven basic layouts (A, B, D, E, F, H) with ∼ 200 tests in to­

tal. Main variables were: (i) load position (centre vs. edge), (ii) support type

(continuous vs. discrete), (iii) steel plate edge (sharp or smooth), and (iv) load­

transmission constraint (pinned or fixed).

– Results. Continuous supports yield 13–24 % higher stresses than discrete sup­

ports; edge loading reduces stresses by 21–32 %; using a 48 mm rather than a

90 mm loading plate increases stresses by 23–40 %; narrowing the specimen

from 90 mm to 45 mm lowers stress by about 15 % at low strain but has little ef­

fect beyond 5%; and the influence of plate­edge shape and rotational restraint

remains within 5 %.

• CLT campaign.

– Material. 100 mm three­layer panels (33 mm lamellae) of Norway spruce; outer

T22 / inner T15; mean density 472 kg/m3.

– Configurations. Five layouts (A, B, D, BM, DM) totalling 78 tests. Key param­

eters varied: specimen geometry (prism, strip, plate), load area (50 × 50 or

100 × 100mm2), load applicator (steel plate vs. CLT block), and support scheme

(continuous vs. paired loads).

– Results. Moving from discrete to continuous supports raises strength by 5–21 %

in beam­like elements (B vs. D) and by 29–50 % in plate­like specimens (BM vs.

DM). Plate­like elements also outperform beam­like ones by up to 46 % when

continuously supported, whereas the advantage is limited to 8 % with discrete

support. Enlarging the loading plate and specimen width decreases stresses by

14–20 % for continuous support and by up to 9 % for discrete support. Finally,

replacing the steel plate with a CLT block at the load interface reduces capacity

by 8–12 %.

3.1 Deformation level and kmat evaluation

Two alternative definitions of deformation were evaluated. First, the EN 408 method

(EN 408 2003) treats deformation as the residual value after unloading: the tangent

to the initial elastic branch is translated by the target residual strain until it intersects

the force–displacement curve (Fig. 2a), and the compressive strength fc,90 is read at

a residual strain of 1%. Second, the 2.5 %εmethod regards deformation as the total

strain during loading: the capacity is taken directly at a fixed total strain, here 2.5%
(Fig. 2b), a value considered roughly equivalent to 1% residual strain in perpendicular­

to­grain compression (Leijten, 2018). For solid timber and GLT this total­strain approach

consistently underestimates strength when compared with EN 408, whereas for CLT the
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Figure 2. Procedures for assessing the capacity at several deformation levels on an experimental
sample curve; (a) method based on EN408 and (b) method discussed in this research.

two procedures yield very similar results results. Consequently, EN 408 was adopted for

the subsequent analysis.

The material factor kmat was determined for both glue­laminated timber (GLT) and cross­

laminated timber (CLT) as the ratio between the stress at a given residual strain and the

stress at 1% residual strain, so that kmat = 1 at εr = 1%. According to the Eurocode

(case B), kmat is calculated as 2.1/1.4, yielding a value of 1.50 at 10% total deformation.

The present experimental results indicate lower values.

For GLT, a residual deformation of 10% (corresponding to roughly 11−13% total de­

formation) leads to kmat = 1.46, while at 10% total deformation the factor decreases

to approximately 1.35. A linear regression of all GLT results confirms a nearly perfect

linear correlation between deformation and the increase in strength, with a coefficient

of determination R2 = 0.977. Enforcing ̂kmat = 1 at 1% strain for physical consistency,

the empirical relation reads

̂kmat = 1 + 0.0522 ε [%], (6)

where ε is the deformation level expressed in percent.

For CLT, the trend is similar but slightly less pronounced, with kmat = 1.41 at 10%
deformation. The corresponding regression, constrained to pass through ̂kmat = 1

at ε = 1%, exhibits an even higher coefficient of determination R2 = 0.985 and is

expressed as

̂kmat = 1 + 0.0461 ε [%]. (7)

Overall, both materials exhibit an almost linear increase of kmat with the deformation

level, with GLT showing a marginally steeper slope than CLT. In all cases, the experimental
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values remain below the Eurocode recommendation across the investigated deformation

range.

3.2 Model validation

This section evaluates the predictive performance of the model presently adopted by

the Eurocode, see Equation 1. The parameters kmat and fc,90,m are taken directly from

the experimental results. Specifically, ̂kmat is evaluated at the mean deformation of the

glulam (GLT) and solid‐timber (ST) tests, whereas ̂fc,90,m corresponds to the overall mean

value of GLT + ST tests and the CLT tests at 1% deformation. Using experimental values

for kmat and fc,90,m maximises the epistemic component of the prediction error.

Fc,90,m = kc,90 ̂kmat A
̂fc,90,m (8)

Here, Fc,90,m is the predicted mean resistance in compression perpendicular to grain

(CPG), and kc,90 is determined by Equation 2 for GLT + ST and by Equation 5 for CLT.

Figure 5 compares predicted andmeasured capacities for every GLT + ST configuration and

deformation level. Figure 5 (a) employs the experimental mean value ̂fc,90,m = 3.27MPa,

while Figure 5 (b) uses the characteristic value ̂fc,90,k = 1.85MPa obtained from a log­

normal fit of the 1%‐deformation stresses in accordance with EN 408, after removing

the influence of kc,90.
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Figure 5. Predicted versus experimental capacities for all GLT + ST configurations and deformation
levels:

The quality of the correlation varies markedly between configurations, as seen in Figure 5.

Some test groups contain clear outliers, strongly over­predicting (H1) or under­predicting
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(H3) the measured resistance. Table 4 quantifies these trends through the ratio of

predicted to experimental forces, the standard deviation (SD) of that ratio, the mean­

squared error (MSE), maximum absolute error (MAE), root­mean­squared error (RMSE),

variance accounted for (VAF) and coefficient of determination (R2).

Table 4. Error metrics of the predictive model for GLT + ST (Figure 5).

Test label
Fc,90,Pred
Fc,90,Exp

σ MSE [kN2] RMSE [kN] MAE [kN] VAF [%] R2

B1­7 1.00 0.14 35.10 5.68 4.59 52.84 0.55
B8 1.13 0.10 144.22 12.01 10.07 67.64 0.68
D1 1.05 0.12 14.23 3.77 3.22 51.17 0.52
E1 1.13 0.11 13.92 3.73 3.17 47.31 0.56
F1­2 1.04 0.15 19.53 4.40 3.54 45.83 0.46
H1 2.25 0.42 413.71 20.34 20.04 44.27 0.55
H2 0.90 0.07 66.45 8.15 6.81 68.89 0.69
H3 0.69 0.06 646.11 25.42 24.87 62.65 0.63
H1­3 1.31 0.74 375.43 17.97 17.24 58.60 0.63

All data 1.17 0.21 115.36 10.74 7.49 73.91 0.74
All data (no H, B8) 1.03 0.15 27.50 5.24 4.10 86.53 0.87

Although individual configurations display modest R2 values (down to 0.46 for F1­2 and

averaging 0.59), the global coefficient rises to 0.74—and to 0.87 when the H series and

B8 are excluded—because positive and negative errors partially cancel. On a global scale,

therefore, Equation 8 provides a satisfactory prediction.

The pronounced under­prediction for B8 suggests that the assumptions regarding hef
warrant reconsideration; the H series likewise merits separate scrutiny for eccentric

loading at supports. Nevertheless, even with a single kmat per deformation level, the

formulation achieves an overall R2 of 0.87 (excluding H and B8), a remarkably high figure

in view of its simplicity. This underlines the effectiveness of Equation 1, while leaving

room for refinement by allowing kmat to vary with deformation.

Figure 6 presents the analogous comparison for CLT. Figure 6l (a) employs ̂fc,90,m =
4.28MPa; Figure 6 (b) uses the characteristic value ̂fc,90,k = 3.29MPa obtained from a

log­normal fit of the 1%‐deformation stresses after removal of kc,90.

Table 5. Error metrics of the predictive model for CLT (Figure 6).

Test label
Fc,90,Pred
Fc,90,Exp

σ MSE [kN2] RMSE [kN] MAE [kN] VAF [%] R2

A2 1.05 0.10 5.70 2.25 1.94 49.43 0.55
B 0.86 0.12 169.16 12.13 11.00 40.76 0.42
D 0.96 0.10 80.89 7.61 6.56 49.36 0.51
BM 0.93 0.08 13.63 3.69 3.09 68.09 0.78
DM 1.16 0.16 27.32 4.99 4.70 74.06 0.82

Mean 0.99 0.15 75.44 7.04 6.28 53.22 0.57

Table 5 shows that CLT errors (MSE, RMSE, MAE) are generally smaller than for GLT + ST,

though the average R2 is lower (0.57) because the BM and DM series exhibit greater

scatter. Nonetheless, the constant­kmat approach again delivers acceptable accuracy.
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Figure 6. Predicted versus experimental capacities for all CLT configurations and deformation levels:

4 Effect of specimen height on the effective height

This section investigates optimal thresholds for the effective height in Equations 3 and 4

when estimating the coefficient kc,90.

This study reveal increasing prediction errors and overestimation of capacity for spec­

imens of greater height. This suggests that the existing limits on effective height in

Equations 3 and 4 may be non‐conservative for taller beams.

A calibrated finite‐element (FE) model, validated against experimental capacity curves,

was used for a parametric study: specimen heights h were varied from 45 mm to 750

mm across all tested configurations.

For each height, the estimated compressive strength at 1% deformation fc,90,1% (per EN

408) was compared to that of reference configuration A, defining ̂kc,90 as:

̂kc,90 =
fc,90,1%

fc,90,1%,A
(9)

Assuming Equation 2 holds, the effective height ĥef was then computed as:

ĥef = {
lc,90( ̂k2c,90−1)

2
if configuration B or D

lc,90( ̂k2c,90 − 1) if configuration E or F
(10)

leading to the functional relationship:
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ĥef = f(h, x) (11)

where x denotes the FE model’s mechanical parameters. The goal was to identify the

member height beyond which ĥef stabilizes, justifying a threshold in Equations 3 and 4.

4.1 Finite element model

A three‐dimensional FEmodel in Abaqus/Standard represents GLT beams and steel plates

with C3D8R hexahedral elements, using a 5 mmmesh. Symmetry reduced the simulated

domain (between 1/2 and 1/8 of the geometry). Contact was modeled with hard normal

behaviour and a friction coefficient μ = 0.3. The contact interaction between the

plates and the beam has been defined in such a way as to account for the possibility of

separation, to avoid interpenetration between bodies and to reproduce friction. The

steel plates were modeled as elastic‐isotropic (E = 210000N/mm2, ν = 0.3). Timber

was treated as homogeneous orthotropic: E0, Gg, and Gr per EN 14080; Poisson’s ratios

per Dahl, 2009; and a bi‐linear plastic law characterized by E90, fy90 and a hardening

factor f100%/fy.

4.2 Model calibration

Using a genetic algorithm, the parameters E90, fy90, f100%/fy were optimized to minimize

the RMSE:

min ∶ Δ = √ 1

50

50

∑
p=1

(FM,p − FE,p)2 (12)

with the following input parameters to optimize, defined in the domain:

{30MPa, 1MPa, 1} ≤ {E90, fy90, f100%/fy} ≤ {300MPa, 10MPa, 5} (13)

The calibrated averages show high variability (coefficients of variation up to 50 %, see

Pasca et al., 2024), with mean E90 = 86N/mm2, fy90 = 2.57N/mm2 and hardening

factor 2.03. The model’s force–displacement predictions closely match experiments,

and stress‐diffusion patterns at 1 % displacement confirm a 45° spreading in simpler

cases, with more complex shapes under boundary effects.
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4.3 Results of parametric analyses

Parametric curves of ĥef vs. h (45–720 mm) were generated for configurations B, D, E, F

and H, using both the fitted and literature parameter sets. In all cases, ĥef grows nearly

linearly for small h but levels off as stress‐spreading no longer yields full plasticization.

For discrete support, ĥef plateaus around 150–200 mm; for continuous support, around

200–300 mm. Literature parameters slightly overestimate the threshold compared to

fitted ones.
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Figure 7. Variation of the effective height as a function of the specimen height for discrete support

Comparing these mean curves with existing standard thresholds shows that current

limits are conservative for continuous support but non‐conservative for discrete support.

To reconcile this, the authors propose “suggested thresholds” that balance between the

two parametric sets, rounding for practical standard use for continuous support to:

hef = min{0.7h, 210mm} (14)

and for discrete support to:

hef = min{0.7h, 170mm} (15)

These benchmarks offer a more conservative estimate for continuous supports and

a more realistic one for discrete supports, aligning with the observed stabilization of

effective height.

93

INTER / 58 - 6 - 1



0 100 200 300 400 500 600 700
Specimen height (h) [mm]

0

50

100

150

200

250

300
Ef

fe
cti

ve
 h

eig
ht

 (h
ef

) [
m

m
]

Continuous supports

Fitted mechanical parameters
Literature mechanical parameters
EC5 limits
suggested limits

Figure 8. Variation of the effective height as a function of the specimen height for continuous support

5 Conclusions

The proposed deformation­dependent regression models for kmat provide a more accu­

rate representation of strength enhancement in CPG loading than the current Eurocode

recommendation, with empirical slopes closely matching experimental behavior for

both GLT/ST and CLT. Adjusting the effective depth limits to hef = min{0.7h, 210mm}
for hef = min{0.7h, 170 mm} continuous supports and for discrete supports yields

conservative yet realistic estimates of stress redistribution. Validation against extensive

testing and calibrated FEM results confirms that these modifications improve predictive

capacity while maintaining simplicity.
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DISCUSSION 

The paper was presented by D Pasca 

A Frangi commented about the calibration results showing large differences between 
the E90 chosen and the E90 from literature.  

J Töpler asked about the possible use of the numerical model for design. D Pasca 
responded that the configurations covered are different and may not be applicable 
directly for design. J Töpler commented that numerical models involve calibration 
versus verification and asked if two different data set were used. P Pasca said the 
data set was split such that 80% of the data were used for calibration and 20% of the 
data were used for verification. 

R Tomasi and D Pasca discussed if the kmat of case A was not of key interest but the 
paper focused on kmat of case B matched the findings but leads to larger levels of 
deformation. R Tomasi asked, if the different values of hef were separated in analysis. 

P Dietsch commented there are other models available and asked if the authors 
considered them. P Pasca responded that no as they only focused on the new 
Eurocode model. P Dietsch asked for any mechanistic explanation on hef = min (0.7h; 
210 mm). D Pasca responded no as it was based on numerical results only. P Dietsch 
commented that perhaps it might be explained by compression perpendicular to grain 
stresses being transformed into shear stresses at this level of height. 

T Tannert commented that the limit of the 210 mm seemed arbitrary. D Pasca 
responded that some regression work was done. He agreed this limit is a bit arbitrary 
and more simulations can be done in future. 

P Dietsch also asked why the journal publication was realized before the INTER paper 
as the advantage of including suggestions from INTER experts is then missed. P 
Dietsch suggested that editorial checks be performed and additional references be 
added before submission for the proceedings. 
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1 Introduction
Within the framework of the ongoing research project Towards a Reliable and Efficient
Analysis of Connections in Timber (REACT), several experimental campaigns have been
designed to investigate the response of timber under various loading conditions and
directions. Tests are planned in compression, shear, embedment, and tension, with the
aim of examining the influence of anatomical singularities and effects of self‐tapping
screws on mechanical performance.

Previous studies have addressed off‐axis compression and shear — see, for instance,
Crespo et al. (2020), Gupta & Sinha (2012), Hu et al. (2021), Liu et al. (2019), and Reit‐
erer & Stanzl‐Tschegg (2001) for compression, and Steiger & Gehri (2011) and Riyanto
& Gupta (1996) for shear. Regarding reinforcement with self‐tapping screws, several
works —e.g., Bejtka & Blaß (2002), Bejtka & Blaß (2005), and Dietsch et al. (2013)—
have shown that it can improve both load‐carrying capacity and ductility. Provisions for
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Figure 1. Cutting pattern used to obtain the samples.

reinforcement are also included in the draft version of the future Eurocode 5 (FprEN
1995‐1‐1:2024, 2024).

This paper presents the main results from the off‐axis compression and shear test cam‐
paigns conducted on small‐scale specimens containing natural defects. Standard test‐
ing configurations were modified when necessary, primarily for two reasons: to accom‐
modate the screws and to maintain consistent specimen dimensions across different
off‐axis tests whenever possible.

2 Materials and Methods
2.1 Cutting and preparation of the samples

The samples were prepared from GL24h spruce (Picea abies) beams, which were sliced
into 3 cm‐thick layers following two distinct cutting patterns, as illustrated in Figure 1.
In the first pattern, each slice contained a single lamella and is herein referred to as
solid wood (S); in the second, each slice included two different lamellae with the glued
interface located at mid‐thickness, and is referred to as Glulam (G) for the purposes of
this experimental campaign.

Each layer was subsequently cut using a CNCmachine according to a predefined pattern
(an example is shown in Figure 1) to produce specimens with different nominal fiber
orientations.

2.2 Measurement of anatomical features

Before testing, and prior to applying the speckle pattern for photogrammetry, each
specimen was photographed on all six faces. A complete geometrical and anatomi‐
cal characterization was then carried out, including the recording of specimen dimen‐
sions, detailed documentation of anatomical features (e.g., slope of grain, local devi‐
ation, knots), and other relevant parameters such as moisture content, weight, and
non‐destructive ultrasound‐based measurements of wave propagation speed.
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Figure 2. Measurement of face and end angles. The four side faces of a specimen with a nominal
grain angle of 0° are shown. The final angles considered for this sample were: principal angle, 4°
(faces 2 and 4, closer to the target angle 0°); secondary angle, 7.4° (faces 1 and 3); and local devia‐
tion, 63° (face 1).

2.2.1 Angles: principal, secondary and end grain

Each specimen was cut according to a pattern that defined a nominal slope of grain.
The predominant slope of grain on the four side faces was measured, as illustrated in
Figure 2, and grouped in pairs corresponding to each set of opposite faces. From each
pair, the maximum value was retained. Among these, the angle closest to the nominal
value was identified as the principal angle, while the angle on the orthogonal faces was
defined as the secondary angle. As shown in the results, both angles influence the
mechanical behavior and exhibit strong correlation.

In addition to the global slope of grain, the local slope of grain —usually associated
with the presence of knots— was documented. For clarity, the term local deviation will
hereafter be used to describe the local slope of grain. These were measured on all four
side faces, as shown in Figure 2.

The radial or tangential orientation of each board was also characterized by an angle
(see Figure 2). Values near 0° indicate tangential boards, while angles close to 45° cor‐
respond to radial orientations.

2.2.2 Knots

For knot characterization, standard criteria were followed (EN 1309‐3:2018, 2017). The
measured properties included the number of knots, their position—defined by coor‐
dinates along the longitudinal and transverse axes—and their size, expressed as the
diameter in each direction.

Numerous knot‐related indices have been proposed in the literature. In this study, the
parameter used to characterize knot content is KAReq, defined as the ratio between the
total knot area (assuming each knot to be circular) and the total area of the face.
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Figure 3. Test setup for compression (left) and shear (right) tests.

3 Tests
The specimens were conditioned according to EN 408:2010+A1 (2012) to reach the ref‐
erence moisture content of 12%. Strength, stiffness, and density values were subse‐
quently corrected to this reference condition following the procedure described in EN
384:2016+A2 (2022).

3.1 Compression tests

Compression tests were conducted following the setup described in EN 408:2010+A1
(2012) for compression parallel to the grain, as illustrated in Figure 3 (left). In addition
to standard specimens, off‐axis and configurations with self‐tapping screws were also
tested. Specimens with dimensions of 30 × 30 × 180mm3 and 30 × 30 × 90mm3

(b × h × ℓ, where b and h are the cross‐sectional dimensions and ℓ is the length) were
used. The variation in slenderness, from the recommendedλ = 6 (ℓ = 180mm) to λ = 3
(ℓ = 90mm), was introduced to avoid premature buckling in off‐axis specimens.

A total of twelve testing groups were defined, each comprising at least 34 specimens,
and categorized according to slope of grain and the presence or absence of self‐tapping
screw. The studied slope of grains were 0°, 30°, 60°, and 90°. A fully threaded self‐
tapping screw (nominal diameter of 5.3mm, length of 100mm) was applied to solid
wood specimens aligned parallel to the grain at angles of 30°, 45°, 60°, and 90°.

The full test campaign included 12 groups: 8 without (4 solid wood and 4 glulam) and 4
with self‐tapping screws.

3.2 Shear tests

For the shear test campaign, the standard setup described in EN 408:2010+A1 (2012)
was not used, as it does not allow for the insertion of self‐tapping screws. Instead, an
alternative configuration was developed (Figure 3, right) to induce a shear plane along
the central axis of the specimen and enable a comparative analysis between specimens
with and without screw insertion.
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Figure 4. FEM results showing stress components and distribution: shear stress S12 (top left), and
normal —compression— stress S11 distribution (top right), and the resulting shear stress distribution
along the shearing section (bottom).

It is important to note that this setup, due to the presence of lateral supports to avoid
overturning of the specimen, does not produce a pure shear state (as shown in Fig. 4
top); compressive stresses are also present, and thus interact with the shear stress field.
A finite element model was employed to characterize the stress field and accurately
determine the effective shear area (see Sect. 3.3.1).

Specimens with dimensions of 30 × 30 × 60mm3 (b × w × h; base, width, and height,
respectively) were tested. Four groups of 30 solid timber specimens eachwere analyzed.
All specimens had slope of grain oriented at 0° (i.e., load parallel to the grain), and three
direction of screws were considered —30°, 60°, and 90°— in addition to a reference
group with no screw.

3.3 Derivation of mechanical properties

3.3.1 Maximum strength

The maximum compressive strength, fmax, was calculated by dividing the maximum ap‐
plied load, Fmax, by the cross‐sectional area (30 × 30mm2).

For the shear tests, a numerical model using solid elements with elastic properties was
developed in ABAQUS (Figure 4) to determine the effective shear area based on the
shear stress distribution S12 (Figure 4, bottom). The effective shear area was found
to be 0.8205 bh, where b and h correspond to the nominal width (30mm) and height
(60mm), respectively.
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Due the presence of lateral supports to avoid overturning (see Fig. 3), compressive
stress S11, which interact with the shear stress, develop (Figure 4, top right). Conse‐
quently, the calculated shear strength—obtained by dividing the maximum load by the
effective area— should be cosidered as an apparent value, which nevertheless qualita‐
tively assesses the influence of the screw presence in the shear plane response.

In cases where a plateau response was observed (off‐axis compression and shear), the
maximum force, Fmax, was determined following the iterative procedure described in
EN 408:2010+A1 (2012) for compression perpendicular to the grain. This method con‐
sists of intersecting the load–deformation curve with a line shifted by 0.01h, parallel to
a reference line defined by points at 0.1 and 0.4 times an initial estimate of Fmax.

3.3.2 Stiffness

In the compression tests, the modulus of elasticity was determined as described in EN
408:2010+A1 (2012), based on the response between 0.1 and 0.4 times Fmax. The de‐
formation was measured by Digital Image Correlation (DIC) over a central segment cor‐
responding to 67% of the specimen length, avoiding end effects due to crushing.

For shear tests, stiffness was qualitatively estimated as the ratio between the load in‐
crement, F2 – F1, measured between 0.1 and 0.4 times Fmax, and the corresponding
displacement increment, d2 – d1, recorded by the testing machine. This approximation
allows for a preliminary comparison of the effect of screw presence on the mechanical
response.1

3.3.3 Dynamic MOE

All specimens were evaluated using the SylvaTest Trio ultrasound device, which mea‐
sures the ultrasound wave speed along the longitudinal axis of the specimen (noting
that for off‐axis specimens, this direction may not coincide with the fiber orientation).
The dynamic modulus of elasticity (MOEdyn) was calculated as MOEdyn = ρv2, where
ρ is the specimen density and v is the measured ultrasound wave speed (Kasal et al.,
2010).

3.3.4 Ductility

The ductility index was determined following the definition in EN 12512:2001 (2001)
and calculated as the ratiobetween the ultimate slip,∆u, and the yield slip,∆y. For com‐
pression tests, ∆u was defined as the displacement corresponding to 0.8Fmax, whereas
for shear tests, due to their brittle behavior, ∆u was taken at Fmax.

1These are preliminary results that will be refined through a detailed assessment of the shearmodulus using
DIC techniques. A more comprehensive analysis of the strain distribution in the tested configuration is needed
to accurately define the measurement region.
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Figure 5. Compression results for off‐axis tests: strength (left) and modulus of elasticity (MOE)
(right).

3.3.5 Poisson’s ratio

The Poisson’s ratio, ν, was obtained from the DIC measurements as the ratio between
the transverse strain, εt (radial and tangential directions were not distinguished), and
the longitudinal strain.

4 Results and discusion
4.1 Compression tests

4.1.1 Mechanical properties

Table 1 presents the median values and coefficients of variation (COV) for moisture con‐
tent, density, knot ratio, strength, modulus of elasticity (MOE), dynamic modulus of
elasticity (MOEdyn), ductility, and Poisson’s ratio. Due to the high variability and pres‐
ence of outliers in the experimental data, robust statistical estimators were employed,
using themedian as the central tendencymeasure and the interquartile range to assess
variability.

In the groupswithout screw (Solid, 1–4; Glulam, 9‐12), a progressive decrease in strength
and stiffness with increasing slope of grain was observed, consistent with typical values
reported in the literature (Figure 5). Variability tended to reduce for off‐axis groups.

When applying the standard slenderness ratio (λ = 6) (EN 408:2010+A1, 2012) in off‐
axis groups, buckling was the predominant failure mode (see Figure 7). Therefore, the
slenderness ratio was halved for these groups to ensure that material strength was ef‐
fectively evaluated. A statistical analysis comparing results for both slenderness values
showed no significant difference.
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Figure 6. Compression. Groups with screw: strength (left) and modulus of elasticity (MOE) (right).
The reference series (NS, no screw) is shown for comparison.

Self‐tapping screws applied to specimens with slope of grain 0° did not result in a signifi‐
cant increase in strength (Figure 6, left), but produced a slight increase inMOE (Figure 6,
right). ANOVA analysis revealed significant differences inMOE for screws inclined at 30°,
45°, and 60°, with a near‐significant effect observed at 90° (p‐value = 0.006).

4.1.2 Correlation between physical and mechanical properties

Table 3 presents the correlation matrix for the solid and glulam timber series without
screw, illustrating the relationships between geometric features (e.g., global and local
slope of grain, knot ratio) and mechanical properties (e.g., strength, modulus of elastic‐
ity, ductility, Poisson’s ratio). Pearson correlation coefficients range from –1 to 1, with
values closer to ±1 indicating stronger linear correlations.

4.1.2.1 Solid timber

As expected, the principal angle (PA) exhibits a strong negative correlation with maxi‐
mum strength (STR) and modulus of elasticity (MOE) in both solid timber and glulam
specimens without screws. No significant differences were observed between speci‐
mens composed of two lamellas (glulam) and those with a single lamella (solid). The
secondary angle (SA) shows a similar, although weaker, influence on strength and MOE.
Both principal and secondary angles are highly correlated, although this correlation is
slightly lower in glulam due to the presence of two distinct lamellas.

The knot ratio (KR) and local deviation (LD) demonstrate a moderate positive correla‐
tion, which is expected since LDmainly corresponds to distortions occurring near knots.
However, their impact on mechanical properties is less pronounced. In solid timber,
KR shows negligible correlation with strength and MOE, confirming that the mere pres‐
ence of knots does not significantly reduce compression properties. In glulam, a slight
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Table 3. Compression. Correlation matrix between anatomical and mechanical properties. Above:
glulam series; below: solid series. Key: PA: principal angle, SA: secondary angle, LD: local deviation,
KR: knot ratio, EFA: end face angle, STR: maximum strength, MOE: modulus of elasticity, DMOE: non‐
destructive dynamic MOE, DCT: ductility, ν: Poisson’s ratio.

GLULAM
SA KR LD EFA STR MOE DMOE DCT ν

0.7 0.02 0.17 ‐0.45 ‐0.9 ‐0.8 ‐0.85 0.6 0.33 PA
SA 0.79 0.19 0.40 ‐0.12 ‐0.76 ‐0.75 ‐0.73 0.47 0.39 SA
KR ‐0.08 0.08 0.66 0.14 ‐0.10 ‐0.12 ‐0.04 0.13 ‐0.06 KR
LD 0.18 0.31 0.65 0.11 ‐0.19 ‐0.20 ‐0.16 0.26 0.06 LD
EFA ‐0.56 ‐0.44 ‐0.03 ‐0.25 0.25 0.14 0.22 ‐0.21 0.04 EG
STR ‐0.87 ‐0.73 0.05 ‐0.14 0.33 0.95 0.96 ‐0.48 ‐0.5 STR
MOE ‐0.77 ‐0.62 0.10 ‐0.09 0.28 0.92 0.97 ‐0.37 ‐0.54 MOE
DMOE ‐0.82 ‐0.67 0.11 ‐0.08 0.30 0.95 0.93 ‐0.40 ‐0.52 DMOE
DCT 0.36 0.37 0.00 0.13 ‐0.18 ‐0.31 ‐0.24 ‐0.23 ‐0.05 DCT
ν ‐0.08 ‐0.12 ‐0.12 ‐0.08 0.15 ‐0.05 ‐0.12 ‐0.06 0.03

PA SA KR LD EG STR MOE DMOE DCT
SOLID

Table 4. Compression. Correlation matrix between anatomical and mechanical properties. Above:
solid and glulam series without screw combined; below: with screw (0°) series. Key: PA: principal an‐
gle, SA: secondary angle, AS: angle of screw insertion, KR: knot ratio, LD: local deviation, EFA: end
face angle, STR: maximum strength, MOE: modulus of elasticity, DMOE: dynamic MOE obtained by
non‐destructive measurement (sound speed), DCT: ductility, ν: Poisson’s ratio.

SOLID+GLULAM (NO SCREW)
SA KR LD EFA STR MOE DMOE DCT ν

0.72 ‐0.03 0.17 ‐0.51 ‐0.88 ‐0.79 ‐0.83 0.37 0.05 PA
SA 0.28 0.17 0.36 ‐0.28 ‐0.71 ‐0.66 ‐0.67 0.31 0.13 SA
KR 0.09 0.32 0.63 0.06 ‐0.03 ‐0.02 0.03 0.02 ‐0.03 KR
LD 0.00 0.22 0.71 ‐0.08 ‐0.16 ‐0.14 ‐0.12 0.13 ‐0.01 LD
EFA ‐0.01 ‐0.11 ‐0.04 ‐0.11 0.29 0.21 0.26 ‐0.17 0.09 EG
STR ‐0.09 ‐0.29 ‐0.57 ‐0.48 0.10 0.93 0.96 ‐0.32 ‐0.18 STR
MOE ‐0.11 ‐0.11 ‐0.18 ‐0.09 0.12 0.27 0.94 ‐0.24 ‐0.24 MOE
DMOE 0.05 0.07 ‐0.14 ‐0.21 0.05 0.59 0.18 ‐0.25 ‐0.19 DMOE
DCT 0.00 0.00 0.04 0.20 0.02 ‐0.25 0.04 ‐0.32 0.00 DCT
ν 0.02 ‐0.14 0.04 0.05 0.15 0.16 0.18 ‐0.01 0.04

AS SA KR LD EG STR MOE DMOE DCT
SCREW (0°)
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inverse correlation between KR andmechanical properties is observed, possibly related
to load eccentricity, as knots are confined to only one lamella of the cross‐section.

As widely established—and forming the basis for many nondestructive mechanical and
acoustic evaluation techniques— mechanical properties are strongly correlated with
each other. While general trends are similar for both solid timber and glulam, correla‐
tions with ductility are notably higher in glulam, especially regarding the principal angle,
where the correlation increases by an order ofmagnitude. Poisson’s ratio shows relative
weak correlations with all parameters, likely due to its sensitivity to local deformation
mechanisms rather than global structural behavior.

Since statistical analysis revealed no significant differences in mechanical properties be‐
tween solid timber and glulam series, the combined correlation matrix is presented
in Table 4. The previously described trends persist, with most parameters behaving
similarly across both groups. The most notable variation appears in the static modu‐
lus of elasticity (MOE), whose correlations with other parameters decrease when both
datasets are combined.

4.1.2.2 Series with screw

The correlation matrix for specimens with self‐tapping screws is presented in Table ??.
In this case, the principal slope of grain is omitted because all specimens had grains
oriented at 0°, parallel to the load direction. Instead, the angle of screw insertion (AS)
is considered.

As expected, the insertion of the screw reduces the influence of the secondary angle.
However, somewhat surprisingly, the correlations of knot ratio and slope of grain are
greater in this group. As observed in failure modes (Figure 7, right), failure in specimens
with screws tends to localize around the screw.

Both the dynamic and static moduli of elasticity (MOE) show a reduced correlation with
strength. While strength (as shown in Table 1) did not significantly differ from the series
without screw, MOE increased. This behavior likely results from the introduction of a
stiffer element (the screw) in the specimen. Considering the very high correlation (0.96)
between dynamic MOE and strength in the groups without screw, it is notable that the
application of the screw reduces this correlation by about one third. This indicates that
strength in specimens with screws is primarily influenced by the presence of the screw
—rather than by the insertion angle (which shows a weak correlation)— and less so by
the intrinsic mechanical properties of the timber, as reflected by the dynamic MOE.

4.2 Failure modes

Figure 7 shows representative failure modes observed in solid timber specimens, both
with (left) and without screw (right).
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Figure 7. Failure modes of without (left, 1‐4) and with screws (right, 5‐6) solid timber specimens. For
groups 2, 3, and 4, two specimens with different slenderness ratios are shown: specimens with the
standard slenderness ratio recommended by EN 408:2010+A1 (2012) tend to buckle, which moti‐
vated the reduction of slenderness.

Figure 8. Compression: Interaction between longitudinal compression strength (fc,0) and perpendic‐
ular compression strength (fc,90). All test results are shown, with median values connected by a blue
line illustrating a possible interaction envelope.

In specimens without screw, increasing slope of grain (Groups 2 to 4) leads to more
ductile failure modes, such as slipping between growth rings, progressive buckling, and
transverse crushing accompanied by large deformations. The parallel‐to‐grain group
(Group 1) exhibits a localized brittle failure characterized by fiber buckling and minimal
global deformation.

The four images on the right illustrate failure modes in the Groups 5 to 8 (with screws).
In these groups, fractures predominantly occur near the screw, showing splitting and
fiber collapse aligned with the angle of screw insertion. This behavior reflects localized
load transfer and stress concentration around the screw.

4.3 Compression interaction

Figure 8 illustrates the interaction between longitudinal and perpendicular compression
strengths. It can be observed that both compressive loads interact positively, with an
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(a) Shear strength (b) Shear stiffness (c) Shear ductility
Figure 9. Shear. Experimental results: shear strength (left), stiffness (center), and ductility (right). No‐
screw results (NS) are shown for comparison.

increase in perpendicular strengthwhen longitudinal compression is applied. Additional
results would help refine the current polygonal interaction envelope.

5 Shear tests
5.1 Mechanical properties

Table 2 summarizes themeasuredmechanical and anatomical properties for each group
in the shear series. Shear strength is similar across all groups (Figure 9a, left). No in‐
crease was observed in the groups without screw, while a decrease was noted for the
groupwith a screw at 60°, accompanied by a reduction in variability. However, statistical
analysis indicates no significant difference between this group and the others. The rela‐
tively high strength values observed across all groups are attributed to the influence of
compression present in the test configuration, which contributes to an apparent shear
responde rather than pure shear.

Specimenswith screw at 60° exhibited the highest stiffness (Figure 9b, center), whereas
those with screw at 90° showed the lowest stiffness; in both cases, the differences were
statistically significant. Specimens with screw at 30° displayed stiffness comparable to
the series without screw. All groups, except thosewith screw at 60°, had similar ductility
indices (Figure 9c, right). The 60° screw inserted group exhibited a doubling of ductility,
which was also statistically significant.

5.2 Correlation factors in shear

5.2.1 Without screw

The correlation analysis of the shear series without screw is presented in Table 5 (above).
The secondary angle (SA) is strongly correlated with the principal angle (PA), reflect‐
ing the careful specimen preparation aimed at achieving a more pure inter‐ring shear.
Both angles exhibit a moderate negative correlation (approximately between –0.25 and
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Table 5. Shear. Correlation matrix between anatomical and mechanical properties for no screw
(above) and with screw specimens (0° in all cases, below). Key: PA: principal angle, SA: secondary an‐
gle, AS: angle of screw insertion, KR: knot ratio, EFA: end face angle, STR: apparent maximum shear
strength, STF: stiffness, DMOE: dynamic MOE obtained by non‐destructive measurement (sound
speed), DCT: ductility.

NO SCREW
SA EFA KR STR STF DMOE DCT
0.97 ‐0.32 0.44 ‐0.28 ‐0.33 ‐0.47 ‐0.28 PA

SA 0.91 ‐0.37 0.38 ‐0.28 ‐0.36 ‐0.52 ‐0.29 SA
EFA ‐0.17 ‐0.34 ‐0.01 0.55 0.71 0.43 0.63 EFA
KR 0.29 0.28 ‐0.11 ‐0.24 ‐0.06 0.02 ‐0.17 KR
AS ‐0.2 ‐0.19 ‐0.12 0.06 0.8 0.37 0.94 STR
STR ‐0.34 ‐0.4 0.41 ‐0.25 ‐0.12 0.48 0.94 STF
STF ‐0.29 ‐0.29 0.01 ‐0.26 ‐0.18 0.55 0.45 DMOE
DMOE ‐0.34 ‐0.41 0.41 ‐0.3 ‐0.07 0.73 0.44
DCT ‐0.14 ‐0.13 ‐0.09 ‐0.11 ‐0.06 0.12 0.77 0.16

PA SA EFA KR AS STR STF DMOE
WITH SCREW

–0.35) with the mechanical responses analyzed, namely apparent shear strength (STR)
and stiffness (STF). Note that in this series, the shear modulus is not reported; instead,
a qualitative stiffness derived from load cell displacement is used.

The end face angle (EFA) indicates the radial and tangential orientation of the specimen,
where low values (close to 0°) correspond to tangential boards and values approaching
45° indicate radial boards. In more tangential specimens, the shear load is likely con‐
centrated within a single growth ring, whereas in radial specimens, several rings are
affected, resulting in a slightly stronger mechanical response, as evidenced by the mod‐
erate positive correlation observed. Stiffness and ductility are notably influenced by this
effect, with radial specimens tending to exhibit higher values in both properties.

The knot ratio (KR) shows limited influence on strength and ductility, although it is some‐
times assumed knots may act as shear reinforcements.

Themechanical properties (strength, stiffness, and ductility) display very strong internal
correlations. The dynamic modulus of elasticity (DMOE) exhibits excellent correlation
with both strength and stiffness, consistent with observations from the unreinforced
compression series.

5.2.2 With screw

The correlation matrix for timber specimens under shear with screw (Table 5, below)
reveals a general decrease in correlation values compared to the series without screw,
indicating an influence of the screw.

As expected from the results reported in Section 5.1, where a distinct response was
observed only for specimens with screw at 60°, the insertion direction shows a low

112

INTER / 58 - 6 - 2



Figure 10. Failure modes in the shear tests.

correlationwithmechanical properties. The consistency between stiffness and strength
is reduced compared to the series without screw.

Although reduced to approximately 0.7 (compared to around 0.9 in samples without
screw, the dynamic modulus of elasticity (DMOE) obtained via ultrasound speed still
maintains a strong positive correlation with strength. Another high correlation is ob‐
served between ductility (DCT) and stiffness (STF).

Interestingly, the influence of the knot ratio (KR) on strength remains unchanged com‐
pared to the group without screw, while its correlation with stiffness increases. Addi‐
tionally, the influence of the end face angle (EFA) increases, indicating a positive effect
of the screw in connecting additional fibers for shear resistance.

5.3 Failure modes

Similar failure modes were observed across all tested groups, irrespective of the inser‐
tion self‐tapping screws, as shown in Figure 10. Failure was primarily localized in a single
layer, with a clear tearing between the two parts of the specimen, demonstrating the
adequacy of the implemented test method.

6 Conclusions
This paper presents the results of two experimental campaigns on small timber speci‐
mens, focusing on compression and shear behavior under varying slopes of grain (com‐
pression) and presence of screw Compression tests followed slightly modified standard
configurations —primarily reduced slenderness for off‐axis specimens— while shear
tests employed a novel setup enabling screw application. Anatomical singularities were
measured for all the specimens.

In compression, slope of grain (principal and secondary angles) strongly governs me‐
chanical response. Failure modes varied accordingly: parallel‐to‐grain loading induced
localized crushing, whereas inclined grain produced more ductile behavior involving in‐
terlayer slip. Knot‐related defects had minimal influence. An interaction was observed
between compression strengths parallel and perpendicular to the grain.
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The insertion of self‐tapping screws (only to specimens with fibers parallel to the load)
significantly increased compression stiffness across most insertion angles but did not
yield a notable strength gain. Effects on ductility were inconclusive.

In shear, where grain was oriented parallel to the load, the presence of screws did not
affect strength , and reduced variability for specimens with screw insertion angle at
60°. This group also exhibited the highest stiffness and ductility, with statistically sig‐
nificant differences. Screws at 90° resulted in the lowest stiffness, while the 30° group
behaved similarly to specimens weithout screws. Shear failure localized along the mid‐
plane showed no difference between groups with and without screws.

These findings demonstrate that the application of screws, under compression and
shear, primarily enhances stiffness without consistently increasing strength. Further
experimental campaigns on other loading conditions (e.g., tension, embedment) are
ongoing. The observed interaction between loading directions will support the devel‐
opment of a numerical fracture response model for timber.
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DISCUSSION 

The paper was presented by N López Rodríguez 

H Blass pointed out that in Figure 2 the interpretation of fiber orientation was 
incorrect as annual ring orientation was wrongly considered as fiber orientation. 

H Blass commented that the screw through the specimen at 90 degrees did not 
provide any reinforcement to the wood; in fact, it would weaken the specimen. 

A Frangi commented that the reported shear strength more than 10 MPa as high and 
the generalized conclusions were too strong. 

T Tannert also commented on the wording of reinforcement being confusing. 

P Dietsch commented on shear tests and received clarification that different direction 
of fiber orientation did not cause compression rather than shear stress. 

A Frangi commented that shear area decreased by 20% could potentially explain the 
high shear strength.   

P Dietsch and N López Rodríguez discussed whether there was any need for change to 
standards regarding the proposal and the conclusions that reinforcement could lower 
the strength. P Dietsch mentioned the work of M Enders‐Comberg on steel fasteners 
in areas of compression. 
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1 Introduction

In timber structures, connections are of considerable importance in terms of the be­

haviour of the structural system, with regard to the distribution of forces, the deforma­

tion of the structure or the dynamic behaviour in the context of seismic resistance. In

connectionswith dowel type fasteners (DTF), the interactionof the fastener and the tim­

bermaterial significantly affects the resulting stiffness. Consequently, the consideration

of the deformation behaviour of a connection is given in standards. For example, SIA265

(2021) andDINEN1995­1­1 (2010) provide empirical formulae proposedby Ehlbeck and

Larsen (1993), taking into account the density and the diameter of the fastener. How­

ever, comparing that approach with the determination of the bearing capacity, which

is well described by the European Yield Model (EYM), based on Johansen (1949), im­

portant influencing variables are not taken into account, such as the force­fibre angle,

the thickness of the cross­sections, thematerial properties of the fastener or the failure

modes. Several studies (for example Dorn et al. (2013) or Jockwer and Jorissen (2018))

have outlined the need for further research to fill this gap. In this context, the well­

established approach of a beam­on­foundation method (BOFM) should be considered,

which can accurately describe the elastic­plastic behaviour of the embedded fastener
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in the timber cross­section. This results in an elastic­plastic force­displacement relation

which describes both the elastic stiffness of the connection at the beginning of loading

and also the plasticisation, yielding at a maximum plateau, which represents the load­

bearing capacity. This approach has been proved to be in good agreement with experi­

mental data by Lemaître et al. (2018);Gikonyo, Schweigler, et al. (2024);Gikonyo, Binder,

et al. (2023);Gauß (2024) andBasterrechea­Arévalo et al. (2023). However, thismethod

is based on the need for finite element software and, depending on the level of detail, a

highmodelling and computational effort. In a standard, it may not be practical to have a

procedure based on numerical software that is also highly dependent on the modelling

capabilities of the designer. In Riepe et al. (2025), a new approach for determining the

deformation of the fastener is presented based on the same theory for the determina­

tion of the bearing capacity, namely the Johansen theory. Elastic­plastic material laws

are considered for the embedding behaviour of the fastener in the timber material, and

also for the bending behaviour of the fastener, resulting in new extended basic equa­

tions of the original Johansen theory. With this new strategy, load­deformation curves

can be obtained using numerical solvers. To further simplify the calculation procedure

for engineering applications, linear approximations of the elasto­plastic extension of

the Johansen theory are presented here. These approximations adequately reflect the

deformation behavior of timber­timber connections with dowel­type fasteners through

closed­form solutions.

2 Elasto­plastic extension and linear simplification

d
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Figure 1. Modified stress distributions for fail­
ure mode d, showing an already plasticised
loadstate. A distinction between elastic and
plastic areas of the stress distribution is made.
Plasticised areas are indicated with c1 and c2
(see Riepe et al. (2025), figure 4).

The consideration of elasto­plastic prop­

erties for the timber material and for the

fastener of the connection results in stress

distributions with linear and, depending

on the load state, with plastic areas. An

example of the stress distributions pre­

sented in Riepe et al. (2025) is shown in

Fig. 1. The deformation, defining the

transition from elastic to plastic bedding

behaviour is provided with wk,i = fh,i,k/ζi,

with the embedment strength fh,i,k and

the bedding parameter ζi (see section 3).

Results indicate, as corroborated by sev­

eral studies (e.g., Dorn et al. (2013)), that

all force­deformation curves show simi­

lar behaviour, with elastic­plastic curves

reaching an ultimate load thatwas already

defined by the original Johansen theory.
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To simplify the application of the extended elasto­plastic theory, linear simplifications

are presented here, defined with characteristic points of the load­deformation curve.

Depending on the failure mode (FM), bilinear or, in the case of failure modes that show

clear plastic behaviour, multilinear curves are obtained (see Fig. 2). In any case, at the

beginning of the loading, all materials are in an elastic state. At a certain load, either

the timber fibres begin to yield or, depending on the failure mode and the material

properties, the fastener’s bending angle is reached. With increased loading, the elastic

limits of both the bedding and the fastener are reached one after the other. The plastic

behaviour continues until the plastic joints of the fastener are fully developed and the

plastic capacity of the contact area between the fastener and the timber material is

fully exploited. The purpose of the linearised force­deformation curve is to adequately

represent this characteristic behaviour.
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Figure 2. Load­deformation curve. For the failure
modes a, b and c, a bilinear simplification is defined
by the point B, describing only the elastic stiffness.
For the failure modes d, e and f, a multilinear simpli­
fication, defined by several points is provided

Therefore, the first point of the

linearised force­deformation curve

(point B in Fig. 2) is supposed to de­

scribe the above described character­

istic situation, which represents the

transition from purely elastic to plas­

tic behaviour. Since point B assumes

different states depending on the

connection configuration, i.e. elas­

tic limit in cross­section one (CS1),

elastic limit in cross­section two (CS2)

or bending angle of the fastener –

and in some configurations even sev­

eral special cases –, the calculation is

not entirely trivial and cannot be per­

formed with a single set of formulae.

If a multilinear force­deformation curve is provided (FM d, e and f ), further points of

the plastic part (points Ci) can be determined, which allows the development of a lin­

earised elastic­plastic force­deformation relation, which in turn provides a description

of the gradually flattening part.

In consequence, a clearly defined calculation procedure is required to evaluate which

case occurs when determining the force­deformation relation. This procedure is illus­

trated in the form of flowcharts, which show the calculation process and also contain

the necessary formulae (see section 8).

2.1 Description of characteristic points and special cases for failure mode d

A detailed description of all six failure modes and the respective points is not provided

here. However, failure mode d will be considered in more detail. Due to its character­
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istics, which are defined on the one hand by rotation of the fastener and, on the other,

by the formation of a yield joint in the fastener, several failure modes can be addressed

with this example: in failure mode c, the stress distribution in both cross­sections is

similar to that in the failure mode shown here in CS1 and in failure mode f , the stress

distributions in both cross­sections are similar to those in the example shown here in

CS2 (see Fig. 1).

2.1.1 Characteristic point B

This point describes the situation in which plasticisation first occurs. When the elastic

limit is reached, either the timber fibres begin to yield first, or the bending angle of the

fastener is reached, depending on the embedding behaviour of the timber material and

the bending angle of the fastener. As different material properties may be present in

the timber cross­section, it is also necessary to distinguish in which of those the em­

bedment resistance is reached first. For the derivation of directly calculable formulae,

three different cases have to be considered.
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(a) Case 1 of point B in failure mode d: elastic
embedment limit reached in CS1, embedment
stress in CS2 and bending moment still in elastic
state.
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(b) Special case 1 of point B in failure mode d:
elastic limit of the bending moment reached with
the embedding remain in elastic state.The fas­
teners rotation point in CS1 is located outside the
CS thickness ­ no clamping in the area a1 as illus­
trated in figure 3a.

Figure 3. Failure mode d: stress distribution for Case 1 (a) and Special case 1 (b).

Fig. 3a illustrates the stress distribution that occurs when the timber material in CS 1

begins to yield. The state will be referred to as Case 1: fh,1,k is reached directly next

to the shear plane in CS1, but the embedment limit in CS2 and the bending angle of

the fastener have not yet been reached. Case 2 describes the situation in which the

elastic limit is reached in CS2, while CS1 and the fastener remain in an elastic state. The

stress distribution for Case 2 resembles that shown in Fig. 3a, except that fh,1,k = f1(ε)

(elastic) and f2(ε) = fh,2,k. Additionally, to describe Case 3, where the fastener shows
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plastification first, Fig. 3a can be used to explain the stress distribution, when fh,1,k =

f1(ε) and My = My,Rk applies. With this modification, the embedment strength is still

elastic, but the plastic bending moment of the fastener would be reached.

In addition to the cases described above, three special cases were identified in this fail­

ure mode. In some connection configurations, no clear clamping of the fastener may

occur at the beginning of the loading process, which is indicated by the fastener only

being in contact with the timber in one direction (see Fig. 3b). The rotation point of the

fastener is located outside the cross­section thickness, even though the rotation point

moves with further loading into the cross­section resulting in the typical stress distribu­

tion of failure mode d. To address this situation, formulae for these special cases can

be derived according to the stress distribution shown in Fig. 3b. Distinctions must be

made here again, as plastification can first appear in either the timber material or in

the fastener. Fig. 3b shows Special case 1, in which the yield joint of the fastener has

been reached, but the timber is still elastic. Fig. 3b can also be used to illustrate Special

cases 2 and 3, where the elastic limits in cross sections 1 or 2 have been reached, with

the fastener remaining elastic with fb(ε) = fh,1,k or f2(ε) = fh,2,k and My,Rk = My(ϕ).

Preliminary results revealed large variation compared to a BOFM model. It is assumed

that the derivation of the bending angle of the fastener for these cases needs to be

revised and that the neglected deformation components have a significantly large influ­

ence. Therefore, if one of these special cases occurs, it is recommended to increase the

thickness of the side member (t1 for FM d or t2 for FM e), so that the rotation point of

the fastener is within the cross­section when the elastic limit is reached until the reason

for the variations is identified.

2.1.2 Characteristic point C

With point C, all load states where both the timber and the fastener have already be­

gun to yield will be described. In CS2, once plastification of the timber material has

started, the stress distribution has the same appearance for all growing angles; it is only

the plasticised area c2 that increases with higher angles (see figure 1). In CS1 of the

described failure mode d, a distinction must be made for stress distributions where c1

is greater than or smaller than b1. When c1 is smaller than b1, the stresses in area a1

are always in an elastic state. This situation occurs in the transition between Fig. 1 and

Fig. 3a. Once c1 becomes greater than b1, area b1 is fully plasticised and parts of area

a1 show plastification (see Fig. 1). This requires two sets of formulae to be used. The

flowchart that shows the calculation process for point C of failure mode d, provided in

section 8.4.2, ensures that the relevant case can be identified. Special attention is re­

quired when calculating the situation where c1 < b1, as the derivation of the formula

for the force F (see Eq. (44) to Eq. (46)) is based on a Taylor expansion. In most cases,

using 50% of the ultimate load as the input value x is sufficient. However, for very good

accuracy with deviations of less than 1%, the force F must be recalculated using the
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previously calculated force F for x.

3 Input parameters

The theory presented here is derived independently of specific input parameters. Con­

sequently, existing approaches to describingmaterial behaviourwill be considered. The­

oretically, the calculation method also permits the use of multilinear moment rotation

curves for the dowel­type fastener, as implemented in Riepe et al. However, for the

purposes of simplicity, a bilinear approach for the bending behaviour of the DTF is em­

ployed in section 3.2. A significant limitation of the present derivation of the extended

Johansen theory can be seen in the restriction to an elastic­ideal plastic approach for

bedding behaviour of the timber material. Consequently, the following approach for

describing the bedding behaviour of the timber material may result in the neglect of a

possibly rising branch in the plasticised area.

3.1 Bedding parameter of the timber material

Various approaches have already been investigated in the literature to describe bedding

behaviour. With the approach proposed by Schweigler, Bader, Hochreiner, et al. (2018)

and Schweigler, Bader, Bocquet, et al. (2019) the bedding curve can be described with

parametrized equations. The value kf ,el, which describes the initial slope of the bed­

ding, will be used for the bedding value ζ in the formulas presented here. With the

embedment strength fh,i,k according to FprEN 1995­1­1:2024, a simplified bilinear bed­

ding curve results. In this context, it is important to note that the same bedding curve is

used in the following comparison for both the extended Johansen theory and the BOFM.

The present study does not permit valid conclusions to be drawn about the quality of

the input values. The objective of this study is to enable a comparison between the two

calculation models.

3.2 Bending angle and plastic moment of the fastener

In the numerical investigation of the basic equations in Riepe et al. (2025), the bending

angle and bending moment were obtained from a BOFM model, since no definition of

the bending angle was available. However, to address this issue, a formula for calculat­

ing the bending angle when yielding occurs in the fastener, designated as ϕ (equation

1), is provided below with an alternative system as described in Fig. 4. Therefore, the

formula for the momentM is solved to the unknown length L and inserted into the ex­

pression for the angle ϕ leading to a formula depending on the diameter d, the bending

stiffness EI, the plastic bending momentMyRk of the DTF and the embedment strength

fh,i,k.

In a preliminary analysis described in Sec. 5, it was determined that the angle appears to

be too small when the remaining length beside the plastic hinge lrest is relatively small.
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Figure 4. Deformed dowel­type fastener when the plastic moment in the fastener is reached; the cor­
responding curve of the moment, and an equivalent static alternative system to derive the angle ϕ
for the left cross­section part. A correction of the angle is required (∆ϕ), to take into account that
the fastener may not be fully clamped, depending on the cross­section thickness.

Therefore, the introduction of a ∆ϕ is required to account for this effect, allowing a

deformation of wrest = fh,1,k/ζi up to elastic limit of the timber material (see figure

4). The remaining length lrest can be derived with the cross­section thickness ti and bi,

based on the ultimate force FRk. The formula for the angle∆ϕ is provided below (see

Eq. ( 2)). Both angles result in the modified angle ϕa, describing the transition from

elastic to plastic behaviour of the DTF (see Eq. (3)).

ϕ =
3

4 · EI
·

√√√√√6 · MyRk
2

fh,1,k · d
(1)

∆ϕ = arctan

(
wrest

lrest/2

)
= arctan


2 · fh,1,k

ζ1

t1 – FRk

fh,1,k · d



 (2)

ϕa = ϕ +∆ϕ =
3

4 · EI
·

√√√√√6 · MyRk
2

fh,1,k · d
+ arctan


2 · fh,1,k

ζ1

t1 – FRk

fh,1,k · d



 (3)

The plastic moment of the fastenerMyRk was assumed analogous to the approach rec­

ommended in Colling et al. (2015) (see eq. 4). With the angle ϕa and the yield mo­

mentMyRk, a bilinear moment­rotation relation is provided. It should be noted that for

FM f , depending on the embedment strength, bedding parameters and cross­section

thickness, different bending angles may occur within a connection for the respective
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cross­section.

MyRk =


0, 15 · fy + fu

2
· d3 for fu < 450N/mm2

0, 15 · fu · d3 for fu > 450N/mm2
(4)

4 Verification

In order to verify the derived formulas, a comparison with the well­established beam­

on­foundation method shall be carried out. For this purpose, a large­scale parameter

study was performed, in which the points of the linearized curve according to the ex­

tended Johansen theory were recalculated using a BOFMmodel. The parameters were

varied as shown in table 1, resulting in a total number of 23 040 different connection

configurations. The materials in the cross sections correspond with the following den­

sities: C24 (ρ = 350 kg/m3), C30 (ρ = 380 kg/m3), GL24h (ρ = 385 kg/m3) and GL32h

(ρ = 440 kg/m3). The force­fibre angles αCSi take values of 0° and 90° and the diame­

ter ∅ was varied between 6mm and 30mm in increments of 6mm. The cross section

thickness ti was varied as a percentage based on treq, according to DIN EN 1995­1­1

(2010). The bedding ζi was determined according to Schweigler, Bader, Bocquet, et al.

(2019), based on the density, and two steel grades were used for the DTF material.

Parameter Units Values

Material CSi – C24, C30, GL24h, GL32h

αCSi
◦ 0, 90

∅ mm 6, 12, 18, 24, 30
ti

treq
% 10, 25, 50, 75, 100, 150

ζi % 100

fy/fu N/mm2 235/360, 355/490

Table 1. Set of parameters for the connection configurations used for the comparison of the ex­
tended Johansen theory and Kser (=KSLS according to FprEN 1995­1­1:2024) with the BOFM.

The BOFM model was generated in Sofistik using an automated Microsoft VBA script,

which also returned the results of the calculation of the individual points. A relatively

simple model was implemented in order to minimise the computational complexity,

given the extensive number of configurations. Therefore, bilinear springs were used to

model the stiffness of the timber material for the force fibre angles, with the incline

defined by Schweigler, Bader, Bocquet, et al. (2019) and the embedment strength ac­

cording to FprEN 1995­1­1:2024.
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5 Results and discussion
The following comparison with the BOFM will examine the initial stiffness, as deter­

mined by the extended Johansen theory, and establish a relationship with the existing

calculation method according to EC5. Therefore, the linearized curve was first deter­

mined using the extended Johansen theory, followed by the calculation of the corre­

sponding force using BOFM for the displacement of the respective points. The initial

stiffnesses were then calculated from the resulting data set using the force and the

displacement of the first point (point B). Furthermore, KSLS was calculated for the en­

tire data set in accordance with FprEN 1995­1­1:2024. It was also compared with the

stiffnesses of the BOFM. However, the consideration of the force­fibre angle for KSLS

in accordance with FprEN 1995­1­1:2024 remains unclear, with the proposal of a 50%

reduction when the force­fibre angle is 90°. The situation in which CS1 has a force­fibre

angle of 0° and CS2 has a force­fibre angle of 90° is not addressed. It has been observed

that applying the reduction only for connections where both cross­sections have a force

fibre angle of 90° delivers enhanced results. The comparison of KSLS with the BOFM, as

well as the extended Johansen theory with the BOFM, is shown separately in Fig. 5a to

Fig.8b for the respective failure modes.

In figures 5a, 6a, 7a and 8a, the comparison of the stiffness according to FprEN 1995­1­

1:2024 and the BOFM is illustrated. The figures clearly show that the points are widely

scattered. Apart from the FM c, for the rest of the failure modes there is a tendency to

underestimate stiffness. Proportionally, just a maximum of 19% of the stiffness values

according to EC5 are within a deviation of +­10% from the stiffness values according to

BOFM.

In figures 5b, 6b, 7b and 8b, the comparison of the stiffness according to the extended

Johansen theory and the BOFM is illustrated. For all failure modes, a much better cor­

relation compared to the stiffness according to EC5 can be seen. More than 80% of the

connection configurations without a plastic hinge (FM a, b and c) show deviations less

than +­10%. The failure modes with plastic hinges in the fastener cover more than 90%

of configurations with a deviation of less than 10%. In FM a to e, the stiffness appears

to be relatively overestimated in some configurations.

6 Conclusions
This article presents an extension of Johansen’s theory that enables the determination

of a linearised force­deformation relation for all six failure modes. In order to evaluate

the relative capabilities of the proposed method in comparison to the well­established

BOFM, a quantitative analysis was conducted. This involved the calculation of more

than 23 000 connection configurations using both methods. Moreover, the proposed

calculation of stiffness in accordance with FprEN 1995­1­1:2024 is to be incorporated.

In this regard, considerable discrepancies have been observed between the results ob­
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0

5000

10000

15000

20000

25000

30000

35000

0 5000 10000 15000 20000 25000 30000

+−10%: 17%
+−20%: 49%
+−30%: 61%

B
O

F
M

EC5

Stiffness FMd/e [N/mm]: EC5/BOFM

KSLS / BOFM
100%
120%
80%

(a) FM d/e: KSLS vs. BOFM.

0

5000

10000

15000

20000

25000

30000

35000

0 5000 10000 15000 20000 25000 30000

+−10%: 90%
+−20%: 100%

B
O

F
M

extended Johansen

Stiffness FMd/e [N/mm]: ext. Johansen/BOFM

ext. Joh / BOFM
100%
120%
80%

(b) FM d/e: extended Johansen vs. BOFM.

Figure 7. FM d/e: KSLS according to EC5 and the extended Johansen theory compared to BOFM.
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tained from KSLS, according to FprEN 1995­1­1:2024, and those from the analysis by

means of the BOFM. In comparison, significantly better correlations can be achieved

with the extended Johansen theory, especially with failure mode f , where notably high

levels of agreement can be achieved. The analysis of the remaining failure modes re­

veals a tendency towards overly rigid behaviour, which indicates that deformation com­

ponents, such as the bending of the fastener, may not have been sufficiently addressed.

The theoretical model of the dowel­type fastener in the Johansen Theory incorporat­

ing yield joints at one point appears to be idealised, since bending deformations apart

from the yield joints are neglected. Following this, the identification and consideration

of additional deformation components would be reconsidered. Additionally it is sug­

gested that a more advanced derivation of angle ϕ could potentially generate improved

outcomes. A notable hindrance shall be addressed, as the failure mode with only one

joint (d/e) contains special cases that cannot yet be calculated with sufficient accuracy.

Furthermore, these failuremodes generally lead to amore complex calculation process.

This in turn leads to the question of whether the focus should be set on failure mode f ,

with a concomitant effect of creating connections with clear plastic behaviour.

It should be noted that a simplified BOFM model was employed in this instance, which

omitted the increasing trend of bedding behaviour for large force­fibre angles after

reaching the embedding resistance. The present derivation of the extended Johansen

theory similarly simplifies the bedding behaviour, solely allowing for the reflection of

elastic­ideal plastic bedding behaviour. While this may not directly impact the initial

stiffness, it could potentially influence the deformation behaviour within the plastic

range, resulting in an underestimation of the force. A notable issue that could be raised

is that the plastic moment of the fastening element was not determined in accordance

with FprEN 1995­1­1:2024, but rather in accordance with Colling et al. (2015). The con­

sequences of this approach remain to be fully evaluated.

Nevertheless, an alternative method for calculating stiffness is presented here, which

enables the determination of both stiffness and load­bearing capacity using the same

theoretical model and the same influencing factors. In addition, new information is

provided that opens up additional fields of application. For example, connections that

may be applied up to the elastic limit could be calculated. Since a relation has been

established between the rotation of the fastener and the load on the connection, the

potential of including the rope effect in the calculation arises.

The following step will be to present simplifications for steel­timber connections. These

simplifications will be achieved by neglecting the deformation components of the steel

part. This will result in a significant reduction in the number of formulas required and

in a simplification of the calculation process.
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8 Appendix: Flowcharts for calculation of defor­
mation of timber­timber connections

In order to determine the stiffness of the connection, several points on the load­slip­

relation are defined (see Fig. 2). The evaluation of these points is given next for the

different failure modes. The first step is to determine the load capacity based on FprEN

1995­1­1:2024 by evaluating all the possible failure modes. Theminimum load capacity

corresponds to the critical failuremode. In the second step, only the points of the critical

failure mode should be determined.

8.1 Failure mode a

In failure mode a, unlike in the original Johansen theory, both cross­sections are con­

sidered, since, depending on the thickness of the second CS, deformations also occur

here which would otherwise lead to an underestimation of the deformation. There­

fore, it must be checked whether the fastener remains straight or whether CS 2 is thick

enough for the fastener to form a yield joint, allowing the relevant formulas to be ref­

erenced. In order to derive formulae to determine only the proportion of the second

CS, the first CS was considered to be a thin steel plate, resulting in two possible failure

modes in CS2, analogous to FM a and b for thin steel plates according to FprEN 1995­1­

1:2024. Furthermore, it was found out that bending deformations of the fastener can

have a relevant effect. Therefore, in equation 5, bending of the fastener in the left CS

part (term two) and bending in the right CS part (term three) is addressed.
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8.1.1 Point B

wB =
fh,1,k

ζ1
+
fh,1,k · d · t14

8 · EI
+

FB
4

3 · EI · fh,2,k3 · d3
+ wCS2 (5)

FB = FRk acc. to Johansen, 1949 in this FM (6)

0, 4 · fh,2,k · t2 · d >
√
2 · MyRk · fh,2,k · d

wCS2 =
4 · FB

d · ζ2 · t2
(7)

+
6 · FB

d · ζ2 · t22
· t1

(8)

wCS2 = 2 · FB · 3

√√√√ ϕa

6 · d2 · ζ2
2 · My(a)

(9)

+ FB · t1 · 3

√√√√√√ ϕa

6 · ζ22
·

√√√√√ fh,2,k
3

23 · d · My(a)
5

(10)

no yes

8.2 Failure mode b

8.2.1 Point B

In FM b, the same assumptions were made as those already described in FM a.

wB =
fh,2,k

ζ2
+
fh,2,k · d · t24

8 · EI
+

FB
4

3 · EI · fh,1,k3 · d3
+ wCS1 (11)

FB = FRk acc. to Johansen, 1949 in this FM (12)

0, 4 · fh,1,k · t1 · d >
√
2 · MyRk · fh,1,k · d

wCS1 =
4 · FB

d · ζ1 · t1
(13)

+
6 · FB

d · ζ1 · t12
· t2

(14)

wCS1 = 2 · FB · 3

√√√√ ϕa

6 · d2 · ζ1
2 · My(a)

(15)

+ FB · t2 · 3

√√√√√√ ϕa

6 · ζ21
·

√√√√√ fh,1,k
3

23 · d · My(a)
5

(16)

no yes
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8.3 Failure mode c

8.3.1 Point B

A distinction must be made for point B of failure mode c, in order to check in which

cross­section the first plastification occurs. First, Fcase1 and Fcase2 must be calculated.

The smaller of these two values indicates in which cross­section plastification occurs

first. The corresponding displacement can then be determined.

Fcase1 =
d · t1 · fh,1,k ·

(
ζ1 · t13 + ζ2 · t23

)
4 · ζ1 · t13 + 3 · ζ1 · t12 · t2 + ζ2 · t23

(17)

Fcase2 =
d · t2 · fh,2,k ·

(
ζ1 · t13 + ζ2 · t23

)
4 · ζ2 · t23 + 3 · ζ2 · t22 · t1 + ζ1 · t13

(18)

Fcase1 > Fcase2

Case 1: elastic embedment limit in CS 1

FB =Fcase1 (19)

wB =
fh,1,k · ζ1 · ζ2 · t1

(
4 · t12 · t2 + 6 · t1 · t22 + 4 · t23

)
ζ1 · ζ2 · t2 ·

(
4 · ζ1 · t13 + 3 · ζ1 · t12 · t2 + ζ2 · t23

) (20)

+
fh,1,k

(
ζ1

2 · t14 + ζ2
2 · t24

)
ζ1 · ζ2 · t2 ·

(
4 · ζ1 · t13 + 3 · ζ1 · t12 · t2 + ζ2 · t23

) (21)

Case 2: elastic embedment limit in CS 2

FB =Fcase2 (22)

wB =
fh,2,k · ζ2 · ζ1 · t2

(
4 · t22 · t1 + 6 · t2 · t12 + 4 · t13

)
ζ2 · ζ1 · t1 ·

(
4 · ζ2 · t23 + 3 · ζ2 · t22 · t1 + ζ1 · t13

) (23)

+
fh,2,k

(
ζ2

2 · t24 + ζ1
2 · t14

)
ζ2 · ζ1 · t1 ·

(
4 · ζ2 · t23 + 3 · ζ2 · t22 · t1 + ζ1 · t13

) (24)

no yes

8.3.2 Point C

For this failure mode, only a bilinear simplification is provided. Therefore the point C

can be calculated by extrapolation of point B:

FC = FRk (25)

wC = wB · FRk
FB

(26)
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8.4 Failure mode d

A description of the calculation procedure and it’s points is provided in section 2.1.

8.4.1 Point B

x =
2 · ζ1

ζ2
– 1 +

24 · M1(ϕa)

t1
3 · d · ζ2 · ϕa

(27)

b2 =


for x < 1 → cos

(
arccos(x)

3

)
· t1 –

t1

2

for x > 1 →
3
√
j2 + 1

2 · 3
√
j

· t1 –
t1

2
with j = x +

√
x2 – 1

(28)

kcase1/case2 =


kcase1 =

2 · b2 · t1 · ζ2
ζ2 · b22 + ζ1 · t12

kcase2 =
b2

2 · t1
+

t1 · ζ1
2 · b2 · ζ2

(29)

kcase1 · fh1k > fh2k

Case 1: elastic embedment limit in CS 1

ϕBCase1 = arctan

(
kCase1 · fh,1,k

ζ2 · b2

)
(30)

a1 + b1 =
fh,1,k

ζ1 · tan(ϕBCase1)
(31)

Case 2: elastic embedment limit in CS 2

ϕBCase2 = arctan

(
fh,2,k

ζ2 · b2

)
(32)

a1 + b1 =
kCase2 · fh,2,k

ζ1 · tan(ϕBCase2)
(33)

a1 + b1 > t1
Special case

1, 2 or 3

ϕa > ϕBCase1 or ϕa > ϕBCase2 case 3

Case 1: elastic embedment limit in CS 1

FB =
d · b2 · kcase1 · fh1k

2
(34)

wB =
fh1k

ζ1
+
kcase1 · fh1k

ζ2
(35)

Case 2: elastic embedment limit in CS 2

FB =
d · b2 · fh2k

2
(36)

wB =
kcase2 · fh2k

ζ1
+
fh2k

ζ2
(37)

no yes

yes

yes

no

nocase 1 case 2

Case 3: Bending angle of fastener reached

FB =
b2

2 · tan(ϕa) · ζ2 · d
2

(38)

wB =
f1(ε)

ζ1
+
f2(ε)

ζ2
(39)

f2(ε) = b2 · tan(ϕa) · ζ2 (40)

f1(ε) =
f2(ε)

kCase1
or (41)

f1(ε) = kCase2 · f2(ε) (42)
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Special cases 1, 2 and 3: In the comparison of the extended theory with the BOFM (see

section 5), 756 of 23 040 configurations fell into the special cases. It was observed that

65% of the special cases exhibited a stiffness that differed by more than 20% from the

BOFM. Therefore, it is recommended that the connection configuration be adjusted to

avoid these cases until a solution is discovered.

8.4.2 Point C

Recommendation: calculate FT twice to increase accuracy!

FT1 with x = Fmax/2 and FT2 with x = min{FT1, Fmax}

ϕC > max

arctan
 2 · d · fh,1,k2

ζ1 · d · fh,1,k · t1 + Fmax

 , arctan

d · fh,2,k2

Fmax · ζ2

 (43)

a = x2 + 2 · d · fh,2,k ·
3 · My(ϕC) – t1 · x ·

1 +
2 · fh,1,k
fh,2,k

 –
1

2
· d · fh,1,k · t12

 (44)

b = fh,2,k ·
√
d · fh,1,k · t1 – x ·

√
– (d · (sin(4 · ϕC) – 2 · sin(2 · ϕC))) (45)

FT =
x + 2 · d · fh,1,k · t1

3
–
2 ·

√
ζ1

3 · ζ2
2

·
a · ζ2

2 · sin(ϕC)
2 –

d2 · fh,2,k4 · cos(ϕC)
2

4
b – 4 ·

√
ζ1 · sin(ϕC)

2 · (x + d · fh,2,k · t1)
(46)

fa,1 = 2 ·

√√√√√ζ1 · (d · fh,1,k · t1 – FT ) ·
(
1 – cos(ϕC)

2
)

d · sin(2 · ϕC)
– fh,1,k (47)

fa,1 < fh,1,k

c1 < b1

FC = FT (48)

wC = tan(ϕelpl) · (a1 + b1 + b2) (49)

with

(a1 + b1 + b2) = 2 · cot(ϕ) ·
(
fh,1,k

2 · ζ1
+
fh,2,k

4 · ζ2

)
+ t1

+
F

d · fh,2,k
–

√
ζ1

3 · (d · fh,1,k · t1 – FC) · 2 · cot(ϕ)
ζ1

2 ·
√
d

(50)

c1 > b1

note: all following points of the force­displacement­diagramm can be calculated with

this set of formulae

a =
d · fh,1,k3 · (8 · κ2 · (β + 2) + β4 + 2 · β3)

6 · β · κ2 · ζ1
2 · d · fh,1,k · tan(ϕC)

2
(51)

FC =
d · fh,1,k · β

(β + 2)
·

√√√√√κ2 · ζ1
2 · 12 · tan(ϕC)

2 · (d · fh,1,k · t12 · (β + 1) + 2 · MyRk · (β + 2))

6 · β · κ2 · ζ1
2 · d · fh,1,k · tan(ϕC)

2
– a – t1

 (52)

wC = tan(ϕC) ·
 FC

d · fh,2,k
+

FC

2 · d · fh,1,k
+

fh,2,k

2 · ζ2 · tan(ϕC)
+
t1

2

 (53)

yes

no
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8.5 Failure mode e

In FM e, the same calculation procedure as described for FM d is prescribed by switching

the indices of the cross­section.

8.6 Failure mode f

8.6.1 Point B

fh,1,k ·
√

ζ2 > fh,2,k ·
√

ζ1

Case 1: elastic embedment limit in CS 1

ϕB =
fh,1,k

ζ1
·

3

√√√√√√√√
(√

ζ1 +
√

ζ2
)

· ζ1 · d

6 ·
√

ζ2 ·
M1,y,a

ϕ1,a
+
M2,y,a

ϕ2,a

 (54)

Case 2: elastic embedment limit in CS 2

ϕB =
fh,2,k

ζ2
·

3

√√√√√√√√
(√

ζ2 +
√

ζ1
)

· ζ2 · d

6 ·
√

ζ1 ·
M1,y,a

ϕ1,a
+
M2,y,a

ϕ2,a

 (55)

ϕB > ϕ1a or > ϕ2a ϕB > ϕ1a or > ϕ2a

Case 1: elastic embedment limit in CS 1

F = ϕB · 3

√√√√√√ 9 · ζ1 · ζ2 · d
2 ·

(√
ζ1 +

√
ζ2
)2 ·

M1,y,a

ϕ1,a
+
M2,y,a

ϕ2,a

2

(56)

wB =
fh,1,k

ζ1
+

fh,1,k√
ζ1 ·

√
ζ2

(57)

Case 2: elastic embedment limit in CS 2

F = ϕB · 3

√√√√√√ 9 · ζ1 · ζ2 · d
2 ·

(√
ζ1 +

√
ζ2
)2 ·

M1,y,a

ϕ1,a
+
M2,y,a

ϕ2,a

2

(58)

wB =
fh,2,k

ζ2
+

fh,2,k√
ζ2 ·

√
ζ1

(59)

Case 3: bending angle of fastener reached

ϕa = min{ϕ1a,ϕ2a}

FB =
b1

2 · tan(ϕa) · ζ1 · d
2

, b1 =
fh,1,k

ζ1 · tan(ϕB)
(60)

wB = tan(ϕa) · b1 ·
1 +

√
ζ1√
ζ2

 (61)

Case 3: bending angle of fastener reached.

ϕa = min{ϕ1a,ϕ2a}

FB =
b2

2 · tan(ϕa) · ζ2 · d
2

, b2 =
fh,2,k

ζ2 · tan(ϕB)
(62)

wB = tan(ϕa) · b2 ·
1 +

√
ζ2√
ζ1

 (63)

no yes

yes yes

no no

8.6.2 Point C

ϕC > max
{
arctan

(
d · fh,1,k2/Fmax/ζ1

)
, arctan

(
d · fh,2,k2/Fmax/ζ2

)}
(64)

FC =
d · fh,1,k2 ·

√
β

tan(ϕC) ·
√
1 + β

·

√√√√√2 · (M1(ϕC) +M2(ϕC)) · tan2(ϕC)

d · fh,1,k3
–

β3

12 · ζ2
2
–

1

12 · ζ1
2

(65)

wC = tan(ϕC) ·
FC
d

·
 1

fh,1,k
+

1

fh,2,k

 +
1

2 · tan(ϕC)
·
(
fh,1,k

ζ1
+
fh,2,k

ζ2

) (66)
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DISCUSSION 

The paper was presented by J Riepe 

H Blass questioned the initial slip load slip curve shown by the model. J Riepe 
responded that the initial slip from the numerical model was shifted to match the 
initial slip from the experiment results. 

H Blass commented about the angles 1 and 2 that would imply under elastic 
condition and the horizontal part of the dowel would also load the wood. J Riepe said 
some adjustments were made in the model to account for this aspect. 

S Winter and H Blass discussed the shear force being zero at point of maximum 
moment / plastic hinge location which implies the assumed shear force and shear 
plane should be valid. 

R Tomasi and J Riepe discussed how to implement this model into standard. 

U Hübner commented that this paper is useful especially dealing with stiffness issues. 
Comparisons with experimental data would be useful especially dealing group effects. 
P Dietsch added that research on group effect was available from past research. 

P Quenneville questioned why there was greater variation with modes a and b. J Riepe 
said there was rotation somewhere and also whether deformation of the dowel was 
involved would make a difference. 

JM Cabrero commented that there is a need to extend the model to consider group 
effects and experimental verification should be done. J Riepe said the same input was 
used for embedment.  
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1 Introduction 
In the design of reinforced concrete (rc) elements, the post-elastic steel properties 
are an important factor. This is shown by the specification of required post-elastic 
steel properties in SIA 262:2013 and EN 1992-1-1:2004. Furthermore, the importance 
was emphasized by European researchers around the year 2000 as it was found that 
the post-elastic steel properties drastically diminished as new production methods 
for reinforcement steel emerged Macchi (1996), Bachmann & Wenk (1998), Bach-
mann (2000). It was shown that the ductility of rc elements was substantially reduced 
if the steel from the new production methods was used. The characterization of post-
elastic steel properties is done by strain hardening ks as well as elongation at maxi-
mum stress Agt as illustrated in Figure 1. Ductility is defined as the ratio of the ulti-
mate displacement vu and the yield displacement vy. 

Looking at the specifications in the sec-
ond generation of the Eurocode regard-
ing ductility and related connection 
properties, the prEN1998-1-2:2024 
specifies minimum ductility levels. For 
framed timber shear walls (FTSW) a 
minimum shear wall ductility of µ = 3.5 
is required in the highest ductility class 
(DC) 3. In the dissipative design of the 
highest ductility class of prEN1998-1-
2:2024, the sheathing to framing con-
nection is the element responsible for 

dissipating energy and enabling large plastic deformations of the FTSW. Thus, for the 
highest ductility class DC3 of prEN1998-1-2:2024 a minimum ductility of µ = 5.5 is re-
quired for the framing to sheathing connection. For braced frame structures with 

 
Figure 1 Definition of strain hardening ks and 
elongation at maximum stress Agt 
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dowel-type connections, a ductility of µ = 1,4 in DC2 is required for the sub-assembly. 
Further requirements on minimal or maximal hardening of connections are not given 
in prEN1998-1-2:2024. In FprEN1995-1-1:2025 minimum values for the yield strength 
and / or maximum strength of the steel used are provided. No specification of the re-
lationship of the two properties are prescribed nor is any information given for the 
minimum strain at maximum stress. For dowel type fasteners, the low-cyclic fatigue 
behavior has to be evaluated according to EN 14592:2022, but no specifications re-
garding steel properties are given. 

The evaluation of ductility in experimental timber connection studies is not straight-
forward. The definition of the yield displacement is a complicated matter for force-
displacement curves which are strongly non-linear from the very beginning Otten-
haus et al. (2021). In research, several different procedures for defining the yield dis-
placement have been put forth Schwendner et al. (2018), SIA 265:2021, Yasumura 
(1997). The definition of vu is similarly non-trivial for static-cyclic tests. 

The most common evaluation methods for the cyclic ultimate displacement vu,c are 
based on one or more criteria, of which two are illustrated in Figure 2. Both illus-
trated criteria are based on the load envelope curve (LEC), which is a linear interpola-
tion between consecutive peak forces of the hysteresis for increasing displacement, 
as illustrated in Figure 2. Criterion a allows a maximal force reduction on the LEC1 of 
no more than α times the maximum force in this quadrant as defined in equation (1). 

a ≥ (1 – α) ∙ Fmax (1) 

Criterion b allows for a maximal force reduction between LEC1 and LEC3 at the same 
displacement d of β times the force on the LEC1 as defined in equation (2). 

b(d) ≥ β ∙ FLEC1(d) (2) 

The third criterion is failure of the connection, which is not shown in the presented 
figures. The most common evaluation methods are defined in Table 1 and in Figure 2 
or Figure 3. 

The evaluation criterion may be applied to one quadrant only or to both. In scientific 
publications both approaches have been employed Schwendner et al. (2018), Sartori 
& Tomasi (2013), Germano et al. (2015), Maître et al. (2023). 
Table 1 Evaluation definition for ultimate displacement of four codes 

Code a b Visual explanation 
EN 1998:2004 0 % 20 % Figure 2 
EN 12512:2001 80 % 100 % Figure 2 
prEN1998-1-2:2024 80 %1 30 % Figure 3 
ASTM E2126-19 80 % 100 % Figure 2 
1 Criteria a is not based on the maximum force of the quadrant but on the mean maximum force of mono-
tonic tests according to Figure 3. 
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Figure 2 Visual representation of the evaluation 
criteria except failure 

Figure 3 Visual representation of the evaluation 
criteria of static-cyclic test in the prEN1998-1-
2:2024 except failure 

The influence of the steel properties, of dowel type connections with steel dowels 
and slotted in plates was systematically investigated by Kramer et al. (2025). The 
static-cyclic tests were carried out in accordance with the complete procedure speci-
fied in EN 12512:2001/A1:2005. The yield displacement was determined based on 
static-monotonic tests from Bergmann (2019) and Furrer (2020) and set to vy = 1.55 
mm. The evaluation was carried out according to Figure 2 in both quadrants. The per-
missible force reduction on the LEC1 was a maximum of 80 % of the maximum force 
in the load direction under consideration. The permissible force difference between 
the first load envelope and the third load envelope was a maximum of 30 % at each 
point (β ≤ 0.3). To determine the yield displacement, the stiffness was determined 
based on the displacement when 10 % and 40 % of the maximum force was reached 
on the LEC1. Since the load envelope curve is non-linear, the maximum force 
achieved can substantially influence the determined stiffness and thus also the deter-
mined yield displacement. Therefore, the ultimate displacement was compared. 
Table 2 Specimen properties 

 Serie 1 Serie 2 Serie 3 Serie 4 Serie 5 Serie 6 
Timber material GL24h Kerto Q 
Fastener spacing [mm] 56 84 80 
Reinforcement screw None 4 VGS 10 x 120 
Steel dowels 
fy [MPa] 
Agt [%] 
ks [-] 

S355 
722 
2.17 
1.07 

Stainless steel 1.4307 
667 
19.3 
1.25 

Slotted in steel plate 
fu [MPa] 

S355 
fu = 591 

S355 
fu = 570 

DD11 
fu = 492 

DD11 
fu = 359 

Steel plate thickness [mm] 5 10 5 
Chamfered hole edges no yes no 
Strength ratio 
Steel dowel fy / Steel plate fu 

0.82 0.79 0.74 0.54 
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Six test series with three test specimens each were examined. Each specimen con-
sisted of a test connection with 6 dowels with a diameter of 8 mm, arranged in 3 
rows and a mounting connection with a higher resistance and stiffness. The details of 
the series can be found in Table 2. The steel properties of the dowels (n = 9 for S355, 
n = 3 for stainless steel) as well as the steel plates (n = 3 for each plate type) were ex-
perimentally determined according to DIN EN ISO 6892-1:2019 on specimens from 
the same production batch. The test specimen layout is shown in Figure 4, and the 
test setup is shown in Figure 5. 

  
Figure 4 Test specimen plan of the static-cyclic test for the 
investigation of the connection ductility. On the left side is 
the mounting connection, which is always the same. On 
the right side is the test connection, with the 
reinforcement screws marked in red, which are only 
present in some test specimens. Furthermore, the distance 
between the steel dowels varies. Beer et al. (2022) 

Figure 5 Test setup with the mounting 
connection at the top and the test 
connection at the bottom. The 
connection displacement of both 
connections was measured between 
the wood and the slotted plate on both 
sides of the test specimen. Beer et al. 
(2022) 

The experimental investigation of the static cyclic connection properties has shown 
that increasing the fastener spacing in the load direction to 1.5 times the minimum 
spacing leads to an increase in the ultimate displacement. This can be seen from a 
comparison of series 1 and series 2 in Figure 6. If tearing along the load direction was 
prevented by using LVL-Q, the constriction of the steel dowels was reduced by using 
a wider slotted in plate and the splitting of the LVL-Q in the continuation of the slot-
ted in plate was prevented by means of fully threaded screws, the ultimate displace-
ment increases further. This effect is apparent in the comparison between series 2 
and series 3 in Figure 6. A further increase in the ultimate displacement was achieved 
when stainless steel dowels with better post-elastic steel properties were used and 
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there was a lower strength ratio between the steel dowel and the slotted in plate, as 
illustrated by the comparison of series 3 and series 4 in Figure 6. Chamfering the 
edges of the holes in the slotted in plate to further reduce the notch effect caused by 
the slotted in plate had no influence, as indicated by the comparison of series 4 and 
series 5 in Figure 6. However, it was noted that this was already prevented by the 
strength hierarchy between the slotted in plate and the steel dowels. If this hierarchy 
did not exist, chamfering the hole edges could well have an influence, see Furrer 
(2020). 

The reduction in the thickness of the slotted in plate from 10 mm to 5 mm leads to a 
reduction in the ultimate displacement despite the good post-elastic steel properties 
of the steel dowels and a hierarchy of strengths between the steel dowels and the 
slotted in plate. This can be seen from the comparison of series 4 and series 6 in Fig-
ure 6. It follows that the constriction or notch effect from the pressure of the slotted 
in plate on the steel dowels had a decisive influence on the ductility of the connec-
tion. 

Further static-monotonic tests were per-
formed to investigate the ductility of two 
serially arranged connections. As a meas-
ure of serial yielding in relation to the ul-
timate displacement and ductility, the ra-
tio of the ultimate displacement of the 
two connections is calculated and desig-
nated UDR = vu,m,1 / vu,m,2 (Ultimate Dis-
placement Ratio). By definition, vu,m,1 is 
smaller than vu,m,2. Accordingly, a 
UDR = 1 would hypothetically result from 
a test if both connections exhibited the 
same ultimate displacement. 

The test specimens consisted of two tim-
ber beams in GL24h with dimensions 

180 x 100 x 1000 mm, which were connected by two joints, each with six steel dow-
els with a diameter of 6 mm and two slotted in steel plates as shown in Figure 7. The 
steel dowels were arranged in three rows of two dowels each, the slotted in plates 
were 6 mm thick. A total of three series, each with three test specimens, were inves-
tigated. Due to wood defects, such as cracks present before the test, one test speci-
men from each series was classified as an outlier and thus was not used in the evalu-
ation. The series differed only in the properties of the steel dowels used. The tests 
were carried out in accordance with EN 26891:1991. The ultimate displacement was 
determined in accordance with EN 12512:2001. 

 
Figure 6 Ultimate displacement vu,c under static-
cyclic loading 
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Figure 7 Connection layout and measurement 
setup for static monotonic tests to investigate 
serial yielding. However, unlike the setup 
shown, the connections tested were not 
reinforced. Bergmann (2019) 

Figure 8 Ultimate displacement ratio UDR 

 
Table 3 Properties of the steel dowels for the investigation of the serial yielding 

 fy [Mpa] fu [Mpa] ks [-] Agt [-] 
Serie 7 630 650 1.03 4.2 
Serie 8 512 627 1.23 12.2 
Serie 9 265 386 1.46 20.7 

Experimental investigations on two serially connected connections under static mon-
otonic loading indicate that a higher strength ratio ks of the steel dowels leads to bet-
ter serial yielding. This can be seen by comparing series 7, 8 and 9 in Figure 8 and Ta-
ble 3. Furthermore, the results indicate that, above a certain increase in the post-
elastic steel properties, no further improvement in serial yielding occurs. 

The most prevalent fasteners employed in sheathing to framing connections are sta-
ples and nails. The static-cyclic properties of such connections have been widely stud-
ied Schwendner et al. (2018), Sartori & Tomasi (2013), Germano et al. (2015), Schick 
(2017), Perić (2019). Staples typically have a diameter of 1.53 mm whereas nails with 
diameters of 2.1 mm up until 3.1 mm are most commonly used in practice. In the 
EN 1995:2004 nailed connections with smooth nails should have additional provisions 
preventing pull-out. Consequently, nails generally have ring shanks in Europe whilst 
smooth nails are avoided in FTSW. In the United States, smooth shanked nails are 
generally used Qiang et al. (2022), Seaders et al. (2009), Li et al. (2012). Conse-
quently, the question arises as to which geometry is optimal and whether steel prop-
erties influence sheathing-to-framing connections. 

The availability of different methodologies for determining vu,c has prompted the 
question of the influence that these evaluation methodologies have on vu,c. Investiga-
tions into other types of timber fasteners have demonstrated considerable influence 
of steel grade and fastener geometry in order to mitigate low cycle fatigue failure. 
The question thus arises as to whether steel grade and geometry optimisation of nails 
will have a substantial effect on the static-cyclic deformation capacity of nailed 
sheathing to framing connections as well. 

F F 
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2 Material and Methods 
2.1 Material Properties 
The sheathing material used was OSB/3, in accordance with the specifications of 
EN 300:2006-09, with a nominal thickness of 15 mm. The mean density was deter-
mined to be 587 kg/m3. The timber studs have a cross-section of 80 x 160 mm and 
were ordered as timber grade class C24 according to EN 14080:2013-09. The mois-
ture content was determined in accordance with EN 13183-2:2022 immediately fol-
lowing the completion of the testing of the specimen. The resulting mean moisture 
content was 14.1 %. The mean density was determined to be 494 kg/m3. 

The investigation is based on two distinct steel grades. The two steel grades differ in 
their strain hardening ratio ks and elongation at maximum stress Agt. One steel grade 
is designated as common steel (CS) for nails. The second steel grade is a high-grade 
steel (HGS) with a higher ks and high Agt as shown in Table 4. The corresponding 
stress – strain curves are illustrated in Figure 9. 

The dimensions of the nails are 3.1 x 90 mm. The investigation focused on three 
types of nails: Those with a smooth shaft (S), a partial ring shank (PRS) and a ring 
shank (RS). The specific parameter combination of the six nails under investigation is 
presented in Table 5. It was not possible to measure the steel properties of the PRS 
and RS nails, as they could not be fixed in the test setup due to the uneven surface. In 
the manufacturing process, the same steel was used to produce all nails with varying 
lengths of ring shanks. 

Table 4 Nail property specification of 
the 6 types of nails with a diameter of 
3.1 mm and a length of 90 mm 

 
Table 5 Steel grade properties of the nails, tested according to ISO 6892-1:2019. The yield displace-
ment was defined as Rp0.2 as no pronounced yield point was recognisable. 

Designation Ultimate stress fu Strain hardening ks 
Elongation at maximum stress 
Agt 

 Mean [MPa] CoV Mean [-] CoV Mean [%] CoV 
CS (n=6) 857 0.008 1.04 0.012 1.07 0.131 
HGS (n=10) 868 0.004 1.34 0.016 26.4 0.046 

 
Figure 9 Stress - strain curves of CS and HGS 

Designation Ring shank 
length 

Steel grade 

 [mm] [-] 
HGS_S 0 HGS 
HGS_PRS 40 HGS 
HGS_RS 80 HGS 
CS_S 0 CS 
CS_PRS 40 CS 
CS_RS 80 CS 
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2.2 Specimens 
The specimen comprises of two timber studs, connected on either side by OSB/3 
panels. The connection between the lower timber studs and the OSB/3 panels consti-
tuted the test connection. Each panel is connected by three nails. The upper connec-
tion is necessary for the fixation of the specimen within the test rig. Consequently, a 
high stiffness and resistance was sought. The connection was made by screw press 
bonding. The screws used were 6 x 80 mm in size. The adhesive utilised was a one-
component polyurethane resin (Collano Semparoc Rapid V). The specific dimensions 
are illustrated in Figure 10. 

2.3 Test Setup 
The specimens were fixed in the test rig by hydraulic clamps as illustrated in Figure 
11. The clamp flanges were structured and a pressure of approximately 3 MPa was 
applied. The area clamped by the flanges is 12,000 mm2. 

On both sides of the test connection the relative displacement between the sheath-
ing panel and the wood stud is measured. The measurement was made using linear 
variable differential transformers (LVDT). 

  

Figure 10 Plan of the specimens Figure 11 Test setup, the test connection is on 
the lower side 

2.4 Test Procedure and Evaluation 
In order to evaluate the performance of the nailed connection under cyclic loading, 
tests were conducted in accordance with the full procedure of 
EN 12512:2001/A1:2005. The estimated yield displacement vy,est was determined 
through monotonic loading tests according to EN 26891:1991 on specimens with the 
exact same properties. The mean yield displacement for each nail type falls within 
the range of 1.22 mm to 1.92 mm. The yield displacement of vy,est = 1.7 mm was ap-
plied consistently across all nail types for the definition of the loading scenario of the 
static-cyclic test. Deviating from EN 12512:2001/A1:2005, the loading rate was set at 

144

INTER / 58 - 7 - 2



1.5 mm/s for the entirety of the test. The loading rate is greater than specified in the 
standard, resulting in an average test duration of approximately ten minutes. 

Unless specified otherwise, the methodology employed to determine vu,c is based on 
the static-cyclic test as illustrated in Figure 2 with α = 80 % and β = 30 %. 

Additionally, this study will demonstrate the impact of four distinct evaluation tech-
niques on the resulting vu,c. All methods are based on the properties of the static-cy-
clic test only, as illustrated in Figure 2. The parameters are listed in Table 6. This is be-
cause both the ultimate displacement evaluation method and the yield displacement 
evaluation method are currently under discussion, as outlined in section 1. This 
would result in an increased epistemic uncertainty in comparison to basing the evalu-
ation on the ultimate displacement. 
Table 6 Evaluation methods that are compared and the respective parameters 

 α β Code reference 
Method 1 0 % 20 % EN 1998:2004 

Method 2 80 % 20 % 
EN 1998:2004 
EN 12512:2001 

Method 3 80 % 30 % Adapted from prEN 1998-1-2:2024 
Method 4 80 % 100 % ASTM E2126-19 

3 Results and Discussion 
The displacement of the fixation side (upper side in Figure 10 and Figure 11) of the 
specimen is minimal. It is therefore unnecessary to discuss this further. 

3.1 Comparison of different ring shank lengths and different steel grades 
Based on the evaluation with α = 80 % and β = 30 %, nails with RS exhibit the shortest 
ultimate displacement under static-cyclic loading. 

For each ring shank length, the ultimate displacement of nails in HGS is found to be 
substantially higher than that of nails in CS. It can be observed that none of the nails 
in CS reach a mean ultimate displacement of 10 mm. The mean ultimate displace-
ment of nails in HGS and PRS or S is at least 10 mm. The results of the ultimate dis-
placement are shown in Figure 13. The results of the ductility are shown in Figure 14. 

Sartori & Tomasi (2013) also observed an increase in ductility for CS-S nails in com-
parison with CS-RS nails. A higher static-cyclic ultimate displacement and ductility for 
steel dowel connections with dowels in HGS instead of CS was observed by Kramer et 
al. (2025). 
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Figure 12 Exemplary hysteresis of 
the tested nails. The chosen 
specimens were CS-S Test 01, CS-
PRS Test 03, CS-RS Test 02, HGS-
S Test 01, HGS-PRS Test 01, HGS-
RS Test 02 

  

Figure 13 Ultimate displacements of nails with 
different ring shank lengths and both steel grades. 

Figure 14 Ductility of nails with different ring 
shank lengths and both steel grades. 
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3.1.1 Evaluation of the failure 

The failure of the nails was visually evaluated by splitting the timber after the comple-
tion of the test procedure. As illustrated in Figure 12, the maximum displacement at 
the conclusion of the test for the various types of nails was not constant. Nails manu-
factured from CS exhibited failure in low cyclic fatigue, with only a few exceptions. 
This phenomenon was observed for all RS nails. Figure 15 illustrates the percentage 
of broken and not broken nails. For nails manufactured from HGS with a S or PRS 
shaft, the primary failure mode is head pull-through. As illustrated in Figure 16, par-
tial nail pull-out was observed in S nails. The low cyclic fatigue failure mode for ring 
shank nails in CS was also observed by Ottenhaus et al. (2021). 

  

Figure 15 Proportion of broken and unbroken 
nails, evaluated after ending the test procedure. 

Figure 16 Comparison of nail types regarding pull 
out of nails based on visual inspection after ending 
the test procedure. 

3.2 Comparison of different evaluation methods 
The four evaluation methods described in Table 6 were applied to all tests. The ulti-
mate displacement vu,c is illustrated in Figure 17. 

 

Figure 17 Ultimate displacement based on different evaluation methods. 

For evaluation methods with β = 20 %, it is criterion b that is the determining factor 
for both methods. An increase in β to 30 % results in a considerable increase in the 
ultimate displacement, with criterion b remaining the decisive factor. The evaluation 
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with the criterion a only reaches slightly higher ultimate displacements. Furthermore, 
Figure 18 illustrates that the CoV is considerably reduced for the evaluation with cri-
terion a alone. The trend of the CoV for different evaluation methods of nails with 
different steel properties but the same shaft specifications seem similar, as illustrated 
by Figure 18. 

 

Figure 18 Coefficient of variation of the ultimate displacement 

4 Conclusions 
It has been shown that both post-elastic steel properties and geometric properties 
considerably impact static-cyclic ultimate displacement and cyclic ductility. In particu-
lar, a smooth shank surface within the range of the fastener yielding (the plastic 
hinges), coupled with high strain hardening and high elongation at maximum stress, 
is advantageous. 

In light of the Eurocode, it can be concluded that HGS-PRS nails represent the optimal 
solution due to the need of prevented pull out of the nail. The ultimate displacement 
is only marginally smaller than that of HGS-S nails, but substantially larger than vu,c of 
all CS nails, as well as HGS-RS nails. From a US and Canadian perspective, HGS-S nails 
are the optimal choice due to their higher ultimate displacement and the acceptance 
of nail pull out. 

For the findings of the importance of the post-elastic steel properties to be widely ap-
plicable in practice, further research is required. It is necessary to define a steel grade 
for dowel-type connections, analogous to the B500C class of reinforcement steel (re-
bars). This steel grade should include a minimal value for yield stress fy and elonga-
tion at maximum stress Agt, a range for the strain hardening ratio ks and a maximal 
value for the ultimate stress fu. However, the experimental investigation presented 
does not offer sufficient information to specify the proposed steel grade properties. 
A parametric numerical study would allow to determine the minimum and maximum 
mechanical fastener properties. The calibration of the numerical model on 
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experimental studies is strongly recommended. Moreover, further research is neces-
sary regarding the geometric properties. In particular, the geometric optimisation of 
the minimal distance between the theoretically calculated yield point and the end of 
the ringed part of the nail would be a valuable study. 

The influence of alternative assessment methodologies has revealed a reduction in 
variability when a criterion is employed that is based on the force reduction on the 
LEC1 alone. Consequently, the evaluation in accordance with ASTM E2126-19 may re-
sult in a reduction in epistemic uncertainty regarding the performance of the fas-
tener. 

5 Implications for the code development 
In conclusion, the post-elastic properties of steel fasteners in timber structures are 
too important to be ignored in the timber design standards. It is recommended to im-
plement a table similar to table C1 of EN 1992-1-1:2004 for connections with an in-
creased ductility demand. No specific values are proposed as further research is 
needed. This article is therefore a call for action to the research community for fur-
ther investigations to provide a sound basis for the specification of appropriate val-
ues. 
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DISCUSSION 

The paper was presented by L Kramer 

P Quenneville supports call for action on fy values for steel. 

T Tannert asked if the steel properties of the dowel were tested and suggested to add 
this information. L Kramer said this was tested. 

C Sandhaas and L Kramer discussed the influence of production process on the dowel 
in relation to cold forming to the properties of the final product. C Sandhaas 
mentioned that does not only depend on the steel but also on the type of fastener. 
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1 Introduction 
Due to their high load-carrying capacity (resistance) and stiffness, corrosion and fire 
resistance as well as aesthetic advantages, connections with bonded-in threaded or 
ribbed steel rods (BiR) are frequently used in building construction, for example, for 
column anchoring, rigid connections, trusses (Tlustochowicz et al., 2010) and rein-
forcements of various kinds (Steiger et al., 2015). This very efficient type of connec-
tion can offer its advantages in bridge construction projects as well. However, timber 
is still used comparatively little as a building material in bridge construction, in partic-
ular for road bridges. Reasons for this are the fatigue stresses caused by traffic loads 
and the more difficult climatic conditions compared to the construction of buildings. 

Current knowledge of the fatigue behaviour of members and connections in timber 
bases primarily on studies performed with metallic materials (steel, aluminium) that 
have been adapted for the design of timber structures. The provisions on fatigue de-
sign of timber structures in the currently still valid version of Eurocode 5-2 (CEN, 
2004) were primarily developed for the design of structural members and they only 
cover selected fastener types such as nails and dowels. Despite the fatigue behaviour 
of BiR had been investigated, see e.g. (Bengtsson and Johansson, 2002), respective 
normative specifications for the design had been lacking in the first generation 
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Eurocode 5-2. In the past years, additional investigations on the fatigue resistance of 
BiR connections were performed (Bletz-Mühldorfer et al., 2018; Erchinger and 
Steurer, 2005; Maurer et al., 2022; Molina et al., 2009; Myslicki et al., 2019; Myslicki 
et al., 2019); and in the Formal Vote (FV) Draft of FprEN 1995-1-1 (CEN, 2025), values 
representing the type of fatigue effect in the fatigue verification, are specified for axi-
ally loaded BiR (afat = 6.7 and fat = 1.3). 

Connections with BiR are of particular interest for structures with fatigue loading, be-
cause they allow a very uniform force transfer when arranged appropriately (Gehri, 
2000). The absence of stress peaks is generally regarded as the key to get high fatigue 
strength. So far, most of the experiments on fatigue strength have been carried out 
on connections in dry wood, i.e. in Service Class SC 1 (CEN, 2004)). Transferability to 
applications in bridge construction, where elevated moisture contents (SC 2 / SC 3) 
prevail, is limited. Elevated moisture content (MC or ω) significantly affects the me-
chanical properties of wood. This can impair the resistance, could possibly change the 
failure mode and reduce the fatigue strength of connections. 

A research project recently conducted at Empa in collaboration with the company 
neue Holzbau AG (n’H) was dedicated to the determination of the fatigue strength of 
connections with profiled rods bonded into glulam under practical conditions with a 
focus on bridge construction by taking an elevated MC into account. Examples of 
such applications are shown in Figure 1. 

   
a) b) c) 

Figure 1. Examples of application of BiR in bridge construction: Connections timber-to-timber 
(a) and steel-to-timber (b) in trusses; connections of hangers to arches (c). 
 

2 Methodology and materials 
2.1 General approach 
The project focused on two configurations of BiR in relation to the grain direction of 
the timber (parallel ǁ and perpendicular ). Fatigue tests were carried out and the 
mechanical properties (connection stiffness and resistance under axial tensile force) 
before and after passing the fatigue test in combination with the influences of the 
MC were investigated. In addition, the load-bearing behaviour and failure modes 
were compared with tests on connections subjected to static loading. Four groups of 
specimens (A – D) with varying type of loading and MC were subjected to testing, ac-
cording to Table 1. 
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Table 1. Overview of the tests performed. 

Group Series Setting of rods vs. grain direction / MC / Type of experiment Species (GLT) 
A A1 BiR ǁ  /  Dry wood  /  Fatigue 1) 

European ash 
(Fraxinus excelsior) A2 BiR ǁ  /  Elevated MC  /  Static 

A3 BiR ǁ  /  Elevated MC  /  Fatigue + Residual strength static 
B  Optimisation of test set up 

BiR   /  Dry wood  /  Static 
Norway spruce 

(Picea abies) 
C C1 BiR   /  Dry wood  /  Static Norway spruce 

(Picea abies) C2 BiR   /  Dry wood  /  Fatigue + Residual strength static 
D D1 BiR   /  Elevated MC  /  Static Norway spruce 

(Picea abies) D2 BiR   /  Elevated MC  /  Fatigue + Residual strength static 
1) Test series A1 had been investigated in the course of an earlier project (Maurer et al., 2022). 

 
2.2 Shape and geometrical properties of the specimens 
While it was known from previous experiments (Maurer et al., 2022) that the test 
setup worked for the fatigue tests on BiR inserted ǁ to grain, a suitable setup first had 
to be developed for the tests on BiR inserted  to grain. Figure 2 and Figure 3 show 
the experimentally examined specimens for the series of BiR ǁ or  to grain, respec-
tively. For the specimens with BiR ǁ to grain, hardwood was chosen because high 
forces can be applied here. Compared to softwood, this leads to higher stresses in 
the bond line. The specimens with BiR  to grain were designed with two groups of 
BiR (top 3 GSA in 1 row and bottom 4 GSA in 2 rows) in a way that failure in rolling 
shear was to be expected. In this mode, which is typical for the nodes of BiR trusses, 
the failure occurs in the wood between two rows of BiR crossing in the chord (see 
Figure 1a). Therefore, softwood glulam was chosen to allow for exploring the lower 
strength limit for this failure mode. 

 

  
Figure 2. Specimen with 2 pairs of BiR on both 
sides for fatigue tests ǁ to grain in European ash 
glulam. All dimensions in [mm]. 

Figure 3. Specimen with 2 groups of BiR for 
fatigue tests  to grain in Norway spruce glulam. 
All dimensions in [mm]. 
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2.3 Materials 
2.3.1 Glued-laminated timber (GLT) 

Glued-laminated timber (GLT) produced from the most relevant wood species (Euro-
pean ash, Fraxinus excelsior, and Norway spruce, Picea abies) regarding truss struc-
tures in timber dedicated to road bridge construction in Switzerland was chosen. To 
keep the variations of mechanical properties low, the laminations used for the GLT 
production were strength graded with the Timber Grader MTG (Brookhuis) into the 
respective T classes i.e. T18 for Norway spruce and T33 for European ash (Arnold et 
al., 2021; Bernasconi et al., 2021; CEN, 2016). Finally, laminations of uniform densi-
ties (groups of laminations with minimized CoV of the density) were selected. 

For the series with elevated MC, conditioning of the specimens to an MC of around 
20 % was essential for simulating real conditions such as those that occur in bridge 
structures. Hence, for the series A2, A3, D1 and D2, the laminations used to produce 
the GLT were stored in an environment with strongly elevated humidity of the sur-
rounding air. A special climate box with water-tight sealing on the inside was devel-
oped, and the laminations were stored in that box above a saturated salt-water solu-
tion. After first trials with sodium chloride (NaCl), potassium chloride (KCl) was finally 
used to increase water uptake. The air in the box was ventilated by means of two 
fans. The MC achieved in the laminations was monitored by weighing them in regular 
intervals. After the glulam production, joinery and bonding of the rods, the climate 
boxes were used for further conditioning, storing and transporting the specimens 
ready for testing. The MC developing in the specimens was monitored indirectly by 
weighing reference specimens (spruce and ash members with cross-sections be-
tween 70 x 70 mm2 and 160 x 160 mm2), see Figure 4. The end faces of these four 
groups of specimens and of all reference specimens were sealed. Two layers of end 
grain protection from Koch & Schulte were applied with a brush. 

 
Figure 4. Development of the MC of the reference specimens (calculated equilibrium moisture 
content (EMC) based on the measured climate in the boxes). 
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The equilibrium moisture content (EMC) was calculated from the temperature T [K] 
and the relative humidity RH [-] according to the formula in Figure 4 (Reichel, 2015). 
The difference between this EMC model and the measured MC of the reference 
specimens is attributed to the size of the cross-sections. For the GLT properties de-
termined from the tested specimens, the mean values per series are listed below, i.e. 
density (Table 2, Table 6) and modulus of elasticity MOE (Table 4). The individual val-
ues for each specimen are given in (Steiger and Zumbrunn-Maurer, 2024). The differ-
ences in MOE and density between Series A1 and A2 – A3 result from having chosen 
raw material from different sawmills. 
Table 2. Local densities [kg/m3] at ω = 12 % of the European ash GLT specimens of group A. 

Specimen Series A1 Series A2 Series A3 
Mean values 718 1) 644 640 

Mean value of group A 662 
CoV of group A 6 % 

1) Test series A1 had been investigated in the course of an earlier project (Maurer et al., 2022). 
 
Table 3. Bulk densities [kg/m3] at ω = 12 % of the Norway spruce GLT specimens of groups B, C, D. 

Specimen Group B and Series C1 Series C2 Series D1 Series D2 
Mean values 429 445 423 424 

Mean value of groups B, C and D 430 
CoV of groups B, C and D 4 % 

 
Table 4. Modulus of elasticity [N/mm2] of the European ash GLT specimens of group A. 

Specimen Series A1 Series A2 Series A3 
Test name 1) Proof loading Pull-out test Proof loading Preloading Pull-out test 
MC ≈ 9 % ≈ 20 % ≈ 20 % ≈ 20 % ≈ 17 % 
Mean 15'500 11'900 11'300 11'500 11'900 
1) The names of the static load tests are explained in 2.6. 
 
2.3.2 Bonded-in rod connections 

The tested BiR connections were of type GSA (EOTA, 2020), consisting of steel rods 
with metric thread M16 bonded into 18 mm diameter holes by means of a 2-compo-
nent epoxy resin. The performance of this system is well above the minimum charac-
teristic withdrawal strength according to the FV Draft of FprEN 1995-1-1 (CEN, 2025) 
of fw,k = 4 N/mm². The GSA adhesive passed tensile creep tests at 60 °C according to 
EN 17334 (CEN, 2021) loaded with a shear stress of 7 N/mm² in the bond line. For the 
actual specimens, the effective anchoring length (withdrawal length) of the rods was 
290 mm (i.e. 16.1∙ddrill). For group A, a recess (not bonded length) of 70 mm was ap-
plied. In this part, the thread was removed, and the rod was machined to the appro-
priate diameter to ensure a ductile failure in the ultimate limit state. With the partial 
safety factors valid in Switzerland, the design resistance as well as the forces for static 
proof loading and fatigue testing were calculated (Table 5). 
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Table 5. Calculated resistances and forces for static proof loading and fatigue testing. 

Groups  A B & C D 
Characteristic value of withdrawal resistance Rk 200 kN 187 kN 187 kN 
Partial safety factor for ductile connections 1) M/M 1.5 1.5 1.5 
Factor considering the influence of the MC 1)  1.0 1.0 0.8 
Design value of withdrawal resistance Rd = Rk / (M/M) 133 kN 125 kN 99.8 kN 
Conversion factor 2) Q + RG 1.635 1.635 1.635 
Assumed variable live load 2) Qk 81.5 kN 73.6 kN 61.0 kN 
Chosen level of fatigue loading in tests 
Force amplitude 

ΔF 
Fa 

90.0 kN 
±45 kN 

81.0 kN 
±40.5 kN 

64.8 kN 
±32.4 kN 

1) according to the Swiss standard SIA 265 for the design of timber structures (SIA, 2021). 
2) The variable live load Qk is calculated assuming that 90 % of the maximum force acting in the case of fatigue 

loading (at SLS level) is caused by the fatigue-effective action. This is reflected by the chosen stress ratio R. 
Based on a maximum utilization in the ULS, the following equation results:  𝑅ௗ = 𝐸ௗ = 1.35𝐺௞ + 1.5𝑄௞ , 
which for the chosen case with 𝐺௞/𝑄௞ = 𝑅 = 0.1 can be simplified as follows: 𝑄௞ = 𝑅ௗ/1.635 . 

The BiR subjected to static loading (series A2, B, C1, D1) were of steel grade 8.8. For 
the experiments with fatigue loading (series A1, A3, C2, D2), a duplex steel quality 
was chosen, as investigated in earlier experiments (Maurer et al., 2022). 

2.3.3 Steel parts for connecting the specimens with the testing machine 

To ensure that no fatigue failure occurred in the steel connecting parts, these had to 
be developed and optimized regarding the steel quality and the geometric shape 
prior to the fatigue tests. In series A1 and A3 and for the top joint of the BiR  to 
grain series, 30 mm thick steel plates of grade S355J2 were used. The rod-to-plate 
connection detail corresponded to the design developed in 2021 (Maurer et al., 
2022). The other steel parts were fastened by nuts. They were tightened uniformly 
with a torque of 80 Nm in series A2 and 30 Nm in the bottom joint of the BiR  to 
grain series (for details see research report).  

2.4 Connection stiffness 
For comparing the measured connection stiffnesses with the specifications in the FV 
Draft of FprEN 1995-1-1 (CEN, 2025), Clause 11.3.8.3, the axial slip modulus Kax 
[kN/mm] is modelled with 3 displacement shares (Equations 1 – 3, below). As an ex-
ample, for the A2 specimens they result as follows: 

Equation 1. Displacement share of the withdrawal length. 

𝐾ୟ୶,ଵ = 𝐾୵ = 460 ቀ
𝜌୫ୣୟ୬

420
ቁ

଴.଼ହ

𝑑଴.ଽ𝑙୵
଴.଺ =

460

1′000
∙ ൬

644

420
൰

଴.଼ହ

∙ 16଴.ଽ ∙ 290଴.଺ =  241 

Equation 2. Displacement share of the constriction zone. 

𝐾ୟ୶,ଶ = 𝐾ୱ,ଵ =
𝐸 ∙ 𝐴

𝑙
=  

210′000 ∙ 133

65 ∙ 1′000
=  430 
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Equation 3. Displacement share of the rod length in the steel part incl. washer & nut. 
(As a simplification for deformations in the threads, the entire length of the nut is 
considered to be free and fully loaded rod length.) 

𝐾ୟ୶,ଷ = 𝐾ୱ,ଶ =
𝐸 ∙ 𝐴

𝑙
=  

210′000 ∙ 157

74 ∙ 1′000
=  446 

Equation 4. Slip modulus for the group of 2 GSA M16. 

𝐾ୟ୶ = 𝑛 ∙
1

∑
1

𝐾ୟ୶,୧

୨
୧ୀଵ  

= 2 ∙
1

1
241

+
1

430
+

1
446

 
= 229 

where d is the diameter of the rod and lw is the withdrawal length. 

 

2.5 Experiments with fatigue loading 
For the main set of experiments, cyclic tests at constant force amplitudes were car-
ried out force-controlled (sinus) in pull-pull configuration (Tlustochowicz et al., 2010) 
with a stress ratio R = Fmin/Fmax = 0.1 and frequencies of f = 4 – 7 Hz (Table 6). A target 
value of N = 2∙106 stress cycles was defined because the structural steel standards 
also relate their fatigue strength categories to this value. In one case, 3∙106 stress cy-
cles were applied due to the availability of the machine. A value of R = 0.1 was se-
lected because this is relevant in practice for a lightweight structure with a large vari-
able action and for comparison with results from the literature. However, the investi-
gated stress ratio R = 0.1 does not cover the range of stress ratios in the design ap-
proach given in the FV Draft of FprEN 1995-1-1 (CEN, 2025), i.e. -1 ≤ R ≤ 1. 

The temperature T in the bond lines, the machine stroke and the force F were meas-
ured continuously. Monitoring the temperature in the bond lines was important to 
ensure that the fatigue loading would not lead to an impermissible heating of the ad-
hesive and thus to an influence on the load-bearing behaviour of the BiR. 
Table 6. Loading parameters for the fatigue tests. 

Parameter Symbol Series A1 Series A3 Series C2 Series D2 
Number of fatigue tests n 3 4 4 4 
Minimum force Fmin 10 kN 10 kN 1) 9 kN 7.2 kN 5) 

Mean force Fm 55 kN 55 kN 2) 49.5 kN 39.6 kN 6) 

Maximum force Fmax 100 kN 100 kN 3) 90 kN 72 kN 7) 

Force amplitude Fa ± 45 kN ± 45 kN 4) ± 40.5 kN ± 32.4 kN 8) 

Stress ratio R = Fmin/Fmax 0.1 0.1 0.1 0.1 
Frequency f 5 – 12 Hz 4 – 6 Hz 5.5 – 7 Hz 4 – 6.25 Hz 
Wave shape  Sinus Sinus Sinus Sinus 
Control  Force Force Force Force 
Parameters for test on specimen A3-04: 1) 14 kN 2) 77 kN 3) 140 kN 4) ± 63 kN 
Parameters for test on specimen D2-01: 5) 9 kN 6) 49.5 kN 7) 90 kN 8) ± 40.5 kN 
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In the fatigue test on specimen D2-01, cracks appeared after only 135'000 stress cy-
cles, and it was suspected that these were initiated by the drying of the specimen. 
Therefore, it was decided to cover the end faces of the specimens with plastic tape 
for the remaining fatigue tests on specimens of series D2 in order to prevent exces-
sive or too rapid drying out. 

 
2.6 Experiments with static loading 
The experiments with static loading were performed according to EN 26891 (CEN, 
1991) including 1 cycle in the elastic range. At n'H, loading in pull-pull configuration 
was applied via hollow plunger hydraulic cylinders, operated by means of a hand 
pump. The load was increased incrementally, with the cylinder force (oil pressure) 
and the measured displacements being noted for each load step. In all static tests, 
the differential displacements at the BiR connections and some displacements in the 
timber member were measured. For parallel to grain specimens, the static MOE of 
the timber was determined in the central part of the member based on the defor-
mation over a measuring length of 300 mm (Steiger and Zumbrunn-Maurer, 2024). 

 
2.6.1 Proof loading and preloading prior to the fatigue tests 

Static tensile proof loading and preloading was carried out on all specimens to assess 
their stiffness. For series A1, B, C1 and C2, the proof loading was done some days af-
ter production. The specimens of the series with elevated MC were proof loaded af-
ter conditioning. For series A2 and A3, around 166 days passed after the bonding pro-
cess. Series D1 and D2 were loaded after 201 days. Proof loading ensured that no 
specimens were included in the fatigue tests that did not meet the quality require-
ments. Prior to the fatigue test, a static preloading in 5 identical cycles in pull-pull 
configuration was carried out on all specimens with a force level that corresponded 
to the maximum load of the fatigue tests Fmax. The loading rate for the static experi-
ments at Empa varied between 0.66 kN/s and 3 kN/s. 

 
2.6.2 Pull-out tests after passing of fatigue tests 

After the fatigue tests, static loading tests were carried out to determine the residual 
resistance and the residual stiffness of the BiR connections. The loading was force-
controlled until reaching 1.75 times the maximum force of the fatigue tests Fmax. Be-
yond, the loading was displacement-controlled with a rate of 0.012 mm/s for series 
A3 and 0.005 mm/s for series C2 and D2. 

 
2.7 Investigations after testing 
After completion of all tests, every specimen was disassembled and analysed in detail 
to identify the types of failure. Pictures of these investigations are presented in the 
research report (Steiger and Zumbrunn-Maurer, 2024). 
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3 Results and discussion 
3.1 Temperatures in the bond lines during the fatigue tests 
When testing specimen A1-01 under fatigue loading with a frequency of 12 Hz, the 
temperatures in the bond lines after 20'000 stress cycles (i.e. after 0.5 h of testing) 
reached 45 °C, and there was no indication that they would tend to increase less pro-
nounced when continuing the test (Maurer et al., 2022). Trials with lower frequencies 
revealed that with frequencies of 5 – 8 Hz, the temperatures in the bond lines could 
be kept in reasonable ranges regarding the mechanical performance of the epoxy ad-
hesive at elevated temperatures (Verdet et al., 2016). This was confirmed later when 
specimens of series A3 were tested with frequencies of 5 Hz and 6 Hz (Figure 5). 
 

 
Figure 5. Development of the temperatures in the bond lines in the fatigue tests with different 
frequencies (BiR M16 inserted ǁ to grain in European ash GLT, 3 specimens from series A3). 

 

3.2 BiR inserted parallel to grain in European ash GLT 
The results of the tests on specimens made of European ash GLT with BiR ǁ to grain 
(group A) are summarized below, i.e. results of the fatigue tests (Table 7), stiffness of 
the BiR connections before and after fatigue loading (Table 8) and results of the pull-
out tests with and without prior fatigue loading (Table 9). 

In dry condition (ω ≈ 9 %) as well as at elevated MC (ω ≈ 20 %), 3 specimens passed 
2∙106 stress cycles (100 kN / 10 kN) without failure (Table 7). Increasing the maximum 
force in the fatigue test by 40 % (i.e. to the design level), led to steel failure in one of 
the rods after 56'000 stress cycles. The temperatures in the bond lines remain below 

15

20

25

30

0 250’000 500’000 750’000 1’000’000 1’250’000 1’500’000 1’750’000 2’000’000

Te
m

pe
ra

tu
re

 T
[°

C]

Number of stress cycles N

A3-01: Bond line temperature; top A3-01: Bond line temperature; bottom
A3-02: Bond line temperature; top A3-02: Bond line temperature; bottom
A3-03: Bond line temperature; top A3-03: Bond line temperature; bottom
A3-01: Ambient temperature A3-03: Ambient temperature
A3-02: Ambient temperature

Test frequencies:
A3-01 & A3-03: f = 5 Hz
A3-02: f = 6 Hz

161

INTER / 58 - 7 - 3



 

50 °C, if the test frequency is not higher than 6 Hz and if the chosen level of fatigue 
loading is in the SLS range. 

 
Table 7. Characteristic data of the fatigue tests on the specimens with BiR inserted parallel to grain 
in European ash GLT (series A1 and A3). 

Series A1 (ω ≈ 9 %) 
Specimen Stress cycles Δs [Nmm2] max [N/mm2] Frequency [Hz] Max. Temperature [°C] 1) 

# 1 2'054'712 287 3.4 6 – 12 55.7 
# 2 2'010'000 287 3.4 8 54.2 
# 3 2'010'000 287 3.4 5 48.0 

Series A3 (ω ≈ 20 %) 
Specimen Stress cycles Δs [Nmm2] max [N/mm2] Frequency [Hz] Max. Temperature [°C] 1) 

# 1 2'000'486 287 3.4 5 26.2 
# 2 2'000'483 287 3.4 6 25.4 
# 3 2'000'486 287 3.4 5 26.6 
# 4 56'175 401 4.8 5 (36.5) 
1) Temperature in the bond line. 
Δs Stress difference in the rods (2 GSA M16, As = 157 mm²). 
max Shear stress in the bond line under maximum force Fmax (in relation to the nominal diameter of the rod 

and the withdrawal length). 
 
Table 8. Connection stiffness [kN/mm] (top joint / bottom joint, respectively) determined on the 
specimens with BiR inserted parallel to grain in European ash GLT (group A). 

Specimen Series A1 Series A2 Series A3 
KProof 1) KPull-out 2) KProof 1) KPre 2) KPull-out 2) 
ω ≈ 9 % ω ≈ 20 % ω ≈ 20 % ω ≈ 17 % 

# 1, top 343 245 304 314 342 
# 1, bottom 353 313 320 310 323 
# 2, top 339 276 310 309 384 
# 2, bottom 336 235 310 315 364 
# 3, top 355 270 309 315 333 
# 3, bottom 356 252 302 352 370 
# 4, top 344 265 327 321 – 
# 4, bottom 343 249 302 324 – 
# 5, top 347 – – – – 
# 5, bottom 331 – – – – 
Mean value 345 263 311 320 353 
CoV 2 % 9 % 3 % 4 % 7 % 
Kax 281 229 266 266 266 
Deviation 3) +23 % +15 % +17 % +20 % +33 % 
1) Connection stiffness determined during proof loading by neue Holzbau AG. 
2) Connection stiffness determined in experiments at Empa with static preloading before the fatigue test 

or in pull-out tests after fatigue loading. 
3) Relative difference of the mean value compared to Kax according to the FV draft of FprEN 1995-1-1. 
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The comparison of connection stiffness in dry condition and at elevated MC (mean 
values 345 and 311 N/mm2 in Table 8) shows a reduction of 10 % due to increased 
MC. Hence, for the design of a BiR connection in members with elevated MC, a re-
duction factor for the stiffness of ηω = 0.9, as specified in the standard SIA 265 (SIA, 
2021), should be applied. The 10 % increase in stiffness between preloading and pull-
out test after fatigue loading (mean values 353 and 320 N/mm2 in Table 8) is partly 
attributed to the decrease in MC (from around 20 % to around 17 %) and possibly to 
the post-curing of the adhesive during the fatigue test. Detailing of the specimens 
aimed at a ductile failure mode, i.e. for yielding of the rods, which is the desired fail-
ure mode in practice, and which represents the maximal performance regarding the 
resistance of groups of multiple BiR. However, the diameter in the constriction zone 
was kept larger than it would be designed in practice to prevent steel failure in the 
fatigue test. This was also the failure mode experienced in the static experiments (Ta-
ble 9) and hence, the influence of MC on the load-bearing resistance cannot be quan-
tified. From the experiments in Series A3, it can be concluded that exposing the BiR ǁ 
to grain in ash glulam to fatigue loading with 2∙106 stress cycles and a bond line stress 
max 3.4 N/mm² did not lead to a reduction of the withdrawal resistance, neither in 
dry condition (series A1, (Maurer et al., 2022), nor at elevated MC (series A3). The 
differences in withdrawal resistance without and with prior fatigue loading (series A2 
vs. A3) can be explained with the different steel quality of the rods, see 2.3.2.  
 
Table 9. Withdrawal resistance [kN] and failure mode determined on the specimens with BiR in-
serted parallel to grain in European ash GLT (group A). 

Specimen Series A2 Series A3 
ω ≈ 20 % ω ≈ 17 % 

# 1 248 270 
# 2 249 270 
# 3 250 268 
# 4 250 – 
Mean value 249 269 
Failure mode Rod yielding Rod yielding 
 

3.3 BiR inserted perpendicular to grain in Norway spruce GLT 
The results of the tests on Norway spruce GLT specimens with BiR  to grain (groups 
C & D) are reported below, i.e. for the fatigue tests (Table 10), the stiffness of the 
connections with 3 GSA M16 before and after fatigue loading (Table 11), and for the 
pull-out tests with and without prior fatigue loading (Table 12). In dry conditions (se-
ries C2), 3 specimens could be subjected to fatigue loading with 2∙106 stress cycles at 
serviceability level (90 kN / 9 kN) without failure (Table 10). One specimen even 
passed 3∙106 stress cycles (90 kN / 9 kN) without failure. Regarding temperatures, the 
tests confirmed the findings of the group A. With frequencies in the range of 4 – 7 Hz, 
bond lines of these series could be kept below 40 °C. 
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Table 10. Characteristic data of the fatigue tests on the specimens with BiR inserted perpendicular to 
grain in Norway spruce GLT (series C2 and D2). 

Series C2 (ω ≈ 9 %) 
Specimen Stress cycles Δs [Nmm2] max [N/mm2] Frequency [Hz] Max. Temperature [°C] 1) 

# 1 2'034'359 172 2.1 5.5 32.9 
# 2 1'999'998 172 2.1 5.9 30.6 
# 3 1'998'521 172 2.1 6.5 31.3 
# 4 2'999'801 172 2.1 7 32.1 

Series D2 (ω ≈ 20 %) 
Specimen Stress cycles Δs [Nmm2] max [N/mm2] Frequency [Hz] Max. Temperature [°C] 1) 

# 1 422'834 172 2.1 6.25 (46.1) 
# 2 2'000'500 138 1.6 5 30.5 
# 3 2'000'500 138 1.6 5.9 33.8 
# 4 2'000'500 138 1.6 4 37.6 
1) Temperature in the bond line. 
Δs Stress difference in the rods of the top joint (3 GSA M16, As = 157 mm²). 
max Shear stress in the bond line under maximum force Fmax (in relation to the nominal diameter of the rod 

and the withdrawal length). 
 
When in series D2 subjecting the same connections to fatigue loading at elevated MC 
with the same force parameters, fatigue failure in the wood (rolling shear) occurred 
after 0.4∙106 stress cycles and the temperatures in the bond lines peaked to almost 
50 °C. After having reduced the forces by 20 % (72 kN / 7.2 kN), 3 specimens passed 
2∙106 stress cycles without failure and the temperatures in the bond lines remained 
below 40 °C. It can be concluded that for the design of a BiR connection at elevated 
MC, for the strength, a reduction factor of ηω = 0.8, as specified in the standard  
SIA 265 (SIA, 2021), should be applied. 

Concerning the connection stiffness (Table 11), only the values in cells shaded in grey 
should be compared directly, due to the displacement measurements not having 
been performed with the same equipment and precision. Looking at the limited num-
ber of available values, conclusions must be drawn carefully. The displacement meas-
urements at the bottom joints were influenced by different steel parts with different 
nuts, depending on the series and different reference points depending on the test 
lab. A detailed evaluation of these results was not done yet. Therefore, no results are 
presented here, while the raw values could be found in the research report. 
 
In series C2, tested in dry condition (MC ≈ 9 %), the stiffness of the top joints in-
creased by 4 % for specimen C2-02 and decreased by 13 % for specimen C2-03, 
which is an indication that the fatigue loading with 2∙106 stress cycles at serviceability 
level (90 kN / 9 kN) led to a slight reduction of the stiffness. After fatigue loading with 
3∙106 stress cycles, an 18 % lower stiffness was measured for specimen C2-04. 
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Table 11. Connection stiffness [kN/mm] determined on the specimens with BiR inserted perpendicu-
lar to grain in Norway spruce GLT (groups B, C and D) at the top joint (3 GSA M16). 

Specimen Group B and 
Series C1 

Series C2 Series D1 Series D2 

 KPull-Out
 KProof KPre KPull-Out KPull-Out KProof KPre KPull-Out 

 ω ≈ 9 % ω ≈ 9 % ω ≈ 20 % ω ≈ 20 % ω ≈ 18 % 
Testing @ n'H n'H Empa Empa n'H n'H Empa Empa 
# 1 213 1) 262 – 2) 201 188 202 212 – 
# 2 246 264 254 263 201 188 195 46 4) 
# 3 269 279 256 224 212 199 182 138 
# 4 250 230 210 173 3) – 204 185 117 
# 5 263 – – – – 187 – – 
# 6 274 – – – – 203 – – 
Mean value 260 240 229 198 194 128 
CoV 6 % 11 % 14 % 4 % 7 % – 
Kax 305 310 310 299 299 299 
Deviation 5) -15 % -23 % -26 % -34 % -35 % -57 % 
1) Value was not considered when calculating the mean value because a different reference point had 

been selected for measuring the joint deformation than for the other tests. 
2) Differential displacements at the BiR connections were not measured. 
3) Value was not considered when calculating the mean value because the specimen was tested after 

3∙106 stress cycles, whereas the other ones had been tested after 2∙106 stress cycles. 
4) Although the specimen achieved 2∙106 stress cycles in the fatigue test, damage appears to have oc-

curred because of the fatigue stress. This value was not considered when calculating the mean value 
of joint stiffness. 

5) Relative difference of the mean value compared to Kax according to the FV draft of FprEN 1995-1-1. 

 
A clearer picture emerged from series D2 (i.e. specimens with elevated MC ≈ 18 %, 
tested with reduced forces 72 kN / 7.2 kN). The stiffness of specimen D2-02 after the 
fatigue test was 76 % lower than during preloading and the deformation at 72 kN 
reached almost 1.6 mm. Accounting for this and looking at the strongly reduced with-
drawal resistance (37 %) of 117 kN (Table 12), it could be concluded that this speci-
men had suffered significant damage during the fatigue test. The BiR connections of 
specimens D2-03 and D2-04 were markedly less stiff after fatigue loading (24 % re-
duction in stiffness for specimen D2-03 and 37 % for specimen D2-04). The mean 
value of the stiffnesses of these two specimens (128 kN/mm) is 51 % lower than the 
mean value without fatigue loading in dry state (260 kN/mm). 

The mean value of withdrawal resistance after fatigue loading at elevated MC (speci-
mens D2-03 and D2-04) was 166 kN. Compared to the 5 static tensile tests in the 
same condition regarding MC (series D1 and specimens D2-05, D2-06), this corre-
sponds to a reduction of 11 %. Compared to the mean value of the specimens tested 
in dry condition (Series B and C1), the reduction is 18 %. Hence, 20 % reduction for 
the strength at elevated MC (ηω = 0.8, as specified in the standard SIA 265 (SIA, 
2021)) is recommended for design. Clause 10.2(4) of the FV Draft of FprEN 1995-1-1 
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(CEN, 2025) specifies that "For the calculation of the fatigue strength in SC 3, the 
characteristic strength fk in Formula (10.2) should be multiplied by 2/3" and that "For 
connections the clause should be applied analogously." 

In dry condition (series C2, MC ≈ 9% ), the first 3 specimens did not show any reduc-
tion in withdrawal resistances after having been subjected to 2∙106 stress cycles at 
serviceability level (90 kN / 9 kN). After 3∙106 stress cycles, the withdrawal resistance 
of specimen C2-04 was 17 % lower than the mean value of the specimens in series B 
and C1. For the design of structures with more than 2∙106 stress cycles, the fatigue 
strength should be confirmed with additional experiments. 

For all specimens (i.e. with and without prior fatigue loading), the governing failure 
mode was rolling shear failure in the wood close to the BiR rows, with simultaneous 
cracking. Hence, this type of failure must be verified accordingly, when designing 
such a connection. However, despite respective research is available (e.g. (Blass et 
al., 2019; Meyer, 2020)), there are no design rules available in the FV Draft of FprEN 
1995-1-1 (CEN, 2025). There, Clause 11.6.1(7) simply states that "In addition to the 
splitting resistance …. for connections with more than two axially loaded fasteners in 
a row parallel to grain (n0 > 2), the rolling shear failure should be verified along the 
perimeter of the group of fasteners". 
Table 12. Withdrawal resistance [kN] and failure mode determined on the specimens with BiR in-
serted perpendicular to grain in Norway spruce GLT (groups B, C and D). 

Specimen Group B and Series C1 Series C2 Series D1 and D2 Series D2 
 ω ≈ 9 % ω ≈ 9 % ω ≈ 20 % ω ≈ 18 % 
Testing @ n’H Empa n’H / Empa Empa 
# 1 210 186 200 – 
# 2 211 203 179 117 1) 

# 3 185 204 207 181 
# 4 209 167 2) – 150 
# 5 190 – 185 – 
# 6 200 – 164 – 
Mean value 201 198 187 166 
Failure mode Rolling shear failure after formation of cracks 
1) The specimen passed 2∙106 stress cycles in the fatigue test. It seems that damage had occurred be-

cause of the fatigue stress. This value was not considered when calculating the mean value of with-
drawal resistance. 

2) Value not considered when calculating the mean value because the specimen was tested after having 
been subjected to fatigue loading with 3∙106 stress cycles. 

 
3.4 Design approach in the FV draft of FprEN 1995-1-1 
In Figure 6 and Figure 7, the test results are compared with the SN-curves (Wöhler-
curves) according to the FV draft of FprEN 1995-1-1. For the tested configuration and 
R°=°0.1, the design model leads to conservative numbers of stress cycles for the cho-
sen levels of fatigue loading Fmax. 
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Figure 6. Experimental results of BiR ǁ to grain 
compared to the design model in the FV draft of 
FprEN 1995-1-1. 

Figure 7. Experimental results of BiR  to grain 
compared to the design model in the FV draft of 
FprEN 1995-1-1. 

 
According to the SN-curve for R = -1 (red line in Figure 6), a GSA BiR might be sub-
jected to 2∙106 fully reversed stress cycles of ±18.2 kN. The tested force amplitude of 
±45 kN in the tension-tension stress range supports the expectation that the design 
model is conservative also for this stress ratio. However, evidence should be provided 
by experiments. In Figure 7, the blue SN-curve shows the proposed reduction factor 
for elevated MC ηω = 0.8. This and the following proposals assume that the partial 
safety factor for fatigue strength is set to R,fat = 1.0 by the National Annexes. 
 

4 Conclusions 
From the investigations on BiR ǁ to grain in European ash GLT and BiR  to grain in 
Norway spruce GLT, consisting of static tests and fatigue loading with forces at SLS 
level and an R value of 0.1, the following conclusions can be drawn: 
 The applied methodology, test setups and materialisation of specimens proved to 

work well for the investigation of fatigue strength of BiR at different levels of MC.  

 BiR can be applied in connections subjected to fatigue loading in environment with 
elevated MC (e.g. to construct road bridges), provided the materials and shapes of 
the steel parts (rods, adapters) are optimized for fatigue loading. 

 When applying high-performance BiR connections (fw,k > 4 N/mm²) in GLT at ele-
vated MC (upper range of SC 2), the withdrawal resistance (for fatigue and quasi-
static loading) should be reduced by 20 % in the design if the characteristic value is 
based on short term tests in dry conditions. This reduction would be in line with 
the strength reduction factor of 2/3 specified in the FV draft of FprEN 1995-1-1, 
Clause 10.2(4) for applications in SC 3. 

 The values for the coefficients afat and fat for axially loaded BiR given in the FV 
draft of FprEN 1995-1-1 are considered reasonable considering the current 
knowledge. More tests should be performed to justify less conservative values. 
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 Criteria regarding the displacement increase during the fatigue test and/or regard-
ing the residual withdrawal resistance should be defined in the standards. 

 The axial slip modulus for BiR (ε = 0°) given in the FV draft of FprEN 1995-1-1 un-
derestimates the stiffness of the tested BiR ǁ to grain configuration. For BiR  to 
grain with the chosen reference point on the member, the stiffness is overesti-
mated. Assuming the reference point to be standardised and formulae for the axial 
slip modulus in SC 1 to be improved, the connection stiffness should be reduced by 
10 % in the design for quasi-static loading at elevated MC. Stiffness reduction fac-
tors up to 0.5 should be discussed for the design of axially loaded fasteners under 
fatigue loading at elevated MC. 

 When performing fatigue tests of BiR inserted in timber, the temperatures in the 
bond lines should be monitored to prevent their excessive warming. With ambient 
temperatures below 22 °C, test frequencies up to 6 Hz led to temperatures in the 
bond lines of not more than 40 °C. Respecting this limit should prevent inadmissi-
ble post-curing of the adhesives. Post-curing can lead to a beneficial behaviour of 
the adhesive not representing the situation in practice, where much lower fre-
quencies of cyclic loading by vehicles occur. 

 The tests on BiR ǁ to grain in European ash GLT showed that static ductility (rod 
yielding) can be achieved with a dedicated design, detailing and execution. Neither 
the fatigue loading nor the elevated MC led to questioning the provision in the FV 
draft of FprEN 1995-1-1, Clause 11.10.5.1(3) about ductile prior to brittle failure. 

 For the specimens with BiR  to grain in Norway spruce GLT, rolling shear in the 
wood close to the rod rows was the governing failure mode. This was identified in 
the pull-out tests, for specimens with and without prior fatigue loading. Even 
though a respective hint can be found in the FV draft of FprEN 1995-1-1, no re-
spective design formula is given in the standard. 

 Conditioning of timber specimens to an MC to be expected in SC 2 / SC 3 takes ap-
proximately 200 days depending on the size of the specimens. Conditioning 
proofed to work well in a box with saturated potassium chloride (KCl) water solu-
tion and ventilation of the air in the box. 

 The weighing of reference specimens with representative cross-sections showed 
the slower moisture uptake of lager dimensions. Their mass constancy was clearly 
lower than predicted by the formula for the calculated EMC. The reason for this is 
very likely a permanent moisture gradient which seems to establish in a timber 
member with dimensions as occurring in building practice. 

Overall, it can be concluded that the investigation contributes to the future standard-
isation of fatigue and static tests on timber connections. When designing (BiR) con-
nections for applications with elevated MC, the stiffness, withdrawal resistance and 
fatigue strength should be reduced. The values of the reduction factors must be 
aligned with the base values chosen in the standard. If a force introduced by rows of 
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axially loaded fasteners causes rolling shear stresses in the wood, this should be veri-
fied and hence, a suitable design approach should be added to FprEN 1995-1-1. 
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DISCUSSION 

The paper was presented by R Steiger 

S Winter asked why parallel to grain was considered in ash but perpendicular to grain 
was considered in spruce. R Steiger said that budget constraints led to concentrating 
testing on the boundary situations to seek reduction in cost. S Winter received 
clarification of the stress level in the bond line. 

C Demirci questioned the tolerance for this type of connections if they were made on 
site and asked how to ensure this work in service class 3 conditions. R Steiger replied 
that this type of connections needs a company with good quality control. In this case 
the company has more than 20 years of experience. The work was not extrapolated 
towards service class 3. 

C Sandhaas commented on the test setup of 3 or 4 bonded‐in rods and asked if the 
number of bonded‐in rods in a connection would affect the conclusions. R Steiger 
agreed that this could affect the results. 

H Blass commented about the statement that there is lack of guidance in the code on 
rolling shear failure in the perpendicular to grain cases. He said Karlsruhe Institute of 
Technology has worked on this topic with a proposal available. R Steiger stated that 
they are aware of the work but the partner company has been working on their own 
proposal. 

P Dietsch commented that the paper indicated that a reduction to 2/3 for SC3 seems 
to be safe. He asked if there was any data available for justification. R Steiger agreed 
that they do not have test results on this. 

U Hübner said high risk is associated with on‐site gluing and implied that on‐site 
gluing should generally be avoided; hence, quasi‐industrial, factory made systems are 
needed. 
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1 Introduction

All­wood joints without metal fasteners provide an effective and sustainable solution

for structural timber applications. They can be used in frame system, or alternatively in

traditionalmortise­and­tenon or pegged joints, in dowel­Laminatedmassive panelsmade

from softwood boards, and in hybrid system (e.g., timber–concrete composites). Fully

compatible with timber, wooden dowels support circular construction by enabling easy

disassembly and reuse. The possibility of real application is demonstrated by different

case studies, such as the “Himmelstor” hangar in Mülheim (Germany), which used over

590 hardwood­dowel connections without requiring special approval (Wiesenkämper &

Berling­Hoffmann, 2023).

The possibility to apply traditional design method for wooden dowels is still debated. The

European Yield Model (EYM) provided by provided by EN 1995­1­1 (2004) assumes that

the dowel exhibits elastic­plastic behaviour, allowing it to form plastic hinges. Certain

researchers have noted that the frequent yielding failure in wooden dowels is due to

a mixture of bending and shear forces, leading them to suggest this mechanism as a

preferable alternative to the conventional EYM to more accurately reflect the behaviour

of wooden dowels (Miller et al., 2010). Validation of the experimental results presented

in this paper will involve the application of these two alternative approaches.
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1.1 Eurocode 5 proposal

The new draft of Eurocode 5 (FprEN 1995­1­1, 2025) include a predictive models for the

capacity of connections with wooden dowels based on Johansen (1949). This model

was originally developed for metal dowels, where plastic hinge formation in metallic

fasteners (including nails, screws, or bolts) and the compression failure of wood fibers

under a dowel­type connector govern the failure mode. By applying equilibrium and

plasticity theories, the model estimates load­bearing capabilities under various failure

conditions for both single and double shear plane connections, highlighting four primary

failure modes: wood material embedment failures (mode I and mode II, exclusively for

single shear connections); formation of one plastic hinge (mode III) or two plastic hinges

(mode IV) within the metal dowel. The characteristic lateral resistance per shear plane

Fv,k of a single fastener is given by Fv,k = FD,k + Frp,k where FD,k is the characteristic

dowel­effect contribution per shear plane, and Frp,k is the characteristic rope­effect,

which is generally considered zero for wooden­dowel connections. For timber­to­timber

connections using wooden dowels, including different wood products, ,the characteristic

dowel­effect contribution (FD,k) per shear plane is obtained by modifying the Johansen

equations (see Eq.(1)). In this modification, the factor 1.15, originally introduced to take

into consideration the differing partial safety factors and kmod for steel and timber is

replaced by 1.0. Although not explicitly required by FprEN 1995­1­1 (2025), the factor

of 1.05 is also adjusted to 1.0 for similar reasons. Moreover, the yield momentMy,k is

replaced by the ultimate momentMu,k and the modified equations are shown below:

FD,k = min

⎧
{
{
{
{
{
{
⎨
{
{
{
{
{
{
⎩

fh,1,k th1 d (a)
fh,2,k th2 d (b)

fh,1,k th1 d

1+β
[√β + 2 β

2 [1 +
th2
th1

+ ( th2
th1

)
2
] + β3 ( th2

th1
)
2

− β (1 +
th2
th1

)] (c)

fh,1,k th1 d

2+β
[√2 β (1 + β) + 4 β (2+β) Mu,k

fh,1,k d t2h1
− β] (d)

fh,1,k th2 d

1+2 β
[√2 β2 (1 + β) + 4 β (1+2 β) Mu,k

fh,1,k d t2h2
− β] (e)

√ 2 β
1+β √2Mu,k fh,1,k d (f)

(1)

where β = fh,2,k
fh,1,k

, fh,1,k fh,2,k are the characteristic embedment strengths of members 1

and 2 respectively, th,1, th,2 are the embedment depths of members 1 and 2 respectively,

Mu,k is the characteristic ultimate moment given in equation (2), and d is the diameter

of the fastener. In the case of a symmetric connection with a fastener loaded in double

shear, the characteristic dowel­effect contribution is determined by considering the four

possible failure modes: (a), (b), (d), and (f): mode (a) and (b) corresponding to mode
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I, (d) to mode III and (f) to mode IV. The characteristic ultimate bending moment for

wooden dowels, according to FprEN 1995­1­1 (2025) is:

Mu,k = 0.75
π

32
fm,kd

3 for 12mm ≤ d ≤ 30mm (2)

with fm,k the characteristic bending strength of the dowel. The prefactor 0.75 in Eq.(2)

corresponds to a reduction factor δ introduced to account for the brittle behavior of

wooden dowels (Blaß et al., 1999). The characteristic embedment strength fh,k for

wooden dowels in Structural lumber (SL), parallel laminated timber (PL), and wide faces

of cross­layered timber (CL), is according to FprEN 1995­1­1 (2025).

fh,k = 10−4ρdowel,kρk
1.1 (1 − 0.01d)

(3.4 − 0.045d) sin2 α + cos2 α
(3)

where ρdowel,k and ρk are the characteristic densities of the wooden dowel and the

embedment, d the diameter of the dowel and α the grain direction. The regulations

for connections using wooden dowels are based on studies by Blaß et al. (1999). The

simplified design rules are derived from the SIA 269/5:2011 (2011) standards and adapted

to characteristic values. In cases involving connections with several shear planes, the

dowel­effect contribution for each fastener is calculated by adding up the contributions

from each shear plane. This process takes into account the potential for failure of the

shear plane due to either embedment alone or with the development of plastic hinges

(as illustrated for modes C in Fig. 5).

1.2 Failure mode V according toMiller et al. (2010)

Unlike steel, wooden dowels exhibit mechanical properties similar to the connected

timber, leading to distinct failure modes requiring specific formulations. A recurring

mechanism, termed Mode V byMiller et al. (2010), involves combined bending, shear,

and compression perpendicular to grain. Unlike cross­grain shear or central hinge forma­

tion, Mode V extends Johansen’s theory by capturing this interaction. Miller et al. (2010)

proposed a regression model linking Mode V yield capacity to the specific densities of

dowel and base timber, to estimate the average shear stress at failure in the dowel as

fv = 33.44GdG
0.75
m , where fv is the shear stress at failure (in N/mm2), Gd = ρd/ρw is the

specific gravity of the dowel, and Gm = ρm/ρw is the specific gravity of the embedding

material. Here, ρd, ρm, and ρw denote the mass densities of the dowel, the embedding

medium, and water, respectively. Since failure mode V involves multiple longitudinal

shear fractures distributed across the dowel’s cross­section. Thin bundles of intact longi­

tudinal fibres remain between the fractures, which are kinked by flexure. Consequently,

the yield capacity of the connection is determined by applying an average stress value

to the dowel’s cross­sectional area. Miller et al. also refer to this as the effective peg

shear yield mode. Accordingly, the shear capacity is calculated as Fv = fv ⋅ A , where A is

the dowel’s shear area.
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2 Experimental campaign

A testing campaign on the material properties of birch and densified wood dowels was

conducted at the Norwegian University of Life Sciences in Ås, Norway (Sæby, 2024;

Backe, 2023) in order to characterize the embedment strength and bending and shear

strength of wooden dowels (Fig. 1a and Fig. 1b), and their application to timber to timber

connections (see Fig. 1c). Birch dowels (BI) and laminated densified wood dowels (LDW)

with a nominal diameter of 20 mm were used. The birch dowels were manufactured

from solid timber (mean densities of 608 kg/m3) while the LDW dowels are made from

layered veneers of red beech, which are glued together using a thermosetting synthetic

resin and then subjected to high pressure and heat (mean densities of 1350 kg/m3). In

a subsequent experimental campaign at KTH (Coucher & Shilén, 2024) a specific shear

setup was was proposed for derive the mechanical properties of wooden dowel (see

Fig. 1d). Birch dowels (birch harvested in northern Sweden, mean densities of 653 kg/m3)

and beech dowels (mean densities of 733 kg/m3) with a nominal diameter of 20 mm

and 30 mm were used.

(a) Half hole setup (b) Bending setup

(c) Axial tension test setup (d) Shear setup

Figure 1. Experimental assessment of embedment, bending, shear strength of wooden dowels

2.1 Bearing test on wooden dowels

The principal experimental configurations employed to assess embedment strength are

the half­hole and full­hole tests. According to the European standard (EN 383, 2007),
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the full­hole configuration is advised, while the American standard (ASTM D5764, 2007)

outlines the designs for both configurations. Given the poorer mechanical properties of

wood compared to steel, Ottenhaus et al. (2022) suggest the use of half­hole configura­

tions when the embedment strength exceeds the dowel yield moment, a situation often

found in engineered wood products. Therefore, the half­hole configuration of Fig. 1a was

chosen since the alternative full­hole method, despite its widespread use, has been re­

ported to trigger shear­type failures rather than pure embedment, potentially leading to

misinterpretation of results. Moreover it became evident for birch dowels during testing

that were prone to localized crushing, whereas laminated densified wood (LDW) dowels

remained structurally intact. This raised the question of whether the observed resistance

truly corresponded to embedment strength or was influenced by compressive failure of

the dowel itself. Zhang et al. (2025) made a similar observation in case of beech dowels,

and used the term ”system strength” as the this point differs from the bearing behavior

between steel dowel and glulam. To clarify this issue, part of the available material was

allocated to conventional embedment tests using steel dowels, which are not affected by

this type of deformation and allow for a clearer interpretation of the response. A total of

nine embedment test configurations were investigated using the half­hole setup shown

in Fig. 1a. Three dowel materials were considered: steel, birch, and laminated densified

wood (LDW). Each was tested in both glulam (parallel and perpendicular to grain) and

plywood (parallel to face grain), using dowels of 20 mm diameter. The glulam specimens

were 90mm thick and the plywood specimens 61mm thick. Each configuration is labeled

as EMB­XX­Y, where EMB stands for embedment test, XX indicates the subgrade and

load direction (GL0 = glulam, 0°, GL90 = glulam, 90°, PLY = plywood), and Y indicates

the dowel type (S = steel, BI = birch, LDW = laminated densified wood). Repetitions

were 3 for steel, 7 for birch, and 10 for LDW. For each test, the strength properties were

determined according to EN 383 (2007), where the embedment strength is defined as

fh = Fmax/d ⋅ t, being Fmax is the maximum load reached before the attainment of 5 mm

of displacement excluding the test apparatus deformation, d is the dowel diameter and

t is embedment length. It is interesting to observe that, in the direction parallel to the

grain, steel and LDW dowels exhibit a similar two­phase response: an initial linear elastic

phase followed by a plastic phase. In contrast, the response of the birch dowels exhibits

a tri­linear behavior characterized by distinct hardening, which could be attributed to

to the previously mention progressive crushing of the dowel material during loading.

Due to the higher mechanical properties of the LDW dowels compared to birch dowels,

this phenomena was not observed for these tests. In the direction perpendicular to the

grain, all connectors display a clear elastoplastic response. In this case the subgrade

material may yield before the crushing of the birch dowels could happen.

Plywood is characterized by significantly higher embedding strength compared to glue

laminated timber loaded parallel to the grain. The most ductile behavior is obtained

loading the glue laminated timber perpendicularly to the grain. However, the lowest
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Table 1. Conventional embedding strength (fh), displacement corresponding to conventional embed­

ding strength (u(fh)), Eurocode 5 predicted embedding strength (fh,EC5) and scatter with respect to the

experimental value (S%).

Name fh CoV u(fh) CoV fh,EC5 S%
(N/mm2) (%) (mm) (%) (N/mm2) (%)

B
ir
ch

EMB­GL0­BI 17.8 8% 5.0 0% 25.7 45%
EMB­GL90­BI 12.6 19% 5.0 2% 10.3 ­19%
EMB­PLY­BI 20.0 9% 5.0 0% 38.9 94%

LD
W

EMB­GL0­LDW 29.9 4% 3.3 15% 49.2 65%
EMB­GL90­LDW 16.8 29% 5.0 0% 19.7 17%
EMB­PLY­LDW 55.5 4% 5.0 0% 74.4 34%

S
te
e
l EMB­GL0­S 28.9 10% 2.3 9% 32.8 14%

EMB­GL90­S 14.8 9% 4.8 6% 13.1 ­11%
EMB­PLY­S 55.1 3% 5.0 0% 49.6 ­10%

Figure 2. Embedment strength: average experimental conventional values and CoV (bars), average
experimental maximum values (dashed lines) and average Eurocode values according to Eq. 3 (red
diamonds). The small figure in the diagram shows the typical ”system failure” in the case of birch
dowels.

GL0 GL90 PLY GL0 GL90 PLY GL0 GL90 PLY

Birch SteelLDW
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strengths are associated with this configuration. The EMB­PLY­S and EMB­PLY­LDW con­

figurations manifest the highest embedding strength values, with steel and LDW dowels

performing almost equally well. Birch dowels, on the other hand, display lower embed­

ding strength, especially in the GL0­BI and GL90­BI configurations, which underperform

compared to steel and LDW. The results are collected in Tab. 1 and in Fig. 2, compared

with Eurocode 5 predictions of equation (3).

2.2 Bending test on wooden dowels

Four­point bending tests were performed to measure the shear and bending properties

of the birch and laminated densified wood dowels. Ten repetitions for each configuration

have been performed (see Tab. 2). The tests have been performed according to EN 408

(2003). The load application points position has been chosen in order to reach shear

and bending failure in configurations BI­D­S, LDW­D­S and BI­D­B, LDW­D­B respectively.

The failure load has been determined as the maximum load reached during the tests.

Table 2. Experimental setup for dowel shear and bending tests.
a ab

Parameters include
density before test (ρ), dowel diameter (d), dowel length (l), and distances a and b between support­
load and application points.

Name Dowel type Test type ρ (kg/m3) d (mm) l (mm) a (mm) b (mm) Test rep. (n°)

BI­D­S Birch Shear 618 20 500 70 325 10
BI­D­B Birch Bending 599 20 500 155 155 10

LDW­D­S Laminated densified wood Shear 1336 20 500 70 325 10
LDW­D­B Laminated densified wood Bending 1333 20 500 155 155 10

This value led to the bending moment in the central portion of the dowel at failure (Mu)

and the shear in the lateral portion of the dowel at failure (Tu). The bending strength

has been assumed as the bending stress at the outermost dowel fibres at dowel failure

and calculated with the Navier formula fm = (Mu/I) ⋅ (d/2) where Mu is the bending

moment in the central portion of the dowel at failure, d is the dowel diameter and I is

the second moment of area of the dowel. The shear stress at dowel failure is calculated

with the well known formula τv = 1.5 ⋅ Tu/A where Tu is the shear force at failure in

the lateral portion of the dowel, and A is the section area of the dowel. The authors

assumed that not all fibers in the section had been fully yielded. Therefore, it would

have been too speculative to assume a uniform shear force distribution. Instead, an

elastic distribution of shear stresses was considered more appropriate. Despite the two

distinct test setups designed to induce both bending and shear failures, all the dowels

failed due to bending, with the damage localized to the central portion of the dowel (see

figures reported in Tab.3). Due to this unpredicted reason, the authors were unable to

asses the shear strength of the wood dowels. Tab. 3 reports the bending strength (fm),

the corresponding shear stress at failure (τv), elastic modulus (E), and shear modulus

(G), with coefficients of variation (CoV) reported for each, of birch dowels (BI­D) and

laminated densified wood dowels (LDW­D). LDW dowels show a significantly higher
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Table 3. Dowel shear and dowel bending tests results: bending strength (fm), shear stress at failure (τv),
elasticity modulus (E) and shear modulus (G).

Name fm CoV τv CoV E CoV G CoV Example of failure mode

(N/mm2) (%) (N/mm2) (%) (N/mm2) (%) (N/mm2) (%)

BI­D­S 143.2 15% 6.8 15% 17820 11% 891 11%
BI­D­B 132.7 11% 2.9 11% 14639 9% 732 9%

LDW­D­S 278.0 7% 13.2 7% 35682 3% 1784 3%
LDW­D­B 235.0 9% 5.1 9% 26580 7% 1329 7%

bending strength compared to birch dowels. In the shear test configuration, LDW dowels

reach a bending strength of 278 N/mm², almost double that of birch dowels at 143.2

N/mm². LDW dowels still exhibit a much higher value (235 N/mm²) than birch dowels

(132.7 N/mm²) in the bending configuration. The elastic and shear moduli of LDW dowels

are also markedly higher than birch dowels. The coefficient of variation for both types of

dowels is relatively consistent, ranging from 3% to 15%, with LDW dowels characterized

by lower CoV values, particularly in elasticity and shear modulus.

2.3 Test on connection with wooden dowels

In this experimental campaign each test involved a tensile test on a joint composed of

two connections. Each connection included four shear planes and two fasteners. The

elements are 605 mm in length, with a section height of 180 mm and a section width of

264 mm (total overall penetration thickness). The specimens consist of timber­to­timber

connection with four shear planes per wooden dowel, connecting on each side two 90

mm thick glued laminated timber members (GL30c from spruce 45 mm thick lamellas)

via internal and external 21 mm thick birch plywood panels. The gusset plates are made

of birch plywood, consisting of 1.4 mm layers, with a mean density of ρm = 680 kg/m
3
,

according to Pennala, 1992. The gusset plates are 660 mm long and have the same

height as the connected elements. Two birch or LDW dowels with the same batch of the

previous tests were used per each side (see Fig. 1c). Summary of the test configuration

are reported in Tab. 4. The specimen and the gusset thickness is composed of segments

t1 (Plywood), t2 (Glulam) as indicated in Fig. 1c and Tab. 4. The wooden dowels are 300

mm long with a nominal diameter of 20mm (Tab. 4). The dowel’s diameter was chosen as

themost practical standard size commonly used in timber structures, offeringmechanical

properties comparable to the use of screws with diameters ranging from approximately 8

to 10 mm. A hole with a diameter of 20 mmwas drilled in both the gusset plates and the

connected timber members, and the dowels were inserted in the beams and plates held

together with clamps to align the pre­drilled holes, using rubberized hammer was used to

fit in the dowels. Minimum spacings, edge and end distances for laterally­loaded dowel­

type fasteners adopted were set to a1,min = 5d, a2,min = 3d, a3,t,min = max(7d; 80mm),
a3,c,min = 4d, a4,t,min = 4d, a4,c,min = 3d. These values comply with the limits specified

by FprEN 1995­1­1 (2025) for dowels. The specimens were tested to failure using an

ZwickRoell Z1200 electromechanic Universal Testing Machine with a capacity of 1200 kN.
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Table 4. Fasteners properties: nominal diameter (d), inner thread diameter (dc), length (l), overall
penetration thickness (t), plate penetration thickness (t1), connected members penetration thickness
(t2)

Configuration Fasteners Repetition d l t t1 t2
label type (mm) (mm) (mm) (mm) (mm)

BI­D Birch dowels 4 20 300 264 21 90
LDW­D Laminated densified wood dowels 5 20 300 264 21 90

Force F is applied symmetrically through steel loading shoes to produce axial shear in

the fasteners. The standard procedure for determining failure load Rv was determined

according to EN 26891 (1991), considering the load corresponding to the first occurrence

between the absolute maximum and a relative slip of 15 mm. The associated ultimate

displacement uu was also recorded. This criterion ensures consistency across different

types of connections and avoids overestimating capacity based on post­peak behaviour.

The load­displacement curves of the tested specimens are presented in Fig. 3. The

Figure 3. Force–slip response of tested connections: measured load (F) versus connection slip (u) for
(BI–D) Birch dowels, (LDW–D) Laminated densified wood dowels. Red markers indicate characteristic
points corresponding to the peak value, as well as 0.1 and 0.4 times the maximum load. For the birch
configuration, only four curves are shown due to one excluded outlier caused by a measurement error.
The images embedded in the plots illustrate the failure modes observed.

force–slip curves of birch dowels show a nearly bilinear behavior, with an initial phase

of moderate stiffness, a plateau, and a final brittle failure. While LDW dowels show

higher capacity compared to birch, they exhibit a clearly brittle behavior, as evident from

the force–displacement curves. Ductility appears to be linked to wood density. Higher­

density materials like LDW have a greater proportion of compacted cell wall substance

and fewer air voids, which limits fiber mobility and energy dissipation during failure. This

suggests that the densification process, while improving strength, reduces the material’s

ability to undergo plastic deformation. It should be remarked that the force­slip curves

manifest significant variability. This variability arises from material heterogeneity typical

of natural wood, including variations in density and grain orientation, and differences

in moisture content across specimens. Additional sources of variability originate from
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inaccuracies or variations in specimen preparation and test setups, which are challenging

to completely eliminate. However, the Coefficient of Variation of the capacity is always

below 30%, in a range typical of wooden connections (Köhler et al., 2007). The values

of strength and ductility are reported in Tab. 5, which present the recorded failure

load Rv and the corresponding displacement uu for each connection. Mean values and

coefficients of variation (CoV) were calculated to provide an overview of performance

variability within each configuration group.

Table 5. Failure loads (Rv), corresponding displacement (uu), and ductility (D) of the tested connections.
For BI­D­4, values marked with * refer to the last recorded point due to acquisition malfunction.

BI­D LDW­D
Config. Rv (kN) uu (mm) D Config. Rv (kN) uu (mm) D

BI­D­1 52.5 7.8 10.0 LDW­D­1 71.0 2.3 2.0
BI­D­2 49.1 10.3 5.3 LDW­D­2 79.9 2.6 1.1
BI­D­3 46.9 8.8 7.2 LDW­D­3 80.0 4.0 1.6
BI­D­4* 18.4 0.5 – LDW­D­4 77.7 3.6 1.2
BI­D­5 43.1 4.9 6.9 LDW­D­5 68.0 3.1 2.1

Avg. 47.9 8.0 7.3 Avg. 75.3 3.1 1.6
CoV 7% 25% 23% CoV 7% 20% 25%

2.4 Shear test on wooden dowels

The results of previous tests indicated a predominance of type V failure mechanisms

in wooden dowels. The embedment and bending tests described in Sections 2.1 and

2.2 clearly demonstrated that the traditional test configurations are inadequate for

determining the material parameters required by the EYM. Several researchers have

emphasized the importance of evaluating the mechanical behaviour of wooden dowels

separately from the surrounding timber. This approach applies both to the assessment

of embedment strength and to the evaluation of dowels subjected to combined shear

and bending. In the latter case, a more reliable characterization can be achieved by

isolating a single dowel using a specially designed aluminium device, as shown in Fig. 1d.

Since the properties of the surrounding material, such as aluminium or steel, are well

known and consistent, this configuration allows a focused investigation of the dowel’s

mechanical response. Similar devices have been employed in other studies, using steel

plates or steel blocks with chamfered edges to prevent cutting the dowel and to provide

sufficient restraint against horizontal movement (Ceraldi et al., 2017; Xu et al., 2022;

Zhang et al., 2025). The tests conducted at KTH were organised into three main series,

each corresponding to a different dowel configuration: birch dowels with a diameter of

20 mm and length of 600 mm, birch dowels with a diameter of 30 mm and length of

600mm, and beech dowels with a diameter of 20mm and length of 500mm. The dowels

were tested under various shear spans: no span, a span equal to half the diameter, and

a span equal to the full diameter. Tests were carried out in both the tangential and

radial directions relative to the grain orientation. Each specimen was identified using the

format XX­DD­S/R­D, where XX indicates the wood species (BI for birch), DD refers to the
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dowel diameter in millimetres (20 or 30), S/R indicates the shear span as a ratio of the

diameter (0/1 for no span, 1/2 for half diameter, 1/1 for full diameter), and D refers to the

direction of loading (T for tangential and R for radial). This coding system allowed precise

classification of each test configuration, and the results are reported as mean values

for each group. In Tab. 6 are reported the results, only for the birch dowels, in terms of

force for the single shear plane Fsp and average shear stress τ = Fsp/A. The values are

expressed in term of yield value (calculated at a deformation of 5%) and ultimate value

according to EN 26891 (1991). In Fig. 4 are depicted the failure modes for birch dowels

in function of the gaps.

Table 6. Shear test results for birch dowels (BI) with double
shear planes

Group Fsp,yield Fsp,ult τy τu
(kN) (kN) (MPa) (MPa)

BI­20­0/1­R 5.74 8.97 18.26 28.56
BI­20­1/2­R 4.81 6.56 15.31 20.87
BI­20­1/1­R 3.99 5.23 12.71 16.65
BI­20­0/1­T 4.41 7.75 14.04 24.68
BI­20­1/2­T 3.89 6.02 12.37 19.17
BI­20­1/1­T 3.38 5.34 10.74 16.99
BI­30­0/1­R 13.08 16.55 18.51 23.41
BI­30­1/2­R 11.68 12.36 16.52 17.48
BI­30­1/1­R 8.88 10.07 12.56 14.24
BI­30­0/1­T 9.88 16.14 13.98 22.84
BI­30­1/2­T 8.17 13.26 11.56 18.75
BI­30­1/1­T 7.09 8.27 10.03 11.70

Figure 4. Failure modes for 30 mm
(first row) and 20 mm (second row)
birch dowels, in function of the gaps
(first column zero gap, second column
half diameter, third column one diame­
ter

3 Discussion

Table 7 report the comparison between the predicted capacity per dowel according to

the proposed model, the Eurocode 5 proposal, and the empirical equation for mode V

suggested byMiller et al. (2010) with experimental values reported in Tab. 5, dividing the

capacity Rv by the number of dowels connectors (two) and the number of shear planes

(four). To predict the connection capacity using the Eurocode 5 formulation—based on

the modified Johansen equations (Eq. 1), the embedment strength expression (Eq. 3),

and the ultimate moment equation for wooden dowels (Eq. 2)—it is necessary to adopt

mean values of the input parameters rather than characteristic ones. Specifically, in

Eq. 2, the mean bending strength derived from dowel bending tests was 132.7 MPa

for birch dowels (BI­D) and 235 MPa for laminated densified wood dowels (LDW­D).

These values were used to calculate the ultimate moment capacity of the dowels. As

for the embedment strength, both the values obtained from the Eurocode 5 expression

(Eq. 3) and the experimental results were considered. The corresponding predicted

capacities are reported in Table 7 as Rv,prEC5 (based on calculated embedment strength)

and Rv,prEC5,exp (based on experimental embedment strength). Since the Eurocode 5
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Table 7. Comparison between experimental and simulated capacities per shear plane. Ultimate ca­
pacity is based on FprEN 1995­1­1 (2025) and yielding capacity according to (Miller et al., 2010).
Simulated values include both theoretical (Rv,prEC5) and experimental­based (Rv,prEC5,exp) predictions.

Relative errors are color­shaded from green (low error) to red (high error). Values marked with * refer
to last recorded points before acquisition malfunction. LDW specimens show identical yielding and
ultimate values due to brittle behaviour.

Label
Rv,exp Rv,prEC5 Rel.

Err.
Rv,prEC5,expRel.

Err.
Rv,y,exp Rv,y,MillerRel.

Err.
fv

[kN] [kN] [%] [kN] [%] [kN] [kN] [%] [MPa]

BI­D­1 6.56 8.43 28 6.63 1 5.21 3.46 ­34 15.22
BI­D­2 6.14 8.43 37 6.63 8 4.55 3.46 ­24 15.22
BI­D­3 5.86 8.43 44 6.63 13 3.98 3.46 ­13 15.22
BI­D­4* 2.30 8.43 267 6.63 188 4.74 3.46 ­27 15.22
BI­D­5 5.39 8.43 56 6.63 23 4.56 3.46 ­24 15.22

Mean
BI

5.99 8.43 42 6.63 11 4.61 3.46 ­24 15.22

LDW­D­
1

8.88 16.93 91 13.08 47 8.88 7.61 ­14 33.43

LDW­D­
2

9.99 16.93 69 13.08 31 9.99 7.61 ­24 33.43

LDW­D­
3

10.00 16.93 69 13.08 31 10.00 7.61 ­24 33.43

LDW­D­
4

9.71 16.93 74 13.08 35 9.71 7.61 ­22 33.43

LDW­D­
5

8.50 16.93 99 13.08 54 8.50 7.61 ­11 33.43

Mean
LDW

9.42 16.93 81 13.08 39 9.42 7.61 ­19 33.43

approach provides predictions of the ultimate load, the values obtained from FprEN 1995­

1­1 were compared with the experimental ultimate shear capacities, as shown in Table 3.

For all the calculated values the failure mode associated to the minimum value of Eq. 1

was always failure C according to Fig. 5. The capacity values according to Miller’s model

have been determined assuming themeasured average density values forwooden dowels

and the assigned density value for the embedment material GL30 (ρm = 430 kg/m
3
). In

case of birch dowels the predictions of Miller’s model have been compared with the

experimental yielding capacity, since the model was specifically developed for yielding.

Conversely for LDW dowels, since they exhibit highly brittle behaviour, their yielding

capacity has been assumed to be equal to their ultimate capacity.

On average, the new Eurocode 5 model overestimates the capacity by 42% and 81%

for birch and LDW connections, respectively. However, when using experimental em­

bedment data instead of theoretical values, the overestimation is reduced to 11% for

birch and 39% for LDW dowel connections. This proves that a significant source of

error lies in the Eurocode model for predicting embedment strength, which propagates

through the capacity model, increasing the overall error by up to four times in the case

of birch connections. For LDW dowels, using experimental embedment strength re­

duces the error by half, but it still leads to a significant overestimation of around 40%.

Therefore, the model is not conservative, and the error increases significantly when
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Figure 5. Failure modes C according to §11.2.3.7(2) and Fig. 11.8 of FprEN 1995­1­1 (2025).

FD,2-1+FD,2-3

th1

1 2 3 2 1

th1

th3 th3

(d) (f)

(C)

FD,1-2 FD,1-2
2FD,2-3

considering denser, stiffer, and more brittle dowels such as LDW. These results confirm

the inadequacy of the Johansen modelling it describing the failure behaviour of wooden

dowels, as it does not account for the observed failure modes. Conversely, the model

in Miller et al. (2010) is conservative, tending to underestimate the yielding capacity

by 24% for birch and 19% for LDW dowel connections. The predictive performance of

Miller’s model is significantly better than that of FprEN 1995­1­1 (2025). In Table 5, the

experimental yielding shear plane capacity Rv,exp, when normalized by the dowel area,

results in fv,exp = 14.51 MPa for Birch dowels and fv,exp = 29.98 MPa for Laminated

Densified Wood (LDW) dowels (note that the theoretical predictions from the Miller

model were fv = 10.80 MPa for Birch dowels and fv = 23.71 MPa for LDW dowels).

Tab. 6 shows that the alternative shear device configuration yields results akin to those

observed with the conventional setup. The data in Tab. 6 reveal that the alignment of

the rings (T and R) influences the results, a conclusion corroborated by ANOVA analysis.

Nevertheless, as described in section 2.3, this variable was omitted in the experiment

due to the difficulties in managing it practically, and taking into account varied findings

from previous studies (Xu et al., 2022). Shear yield stress fv,y was calculated assuming

pure plastic shear. As differences between 20 mm and 30 mm dowels were below 5%,

average values were used for each gap: fv,y = 16.20MPa for 0 mm (0/1), 13.94MPa for

10–15 mm (1/2), and 11.51MPa for 20–30 mm gaps (1/1). It is worth noting that the

intermediate configuration, corresponding to a gap equal to half the dowel diameter,

provides the closest match to the values obtained from traditional push­out tests. This

observation suggests that a gap of this magnitude may offer a more representative

reproduction of the actual embedment mechanism occurring in real connections, where

partial confinement and localized deformation are typically present.

185

INTER / 58 - 7 - 4



4 Conclusions
The mechanical performance and predictive modelling of wooden dowels made of

birch and laminated densified wood (LDW) have been investigated in this study. The

experimental campaign demonstrated that traditional methods used to determine me­

chanical parameters for steel connectors—such as embedment strength and yielding

moment—are not entirely suitable for wooden connectors. Conversely, shear tests on

individual wooden dowels using a purpose­designed setup proved to be a valid alterna­

tive to conventional push­out tests. The results confirmed that birch dowel connections

exhibit a characteristically ductile load–displacement response, featuring an initial stiff

phase, a plateau, and a final failure stage. This bilinear trend differs from that observed in

LDW dowels, which achieved the highest load­bearing capacity—comparable to that of

steel connectors—but with significantly reduced ductility. Overall, the experimental find­

ings indicate that wooden dowels fail through mechanisms that differ substantially from

those of traditional steel fasteners, particularly in terms of ductility, local embedment

behaviour, and interaction with the timber substrate. The comparison with Eurocode 5

predictions presented in this work serves as an initial benchmark to assess the limitations

of current analytical models, which were originally developed for steel dowel­type fas­

teners. The discrepancies observed between experimental and predicted values suggest

that existing Eurocode 5 models are not fully adequate for capturing the mechanical

behaviour of wooden dowel connections. These findings highlight the need to develop

new analytical models specifically tailored to wooden dowels, supported by further

experimental and numerical research.

4.1 Bending–shear interaction domain

To clarify how bending and shear combine in the Mode­V failure of wooden dowels, the

KTH test results were re­cast in a non­dimensional stress plane. Each experimental point

is plotted by normalising the peak shear and bending stresses at the critical section by

the material strengths of the dowel, i.e. τmax/fv (ordinate) and σmax/fm (abscissa). This

representation makes specimens directly comparable across diameters, shear spans and

loading directions.

For a solid circular dowel of diameterd and free shear span L (tested at L/d ∈ {0, 0.5, 1.0}),
the internal actions at the failed cross­section of the rotation­restrained dowel segment

are

M = F L

4
, V = F

2
, (4)

with F the actuator force. From the global equilibrium, the shear reaction follows

immediately. The bending field is linear,

M(x) = C1 − F

2
x, (5)
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Figure 6. Mean interaction points with ±1 s.d. error bars, grouped by geometry and loading, together
with fitted interaction curves from Eq. (7).

where the redundant tip moment C1 is fixed by the compatibility condition θ(L) = 0;

with either Euler–Bernoulli or Timoshenko kinematics one obtains C1 = FL/4 and hence

the expression forM above. Using A = πd2/4 and I = πd4/64, elementary beam theory

TimoshenkoGere1961 gives

σmax = 32M

πd3
= 8FL

πd3
, τmax = 4V

3A
= 8F

3πd2
. (6)

The data indicate that neither a pure Rankine (max­stress) nor a pure vonMises (quadratic)

criterion is adequate. We therefore adopt a generalised Hill­type interaction:

(τmax

fv
)

n1

+ (σmax

fm
)

n2

= 1, (7)

with exponents n1, n2 calibrated from the tests.

Figure 6 reports the mean points (with ±1 s.d.) for each configuration and the corre­

sponding fits. Because intra­group scatter is non­negligible, precise exponent values are

not the focus; instead, the following robust trends emerge. For birch, the best fits are

only mildly convex, with exponents slightly above unity (average ≈ 1.2). A conservative

linear envelope (n1 = n2 = 1) reproduces the data with little loss of accuracy. A weak

size effect is visible: ∅20mm birch tends towards n≈1.5, while ∅30mm is nearly linear

(n≈1). For beech, the average exponent is lower (overall ≈ 0.8), with a clear directional

split: radial loading yields a visibly convex domain (≈ 0.7), whereas tangential loading is

closer to linear.
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Taken together, the clouds align closely with an additive bending–shear rule,

τmax

fv
+

σmax

fm
= 1, (8)

i.e. an almost straight line in the normalised τ–σ plane.

This geometry has a clear mechanical meaning: (i) failure is brittle, with insufficient

rotation capacity to form a plastic hinge; (ii) bending and shear make largely independent

contributions to utilisation (no beneficial quadratic interaction); and (iii) the dowel

fails when the first of the two stress ratios reaches unity, consistent with a Mode­V,

parallel­to­grain shear fracture rather than a Johansen plastic­hinge mechanism. From a

design standpoint, the linear envelope in Eq. (8) is both transparent and conservative for

hardwood dowels within the tested range of spans and diameters.

5 References

ASTM D5764 (2007). Standard Test Method for Evaluating Dowel­Bearing Strength of

Wood and Wood­Based Products. ASTM International.

Backe, M. (2023). “Experimental Investigations of Pure Wood Connections.” MA thesis.

Ås: Norwegian University of Life Science. url: https://hdl.handle.net/11250/
3089279.

Blaß, H. J.; H. Ernst & H. Werner (1999). “Verbindungen mit Holzstiften: Untersuchungen

über die Tragfähigkeit.” In: BMH ­ Bauen mit Holz 10. Sonderdruck aus bmh 10/99,

pp. 1–6.

Ceraldi, C.; C. D’Ambra; M. Lippiello & A. Prota (2017). “Restoring of timber structures:

connections with timber pegs.” In: European Journal of Wood and Wood Products

75.6, pp. 957–971. issn: 1436­736X. doi: 10.1007/s00107-017-1179-6.
Coucher, I. & L. Shilén (2024). “Mechanical Characterization of Wooden Dowels With

Emphasis on Shear Strength: An Experimental Study on Birch and Beech Dowels.”

30 credits. Degree project in Building Materials, Second cycle. KTH Royal Institute of

Technology.

EN 1995­1­1 (2004). Eurocode 5: Design of Timber Structures — Part 1: General —

Common Rules and Rules for Buildings. European Committee for Standardization.

EN 26891 (1991). Timber structures. Joints made with mechanical fasteners. General

principles for the determination of strength and deformation characteristics. European

Committee for Standardization.

EN 383 (2007). Timber structures ­ Test methods ­ Determination of embedding strength

and foundation values for dowel type fasteners. European Committee for Standardiza­

tion.

EN 408 (2003). Timber structures — Structural timber and glued laminated timber —

Determination of some physical and mechanical properties. European Committee for

Standardization.

188

INTER / 58 - 7 - 4

https://hdl.handle.net/11250/3089279
https://hdl.handle.net/11250/3089279
https://doi.org/10.1007/s00107-017-1179-6


FprEN 1995­1­1 (2025). Eurocode 5: Design of timber structures. Version for formal vote.

European Committee for Standardization.

Johansen, K. (1949). “Theory of timber connections.” In: International Association of

Bridge and Structural Engineering 9:249­262. doi: http://doi.org/10.5169/
seals-9703.

Köhler, J.; J. D. Sørensen & M. H. Faber (2007). “Probabilistic modeling of timber struc­

tures.” In: Structural safety 29.4, pp. 255–267. doi: https://doi.org/10.1016/j.
strusafe.2006.07.007.

Miller, J. F.; R. J. Schmidt & W. M. Bulleit (2010). “New Yield Model for Wood Dowel

Connections.” In: Journal of Structural Engineering 136.10, pp. 1255–1261. doi: 10.
1061/(ASCE)ST.1943-541X.0000224.

Ottenhaus, L.­M.; Z. Li & K. Crews (2022). “Half Hole and Full Hole Dowel Embedment

Strength: A Review of International Developments and Recommendations for Aus­

tralian Softwoods.” In: Construction and Building Materials 344, p. 128130. issn:

0950­0618. doi: 10.1016/j.conbuildmat.2022.128130.
Pennala, E. (1992). “Handbook of Finnish Plywood.” English. In: Finnish Plywood Interna­

tional. Ed. by E. Pennala. Finland: Finnish Plywood International.

Sæby, V. H. (2024). “Assessing the Performance of Wooden Dowels in Pure Wood Con­

nections.” MA thesis. Ås: Norwegian University of Life Science. url: https://hdl.
handle.net/11250/3150791.

SIA 269/5:2011 (2011). SIA 269/5:2011 – Existing Structures – Part 5: Strengthening.

Standard. Published in German, French and Italian. Zurich, Switzerland: Swiss Society

of Engineers and Architects.

Wiesenkämper, T. & F. Berling­Hoffmann (2023). “Ein Himmelstor aus Holz – Neuer

Hangar schafft wirkungsvollen Rahmen für ein Luftschiff in Mülheim.” In: Proceedings

of the 27th Internationales Holzbau­Forum (IHF). In German. Innsbruck, Austria: Forum­

Holzwissen, pp. 1–6.

Xu, B.­H.; S.­Y. Jiao; B.­L. Wang & A. Bouchaïr (2022). “Mechanical Performance of Timber­

to­Timber Joints with Densified Wood Dowels.” In: Journal of Structural Engineering

148.4, p. 04022023. doi: 10.1061/(ASCE)ST.1943-541X.0003317.
Zhang, C.; H. Yang; Z. Wang; M. Wu; B. Shi; H. Tao & J. Liu (2025). “Shear characteris­

tics of interfacial timber­to­timber joints for log­wall structures with large­diameter

beech dowels: Experimental and theoretical evaluation.” In: Construction and Building

Materials 458, p. 139536.

189

INTER / 58 - 7 - 4

https://doi.org/http://doi.org/10.5169/seals-9703
https://doi.org/http://doi.org/10.5169/seals-9703
https://doi.org/https://doi.org/10.1016/j.strusafe.2006.07.007
https://doi.org/https://doi.org/10.1016/j.strusafe.2006.07.007
https://doi.org/10.1061/(ASCE)ST.1943-541X.0000224
https://doi.org/10.1061/(ASCE)ST.1943-541X.0000224
https://doi.org/10.1016/j.conbuildmat.2022.128130
https://hdl.handle.net/11250/3150791
https://hdl.handle.net/11250/3150791
https://doi.org/10.1061/(ASCE)ST.1943-541X.0003317


DISCUSSION 

The paper was presented by A Aloisio 

F Lam received clarification from R Tomasi that the loading plates in the bending 
shear test setup have rounded edges. 

P Dietsch commented that clamping the dowel in the test setup could cause a rope 
effect. A Aloisio agreed that a rope effect could exist but this was not considered in 
the analysis. 

H Blass questioned the tensile shear test setup as the dowel could slip out under load. 
R Tomasi said the test set up was originally designed for screw testing. H Blass said 
this cannot work for dowels. 

H Blass asked about the densified veneer wood dowel and whether they are 
considered as hardwood. A Aloisio responded that they are considered as hardwood 
dowels. H Blass said densified veneer wood dowels behave differently compared to 
hardwood dowels especially in long term behaviour. 

A Aloisio and T Claus discussed rope effect mechanism as observed in the test. A 
Aloisio further confirmed that pull out tests were not performed. 

A Frangi commented about the deformation mechanism of the dowel. 

T Demschner and A Aloisio discussed about the test set up of shear/bending tests in 
terms of the possibility of friction and hence rope effect affecting the results. 

J Smart commented that the high ductility of the birch dowel was surprising and asked 
what would happen if reversed cyclic loading was applied in terms of ductility. A 
Aloisio said high ductility of birch could be observed in other tests and they do not 
have information on reversed cyclic loading. 

P Dietsch commented that editorial changes to the paper are needed and suggested 
upgrading the paper to include new information before final submission for the 
proceedings. 
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1 Introduction 

1.1 Background 

Engineered wood products like cross-laminated timber (CLT) [1] and innovative fasten-
ers such as self-tapping screws (STS) [2] have been drivers for the expanded use of 
timber in construction. Connections with laterally loaded screws exhibit low stiffness 
and mostly fail in ductile manner, while connections with inclined screws are stiffer, 
stronger, less ductile, and prone to brittle failure.  

Timber connections can exhibit either ductile behaviour, characterized by wood crush-
ing and fastener yielding, or brittle behaviour, where the wood fails in shear and/or 
tension with minimal plastic deformation. The ductile failure modes of connections 
with dowel-type fasteners are described by the European Yield Model (EYM). This 
model, introduced by Johansen [3] has been adopted by standards like Eurocode 5 [4] 
and Canadian standard for Engineering Design in Wood CSA O86 [5] for decades.  

When groups of fasteners are loaded parallel to the grain, various brittle failure modes 
can occur depending on the member size, fastener diameter, penetration depth, and 
spacing. Brittle failure modes considered in design of connections of solid timber and 
glulam include net tension, row shear, group tear-out, plug shear, and step shear, as 
shown in Figure 1, adopted from [6]. Splitting is deemed prevented by using minimum 
spacing requirements and considering the number of effective fasteners, nef. 
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a)  b)  c)  

d)  e)   f)  

Figure 1. Brittle failure modes in connections with dowel type fasteners as depicted in CSA O86 2024 
[6]: Net tension (a), row shear with full (b) and partial penetration (c), block shear or tear-out (d), plug 
shear (e) and step shear (f). Note: splitting is not shown. 

In CLT, due to distinct major and minor strength axes, brittle failure modes are more 
complex [7-9], involving a compound plug and step shear failure at different depths. 
Herein, the classification proposed by Zarnani and Quenneville [7] was adopted, iden-
tifying possible failure modes as a function of number of activated layers, as illustrated 
in Figure 2a. The relevant failure planes in CLT are illustrated in Figure 2b. 

a)   b)  

Figure 2. Brittle failure modes in CLT connections loaded along the major strength direction: plug-
shear in the 2nd parallel (a), and planes resisting the load (b) 

1.2 Design provisions for brittle failure modes in CSA O86 

In the 2024 edition of CSA O86 [6], a new Clause 12.12 on design of connections with 
STS was added, including the resistance to brittle failures of wood members. For STS 
connections loaded parallel to the grain, the following modes are included: a) net ten-
sion resistance, Ft,CSA; b) row shear resistance, Frs,CSA; c) group tear-out (block shear) 
resistance, Fbs,CSA; d) plug shear resistance, Fps,CSA; and e) step shear resistance, Fss,CSA.  

Net tension resistance will not be further discussed herein; it is reminded that both 
gross and net sections of glulam members are being checked. For comparison pur-

poses, the resistance factor W and the load-duration factor KD included in CSA O86 
are dismissed here, and the symbols are harmonized with those used in the Eurocode 
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5 draft (FprEN1995) [10]. Both CSA O86 and FprEN1995 are based on the model de-
veloped by Yurrita and Cabrero, which was presented in preceding INTER meetings 
[11-13]. 

Row shear resistance, Frs,CSA, is determined as twice the product of the minimum side 
shear plane resistance of a fastener row, Fv,sb,CSA, and the number of fastener rows n90: 

Frs,CSA = 2 ∙ n90 ∙ F
rs,j,CSA

 ∙ Fv,sb,CSA (1) 

The block shear (group tear-out in CSA O86) resistance, Fbs,CSA, is determined as half 
the sum of the row shear resistance of the first, Frs,1,CSA, and the last row, Frs,nR,CSA, and 
head tensile plane resistance of the net area between the first and the last rows, Ft,CSA:  

Fbs,CSA = [Ft,CSA + (Frs,1,CSA + Frs,nR,CSA)/2] (2) 

Plug shear resistance of a partially penetrated CLT member, Fps,CSA, is determined as 
the sum of head tensile plane resistance, Ft,CSA, bottom shear plane resistance, Fv,b,CSA, 
and half the sum of the row shear resistance of the first and the last row:  

Fps,CSA = [Ft,CSA + Fv,b,CSA + (Frs,1,CSA + Frs,nR,CSA)/2] (2) 

Step shear resistance, Fss,CSA, is determined as the sum of head tensile plane, Ft,CSA, and 
bottom shear plane resistance, Fv,b,CSA:  

Fss,CSA=(Ft,CSA + Fv,b,CSA) (4) 

The (plug) head tensile plane resistance, Ft,CSA, is determined as: 

Ft,CSA = 1.25∙ ft∙ bt∙ tef (5) 

where ft is the specified strength in tension parallel to grain, bt is the critical width of 
head tensile plane and tef is the effective depth. For step shear, b is used instead of bt. 

The side shear plane resistance, Fv,sb,CSA, is determined as: 

Fv,sb,CSA =  0.75∙ fv∙ Ls∙ tef (6) 

where fv is the specified longitudinal shear strength, Ls is the critical length of side shear 
plane and tef is the effective depth of head tensile plane, with Ls = n90 acr where acr is 
the minimum of end distance and the spacing of fasteners in a row parallel-to-grain. 

The (plug) bottom shear plane resistance, Fv,b,CSA, is determined as: 

Fv,b,CSA = 0.75 ∙ fv∙ Ls∙ bcon (7)  
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where Ls is the critical length based on acr, bcon is the connection width, and fv is the 
longitudinal shear strength, regardless of whether the bottom shear plane is located 
in a layer oriented parallel or perpendicular. For step shear, b is used instead of bcon. 

For partially penetrated wood members, the effective depth tef, which is the penetra-
tion depth of the fastener considered to obtain the area of the head tensile and side 
shear planes, tef, see Figure 4, is determined as: 

tef = kcl∙ (7th / (3 + th/dF)) ≤ th (8) 

where kcl is a clamping factor taking into account the boundary conditions of the fas-
tener in thin and thick steel side plates and in timber-to-timber connections c.f. 
Cabrero et al. [14], dF is the fastener diameter, and th is the projected screw bearing 
length in the partially penetrated wood member, see Figure 3. For CLT, the thickness 
of the layers with grain direction perpendicular to the applied load shall be deducted 
from tef. The standard does not apply the same reduction to the side shear planes. 

  

Figure 3. Definition of effective depth of the failure planes 

1.3 Eurocode 5 draft 

The Eurocode 5 draft [10] covers brittle failure modes of connections with dowel-type 
fasteners loaded parallel to grain in section 11.5. For a timber member with more than 
one row of fasteners, the brittle failure resistance should be determined by the mini-
mum resistance of: a) net tensile failure (not further discussed herein); b) row shear 
failure; c) block shear failure (for fully penetrated members); and d) plug shear failure 
(for partially penetrated members). 

The row shear resistance of a timber member Frs,EC5 is taken as: 

Frs,EC5 = 2∙n90∙Fv,la,EC5  (9) 

where n90 is the number of fasteners in a row perpendicular to grain, and Fv,la,EC5 is the 
design shear resistance per side shear plane in the timber member. 

The block shear resistance Fbs,EC5 for fully penetrated timber members is taken as: 

Fbs,EC5 = max {
2∙Fv,la,EC5

Ft,EC5      
  (10) 
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where Ft.EC5 is the tensile resistance parallel to grain of the head tensile plane. 

The plug shear resistance Fps.EC5 for partially penetrated timber members is taken as: 

Fps,EC5 = max {
2∙Fv,la,EC5           
Ft,EC5 + Fv,b,EC5 

 (11) 

where Fv,la.EC5 is the shear resistance per side shear plane; Ft,EC5 is the tensile resistance 
of the head plane; and Fv,b.EC5 is the shear resistance of the bottom shear plane.  

The side shear plane resistance per, Fv,la,EC5 is taken as: 

Fv,la,EC5 = kv∙tef∙Lcon∙fv (12) 

with Lcon=a1∙(n0 - 1) + a3,t; where kv is the adjustment factor for shear strength (varies 

for different products, e.g. kv = 0.75 for glulam); tef is the effective depth of the plane; 
Lcon is the length parallel to grain of the connection; fv is the shear strength; a1 is the 
spacing of fasteners parallel to grain; n0 is the number of fasteners in a row parallel to 
grain; and a3,t is the loaded end distance parallel to grain. 

The bottom shear plane resistance, Fv,b,EC5 is taken as: 

Fv,b,EC5 = kv∙Lcon∙bcon∙fv (13) 

with bcon = a2∙(n90-1), where kv, Lcon, and fv are as defined above; bcon is the width of 
the connection; n90 is the number of fasteners in a row perpendicular to grain; and a2 
is the spacing of fasteners perpendicular to grain. 

The head tensile plane resistance, Ft,EC5, is taken as: 

Ft,EC5 = kt∙bnet∙tef∙ft  (14) 

with bnet =(a2 - dhole,max)∙(n90 - 1), where kt is the increase factor for tension (varies 

for different products, e.g. kt = 1.25 for glulam); bnet is the net width of area that fails 
in block shear; tef, a2 and n90 are as defined above; ft is the design tensile strength; 
dhole,max is the larger of the diameter of the predrilled hole and fastener diameter. 

1.4 Research need 

The main differences between the two standards with regards to the design of brittle 
failures of STS connections loaded parallel to the grain and challenges with their appli-
cation towards CLT are the following: 

1) Both standards assume the effective depth of failure planes, tef, for connections with 
inclined STS to be the same as for connections with any dowel-type fasteners installed 
perpendicular to the shear plane. This assumption lacks experimental proof. 
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2) While CSA O86 specifies that the thickness of the layers with grain direction perpen-
dicular to the applied load shall be deducted from tef of the head tensile plane in CLT, 
this reduction is not applied to side shear planes. FprEN1995 does not provide guid-
ance on how to adopt tef in CLT. 

3) Neither standard provides any guidance on how to treat bottom shear planes in CLT 
layers perpendicular to the load. In CSA O86, the parallel to grain shear strength is 
applied regardless of orientation of the bottom shear plane. 

4) Neither standard provides any guidance on how to treat the impact of placement of 
connections along the width of CLT panels, such as connections offset to one side. 

5) Both standards assume a critical (effective) width of the head tensile failure plane, 
independent on screw installation angle. Inclined screws, however, do not necessarily 
weaken the entire failure plane in CLT. 

6) In the calculation of the parallel-to-grain length of the side and bottom shear planes, 
FprEN1995 uses the actual connection length, whereas CSA O86 uses a distance based 
on the minimum of the parallel to grain spacing and the end distance. This approach 
seems unreasonably conservative when using long end distances. 

7) Both standards use pre-factors for tensile and shear strength, for STS in CLT CSA O86 
considers a factor of 0.75 for shear strength and a factor of 1.25 for the tensile 
strength. FprEN1995 provides the same factors for structural lumber and glulam. 

8) The approaches differ in the calculation of the block shear (group tear-out) re-
sistance. CSA O86 sums up the resistance of head tensile and side shear planes, while, 
for unreinforced connections, FprEN1995 considers the maximum of the head tensile 
and side shear plane resistances and does not provide specific guidance for CLT. 

9) The plug shear resistance for glulam is calculated as the maximum of the side shear 
plane resistance and the sum of the head tensile and bottom shear plane resistances 
in both CSA O86 and FprEN1995. For CLT, CSA O86 sums up the resistance of head 
tensile, bottom shear and side shear planes, while FprEN1995 does not provide specific 
guidance for CLT. 

10) Only CSA O86 includes step shear and row shear failure modes for STS; while the 
latter cannot occur in CLT, the former is possible in narrow CLT panels.  

1.5 Objectives 

Neither the 2024 edition of CSA O86 [6] nor the final draft of Eurocode 5, FprEN1995 
[10], provide adequate design rules for the resistance to brittle failure of connections 
with inclined STS in CLT loaded along the major strength direction. The objectives of 
this work are to: i) investigate brittle failure of such connections; and ii) propose an 
improved model to estimate the resistance against this failure. To achieve these ob-
jectives, a comprehensive test program was conducted at the UNBC Wood Innovation 
Research Lab, and the results were used to evaluate the predictive capability of the 
existing the newly proposed design approaches. 
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2 Experimental work  

2.1 Materials 

For the experimental investigation, 3-ply, 5-ply, and 7-ply CLT panels were used. Most 
panels were V2 grade, composed of spruce-pine-fir (S-P-F) No.1/No.2 lumber in longi-
tudinal and S-P-F No.3/Stud in transverse layers produced in accordance with ANSI PRG 
320 [15]. One type of 5-ply CLT was manufactured using European C24 grade lumber. 
A summary of the CLT panel layups and grades is provided in Table 1. 

Table 1. CLT layups and grades 

Thickness (mm) Thicknesses of layers [mm] Grade 

105 35-35-35 V2 

100 20-20-20-20-20 C24 

139 35-17-35-17-35 V2 

175 35-35-35-35-35 V2 

191 35-17-35-17-35-17-35 V2 

245 35-35-35-35-35-35-35 V2 

 

The STS used in this study were ASSY plus VG fully threaded carbon steel screws with 
a countersunk (CSK) head and a diameter of 10 mm [16]. To achieve variations in pen-
etration depth and connection behaviour, four screw lengths (120 mm, 180 mm, 
240 mm, and 280 mm) were selected. The screws were installed using 45° angle wash-
ers and pilot holes to ensure consistent alignment and accurate placement of the STS. 

2.2 Specimen description 

For this experimental campaign, a total of 18 test series, with six replicates each, were 
designed based on CSA O86, incorporating variations in screw arrangements, lengths, 
and CLT thicknesses to capture brittle failure. All specimens were assembled with iden-
tical 12.7 mm thick steel plates as side members on one face at both ends. The CLT 
specimens, as shown in Figure 4a, measured 1200 mm in length and varied between 
400 mm or 600 mm in width. In each connection layout, screw spacing followed the 
minimum requirements specified in CSA O86 [6], with 50 mm (5d) parallel to the grain 
(Sp) and 40 mm (4d) perpendicular to the grain (Sq). Loaded end distances (aL), meas-
ured from the geometric centre of the screw, varied based on screw length.  

Connections were either centred or offset within the CLT, see Figure 4b. For offset 
connections, the unloaded edge distance (ep) was 30 mm (3d), while in centred con-
figurations, it depended on the specimen width, with a minimum of 120 mm (10d). The 
layouts of all test series are shown in Table 2, including the projected screw bearing 
length (th), the effective depth of the failure planes (tef), and the projected screw bear-
ing length less the penetration into layer(s) perpendicular to the load direction (tp). 
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Table 2. Layouts of test specimens  

ID 
tCLT  

(mm) 

bCLT 

(mm) nR × nC pos 
aL 

(mm) 

eP  

(mm) 

LSTS  

(mm) 

th 

(mm) 

tef 

(mm) 

tp 

(mm) 

S1 105 400 5 × 5 Cen 89 120 120 54 35 35 

S2 105 400 5 × 5 Off 89 30 120 54 35 35 

S3 100 600 5 × 5 Cen 89 220 120 54 25 34 

S4 100 600 5 × 5 Off 89 30 120 54 25 34 

S5 139 500 5 × 5 Cen 112 170 180 97 36 70 

S6 139 500 5 × 5 Cen 89 170 120 54 28 37 

S7 139 500 3 × 5 Cen 112 170 180 97 36 70 

S8 139 500 5 × 5 Off 112 30 180 97 36 70 

S9 175 550 5 × 5 Cen 128 195 240 139 35 70 

S10 175 550 5 × 5 Off 128 30 240 139 35 70 

S11 175 550 5 × 5 Cen 112 195 180 97 35 62 

S12 175 550 5 × 5 Off 112 30 180 97 35 62 

S13 175 550 3 × 5 Cen 128 195 240 139 35 70 

S14 175 550 3 × 5 Off 128 30 240 139 35 70 

S15 191 425 5 × 5 Cen 128 133 240 139 41 105 

S16 191 425 5 × 5 Cen 112 133 180 97 36 70 

S17 245 550 5 × 5 Cen 144 195 280 168 35 98 

S18 245 550 5 × 5 Off 144 30 280 168 35 98 

 

 

a)  b)  

Figure 4. Test specimen configuration (a), and offset connection position (b) 

2.3 Methods 

The experimental tests were conducted at the UNBC Wood Innovation Research La-
boratory in Prince George, BC, using a load frame with two hydraulic actuators provid-
ing a capacity of 1000 kN, as shown in Figure 5a. To capture the connection displace-
ments, four string potentiometers were mounted at the CLT specimen’s centre, with 
their other ends attached to the corners of the steel plates, see Figure 5b. 
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a)   b)  

Figure 5 Test setup (a) and connection detail (b) 

A quasi-static uniaxial tension load was applied following a modified ISO 6891 [9] load-
ing protocol at a constant displacement rate of 4 mm/min until failure. The loading 
protocol included an initial loading up to 40% of the estimated maximum load (Fest) 
and unloading down to 10% Fest, followed by continuous loading until failure. The test 
was terminated when the post-peak load dropped below 80% of the maximum load. 
For each test, the applied load and the corresponding relative displacements between 
steel plate and CLT panel at both connections were recorded.  

2.4 Load displacement behaviour and failure modes 

The connections in all test series, except S6 and S7 which failed due to withdrawal of 
screws, exhibited quasi-linear behaviour up to the maximum load, followed by brittle 
failure in the CLT. The load-displacement curves for series S1 as an example are pre-
sented in Figure 6. Most failures occurred at the displacement less than 5 mm.  

 

Figure 6 Load-displacement curves for tests sspecimens in series S1  
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The observed failure modes for each test series are illustrated in Figure 7 and summa-
rized in Table 3 together with the observed depth of the failure plane, tobs. In this ex-
perimental campaign, compound plug shear failure was the principle observed mode, 
occurring across multiple test series, ranging from failure in the: a) 1st parallel layer, b) 
1st perpendicular layer, c) 2nd parallel layer, d) 2nd perpendicular layer, and e) 3rd paral-
lel layer. In series S15, S17, and S18, the failure extended across the full width of the 
CLT specimen, akin to step shear. 
 

a)  b)  

c)  c)  

e)  d)  

Figure 7 Compound plug shear failure mode in: 1st parallel layer (a), 1st perpendicular layer (b), 2nd 
parallel layer (c), 2nd perpendicular layer (d), 3rd parallel layer layer (e), and step shear (f) 

2.5 Connection resistance  

The summary of test results is presented in Table 3, where Fmax is the average re-
sistance (maximum load) for each test series, CoV is the coefficient of variation of Fmax, 
and u@Fexp is the average displacement at the maximum load. The Fmax ranged from 
204 kN to 540 kN as a function of CLT layup and connection layout. The CoV, from 4% 
to 20%, were in the common range for brittle failure of timber. The corresponding 
u@Fexp ranged from 3.6 mm to 6.1 mm, emphasising the stiff nature of the connection.  

CSA O86 [6] specifies a minimum unloaded edge distance (ep) but does not consider 
the effect of exceeding this requirement. Consequently, for identical connections with 
different unloaded edge distances (centred vs. offset), the standard predicts the same 
resistance. However, the results showed that connections with larger ep reached, on 
average, a 25% higher resistance, see Figure 8.  
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Table 3. Test series overview 

ID Fmax (kN) CoV (%) u@Fmax (mm) Dominant failure mode 

S1 258 8 4.1 Plug shear in 1st perp. or 2nd par. layers 

S2 204 20 3.6 Plug shear in 1st perp. or 2nd par. layers 

S3 300 6 4.8 Plug shear in 2nd par. layers 

S4 267 16 5.2 Plug shear in 2nd perp. or 2nd par. layers 

S5 394 12 5.3 Plug shear in 2nd par. layer 

S6 250 8 5.0 Screw withdrawal 

S7 339 2 5.2 Screw withdrawal 

S8 379 15 5.5 Plug shear in 2nd perp. layer 

S9 458 7 5.1 Plug shear in 3rd par. layer 

S10 305 12 4.8 Plug shear in 3rd par. layer 

S11 405 12 4.0 Plug shear in 2nd par. layer 

S12 328 6 4.6 Plug shear in 2nd par. layer 

S13 420 10 6.1 Plug shear in 3rd par. layer 

S14 239 15 6.0 Plug shear in 3rd par. layer 

S15 485 12 5.3 Step shear in 2nd perp. layer 

S16 475 20 6.5 Step shear or plug shear in 2nd perp. layer 

S17 540 4 4.9 Step shear in 3rd par. layer 

S18 480 14 5.3 Step shear in 3rd par. layer 

 

 
Figure 8 Effect of unloaded edge distance on connection resistance 
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3 Comparison of prediction models 

3.1 Overview 

The experimental tests were used to evaluate the predictive capability of the CSA O86 
[6] design approach for STS connections inclined STS in CLT loaded along the major 
strength direction. Although FrpEN1995 [10] does not provide specific guidance for 
STS connections in CLT, the provisions were adopted herein for comparative purposes 
assuming the current approach as applied to glulam. Finally, based on the experi-
mental evidence, a new model is proposed, identified by the subscript “PM”.  

3.2 Assumptions of the proposed model 

1) Resistance of partially penetrated CLT panels is the minimum between plug shear 
and step shear resistance. Row shear and group-tear out do not need to be considered. 
Net section tensile and ductile screw yield resistances must be checked. 

2) Step shear resistance is determined as the maximum of head tensile plane and bot-
tom shear plane resistances, both considering the full specimen width, b. 

3) Plug shear resistance is determined as the maximum of head tensile plane re-
sistance, bottom shear plane resistance, and side shear plane(s) resistance. 

4) Plug shear resistance of connections offset to the edge of a CLT panel with a mini-
mum unloaded edge distance, ep, the resistance of only one side shear plane is consid-
ered. To account for both side shear planes, ep ≥ 10d is recommended. 

5) Based on the observed failure planes, the projected screw bearing length in the CLT 
layers parallel to the load, tp, is used as the depth of the head-tensile failure planes.  

6) In lieu of a more complex model: a) the depth of the side shear failure planes is 
taken as the projected screw bearing length in the CLT, th; and b) the parallel to grain 
shear strength, fv, is used for computing the bottom shear plane resistance. This way, 
as done in CSA O86, the contribution of rolling shear resistance in perpendicular lami-
nations, which are longer than the connection width, is accounted for. 

7) The length of the side shear and bottom shear failure planes is the connection length 
as specified in FrpEN1995 and not the critical length as specified in CSA O86. 

8) The width of connection with inclined STS does not need to be reduced by the holes 
produced by the fasteners, because the tensile failure plane is only reduced at a single 
point of screw penetration and not along the whole projected bearing length.  

3.3 Model predictions 

The evaluation was done, as in previous works [11-13], at the mean level. The specified 
strength in tension parallel to grain strength, ft, and the specified longitudinal shear 
strength, fv, were taken as 21.4 MPa and 5.87 MPa [17], respectively. The pre-factors 
(1.25 for ft and 0.75 for fv) were applied in all models.  
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Table 4 provides a summary of the predicted failure planes resistances: 

Ft,PP,CSA: plug shear head-tensile plane resistance, using tef and bef (= Ft,PP,EC5) 

Ft,PP,PM: plug shear head-tensile plane resistance, using tp and bcon 

Ft,PS,CSA: step shear head-tensile plane resistance, using tef and b (= Ft,PS,EC5) 

Ft,PS,PM: step shear head-tensile plane resistance, using tp and b 

Fv,b,PP,CSA: plug shear bottom plane resistance, using bcon and LS 

Fv,b,PP,PM: plug shear bottom plane resistance, using bcon and Lcon (= Fvb,PP,EC5) 

Fv,b,PS,CSA: step shear bottom plane resistance, using b and LS 

Fv,b,PS,PM: step shear bottom plane resistance, using b and Lcon (= Fvb,PP,EC5) 

Fv,sb,CSA: side shear plane resistance, using tef and LS 

Fv,sb,PM: side shear plane resistance, using th and Lcon  

Fv,sb,EC5: side shear plane resistance, using tef and Lcon 

Table 4. Resistance of individual failure planes according to different models 

ID Ft,PP Ft,PS Fv,b,PP Fv,b,PS Fv,sb 

 CSA PM CSA PM CSA PM CSA PM CSA PM EC5 

S1 126 150 345 374 247 257 616 643 108 155 112 

S2 126 150 345 374 247 257 616 643 108 77 112 

S3 83 120 351 450 247 257 925 964 71 155 74 

S4 83 120 351 450 247 257 925 964 71 77 74 

S5 128 299 446 935 247 272 770 850 110 308 121 

S6 94 150 327 467 247 257 770 803 80 155 84 

S7 64 150 457 935 123 136 770 850 110 308 121 

S8 128 299 446 935 247 272 770 850 110 154 121 

S9 126 299 485 1028 247 287 847 985 108 476 125 

S10 126 299 485 1028 247 287 847 985 108 238 125 

S11 126 237 485 816 247 272 847 935 108 308 119 

S12 126 237 485 816 247 272 847 935 108 154 119 

S13 63 150 497 1028 123 143 847 985 108 476 125 

S14 63 150 497 1028 123 143 847 985 108 238 125 

S15 145 423 422 1123 247 287 655 762 124 476 144 

S16 128 299 374 795 247 272 655 722 110 308 121 

S17 126 390 485 1341 247 297 847 1022 108 599 130 

S18 126 390 485 1341 247 297 847 1022 108 599 130 
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The CSA O86 [6], FprEN1995 [10] and proposed model predictions for plug shear (PPrt), 
which governed for all three models and every test configuration, are summarized in 
Table 5, including the ratios between predictions and average test result. Additional 
tests from a preliminary UNBC study [18] are incorporated to expand the database. 
The comparisons against the experimental results are further illustrated in Figure 9. 
The proposed model provides both the best predictions in terms of average ratio (0.96) 
as well as the by far smallest spread (from 0.76 to 1.25). CSA O86 and EC5 predictions 
are non-conservative for many connection configurations and show a much wider 
spread, indicating that the failure mechanisms are not adequately captured.  

Table 5. Predicted connection resistance according to different models 

ID Fmax PPrt,CSA PPrt,EC5 PPrt,PM CSA/Test EC5/Test PM/Test 

S1 258 481 384 257 1.9 1.5 1.0 

S2 204 481 384 257 2.4 1.9 1.3 

S3 300 401 341 257 1.3 1.1 0.9 

S4 267 401 341 257 1.5 1.3 1.0 

S5 394 485 400 308 1.2 1.0 0.8 

S6 250 421 351 257 1.7 1.4 1.0 

S7 339 297 200 308 0.9 0.6 0.9 

S8 379 485 400 299 1.3 1.1 0.8 

S9 458 481 413 476 1.0 0.9 1.0 

S10 305 481 413 299 1.6 1.4 1.0 

S11 405 481 398 308 1.2 1.0 0.8 

S12 328 481 398 272 1.5 1.2 0.8 

S13 420 294 207 476 0.7 0.5 1.1 

S14 239 294 207 238 1.2 0.9 1.0 

S15 485 515 432 476 1.1 0.9 1.0 

S16 475 485 400 308 1.0 0.8 0.6 

S17 540 481 424 599 0.9 0.8 1.1 

S18 480 481 424 599 1.0 0.9 1.2 
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a)   

b)   

c)   

Figure 9 Comparison of prediction of conenction resistance of models against experimental data:   

CSA O86 (a), FprEN1995 (b), and proposed model (c)  

0

100

200

300

400

500

600

0 100 200 300 400 500 600

P
re

d
ic

te
d
 c

o
n
n
e
c
ti
o
n
 r

e
s
is

ta
n
c
e
 [

k
N

]

Experimental connection resistance [kN]

CSA O86

2024

2022

0

100

200

300

400

500

600

0 100 200 300 400 500 600

P
re

d
ic

te
d
 c

o
n
n
e
c
ti
o
n
 r

e
s
is

ta
n
c
e
 [

k
N

]

Experimental connection resistance [kN]

EC5

2024

2022

0

100

200

300

400

500

600

0 100 200 300 400 500 600

P
re

d
ic

te
d
 c

o
n
n
e
c
ti
o
n
 r

e
s
is

ta
n
c
e
 [

k
N

]

Experimental connection resistance [kN]

Proposed Model

2024

2022

205

INTER / 58 - 7 - 5



 

4 Conclusions 
This study experimentally investigated brittle failures in CLT connections with STS in-
stalled at a 45° angle loaded along the major strength direction. Specimens included 
different CLT layups and various STS lengths and placement patterns to evaluate the 
influence of design parameters on failure modes and resistance. Several key insights 
emerged from the experimental campaign: 

i) Brittle failure in CLT with inclined STS is more complex than in glulam and differs 
from failure mechanisms currently described in CSA O86. Specifically, plug shear 
failure did not align with CSA provisions, as failure patterns varied based on the 
contribution of different CLT layers. 

ii) When the unloaded edge distance was increased from the minimum specified in 
CSA O86 by shifting STS groups away from the edge to the centre of the CLT panel, 
the resistance increased by 25%, on average. 

iii) In test series where plug shear and step shear failures exhibited distinct failure 
blocks, the observed failure block depth closely corresponded to the projected 
bearing length of the inclined screws. 

Subsequently, a new model that better accounts for the observed failure patterns was 
proposed. The main differences compared to the current CSA O86 approach are: 

1) Plug shear and step shear resistances are determined as the maximum of the indi-
vidual failure plane resistances. 

2) Both side shear planes are only accounted for large unloaded edge distances. 

3) The depth of the head-tensile failure planes is the projected screw bearing length in 
the CLT layers parallel to the load.  

4) The contribution of rolling shear resistance in perpendicular laminations is ac-
counted for by using the full projected screw bearing length in the CLT as depth of 
the side shear failure planes and assuming the parallel to grain shear strength. 

5) The actual connection lengths and widths are used to compute failure planes. 

The model predictions for the connection resistance and those using the CSA O86 [6] 
and the FprEN1995 [10] design approaches were compared against the experimental 
data. The proposed model achieved the overall best fit and smallest spread. 

Future work needs to expand the investigations to connections with: 

 STS installed perpendicular to the surface, where the use of tef seems appropriate. 

 Two-sided STS connections, where the type of failure (plug or block shear will de-
pend on the screw penetration). 

 Wider CLT panels, where the actual resistance of the perpendicular failure planes 
might have to be taken into account. 

 CLT panels loaded along the minor strength direction.  
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The proposed model will be presented to the CSA O86 technical committee for discus-
sion to be included in the next version of the standard. The influence of the different 
applicable factors and design provisions and their effect on the failure mode at the 
characteristic and design level deserve a separate discussion. Future efforts should be 
aimed at international harmonization of the design approaches for brittle failure 
modes in CLT connections with STS. 

Acknowledgments 
This research was supported by the Government of British Columbia through a BC 
Leadership Chair. The authors extend their appreciation to UNBC lab lead Maik Gehloff, 
technicians Ryan Stern, James Andal, and Nathan Stern, and students Sabari, Sanya, 
and Jerry for their assistance during the experiments.  

References 
[1] R. Brandner et al. (2016) Cross laminated timber (CLT): overview and develop-

ment, Eur. J. of Wood and Wood Products 74: 331–351. 

[2] P. Dietsch and R. Brandner (2015) Self-tapping screws and threaded rods as rein-
forcement for structural timber elements—A state-of-the-art report,” Construc-
tion and Building Materials, 97:78–89. 

[3] K.W. Johansen (1949) Theory of timber connections. Bridge Struct Eng 9: 249–
262. 

[4] EN 1995-1-1 (2004) Eurocode 5. Design of timber structures - Part 1–1: General - 
Common rules and rules for buildings. CEN, Brussels, Belgium. 

[5] CSA (2009) Engineering design in wood. CSA O86 – 2009. Canadian Standards As-
sociation, Mississauga, Ontario, Canada. 

[6] CSA (2024) Engineering design in wood. CSA O86 – 2024. Canadian Standards As-
sociation, Mississauga, ON, Canada. 

[7] P. Zarnani and P. Quenneville (2015) New design approach for controlling brittle 
failure modes of small-dowel-type connections in cross-laminated timber, Con-
struction and Building Materials, 100: 172–182.  

[8] M. Yurrita and J. M. Cabrero (2021) On the need of distinguishing ductile and brit-
tle failure modes in timber connections with dowel-type fasteners, Engineering 
Structures, 242: 112496.  

[9] B. Azinović et al. (2022) Brittle failure of laterally loaded self-tapping screw con-
nections for cross-laminated timber structures, Eng Struct, 266: 114556. 

[10] FprEN 1995-1-1 Eurocode 5 - Design of timber structures - part 1-1: General rules 
and rules for buildings, CEN, Brussels, Belgium, 2025. 

207

INTER / 58 - 7 - 5



 

[11] Yurrita M., Cabrero J. M. (2019) Effective Thickness of the Wood Member in a 
Timber-to-steel Connection with Large Diameter under Brittle Failure. INTER 52-
7-5. 

[12] Yurrita, M., Cabrero J. M. (2019) New Analytical Model for Brittle Failure in the 
Parallel-to-grain Direction of Timber Connections with Large Diameter Fasteners. 
INTER 52-7-7.  

[13] Yurrita M., Cabrero J. M. (2021) New Analytical Model for Plug Shear of Timber 
Connections with Small Diameter Dowel-Type Fasteners in the Parallel-to-Grain 
Direction. INTER 54-7 10. 

[14] Cabrero J. M. et al. (2024) Brittle Failure Modes of Connections with Dowel-Type 
Fasteners Loaded Parallel to the Grain: A Comparison between Eurocode 5 and 
CSA O86. INTER 57-7-9 

[15] ANSI/APA PRG 320 (2025) Standard for Performance-Rated Cross-Laminated Tim-
ber. American National Standard. APA – The Engineered Wood Association, Ta-
coma, WA. 

[16] Evaluation Report CCMC 13677-R (2023) SWG ASSY® VG Plus and SWG ASSY ® 3.0 
Self-Tapping Wood Screws. Canadian Construction Materials Centre. Ottawa, ON. 

[17] Jessome, A.P. (2000) Strength and Related Properties of Woods Grown in Canada. 
Publication SP-514E. Forintek Canada Corp. Eastern Division. Sainte Foy, QC. 

[19] Armstrong G., Tannert T. (2022) Brittle Failure Modes of Connections in Cross-
Laminated Timber with Self-Tapping Screws. MEng final project, UNBC, Prince 
George, Canada. 

208

INTER / 58 - 7 - 5



DISCUSSION 

The paper was presented by T Tannert 

J Cabrero received clarification that the side shear failure plane was close to the 
screws. 

A Frangi received clarification that the tests were designed to avoid screw withdrawal. 
T Tannert said the intent was not for designers to design these types of connectors as 
they are not good connections. He added that the model did not predict the failure 
plane.  

P Dietsch commented that the paper should mention which failure mode was 
predicted. He asked how deep the screws need to penetrate into the longitudinal layer 
to be considered. T Tannert responded that they do not have information on the 
minimum penetration depth required. 

P Dietsch agreed that we need to consider conservative models in case of lack of 
information. Industry however might argue that they already have good performance 
history hence added conservatism would not be needed. T Tannert said in Canada we 
do not have long history of using these large connections; hence, designers will be 
happy to receive guidance. 

H Blass asked whether the bottom failure planes were always between two 
orthogonal layers. T Tannert said they were closed to the glue‐line. H Blass said one 
should then consider the bond.  

C Demirci received clarification on the difference between step and plug shear.  

P Quenneville commented that the screws also pull at the glue‐line.   
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1 Introduction
In the design of lateral connections utilizing dowel‐type fasteners, achieving ductile be‐
haviour is a primary design objective, assumed to occur through the bending and subse‐
quent yielding of the fasteners, coupled with the embedment of the timber. However,
connections submitted to tension parallel to the grain and incorporating multiple later‐
ally loaded dowel‐type fasteners can be susceptible to premature brittle failure, such
as (a) splitting; (b) row shear; (c) block shear; (d) net tensile failure; and (e) plug shear,
as illustrated in Figure 1.

Previous works have addressed these brittle failure modes, from experimental testing
(Yurrita et al., 2018; Lemaître et al., 2024) to the development of various analytical
(Yurrita & Cabrero, 2019a,b) and numerical models (Aquino et al., 2024), and to the
validation of models in design standards where they have been included (Cabrero et al.,
2024).

Understanding how these brittlemechanisms affect the reliability of timber connections
is of particular interest: it may not only relate to the required safety factor, but also
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Figure 1. Brittle failure modes in connections with dowel‐type fasteners (FprEN 1995‐1‐1:2024,
2024). This paper deals only with block shear (c).

serve as the basis for developing overstrength requirements in capacity‐based design.
A previous work showed the analysis of brittle failure of connections by means of a
Monte Carlo analysis (Cabrero et al., 2019).

This study presents a statistical analysis of the block shear failure mode, grounded in
the statistical definition of independent head tensile and side shear failure planes. The
model makes use of typical assumptions in existing design models (i.e., definition by
means of the involved failure planes, stiffness‐based model for load distribution among
them), and allows for a parametric analysis.

This work does not aim to provide a predictive model, but rather to analyze the inher‐
ent variation in the response associated with the block shear brittle failure mode. In the
future, this approach could be extended to other failure modes, including ductile fail‐
ure, to develop a more comprehensive understanding of the topic. The model provides
insight into the probability distribution of resistance and, consequently, may clarify the
scatter and description of the resulting failure probability distribution for this brittle
failure mode.

2 Model Description
Most design models derive the block shear resistance from the resistances of the head
tensile and side shear failure planes (Cabrero& Yurrita, 2018;Marjerrison&Quenneville,
2007). The probabilisticmodel presented in this work alsomakes use of these same two
failure planes, as shown in Figure 2.

The probabilistic model, detailed in Section 2.1, integrates the material strengths and
their associatedprobabilistic distributions as outlined in Section2.2, following JCSS (2023).
The load distribution between the involved failure planes, used in the model, is ex‐
plained in Section2.3 and is basedon the stiffness‐based approachdevelopedby Zarnani
& Quenneville (2012, 2013).
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Figure 2. Block shear failure. Involved failure planes: head tensile —red— and side shear —blue—
(left); and spring model used to develop the stiffness‐based approach (Zarnani & Quenneville, 2012)
(right).

2.1 Probabilistic framework

In a probabilistic fracture analysis, the tensile, shear, and block shear strengths can be
respectively modelled as statistical variables fT, fS, and fBS (JCSS, 2023). Assuming that
the resistances of the planes are independent variables, the cumulative distribution of
block shear failure, PBS(fBS), can be deduced in terms of the known cumulative distribu‐
tions of tensile and shear strength, PT(fT) and PS(fS), respectively, and reads:

PBS(fBS) = 1 – (1 – PT(fT))(1 – PS(fS)). (1)

Importantly, the above analysis may also involve the corresponding probability density
functions, pBS(fBS), pT(fT), and pS(fS). Moreover, it incorporates the known correlation
between block shear strength and the tensile and shear strengths. In this work, we
assume that to relate the plane resistances to the global block shear failure mode, the
load is distributed between the head and side failure planes according to their stiffness
(see Section 2.3).

On the other hand, the total connection load (which at failure corresponds to the block
shear resistance, FBS) is obtained as the sum of the loads supported by the head tensile
(FT) and side shear (FS) planes:

FBS = FT + FS. (2)

The load ratio for each involved failure plane may be defined as:

Fi = αiFBS, (3)

where αi represents the fraction of the total load carried by the corresponding failure
plane, and i refers to either the tensile (T) or shear (S) plane.

The resistance Fi can be expressed as the product of the corresponding strength fi and
area Ai, with the total block shear area ABS defined as the sum of the tensile and shear
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areas, i.e., ABS = AT + AS. Equation (3) may then be rewritten as:

Aifi = αiABSfBS (3’)

fi = αi
ABS
Ai

fBS. (4)

The factor βi may be defined to express the relation of each stress to the block shear
strength as:

βi = αi
ABS
Ai

, (5)

so that:

fi = βifBS, (4’)

which allows Equation (1) to be rewritten to derive the probability distribution pBS(fBS)
as:

pBS(fBS) = βS(1 – (PT(βTfBS))pS(βSfBS) + βT(1 – PS(βSfBS))pT(βTfBS) (6)

Since the primary goal of this model is to analyze failure probability and the resulting
statistical distributions, several simplifications have been made. Typical coefficients ap‐
plied in design standards (e.g., FprEN 1995‐1‐1:2024 (2024)), kt and kv, which account
for phenomena such as uneven load distribution within the plane, are not included.
Also, the effective thickness is considered to be the same for every plane (see Sec‐
tion 2.3).

In fact, dismissing these parameters primarily affects the quantitative resistance values.
However, given that most current analytical proposals use constant values for these co‐
efficients across all joint configurations, their omission here simply results in a uniform
shift of all results. Every result is equally affected, since none of the existing proposals
modify these coefficients based on connection geometry.

Consequently, the analysis of the block shear resistance parameters should be consid‐
ered as qualitative. It is also worth mentioning that the block shear resistance values
are not predicted as a sum or a maximum of the individual plane resistances. Instead,
we examine the statistical weight of the tensile and shear modes and their interplay
contributing to the block shear resistance.

2.2 Material parameters

The material description is based on the JCSS probabilistic model (JCSS, 2023), which
specifies that the probability distributions of tensile and shear strengths follow a log‐
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normal distribution.

f(x) =
1√
2πsx

exp
– ln(x – µ)2

2σ2

 (7)

whose parameters are derived as

µ = ln
(

fm√
COV2 + 1

)
(8)

s =
√
log(COV2 + 1) (9)

where fm denotes the mean strength value, and COV is the coefficient of variation. It is
important to note that standards such as EN338 (2017) provide characteristic strength
values; therefore, the required parameters are obtained using Equations (8) and (9).

2.3 Stiffness factors

To determine the required distribution factors, αi, the stiffness‐based model (Zarnani
& Quenneville, 2012, 2013) is employed, as illustrated in Figure 2. The applied load is
distributed between the planes based on their relative stiffness, and therefore

αT =
KT

KT + KS
(10)

αS =
KS

KT + KS
(11)

The tensile head plane stiffness (KT) depends on themodulus of elasticity (E), the tensile
area (Ath), and the connection length (L, parallel to the grain) between the first row of
connectors and the loaded edge:

KT =
2EAth
L

. (12)

The stiffness of the shear planes is determined based on the shearmodulus (G), the total
side planes area (Asl), and the connectionwidth (Xl, perpendicular to the grain) between
the first and last column of fasteners. Additionally, a second component accounts for
the contribution of the laterally adjacent head planes, calculated using the modulus of
elasticity (E), their area (Atl), and the connection length (L).

KS = (1 – β)
(
GAsl
Xl

+
EAtl
10L

)
(13)
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Table 1. Strength properties and lognormal distribution parameters for the validation tests from Han‐
hijärvi & Kevarinmäki (2008).

Strength class ft,0,m [MPa] fv,m [MPa] E [MPa] G [MPa] µT sT µS sS
GL28h 29 4,9 12 600 650 3,35 0,18 1,58 0,15
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Figure 3. Distribution of block shear resistance for selected tests from Hanhijärvi & Kevarinmäki
(2008). The vertical line marks the mean experimental value and the shaded area represents the re‐
ported coefficient of variation.

These two components are combined byweighting themaccording to the ratio between
the unloaded edge distance (a4) and the connection width (Xl).

β = min

0; 0, 16
(
2, 5 – 2

a4
Xl

)2 (14)

3 Validation
Although, as previously explained, developing a predictive model is not the objective,
this section presents a preliminary validation against GL28h tests conducted by Hanhi‐
järvi & Kevarinmäki (2008).

The mean strengths used—those reported in (Hanhijärvi & Kevarinmäki, 2008)—along
with the corresponding parameters of the lognormal distribution, are summarized in
Table 1. The considered coefficients of variation (COV) follow the values given for glulam
in (JCSS, 2023): 0.15 for tension and 0.18 for shear.

The probabilistic model provides the probability density distribution of joint resistance.
Four representative configurations are shown in Figure3. Experimental results—displayed
with mean values and shaded areas representing COV—fall within the predicted distri‐
bution boundaries, demonstrating the model’s satisfactory qualitative performance.
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Table 2. Strength properties and lognormal distribution parameters for the analysed structural tim‐
ber strength classes.

Strength class C14 GL20h GL24h GL32h
ft,0,m [MPa] 12,2 16 19,2 25,6
fv,m [MPa] 5 3,5 3,5 3,5

E [GPa] 7 8,4 11,5 14,2
G [GPa] 0,44 0,65 0,65 0,65

µT 2,46 3,07 3,25 3,54
sT 0,29 0,18 0,18 0,18
µS 1,58 1,50 1,50 1,50
sS 0,25 0,15 0,15 0,15

4 Parametric analysis
A parametric analysis is carried out by applying the developed probabilistic model to a
wide range of joint dimensions, and considering a defined set of strength classes span‐
ning from low to high values.

4.1 Geometrical parameters

The following geometrical parameters and intervals are analyzed: connection width
(perpendicular to grain) between the first and last column of fasteners, Xl, spanning
from 10mm to 1 000mm; connection length (parallel to grain) between the first row of
connectors and the loaded edge, L, from 10mm to 1 000mm; edge distance, a4, from
10mm to 200mm. Within each interval, a step size of 20mm is applied, resulting in
11 560 analysed connection configurations.

These limit values are admittedly unrealistic and are intended solely to provide a broad
overview of the trends by including extreme cases. Realistic values, obtained from a
previously presented database of experimental tests (Cabrero et al., 2024), fall within
the intervals of 17–355.6mm for Xl, 40–1 140mm for L, and 12–174mm for a4. More‐
over, as results will be presented in terms of the tensile plane area ratio to the total
planes area, it is noted how ratios in the same database vary between 0 and 0.4 for the
tensile area ratio, RAT.

4.2 Mechanical properties

Four strength classes are selected: C14, GL 20h, GL 24h, and GL 32h, representing low,
medium, and high strength classes, and to analyse differences among various products
(solid wood and glulam). Table 2 presents the mean values of parallel tensile strength
(ft,0,m), shear strength (fv,m), modulus of elasticity (E), and shear modulus (G) for each
class, along with the required parameters for the lognormal distribution: mean value
(µ) and standard deviation (s).
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Figure 6. Relationship between the block shear (black), side shear (red) and head tensile (blue) resis‐
tances (R) for different joint geometries.

5 Results and discussion
5.1 Stiffness of the planes and load distribution

Figure 4 depicts the relationship between the area ratios of the involved planes and the
resulting stiffness ratio, which controls the load distribution between the head and side
planes defined by α. Each plotted point corresponds to a joint configuration within the
GL24h strength class. Configurations outside the “realistic” ranges in the database are
plotted in light grey. It is observed that most of the connection stiffness corresponds to
the head tensile plane. The shear area ratio must increase to at least 90% to contribute
to at least 50% of the overall stiffness.

Figure 5 shows the resistance ratio of each failure plane to the block shear joint re‐
sistance (mode values of the distribution are given), as well as the corresponding his‐
togram for realistic area ratios (right). In close relation to the stiffness ratio described in
Figure 4, the block shear resistance tends to be governed by the tensile plane. For joint
configurations where the shear area ratio exceeds 0.8, the block shear failure tends to
correspond to an interaction of both resistances (both resistance ratios lower than one).
In some particular configurations with shear area ratios greater than 0.9, the resulting
brittle capacity is even lower than that of the side shear planes.

5.2 Statistical distribution

The probabilistic model generates the statistical distribution of resistance for the anal‐
ysed block shear failure mode, as illustrated in Figure 6, where the resulting block shear
failure resistance is compared to the resistances of the involved head and side planes.
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For clarity, extreme (unrealistic) cases are also presented to demonstrate how themodel
captures the interaction between both failure planes.

As previously shown in Figure 5, and unlike conventional design models, the resulting
resistance distribution reflects a more complex interaction. The resulting resistance
and its relation to the failure planes vary according to the joint geometry. In cases with
reduced length and edge distance (an unrealistic 10 mm, upper row), the resistance of
the side shear planes (blue) is significantly low, and the model predicts that the overall
resistance mainly corresponds to the tensile one (except when the length is equally
reduced—left side—where an interaction is shown).

For long connections (lower row, L = 990mm), although the resistance of the side
planes increases substantially, the greater stiffness of the tensile plane still influences
the resulting resistance. The interaction is evident in the plotted figures, which transi‐
tion from resembling the shear resistance distribution to the tensile resistance distribu‐
tion as the connection width increases (from left—reduced width—to right—medium
width—in Figure 5).

5.3 Resistance

Figure 7 illustrates the general trends for themode of the block shear resistance (black),
along with the mode of the tensile (red) and shear plane (blue) resistances. The enve‐
lope of the entire parametric analysis allows describing the main patterns. The shear
resistance shows a plateau up to approximately 0.4RAT (the tensile area ratio, defined
as RAT = AT/ABS), followed by a gradual decrease for higher values. Conversely, the
tensile resistance increases in a quasi‐linear manner from the origin.

Although similar, subtle differences emerge among the different analysed strength classes.
The block shear resistance reflects the interaction between these two planes, exhibit‐
ing a local maximum at low tensile areas and a quasi‐parabolic response (clearer for
lower strength classes) with a local minimum around 0.1RAT. Beyond this minimum,
the block shear resistance increases seemingly parallel to the tensile plane resistance.

As the strength class increases, the local minimum tends to flatten into a plateau, while
the shear resistance (noting that shear strength increase is relatively lower as the strength
class increases) decreases. For all analysed glulam classes, the block shear resistance
consistently exceeds that of the individual planes. However, for the C14 class, up to a
tensile area ratio of 0.3 RAT, the block shear resistance is lower than the shear plane re‐
sistance. Nonetheless, the global resistance remains higher than the tensile resistance
across all cases, though shaped by the contribution of the side shear planes.

Figure 8 illustrates significant configurations for strength class GL24h (similar trends ob‐
served across other strength classes) to provide broader insight into the different asso‐
ciated trends. As the connection width increases (Figure 8, left), so does the resistance.
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Figure 7. Resistance. Mode values for block shear (black), side shear (red) and head tensile (blue) re‐
sistances for varying tensile area ratio, RAT.
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Figure 9. Coefficient of variation (COV) for block shear (black), side shear (red) and head tensile (blue)
resistances for varying tensile area ratio, RAT

A vertical scatter is observed across all cases, especially at intermediate widths, dimin‐
ishing with increasing width and tensile area ratio. The trend follows a hyperbolic curve
with respect to tensile area, becoming less steep as width grows.

Increasing the connection length (which increases the area of the side shear planes,
Figure 8, right) reveals a quasi‐parabolic response. The scatter reduces as the tensile
area ratio increases, with results clustering on the left side of the graph, representing
more realistic area ratios.

At the characteristic resistance level (not shown), the qualitative trends remain consis‐
tent, though resistance values are lower.

5.4 Coefficient of variation (COV)

Figure 9 shows the coefficient of variation (COV) for all analyzed configurations, reveal‐
ing a consistent response across the parametric analysis. The COV of the block shear
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Figure 10. Coefficient of Variation (COV) values variation for given connection widths (XL, left) and
lengths (L, right).

mode tends to correspond to that of the dominant plane. Specifically, as the tensile
plane resistance becomes decisive, the resulting COV aligns with the tensile plane’s COV
(red line). Conversely, for low tensile area ratios, it matches the shear plane’s COV. Inter‐
mediate cases arisewhere the block shear COV is even lower than those of the individual
planes. These reduced‐variation zones occur within the realistic interval of the analysis.

The C14 class shows a slightly lower dispersion than the glulam classes. Moreover, the
tensile area ratio atwhich the block shear COV shifts to that of the tensile strength is also
smaller for C14, reaching a minimum around 0.05RAT and matching the tensile plane’s
COV near 0.1 RAT. In the glulam classes, the minimum occurs for a slightly greater ten‐
sile area ratio (around 0.1 RAT), and the minimum COV region broadens as strength
class increases, reflecting a greater spread in these cases.

The influence of geometric parameters is further detailed in Figure 10. For medium‐
wide to wide connections (some of which are already unrealistic, as the maximum real‐
istic tensile ratio is around 0.4), the COV corresponds to that of the tensile plane. When
increasing the connection length (reduced tensile area ratio, and within the realistic in‐
terval), COVmay even be lower than those of the individual strength parameters. Again,
these behaviours hold consistently across all strength classes analysed.

6 Conclusions
A probabilistic model for block shear brittle failure is introduced. The theoretical anal‐
ysis allows examining the statistics of failure of the samples, in terms of the statistics
of each failure mode, i.e., tensile and shear. The model is based on previous theoreti‐
cal approaches, which deduce the load distribution among the involved failure planes
(Zarnani & Quenneville, 2012, 2013), and allow access to each independent strength
probability function (JCSS, 2023). Thus, the new probabilisticmodel effectively captures
the combined effect of tensile and shear planes.
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The results of the performed parametric analysis showhow the head tensile plane tends
to be the stiffest, taking most of the connection load. Conversely, the shear plane is the
weakest, confirming the common tendency for failure to initiate in these side planes
(most easily observed in plug shear modes). This significant influence of the tensile
plane is a consequence of the stiffness model used (Zarnani&Quenneville, 2012, 2013)
and the assumed parameter values. Further experimental or numerical validation of
the failure evolution pattern would be beneficial.

The current model enables determination of the block shear strength distribution. The
analysis shows how the resulting scatter is closely related to the material variability of
the involved shear and tensile resistances. For connections with reduced tensile planes,
the COV tends to correspond to that of the shear strength, while in connections gov‐
erned by the tensile plane, the variability corresponds to that of the tensile plane. How‐
ever, for certain (realistic) area ratios (around 0.1–0.15 RAT), the resulting variationmay
be lower than that of the individual material properties.

This study focuses exclusively on the stressed timber volume and brittle failure in iso‐
lation, specifically for block shear mode. However, it could be further expanded to
include the remaining brittle and ductile failure modes to provide a comprehensive un‐
derstanding of brittle failure in joints. Such future work would provide a theoretical
basis to assess possible overstrength values.
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DISCUSSION 

The paper was presented by N Lopez 

P Dietsch commented that tensile stresses perpendicular to grain occur when the 
dowel moves into the wood; furthermore, shrinkage cracks often exit. These are not 
considered in analysis based on short‐term testing. He commented that tensile and 
side plane shear resistance should not be added per points discussed previously. 

C Demirci discussed parametric study where if a4 is small one would get block shear 
failure. Minimum a4 should start from a value bigger than 10 mm in the parametric 
study. JM Cabrero responded that they were considering plug shear in this study. 

A Frangi, T Tannert and JM Cabrero discussed that the addition of resistances of 
different planes is incorrect. 
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1 Introduction 
In recent years, inspections of trusses with punched metal plates fasteners (PMPF) 
have repeatedly revealed problems due to the PMPF detaching from the timber 
members (see Figure 1.1). PMPF not completely pressed in show a reduced nail load-
bearing capacity. The detaching of the PMPF from the timber can therefore have a 
significant impact on the structural stability. 

          

Figure 1.1. PMPF detached from the timber member 

There are currently no standards or scientific studies on the load-bearing behaviour 
of PMPF joints with air gaps between metal plate and timber. In the literature, Pae-
vere et al. (2009) give a general indication of a loss of the nail load-bearing capacity 
of more than 25 % for an air gap of 1 mm between the PMPF and the timber compo-
nent. The Truss Plate Institute of Canada (2024) specifies a stepwise reduction in nail 
load-bearing capacity depending on the clear distance between metal plate and tim-
ber: Nails with an air gap of less than 0.8 mm are considered fully effective, nails with 
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an air gap between 0.8 mm and 1.6 mm are considered 60 % effective and nails with 
an air gap equal to or greater than 1.6 mm are considered ineffective. In EN 14250 
(2010) distances between the wood surface and the metal plate of no more than 
1 mm, on a maximum of 25 % on each joint area are allowed. The Expert-Commission 
on Building Technology of the Building Ministers in Germany (2020) recommends a 
static assessment of the construction as soon as the air gap between metal plate and 
wood component exceeds the criterion of EN 14250 (2010). However, static assess-
ments of non-standard PMPF joints are not possible due to the lack of values for the 
load-bearing capacity and the stiffness for PMPF with an air gap. The characteristic 
values of PMPF are determined based on tests in accordance with EN 1075 (2015). 
Air gaps between the PMPF and the timber component are not considered in EN 
1075 (2015). A mechanical model, such as the one available in Eurocode 5 (2004) to 
determine the load-bearing capacity of steel-timber connections with dowel-type fas-
teners is generally not used for PMPF joints. It is therefore not possible to apply the 
model for fasteners with interlayers according to Blaß and Laskewitz (2003), to math-
ematically capture the effects of an air layer between the PMPF and the timber mem-
ber on the load-bearing capacity of the connection.  

As part of a research project, tests were carried out in cooperation with Karlsruhe In-
stitute of Technology (KIT) to determine the load-bearing capacity and stiffness of 
PMPF joints with air gaps between the PMPF and the wooden component. Accompa-
nying the tests, a computational model to calculate the load-bearing capacity of (par-
tially detached) PMPF was developed. The most important results of the research 
project are summarised.  

2 Tests 
2.1 General 

The tests were carried out on the basis of EN 1075 (2015). Different angles α be-
tween force and main direction of the PMPF and angles β between force and grain 
direction of the timber components were considered. For each load direction test se-
ries with four different, constant air gap thicknesses between metal plate and timber 
component were carried out, as well as a test series with pressed-in PMPF with vary-
ing air gap. The test programme is summarized in Table 1. 

Table 1. Test programme. 

Test series Angle α Angle β Air gaps Number of tests 

A0/0 0° 0° 0 mm, 2 mm, 4 mm, 6 mm, inclined 5 for each air gap thickness  

A90/0 90° 0° 0 mm, 2 mm, 4 mm, 6 mm, inclined 5 for each air gap thickness  

A0/45 0° 45° 0 mm, 2 mm, 4 mm, 6 mm, inclined 5 for each air gap thickness  

A0/90 0° 90° 0 mm, 2 mm, 4 mm, 6 mm, inclined 5 for each air gap thickness  

A90/90 90° 90° 0 mm, 2 mm, 4 mm, 6 mm, inclined 5 for each air gap thickness  
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2.2 Materials 

All test specimens were manufactured with punched metal plates according to Z-9.1-
855 (2023) with nail lengths of 19.5 mm. Softwood was used for the timber compo-
nents. The selection of the wood for the test specimens in terms of density was made 
in accordance with EN 28970 (1991), method 2, based on a characteristic density of 
350 kg/m3. The surface of the timber components was planed. The timber was condi-
tioned in service class 2 according to Eurocode 5 (2004) before the test specimens 
were manufactured and until the tests were carried out. 

2.3 Manufacturing of the test specimens 

The PMPF were pressed in by surface pressure using a testing machine of the Re-
search Centre for Steel, Timber and Masonry, KIT. For the different constant air gaps 
between the metal plate and the wooden component the testing machine was oper-
ated deformation-controlled and the PMPF were pressed into the wooden compo-
nents to the desired depths. For the backs of the test specimens, negative templates 
of the PMPF with appropriate depths were prepared. The inclined pressing-in of the 
PMPF was achieved by applying the pressure eccentrically to the plates. Figure 2.1 
and Figure 2.2 show exemplary views of the test specimens. 

          
Figure 2.1. Test specimen with constant air gaps tair ≈ 2 mm (left) and tair ≈ 4 mm (right).       

          
Figure 2.2. Test specimen with inclined pressed-in PMPF. 
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2.4 Automatic image-based recording of PMPF connections 

As part of the research project, the Institute of Photogrammetry and Remote Sens-
ing, KIT, developed an optical recording technique to automatically determine the 
distance between the PMPF surface and the surface of the wooden components (see 
Figure 2.3). This made it possible to determine the thicknesses of the air gaps be-
tween the PMPF and the timber with an accuracy of 0.01 mm for all test specimens. 

             
Figure 2.3. Graphical visualisation of optical detected distances between PMPF and wooden compo-
nent Michel, Ulrich (2025). 

2.5 Test results 

2.5.1 Load-bearing capacity and stiffness for constant air gap thicknesses 

Table 2. Anchorage capacities and stiffnesses for PMPF with constant air gap. 

Test series Angle α Angle β tair,m tair,m,rel fa,α,β,m fa,α,β,m,rel Ks,α,β,m Ks,α,β,m,rel 

in° in° in mm - in MPa - in N/mm3 - 

A0/0-X-1 0 0 0.00 0.00 2.69 1.00 3.03 1.00 

A0/0-X-2 0 0 1.57 0.08 2.05 0.76 2.65 0.87 

A0/0-X-3 0 0 3.38 0.17 1.65 0.61 2.14 0.71 

A0/0-X-4 0 0 5.48 0.28 1.22 0.46 2.01 0.66 

A90/0-X-1 90 0 0.00 0.00 2.11 1.00 6.69 1.00 

A90/0-X-2 90 0 1.67 0.09 1.72 0.81 5.54 0.83 

A90/0-X-3 90 0 3.56 0.18 1.34 0.64 4.95 0.74 

A90/0-X-4 90 0 5.78 0.30 1.00 0.47 4.01 0.60 

A0/45-X-1 0 45 0.00 0.00 2.12 1.00 3.51 1.00 

A0/45-X-2 0 45 2.03 0.10 1.82 0.86 3.24 0.92 

A0/45-X-3 0 45 3.91 0.20 1.48 0.70 2.72 0.77 

A0/45-X-4 0 45 5.77 0.30 1.10 0.52 2.34 0.67 

A0/90-X-1 0 90 0.00 0.00 1.70 1.00 5.12 1.00 

A0/90-X-2 0 90 1.61 0.08 1.55 0.91 4.04 0.79 

A0/90-X-3 0 90 3.75 0.19 1.31 0.77 2.93 0.57 

A0/90-X-4 0 90 5.72 0.29 1.06 0.62 2.68 0.52 

A90/90-X-1 90 90 0.00 0.00 1.45 1.00 11.3 1.00 

A90/90-X-2 90 90 1.91 0.10 1.39 0.96 7.54 0.67 

A90/90-X-3 90 90 3.95 0.20 1.26 0.87 5.06 0.45 

A90/90-X-4 90 90 5.81 0.30 0.98 0.68 3.73 0.33 
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Table 2 contains test results for the mean anchorage capacities fa,α,β,m and the mean 
stiffnesses Ks,α,β,m, as well as the measured average air gap thicknesses tair,m per test 
series. The anchorage capacities were converted with reference to the characteristic 
density ρk = 350 kg/m3 using the factor (ρk/ρ)0,5. The angles α and β are indicated in 
each case. The air gap thicknesses are also specified in relation to the nail length with 
tair,m,rel. Furthermore, the relative load-bearing capacity fa,α,β,m,rel (and relative stiffness 
Ks,α,β,m,rel) is specified in relation to the load-bearing capacity (and stiffness) of the re-
spective test arrangement without air gap. The graphs in Figure 2.4 and Figure 2.5 il-
lustrate the numerical values of Table 2. For the test series A0/0 and A90/0, with β = 
0°, the reductions in load-bearing capacity due to air gaps were most pronounced. 
For the test series A0/45, A0/90 and A90/90, with β ≠ 0°, the reduction in load-bear-
ing capacity due to air gaps was lower. It should be noted that in the experiments 
with β ≠ 0° the failure of the connections was in most cases due to a combination of 
failure due to tension perpendicular to the grain of the wood and anchorage failure.  

       
Figure 2.4. Nail load-bearing capacity fa,α,β,m depending on air gap thickness tair,m (left) and relative 
nail load-bearing capacity fa,α,β,m,rel depending on the relative air gap thickness tair,m,rel (right). 

      
Figure 2.5. Stiffness Ks,α,β,m depending on air gap thickness tair,m (left) and relative stiffness Ks,α,β,m,rel 

depending on the relative air gap thickness tair,m,rel (right).  

2.5.2 Load-bearing capacity and stiffness for inclined pressed-in PMPF 

The results of the inclined pressed-in PMPF are compared taking their average air gap 
thicknesses as a reference value to the results of PMPF with a constant air gap. For 
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this, in Figure 2.6 the results for the inclined pressed-in PMPF are additionally en-
tered as crosses in the graphs from Figure 2.4 and Figure 2.5 (test series “…-X-5”). 
The tests indicate that, by taking the average air gap thickness as a reference value, 
the load-bearing behaviour of the non-constant pressed-in PMPF comes close to that 
of PMPF with a constant air gap thickness.  

      
Figure 2.6. Relative load-bearing capacities fa,α,β,m,rel (left) and relative stiffness Ks,α,β,m,rel (right) de-
pending on the relative air gap thickness tair,m,rel for inclined pressed-in PMPF 

2.5.3 Stiffness independent of load direction 

The stiffness of PMPF Ks generally used for the design of PMPF constructions is de-
rived from the mean value of the slip moduli of all tested angles α and β. Figure 2.7 
shows the change in the mean stiffness Ks (and relative stiffness Ks,rel) of all tested 
load directions as a function of the mean air gap thickness tair,m, (and relative air gap 
thickness tair,m,rel) of all tested load directions.  

      
Figure 2.7. Mean total stiffness Ks as a function of the mean air gap thickness tair,m (left) and relative 
total stiffness Ks,rel as a function of the relative air gap thickness tair,rel (right).  

3 Computational model 
3.1 General 

The equations presented below for calculating the nail load-bearing capacity of PMPF 
are based on the design method from section 8.2 of Eurocode 5 (2004) for the load-
bearing capacity of dowel-type fasteners. The equations of Eurocode 5 (2004) are 
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modified for the specific properties of the PMPF “Wolf 20W” according to Z-9.1-855 
(2023). Additionally, the equations are extended by the method according to Blaß, 
Laskewitz (2003) for fasteners with interlayers.  

3.2 Load-bearing capacity depending on load direction 

3.2.1 Angle α between force and main direction of the PMPF  

The nails of the PMPF according to Z-9.1-855 (2023) have an approximately rectangu-
lar cross section. This results in a dependence of the embedment strength and the 
nail’s yield moment of the angle α between the force and the main direction of the 
plate. The dependence of the embedment strength results from the change in the 
nail-width perpendicular to the direction of force with changing angle α. The depend-
ence of the yield moment results from the change in the plastic section modulus with 
changing angle α. The equations therefore use the nail width dα, which describes the 
nail width projected perpendicular to the direction of force, and the plastic section 
modulus Wpl,α, which considers the change of the bending resistance of the nail, 
when α changes.  

3.2.2 Angle β between force and grain direction 

The slip of PMPF connections when reaching the maximum load, especially when 
loaded at right angles to the grain direction of the timber component, is usually less 
than 5 mm. However, the embedment strength of wood according to EN 383 (2007) 
is usually determined at deformations of 5 mm. From the diagrams from Yasumura 
and Sawata (2000) shown in Figure 3.1, it is obvious that for small deformations of 
e.g. 1-2 mm, the embedment stress for loads perpendicular to the grain is signifi-
cantly lower than for the same deformation for loads parallel to the grain. To take 
this effect into account, the embedment strength for nails of PMPF is reduced ac-
cording to equation (8.31) of Eurocode 5 (2004) as a function of the angle β between 
force and grain direction. 

 
Figure 3.1. Embedding stress over the displacement in the wood for loads parallel to the grain (left) 
and perpendicular to the grain (right) according to Yasumura, Sawata (2000).  
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3.3 Position of plastic hinge  

The production-related bending of the nails of PMPF leads to a hardening of the steel 
by cold forming close to the nail root. As a result, the yield moment for laterally 
loaded nails is not located directly in the shear plane between PMPF and timber, but 
at a distance ay from the plate surface. This can be seen in the close-up view of the 
cross section of the failure points of punched metal plate nails after testing the ductil-
ity of the nail root in accordance with EN 1075 (2015), shown in Figure 3.2. Although 
the largest bending moment in this test occurs at the plate surface, the failure point 
is located at a distance from the plate surface. The failure mechanism of laterally 
loaded dowel type fasteners with a yield moment at a distance ay is derived using the 
example of screws in Blaß et al. (2004) (see Figure 3.2) and is taken into account in 

the calculation model for PMPF (assumption: ay = 0.8  t, where t is the thickness of 
the steel plate). 

b

R

R

d

R

R

d

t

t

a b

 

 

Figure 3.2. Steel wood connection with wood screw and thick steel plate, two plastic hinges in the 
threaded area according to Blaß et al. (2004) (left) and failure points after bending test of the nail 
root (right). 

3.4 Rope effect 

The rope effect can be considered for the nails of punched metal plates according to 
Z-9.1-855 (2023) by converting the value of the withdrawal parameter fax according 
to equation (8.25) of Eurocode 5 (2004) for a circular cross-section to a shear 
strength fv for the surface of the approximately rectangular cross-section of the 
punched metal plate nails. The withdrawal capacity can then be calculated by multi-
plying the shear strength fv with the surface of the nails. For PMPF with an air gap, 
the supporting effect of the rope effect is not applicable, as there is no friction be-
tween the metal plate and the timber component. 

3.5 Single-shear steel-to-timber joints  

In contrast to conventional steel-to-timber joints, the nails of PMPF are not driven 
through holes in the steel plate but are punched out of the steel plate and bent over, 
thus forming an integral part of the steel plate. A clamping of the nails in the steel 
plate is therefore assumed, regardless of the nail diameter and plate thickness. With 
this, the basis for calculating the load-bearing capacity for PMPF are the failure 
modes (c), (d), and (e) of equation (8.10) according to Eurocode 5 (2004). 
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Due to the plastic hinge occurring at a distance, an additional differentiation for the 
equations depending on the air gap thickness is introduced (see Figure 3.3). For no 
air gap, the embedment strength of the timber is reached in the initial area of the 
nail between plate surface and plastic hinge and the nail-load-bearing capacity is 
therefore increased (Figure 3.3, left and equation (1)). For air gaps that are smaller 
than the plastic hinge distance, the area with full embedment strength is reduced by 
the air gap but the failure mechanism is the same (Figure 3.3, centre and equation 
(2)). When the air gap thickness exceeds the plastic hinge distance, equations for fas-
teners with interlayers apply (Figure 3.3, right and equation (3)). 

 

 

 

 

 

 

Figure 3.3. Differentiation for equations depending on air gap thickness, here for failure mode (d) 

(left: tair = 0 mm, centre: tair ≤ ay, right: tair > ay).  

3.6 PMPF without air gap 

Taking into account the dependence of the embedment strength and the yield mo-
ment of the direction of force (see section 3.2), the plastic hinge distance ay accord-
ing to Blaß et al. (2004) (see section 3.3) and neglecting the rope effect and the pre-
factor 1.15 in the failure mechanism (e), which is not mechanically determined but 
captures the different partial safety factors and kmod values of steel and timber, equa-
tion (8.10) of Eurocode 5 (2004) becomes equation (1): 

Fv,Rk = min

{
  
 

  
 

fh,α,β,k⋅t1⋅dα                                                                       

 fh,α,β⋅ay⋅dα+fh,α,β,k⋅t1,net⋅dα⋅ (√2+
4⋅My,α,Rk

fh,α,β,k⋅t1,net
2 ⋅dα

-1)

fh,α,β,k⋅ay⋅dα+√4⋅My,α,Rk⋅fh,α,β,k⋅dα                                 

 

(c) 

(d) 

(e) 

(1) 

Here, Fv,Rk is the lateral load-bearing capacity per nail and shear plane in N, fh,α,β,k is 
the embedment strength as a function of α and β in N/mm², t1 is the penetration 
depth of the nail in mm, dα is the projected nail width as a function of α in mm, ay is 
the distance of the first plastic hinge from the plate surface in mm, t1,net is the pene-
tration depth of the nail minus ay in mm (t1,net = t1 - ay), and My,α,Rk is the yield mo-
ment as a function of α in Nmm.  

ay ay 

tair 

ay 

tair 
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3.7 PMPF with air gap 

The model according to Equation (1) also applies to PMPF with air gaps tair ≤ ay. In this 
case, the penetration depth t1 in (1) (c) becomes t1,ef = t1 - tair and ay is reduced by tair, 
resulting in equation (2). For air gaps tair > ay the anchorage capacity of a lateral 
loaded nail can be calculated according to Blaß, Laskewitz (2003) and equation (3) ap-
plies. 

Air gap less than or equal to plastic hinge distance, tair ≤ ay: 

Fv,Rk = min

{
  
 

  
 

fh,α,β,k ⋅ t1,ef ⋅dα                                                                     

fh,α,β,k⋅t1,net⋅dα (√2+
4⋅ My,α,Rk

fh,α,β,k ⋅ t1,net
2 ⋅dα

-1) -fh,α,β,k⋅a⋅dα 

2⋅√My,α,Rk⋅fh,α,β,k⋅dα-fh,α,β,k⋅a⋅dα                                       

 

(c) 

(d) 

(e) 

(2) 

Where t1,ef = t1 – tair, t1,net = t1 - ay and a = tair - ay.  

Air gap larger than plastic hinge distance, tair > ay: 

Fv,Rk = min

{
 
 
 

 
 
 

fh,α,β,k⋅t1,ef⋅dα                                                                                      

fh,α,β,k⋅t1,ef⋅dα [
2

t1,ef
(√a2+

 My,α,Rk

fh,α,β,k⋅dα
+t1,ef⋅(a+0,5⋅t1,ef)-a) -1]

fh,α,β,k⋅dα⋅ (√a2+
4⋅My,α,Rk

fh,α,β,k⋅dα
 -a)                                                      

 

(c) 

(d) 

(e) 

(3) 

Where t1,ef = t1 – tair and a = tair - ay.  

3.8 Verification of the model 

3.8.1 Nail load-bearing capacities of PMPF according to technical assessments and 
Eurocode 5 

The nail load-bearing capacities of PMPF for different angles α and β are currently de-
termined using equations (8.42), (8.43), (8.44) from Eurocode 5 (2004). The charac-
teristic values of the equations fa,0,0,k and fa,90,90,k as well as the constants k1, k2 and α0 
are determined for each punched metal plate type via tests according to 1075 (2015). 
They are listed for each type of punched metal plate in its technical specification. 

3.8.2 Comparison with values of technical assessment and variation of angles α 
and β 

The nail load-bearing capacities calculated by equation (1) fa,α,β,calc are compared with 
the nail load-bearing capacities according to the technical assessment Z-9.1-855 
(2023) fa,α,β,TA. In the calculations according to equation (1) the rope effect with the 
minimum of Fv,Rk/4 according to the Johansen Theory and Fax,Rk/4 is additionally 
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applied. The ratio fa,α,β,calc/fa,α,β,TA  is listed for angles 0° ≤ α ≤ 90° and 0° ≤ β ≤ 90° in Ta-
ble 3 in steps of 15°. The largest deviations are highlighted in dark, minor deviations 
are highlighted in light grey. With this, it can be quickly recognised that for angles 
α = 0° and α = 90° (first and last row) there is a very good agreement between fa,α,β,calc 

and fa,α,β,TA (maximum 9 % deviation). For α ≠ 0° and α ≠ 90° there is a poor agree-
ment (maximum 38 % deviation). The variation of the angle β has no significant influ-
ence on the agreement of fa,α,β,calc to fa,α,β,TA. One possible reason for the deviations 
between fa,α,β,calc and fa,α,β,TA derived from tests for angles α ≠ 0° and α ≠ 90° is seen in 
the moment caused by eccentric plate loading, which is due to the positioning of the 
PMPF in tests according to EN 1075 (2015) (e.g. for α = 60°, see Figure 3.4). This mo-
ment puts additional strain on the nails but is not included in the evaluation of the 
tests and the determination of the anchorage capacities. 

Table 3. Ratios of calculation values fa,α,β,calc to technical assessment values fa,α,β,TA. 

  β 0° 15° 30° 45° 60° 75° 90° 

α fa,α,β fa,α,0 fa,α,15 fa,α,30 fa,α,45 fa,α,60 fa,α,75 fa,α,90 

0° fa,0,β 0.99 1.05 1.08 1.09 1.09 1.09 1.09 

15° fa,15,β 1.19 1.12 1.15 1.16 1.13 1.21 1.16 

30° fa,30,β 1.35 1.27 1.20 1.21 1.21 1.21 1.21 

45° fa,45,β 1.35 1.38 1.30 1.22 1.22 1.22 1.22 

60° fa,60,β 1.30 1.34 1.34 1.26 1.19 1.19 1.20 

75° fa,75,β 1.19 1.23 1.24 1.22 1.15 1.11 1.11 

90° fa,90,β 1.01 1.04 1.06 1.07 1.02 0.98 0.97 

 

   

Figure 3.4. Eccentric load application in tests to determine anchorage capacity.  

3.8.3 Adjustment of the calculation values 

As shown in Section 3.8.2 the calculation model for anchorage capacities with α = 0° 
or α = 90° provides almost identical values to the characteristic load-bearing capaci-
ties given in the technical assessment Z-9.1-855 (2023). For alignment of the calcula-
tion values with the load-bearing capacities of the technical assessment for angles 
α ≠ 0° and α ≠ 90°, the nail load-bearing capacities fa,0,0 and fa,90,90 can therefore first 
be calculated (with or without air gap) using the equations in section 3.6 and 3.7. In a 
second step it is then possible with the constants of the technical assessment k1, k2, 
α0 and the equations (8.42), (8.43), (8.44) of Eurocode 5 (2004) to determine the an-
chorage capacities for all angles 0° ≤ α ≤ 90° and 0° ≤ β ≤ 90°. This procedure is analo-
gous to EAD 130186-00-0603 (2018) for preformed three-dimensional nailing plates 
in the sense of "calculation assisted by testing". 
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3.9 Comparison of the calculated load-bearing capacities with the load-bearing 
capacities of the tests 

     

   

Figure 3.5. Comparison of the anchorage capacities from tests ("_test") with the calculated anchor-

age capacities ("_calc") as functions of the air gap thickness 

The graphs in Figure 3.5 show the anchorage capacities from the test series fa,test to-
gether with the corresponding calculated anchorage capacities fa,calc according to 
equation (1) (without air gap) and equations (2), (3) (with air gap) in combination 
with section 3.8.3 as a function of the air gap thickness tair. For the PMPF without air 
gap the rope effect was added to the calculated load-bearing capacity with the mini-
mum of Fv,Rk/4 according to the Johansen theory and Fax,Rk/4. 

The mean ratio of all calculated nail load-bearing capacities to the nail load-bearing 
capacities from tests amounts to fa,calc/fa,test = 0.87. The results from the tests repre-
sent the mean values of the load-bearing capacities, while the equations of the calcu-
lation model are based on equations of Eurocode 5 (2004) for calculating characteris-
tic values. The average underestimation for the calculated nail load-bearing capaci-
ties of 13 % of the mean nail load-bearing capacities can therefore be regarded as a 
good confirmation of the calculation model.  

4 Discussion 
4.1 Application of the equations to different types of PMPF 

It is yet to be investigated to what extent the equations shown in section 3 can be used 
to calculate the nail load-bearing capacity of other PMPF types. In principle, a differen-
tiated consideration of the specific material and geometric properties of the respective 
PMPF type is always required. For example, the nail spacing on PMPF with short nails 
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(e.g. 8 mm) is usually very small. To consider the splitting of the wooden components, 
it is probably necessary to use an effective number of nails nef for calculations. In addi-
tion, the rope effect should not be applied for short nails. Furthermore, there are 
punched metal plates with nails that have a cross-section that varies over their length. 
This influences the embedment strength and the formation of plastic hinges and must 
be considered in calculations. 

4.2 Application of the test results to different types of PMPF 

The nail lengths and nail cross-sections of different types of punched metal plates 
vary largely. It has not yet been clarified to what extent the test results can be trans-
ferred to other types of punched metal plates. Further experiments with different 
types of PMPF must be carried out, especially for PMPF with short nails.  

So far, the remaining load-bearing capacities fa,rel for different types of PMPF can only 
be estimated by evaluating the graph in Figure 2.4 using the air gap thickness in rela-
tion to the nail length tair,rel for different nail lengths of PMPF. For various nail lengths 
of PMPF commonly used in construction, the remaining nail load-bearing capacities 
estimated on the basis of the test results are listed in Table 4 for the load direction 
α = β = 0° (maximum loss of load-bearing capacity) and an air gap of tair = 1 mm.  

For 8 mm and 10 mm nails, the estimated value corresponds to the loss of load-bear-
ing capacity stated in Paevere et al. (2009) of more than 25 % for an air gap of 1 mm 
between the metal plate and the timber component. 

Table 4. Estimated relative load-bearing capacities fa,rel for different nail lengths for tair = 1 mm (load 

direction α = β = 0°) 

Nail Length in mm 20 14 12 10 8 

tair,rel - 0.05 0.07 0.08 0.10 0.13 
fa,rel - 0.87 0.82 0.79 0.75 0.70 

4.3 Reference to standards 

4.3.1 EN 14250: 1 mm air gap on 25 % of the joint area 

In EN 14250 (2010) an air gap of 1 mm on 25 % of the joint area is permitted. This 
equals a mean air gap of tair,m = 0,25 mm for the entire joint area. In section 2.5.2 it 
was shown that the mean value of the air gap thickness can be used as a comparative 
value to the test results with constant air gap thicknesses. Analogous to section 4.2 
the loss of load-bearing capacity already existing in a standard-compliant punched 
metal plate joint with tair,m = 0.25 mm can thus be estimated for different nail lengths 
and amounts to approx. 3 % for nail length 20 mm and approx. 8 % for nail length 8 
mm. 

4.3.2 Material properties of steel and wood in the evaluation of tests according to 
EN 1075 

For the steel grades S280 GD and S350 GD in accordance with EN 10346 (2015) com-
monly used for PMPF, a range of 140 MPa can be expected for the distribution of the 
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tensile strength of the steel. When evaluating the tests to determine the load-bearing 
capacity of nail plates in accordance with EN 1075 (2015), the actual tensile strength 
is not considered. Thus, the steel of the PMPF used in the tests may have a higher 
strength than the minimum value required for the corresponding strength class of 
the PMPF steel. This can lead for e.g. steel S280 GD to a ratio of the tensile strengths 
of (360 + 70)/ (360 - 70) = 1.48. This leads to a situation, where the yield moment of 
the nails is significantly overestimated. 

Furthermore, the factor (ρk/ρ)c, which considers the effect of the wood density on 
the nail load-bearing capacity, is no longer included in the determination of the nail 
load-bearing capacity according to the current EN 1075 (2015) as it was in the with-
drawn EN 1075 (2000). In EN 1075 (2000) the selection of the timber for the test 
specimens was required to be in accordance with EN 28970 (1991), while the current 
EN 1075 (2015) requires the timber to be selected in accordance with EN ISO 8970 
(2010). At the same time, the current EN 14545 (2009) to evaluate characteristic val-
ues of PMPF requires a selection according to EN 28970 (1991).This discrepancy be-
tween the two necessary and current standards (EN 1075 (2015) and EN 14545 
(2009)) and the lack of the factor (ρk/ρ)c

 in EN 1075 (2015) means that it is no longer 
clearly defined to what extent the density of the timber used for the tests should be 
taken into account when evaluating the tests and determining the nail load-bearing 
capacity of PMPF.  

Both the missing reference of the steel used for the tests to the required minimum 
strength of the steel and the missing or not clearly defined reference of the density 
of the timber used for the tests to the characteristic density of the timber for which 
the test results are to be applied can lead to an unsafe overestimation of the load-
bearing capacity of PMPF. 

5 Summary and recommendations 
The problem of PMPF detaching from the timber components has become known in 
recent years and has since been observed repeatedly in existing PMPF constructions. 
This reveals an urgent need for standards or scientific studies on the load-bearing be-
haviour of PMPF with an air gap between metal plate and timber component. 

With the results of the research project presented here, an initial scientific basis for 
the load-bearing behaviour of punched metal plates with an air gap between the 
metal plate and the timber component is provided. Based on tests with PMPF accord-
ing to Z-9.1-855 (2023), it was shown that both the anchorage capacity and the stiff-
ness of the PMPF decrease predictably with increasing air gap thickness. At the same 
time, equations to mathematically determine the load-bearing capacity of the PMPF 
according to Z-9.1-855 (2023) with and without air gap were introduced and con-
firmed by the test results. Both findings should be investigated by further experi-
ments for PMPF with different material and geometric properties. Based on the re-
sults, a static evaluation of PMPF joints with an air gap between metal plate and 
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timber component would then be possible and guidelines for the inspection of exist-
ing PMPF constructions could be developed. 

The effect of a possible overstrength of the steel used in tests for the determination 
of the load-bearing capacity should be investigated. A reduction in the load-bearing 
capacity of PMPF with reference to the difference between the tensile strength used 
in tests to the minimum tensile strength of the steel could increase the safety of 
punched metal plate constructions. To capture the difference between the density of 
the timber components used for the tests and the characteristic density of the tim-
bers for which the test results are intended, a factor to consider the effect of the 
wood density on the nail load-bearing capacity should again be clearly included in re-
spective standards as it was in EN 1075 (2000). 
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DISCUSSION 

The paper was presented by D Staiger 

F Lam commented that practical adjustment factors to account for tooth embedment 
gap are available from N. America TPI/TPIC standard for cross reference: no 
adjustment for embedment gap < 0.8 mm; ineffective for embedment gap > 1.6 mm; 
60% effective for embedment gas between 0.8 mm and 1.6 mm. 

S Winter and D Staiger discussed the arrangement of nail plate installation procedure 
with the plates being slightly inclined to represent a partially withdrawn plate. 

G Doudak commented about bending of teeth from shrinkage of the wood. D Staiger 
said that in reality the detachment was not uniform hence the test considered this 
fact. 

G Doudak said that there is large difference between model and test results in the 
zero gap case. D Staiger explained that the difference is between mean vs 
characteristic value. 

U Hübner commented that detachment of tooth plates is common and asked how 
would one remedy these cases. D Staiger responded that the goal of the work is to 
understand the phenomenon as a first step. They tried to push the plates back into the 
wood but it was not successful. 

C Sandhaas asked would it be possible to propose considering gaps in the initial stage 
of design. D Staiger responded that there are other effects to be considered including 
plate geometry, teeth design, timber properties, etc.   

S Winter commented that tooth plates with shorter nail lengths compared to the one 
tested are commonly used in Germany. 

J Smart and D Staiger agreed that relaxation of the wood could cause further 
withdrawal. 

D Staiger commented that manufacturers already knew about this issue. 

T Tannert asked about micro teeth system which need to be compressed into the 
wood. 

U Hübner commented that 25% of the teeth area is allowed to have gaps of 1 mm. 
Practical ways to consider this issue economically are needed. He commented about 
cyclic and drying conditions in service vs test conditions. 

P Dietsch suggested to add some illustrations to the paper. 
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1 Introduction 
According to prEN 1995-1-1 (2023) the lateral stiffness of light timber-framed shear 
walls (LTFWs) is governed by their load-carrying components (fasteners, sheathing, 
framing, and anchorages). European and national regulations for fire safety of multi-
storey timber buildings require additional cladding for fire protection. Fasteners of 
claddings are usually attached to the framing through the sheathing, which leads to 
additional sheathing-to-framing and cladding-to-sheathing connections (Figure 1). 
The contribution of cladding and its fasteners are neglected so far in the calculation 
models according to EN 1995-1-1 (EC 5) and prEN 1995-1-1. 

              

Figure 1. Components of a LTFW with cladding (left) and a detail of the sheathing-to-framing 
connection (right). 
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Neglecting claddings and their sheathing-to-framing connections is unfavourable in 
two respects: (i) the economic potential of the structure (increased resistance and 
stiffness) is not exploited and (ii) it may lead to an unsafe seismic design – since for 
seismic design using response spectra, the structural model requires a realistic as-
sessment of the properties (i.e. stiffness, load-carrying capacity and ductility) of all 
relevant components. Rauber et al. (2024) showed a large increase in lateral load-
carrying capacity due to staples of claddings contributing to the sheathing-to-framing 
connection and proposed an analytical resistance model – the stiffness was not yet 
addressed. 

In this contribution a proposal for an analytical model to calculate the stiffness of 
LTFWs with cladding is presented and validated by experimental data. The influence 
of claddings was investigated by testing 62 LTFWs regarding the lateral load-
displacement behaviour, see Rauber et al. (2024) and (2025). The analytical model 
considers the additional sheathing-to-framing and cladding-to-sheathing connections 
and introduces an upper and a lower bound value of the lateral stiffness. 

2 State of the Art 
First known experimental tests on LTFWs with cladding were performed by Glos et al. 
(1985). In the international literature tests by Chen et al. (2016) and Valdivieso et al. 
(2023) were found. The own test results regarding LTFWs with cladding were already 
presented in Rauber et al. (2024) and (2025). All test results confirmed a significant 
increase of load-carrying capacity and of stiffness for LTFWs with additional cladding 
in comparison to reference tests without cladding. 

An analytical model for the assessment of the lateral stiffness of LTFWs with cladding 
or multiple sheathing layers is not known to the authors. The state-of-the-art formu-
las to calculate the lateral top displacement of wall diaphragms due to deformation 
of the individual components for LTFWs with sheathing is given in prEN 1995-1-1. 

3 Materials and Methods 
3.1 Proposed Analytical Model 

The proposed analytical model for calculating the stiffness of LTFWs with claddings 
supplements the model provided in prEN 1995-1-1 by three parts: (i) the strength-
ened sheathing-to-framing connection due to cladding fasteners; (ii) the cladding-to-
sheathing connection and (iii) the shear stiffness of the cladding panels. As the test 
results for the stiffness vary more than the load-carrying capacity, a lower and an up-
per bound for the stiffness calculation are introduced. The lower bound stiffness 
seems sufficient for serviceability limit state (SLS) verifications. For seismic design us-
ing response spectra, an introduction of the upper bound lateral wall stiffness is rea-
sonable, as the assessment of the seismic load depends on a realistic stiffness calcu-
lation for the walls. To this end the contributions (ii) and (iii) to the stiffness are con-
sidered only for the upper bound stiffness calculation. 
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Figure 2. Structural scheme for an effective LTFW diaphragm with sheathing and cladding (left) and 
effective fastener spacing 𝑠𝑒𝑓𝑓 in the sheathing-to-framing connection (right). 

This contribution considers only displacement components that lead to shear defor-
mation between top and bottom rail. The considered components are the displace-
ment 𝑢K resulting from the deformation of the sheathing-to-framing connections, 
the displacement 𝑢N resulting from the axial deformation of the framing and the dis-
placement 𝑢G resulting from the shear deformation of the sheathing (and cladding). 

The shear stiffness 𝐾shear of LTFW is then calculated using the following formula: 

𝐾shear =
𝐹v,Ed

𝑢K + 𝑢G + 𝑢N 
=

𝐹v,Ed

𝑢𝑠ℎ𝑒𝑎𝑟,𝑐𝑎𝑙𝑐
 (1) 

where 𝐹v,Ed is the horizontal force acting at the top rail and 𝑢𝑠ℎ𝑒𝑎𝑟,𝑐𝑎𝑙𝑐  is the corre-
sponding lateral top displacement from the above-mentioned components. 

3.1.1 Upper and Lower Bound Values of the Lateral Stiffness 

The lower (𝐾min) and upper bound lateral stiffness (𝐾max) are elaborated hereafter 
and displayed in Figure 3. For the lower and upper bound all fasteners in the sheath-
ing-to-framing connection are considered (including the ones from cladding). 

  
Figure 3. Scetch of the lower (left) and upper bound (right) lateral stiffness for LTFWs with cladding. 
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Two different displacement mechanisms of the panels are assumed: (i) for the lower 
bound stiffness the deformations of the fasteners at the perimeter of all individual 
sheathing panels are considered to calculate 𝑢K; (ii) for the upper bound stiffness the 
deformation of the fasteners at the perimeter of a combined panel of sheathing and 
cladding are considered, assuming composite behaviour of the panels. 

The calculation of displacements from the shear deformation of the panels 𝑢𝐺  differs 
also: (i) for the lower bound only the shear moduli of the sheathing panels are con-
sidered in the calculation; (ii) for the upper bound the shear moduli of the cladding 
panels are added. 

3.1.2 Displacement from the deformation of the sheathing-to-framing connections 

The displacement 𝑢K resulting from the deformation of the sheathing-to-framing 
connections is calculated by the following formula: 

𝑢K =
𝐹v,Ed/𝑏i

2

𝐾ser,1/𝑠eff,1 + 𝐾ser,2/𝑠eff,2
⋅ (2ℎ ⋅ 𝑛p,l + 2𝑏i ⋅ 𝑛p,h) (2) 

where 𝐹v,Ed is the horizontal force acting in the top rail, 𝑏i is the length of the effec-
tive diaphragm (as in EC 5; 𝑙 in prEN 1995-1-1), 𝐾ser,1 and 𝐾ser,2 are the slip moduli of 
the sheathing-to-framing fasteners on each side of the framing (renamed 𝐾SLS in 
prEN 1995-1-1), 𝑠eff,1 and 𝑠eff,2 are the effective spacing in the sheathing-to-framing 
connection on each side of the framing (𝑎1 in prEN 1995-1-1), ℎ is the height of the 
effective diaphragm, 𝑛p,l is the number of consecutive sheathing panels along the 

length of the effective diaphragm and 𝑛p,h is the number of panels stacked along the 

height of the effective diaphragm. 

For the upper bound value of the lateral wall stiffness 𝐾max the number of horizontal 
and vertical panels are taken to 𝑛p,h = 𝑛p,l = 1 corresponding to one large panel. 

The formula for the lateral slip modulus 𝐾ser (𝐾SLS) of staples has changed from EC 5 
to prEN 1995-1-1. Both approaches are compared within this contribution. According 
to EC 5 the formula for the lateral slip modulus per staple leg 𝐾ser is: 

𝐾ser = 𝜌m
1,5𝑑0,8/80 (3) 

where 𝜌m is the mean density in kg/m³ and 𝑑 is the diameter of the fastener in mm.  

According to prEN 1995-1-1 the formula for the lateral slip modulus per staple leg for 
coated staples in wood-based panel to timber connections 𝐾SLS is: 

𝐾SLS = 𝜌mean
1,5𝑑/60 (4) 

where 𝜌mean is the mean density in kg/m³ and 𝑑 the diameter of the fastener in mm. 
Obviously, the formula in prEN 1995-1-1 leads to higher slip moduli. 

3.1.3 Displacement from the shear deformation of sheathing and cladding 

For the displacement 𝑢𝐺  from the shear deformation of the sheathing (and cladding) 
panels, a distinction between the upper and lower bound stiffness is made. 
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For the lower bound stiffness of LTFWs with cladding the following formula is used 
for the displacement 𝑢G from the shear deformation of the sheathing panels: 

𝑢G =
𝐹v,Ed/𝑏i ⋅ ℎ

(𝐺p,1 ⋅ 𝑡p,1 + 𝐺p,2 ⋅ 𝑡p,2)
 (5) 

For the upper bound the formula above is extended by the shear moduli of the clad-
ding panels: 

𝑢G =
𝐹v,Ed/𝑏i ⋅ ℎ

(𝐺p,1 ⋅ 𝑡p,1 + 𝐺c,1 ⋅ 𝑡c,1 + 𝐺p,2 ⋅ 𝑡p,2 + 𝐺c,2 ⋅ 𝑡c,2)
 (6) 

where 𝐹v,Ed is the horizontal force acting at the top rail, 𝑏i is the length of the effec-
tive diaphragm, ℎ is the height of the effective diaphragm, 𝐺p,1 and 𝐺p,2 are the shear 

moduli of the sheathing panels fixed to each side of the framing, 𝑡p,1 and 𝑡p,2 are the 

thicknesses of the sheathing panels fixed to each side of the framing, 𝐺c,1 and 𝐺c,1 are 
the shear moduli of the cladding panels fixed to each side of the framing, 𝑡c,1 and 𝑡c,2 
are the thicknesses of the cladding panels fixed to each side of the framing. 

3.1.4 Displacement from the axial deformation of the framing 

The displacement 𝑢N from the axial deformation of the framing is calculated by: 

𝑢N =
2

3
⋅

𝐹v,Ed

𝐸0,mean
⋅ (

𝑏i

𝐴rail
+

ℎ3

𝐴stud ⋅ 𝑏i
2) (7) 

where 𝐹v,Ed is the horizontal force acting in the top rail, 𝑏i is the length of the effec-
tive diaphragm, ℎ is the height of the effective diaphragm, 𝐸0,mean is the mean modu-

lus of elasticity parallel to grain of the edge framing, 𝐴rail is the average cross-section 
area of the top and bottom rails and 𝐴stud is the average cross-section area of the 
leading and trailing studs. 

3.1.5 Input Values for Model Validation 

In this contribution the above-mentioned formulas are used to calculate 𝑢K, 𝑢G and 
𝑢N as well as 𝐾shear. The values inserted in the equations are described hereafter. For 
the frame characteristics the mean modulus of elasticity 𝐸0,mean parallel to grain of 
the framing made of structural timber and the mean density 𝜌mean,frame are taken 
from DIN EN 338. 

For the panels made of OSB, values provided in DIN EN 12369-1 are used, namely the 
mean shear modulus 𝐺p,OSB and the characteristic density 𝜌k,OSB (the mean density 

𝜌m for panels is not available in standards). For panels made of GFB, the mean shear 
modulus 𝐺p,GFB and 𝐺c,GFB as well as the characteristic density 𝜌k,GFB are taken from 

ETA-03/0050, as this GFB type was used in the tests. 

As the densities of sheathing panels and framing differ, the formula 𝜌m = 𝜌mean =

√𝜌mean,frame ⋅ 𝜌k,sheathing is used to calculate the input for 𝐾ser resp. 𝐾SLS. 
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3.2 Experimental Investigations 

In total 62 experimental tests on LTFWs (2.50 × 2.50 m) were performed and used to 
validate the analytical model. The specimens and test setup were already described 
in detail by Rauber et al. (2024) in last year’s INTER meeting and in Rauber et al. 
(2025). Therefore, only a brief description of the tests is given here, focussing on the 
measurement of the displacements and the evaluation of the stiffness. 

LTFWs with additional gypsum fibre board (GFB) cladding and reference walls with 
only sheathing (OSB or GFB) were tested. The tests were performed using monotonic 
or cyclic horizontal loading according to ISO 21581 (2010). The individual displace-
ments of the components were measured by transducers and an optical system. 
Within this contribution the values obtained by the transducers are considered. 

Three displacements were investigated for the analytical model: the sheathing panel 
shear deformation (𝑢G), the displacement from the deformation of the sheathing-to-
framing connection (𝑢K) and the displacement from the axial deformation of the 
framing (𝑢N). As only these displacements are considered for the stiffness calcula-
tions, rigid body translation and rotation were subtracted from the total deformation 
of the test specimens to get the shear displacement. 

3.2.1 Materials 

Structural timber of strength class C24 was used for the framing. The top and bottom 
rails had a cross-section of 120 × 200 mm; the studs had a cross-section of 80 × 
200 mm. The sheathing consisted of OSB/3 boards (t = 15 mm), provided by Egger 
Holzwerkstoffe Wismar GmbH & Co. KG, or gypsum fibre boards (GFB) with a thick-
ness of t = 12.5 or 18 mm, provided by James Hardie Europe GmbH (fermacell®). The 
cladding consisted of the same GFB boards. Boards of the same thickness were ob-
tained from the same production batch. The board dimensions were 1.25 × 2.50 m. 

The fasteners used were resin-coated staples, provided by ITW Befestigungssysteme 
GmbH (Haubold). Two types of staples were used: (i) HD 7900 with a diameter of ⌀ = 
1.80 mm and a length of L = 65 mm (or L = 75 mm for the second GFB layer in wall 
type 07); (ii) KG 700 CDNK (divergent staples), with ⌀ = 1.53 mm and L = 35 mm for 
the board-to-board connection of wall type 10. 

Two Simpson Strong-Tie HTT31 anchors were fully attached to each side of the wall 
using 41 nails (TJEP KA 40/60 mm) and four screws (CSA5.0×80). 

3.2.2 Test Specimens 

All test specimens had a sheathing area of 2.50 × 2.50 m (Figure 4) and a fastener 
spacing of s = 75 mm (so far not stated otherwise). The cladding was offset by half of 
the sheathing panel width and the cladding fasteners were offset by s/2 to the 
sheathing ones (if not stated otherwise). The LTFW specimens were manufactured at 
the facilities of Adams Holzbau-Fertigbau GmbH and delivered to the lab at RWTH 
Aachen, where the experimental tests were performed. 
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Claddings were always fastened through the sheathing into the framing – except for 
specimen type 10, where it was fastened board-to-board with shorter and divergent 
staples. 

  

(a) Reference specimens without cladding (b) Specimens with one cladding layer 

Figure 4. Dimensions and sheathing (and cladding) panel arrangement of the LTFW test specimens. 

3.2.3 Tests on LTFWs with single-sided sheathing 

Within the first test series the lateral load-displacement behaviour of LTFWs with and 
without cladding was tested with single-sided sheathing. The sheathing and cladding 
arrangement is shown in Figure 5. The test-specimen data for the experimental series 
with single-sided sheathing are shown in Table 1. 

Table 1. Experimental series of LTFWs with single-sided sheathing. 

Series Type Number Sheathing Cladding Staples Notes 

[-] [-] m* c* t [mm] t [mm] ⌀ - L [mm] [-] 

0 

01 2 1 OSB 15 - 1.80 - 65  

02 1 1 OSB 15 - 1.80 - 65 frame not notched 

03 2 1 GFB 12.5 - 1.80 - 65  

04 1 1 GFB 18 - 1.80 - 65  

1 

05 2 1 OSB 15 GFB 12.5 1.80 - 65  

06 1 1 OSB 15 GFB 18 1.80 - 65  

07 1 1 OSB 15 2 × GFB 18 1.80 - 65 
2nd clad. with staples 1.80-75 and 
without min. spacing in sheathing 

2 

08 2 1 GFB 12.5 GFB 12.5 1.80 - 65  

09 1 1 GFB 18 GFB 18 1.80 - 65  

10 1 1 GFB 18 GFB 18 1.53 - 35 fastened board-to-board 

*monotonic (m) or cyclic (c) according to ISO 21581 (2010) 
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(a) Type 01, 02, 03, 04 (b) Type 05, 06, 08, 09 (c) Type 07 (d) Type 10 

Figure 5. Fastener details in top rail of the test specimens with single-sided sheathing. 

3.2.4 Tests on LTFWs with double-sided sheathing 

Within the second test series the lateral load-carrying capacities of LTFWs with and 
without cladding were tested with double-sided sheathing. The sheathing and clad-
ding arrangement is shown in Figure 6. The test-specimen data for the experimental 
series with double-sided sheathing are shown in Table 2. 

Table 2. Experimental series of LTFWs with double-sided sheathing. 

Series Type Number Sheathing Cladding Staples Spacing Notes 

[-] [-] m* c* t [mm] t [mm] ⌀ - L [mm] s [mm] [-] 

3 
11 2 0 OSB 15 - 1.80 - 65 75  

12 2 0 OSB 15 GFB 12.5 1.80 - 65 75 without min. spacings 

4 

13 4 3 OSB 15 - 1.80 - 65 75  

14 2 1 OSB 15 - 1.80 - 65 37.5 doubled no. of staples 

15 5 3 GFB 18  1.80 - 65 86.6  

5 
16 5 3 OSB 15 GFB 18 1.80 - 65 75  

17 5 3 GFB 18 GFB 18 1.80 - 65 86.6  

*monotonic (m) or cyclic (c) according to ISO 21581 (2010) 

 

    

(a) Type 11, 13 and 15 (b) Type 14 (c) Type 12 (d) Type 16 and 17 

Figure 6. Fastener details in the top rail of the test specimens with double-sided sheathing. 
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3.2.5 Evaluation of the experimental lateral stiffness 

The shear deformation 𝑢shear,exp of the top rail was calculated by subtracting the 

specimen’s rigid body translation and rotation with the measured displacement at 
the horizontal supports and vertical anchorages, as shown in formula (8): 

𝑢shear,exp = 𝑢h,tr − 𝑢h,br − (𝑢v,A − 𝑢v,B) ⋅
ℎ

𝑏i
 (8) 

where 𝑢h,tr is the horizontal displacement of the top rail, 𝑢h,br is the horizontal dis-
placement of the bottom rail, 𝑢v,A and 𝑢v,B are the vertical displacements at support 
A and B, ℎ is the height of the specimen and 𝑏i is the length of the wall specimen. 

The experimental lateral stiffness 𝐾exp is then calculated for each test specimen with 

the shear deformation 𝑢shear,exp and the experimental load-carrying capacity 𝐹max by: 

𝐾exp =
0,3𝐹max

𝑢0,4Fmax − 𝑢0,1Fmax
 (9) 

where 𝐹max is the lateral load-carrying capacity of the specimen, 𝑢0,4Fmax is the shear 

deformation 𝑢shear,exp at 40% of 𝐹max and 𝑢0,1Fmax is 𝑢shear,exp at 10% of 𝐹max. For the 

cyclic tests the first envelope curve is taken to evaluate 𝐾exp. 

4 Results 
4.1 Experimental Results 

The deformation figures at the end of the tests of a reference specimen with OSB 
sheathing only and a specimen with additional cladding are shown in Figure 7. 

  

(a) Reference specimen, type 13 (b) Specimen with one cladding layer, type 16 

Figure 7. Displacement figures at the test end: a) reference specimen with OSB only (displacement of 
individual sheathing panels); b) specimen with OSB sheathing and an additional GFB cladding layer 
(displacement as a composite panel of sheathing and cladding). 
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Although the displacements are rather small, the difference between the defor-
mation characteristics of the reference and the cladded specimen are visible at the 
bottom of the specimens. While the sheathing panels of the reference tests usually 
rotated as individual panels (relative displacement); the panels of the specimens with 
additional cladding rotated as one large composite panel of sheathing and cladding. 

Figure 8 shows a comparison of the experimental lateral stiffnesses 𝐾exp for the spec-

imens with double-sided sheathing (resp. cladding). The OSB sheathed tests need a 
closer look. Three OSB types are compared: 

• OSB sheathing with the standard staple spacing of s = 75 mm, 

• OSB+GFB with OSB sheathing and GFB cladding (each fastened with s = 75 mm), 

• OSB_dSt with just OSB but the same no. of staples as OSB+GFB (s = 37,5 mm). 

It can be observed that the OSB reference test has the lowest stiffness value; 
OSB+GFB show the highest and the OSB_dSt value is between the others. 

 
Figure 8. Bar chart of the mean experimental lateral stiffnesses Kexp with standard deviation for the 
specimen types with double-sided sheathing. 

4.2 Comparison of analytical model and test results 

A comparison of the stiffness calculated with the proposed model 𝐾shear versus the 
test results 𝐾exp for the different wall types is shown in the figures below. Two calcu-

lation variants are shown: 

• Figure 9 shows the results using the staple slip modulus 𝐾ser according to EC 5, 

• Figure 10 shows the results using the slip modulus 𝐾SLS from prEN 1995-1-1. 

   

    

   
   

    

   

    

   
   

    

   

   

   

   

    

    

    

    

    

 
  
 
 
  

 
 

                

254

INTER / 58 - 15 - 1



 

For the calculated stiffnesses a value range is provided: from the lower bound 𝐾min to 
the upper bound 𝐾max, as described in 3.1.1. The bar charts show that the calculated 
stiffnesses using the staple slip modulus 𝐾ser (EC 5) are lower than using 𝐾SLS (prEN). 

 
Figure 9. Bar chart comparison of stiffnesses: experimental versus calculated with Kser acc. to EC 5. 

 
Figure 10. Bar chart comparison of stiffnesses: experimental versus calculated with KSLS according to 
prEN 1995-1-1 (scaled differenty than Figure 9). 
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5 Discussion 
The experimental results for the tested LTFWs show a large increase of the lateral 
stiffness due to additional claddings (and their fasteners). The comparison of the 
three specimen types (OSB, OSB+GFB and OSB_dSt) in Figure 8 shows that the in-
crease of stiffness does not result from the strengthened sheathing-to-framing con-
nection alone. The cladding-to-sheathing connection is also activated in the “linear-
elastic” part of the load-displacement curve and leads to higher stiffnesses. 

Rauber et al. (2024) indicated that the load-carrying capacity of LTFWs with multiple 
panel layers is governed by the sheathing-to-framing connection, as the total shear 
must be transferred through this connection’s shear plane. For the stiffness, howev-
er, we assume that the cladding-to-sheathing connection is also activated and thus 
increases the wall’s lateral stiffness. The observed displacement figures of the tests 
(Figure 7) support this claim, as they show sheathing and cladding acting as a compo-
site panel. That leads to significantly lower displacements of the fasteners in the 
sheathing-to-framing connection at the inner studs. The composite action of sheath-
ing and cladding also leads to lower shear deformations of the sheathing. The clad-
ding is also activated and increases the shear modulus of the composite panel. 

It could be considered that the tests were not performed under reference climate 
conditions and the moisture content in the timber framing was higher than 12% (on 
average 13,8% for the single-sided and 14,3% for the double-sided specimens). This 
could lead to slightly lower-than-expected stiffness values. 

The analytical stiffness model of prEN 1995-1-1 does not consider effects of cladding 
and its fasteners. The presented analytical model in this contribution gives a first ap-
proach to consider the effects of additional cladding. The model allows calculation of 
the increased stiffnesses for cladded LTFWs and leads to closer estimates than the 
current standard. 

The stiffness model however does not reflect the test results as good als the model 
for the load-carrying capacity. This might be due to higher scattering of the stiffness 
values in the experimental data as well as the lack of more precise input values for 
the slip moduli and mean material values. 

Two boundary values are introduced for the analytical stiffness, a lower and an upper 
bound. The introduction of the lower and upper bound seems reasonable, as the 
stiffness values scatter. To calculate the stiffness on the safe side by a lower bound 
for SLS and an upper bound for seismic loads could be an approach for the practice. 

For LTFWs the calculation of the staple slip modulus has a large influence onto the 
calculated wall stiffness, as seen in Figure 9 and Figure 10. The slip modulus for sta-
ples in EC 5 seems to underestimate the wall stiffness, while the slip modulus of prEN 
leads to a slight overestimation. Keeping in mind the moisture content in the tests, 
𝐾SLS from prEN might be in better agreement for standard climate conditions. 
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6 Summary and Outlook 
Within this contribution an analytical model for the lateral stiffness of LTFWs with 
multiple panel layers (sheathing + cladding) is presented. The model consists of calcu-
lation formulas for the lower and upper bound stiffness. The lower bound just con-
siders the additional cladding fasteners in the sheathing-to-framing connection. The 
upper bound additionally considers the cladding-to-framing connection and shear 
modulus of the cladding. To validate the model, test results from LTFW tests with and 
without cladding are used. The following conclusions can be drawn: 

• The tests show that cladding and its fasteners influence the lateral stiffness of 
LTFWs significantly. 

• The tests show that the stiffness increase results not from the strengthened 
sheathing-to-framing connection only, but that the cladding-to-sheathing connec-
tion and shear in the cladding are also activated. 

• The proposed analytical model considers multiple panel layers and thus predicts 
the behaviour of cladded walls more realistically than current standards (prEN). 

• The lower and upper bound seem a reasonable approach for practical applications. 

• The slip modulus of staples in EC 5 and prEN 1995-1-1 differ largely. Application of 
prEN leads to higher wall stiffnesses. 

The presented stiffness increase by claddings and its fasteners should be considered 
in future standards – especially for seismic design. This contribution provides a first 
analytical approach for standards to calculate the displacement and stiffness of 
LTFWs with multiple panel layers (of sheathing and cladding). 
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DISCUSSION 

The paper was presented by L Rauber 

A Ceccotti received confirmation that no vertical load was added. He commented that 
Canadian results a couple of decades ago showed gypsum system should have 
reduced ductility. If the strength of the cladding is reduced, the R‐factor should be 
reduced as well. 

T Skaggs questioned why OSB + cladding showed doubled capacity but not stiffness. 

G Doudak asked about whether stronger hold‐downs would be needed. L Rauber said 
the hold‐down had high capacity and they also tested GTB wall alone. 

R Tomasi and L Rauber discussed just using the lateral slip modulus from nails in the 
modeling process. R Tomasi received clarification if separate tests on staples were 
done. C Sandhaas commented that the test setup cannot take load in a specific 
direction. 

S Winter commented that the doubled load capacity is due to the reduction of nail 
spacing. It is a plastic situation that Eurocode takes into consideration in design. In the 
elastic range, cladding can participate but not in the plastic range; hence, explaining 
the stiffness issue. He commented about fire design fixing. Tests should be conducted 
in density values and kser and timber properties should be measured, instead of taking 
properties from standards.  

P Dietsch commented on the level of activation of fasteners against the stud. L Rauber 
said the analytical formulation considered cladding as single plate and OSB panels as 
second plate. 
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1 Introduction 
Mass timber is increasingly preferred for engineered buildings due to its sustainabil-
ity, lightweight properties, and efficient construction. Cross Laminated Timber (CLT), 
with its low cost and bidirectional properties, has been a focus of extensive research 
in the last two decades (Dujic, et al., 2004), (Popovski, et al., 2010) and (Lindt, et al., 
2020). CLT offers integrated benefits, serving as both a primary structural component 
and a Lateral Load-Resisting System (LLRS), while also providing biophilic interior fin-
ishes. 

As an LLRS, CLT walls behave rigidly, with ductility and damage typically concentrated 
at the base connections (Ceccotti, et al., 2013). Various conventional and Low Dam-
age Design (LDD) connection options have been researched, with those most relevant 
to this paper discussed herein. The conventional systems include CLT walls with con-
ventional hold-downs and couplers that are prone to damage, which results in 
pinched hysteresis and stiffness degradation (Ceccotti, et al., 2013), (Popovski & Gav-
ric, 2016) and (Amini, 2018). Furthermore, these systems exhibit either rocking or 
sliding mechanisms, with rocking behaviour typically dominating in walls with aspect 
ratios designed for high ductility. Furthermore, the rocking behaviour presents 

261

INTER / 58 - 15 - 2



displacement compatibility challenges with connecting diaphragms (Palermo, et al., 
2005). 

The evolution of CLT connection research has progressed from traditional dowel-type 
fasteners to advanced self-centering systems. Ringhofer et al. (2018) established 
comprehensive design approaches for dowel-type fasteners in CLT, defining failure 
modes including dowel yielding, timber embedment, and brittle mechanisms such as 
splitting and plug shear, while Brandner et al. (2016) demonstrated the 'rope effect' 
in bolted connections that enhances capacity through axial force interaction. Concur-
rently, research has emphasized the need for connections accommodating large de-
formations without brittle failure (van de Kuilen et al., 2011), leading to specialized 
connectors designed for ductility and low-damage performance. Foundational work 
on inclined self-tapping screws by Uibel and Blaß (2007) demonstrated superior axial 
stiffness and withdrawal capacity, becoming fundamental to modern high-perfor-
mance CLT connections. These connections were used in this study along with the 
work by Hashemi et al. (2016) to form stiffer and damage free connections. This pro-
gression from damage-prone conventional systems to advanced self-centering sys-
tems with separate energy dissipation elements represents a paradigm shift toward 
achieving seismically resilient structures suitable for rapid post-earthquake reoccupa-
tion 

LDD concepts for CLT walls include systems with Post-tensioned (PT) cables (Sarti, et 
al., 2016 and Iqbal, et al., 2015) and wall systems incorporating resilient dampers and 
couplers (Hashemi, et al., 2016, Chan, et al., 2020 and Agarwal, et al., 2023). Several 
studies that have investigated rocking CLT walls with post-tensioned (PT) cables, in-
cluding full-scale experimental programs include Sarti et al., 2016; Pei et al., 2012, 
2018 and Blomgren et al., 2019. The NEHRI tall wood projects (Dowden et al., 2025 
and Pei et al., 2024) have further contributed notably to compliant design procedures 
for rocking CLT walls with PT cables. 

Most of these full-scale tests involved PT cables. Rocking CLT walls with PT cables re-
quire machining of the CLT panels and may need long-term monitoring of the PT 
force due to timber creep, potentially reducing the system's competitiveness 
(Blomgren, et al., 2019). Furthermore, many of these tests, including recent work by 
Amer et al. (2023), have indicated crushing damage at the rocking toe, leading to a 
loss of initial stiffness. However, the demand for higher performance, particularly in 
seismic regions, has driven the development beyond these conventional systems. 
This study investigates a non-PT alternative using resilient hold-downs, which may of-
fer a more competitive and practical solution for a broader range of projects. Fur-
thermore, this work provides crucial performance data, expanding the global 
knowledge base for diverse resilient timber systems. 

This experimental work also provides the necessary data to determine and quantify 
the seismic behaviour factor (separate study) such as q-factor, used in European seis-
mic design codes like Eurocode 8 (CEN, 2004). The q-factor allows for reduction of 
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seismic design forces based on the structure's ability to dissipate energy through duc-
tile behaviour, overstrength, and redundancy. For novel systems like the one pre-
sented, the q-factor must be determined through extensive testing (Follesa et al., 
2018). 

1.1 Research Plan 
To address the above discussed research gap in full-scale testing of CLT walls with 
self-centering hold-downs (without PT cables), this research programme investigates 
the holistic behaviour of a complete CLT structural system. This project involves the 
construction and testing of a complete full-scale CLT structure, including columns, 
beams, and floors (Figure 1.1). 

Figure 1.1. Test setup for two story full-scale CLT building. 

The two-story test setup consists of two CLT walls in the longitudinal direction as the 
primary LLRS. Although a single CLT wall would have sufficed structurally, two walls 
were intentionally incorporated to investigate the coupled wall behaviour with con-
ventional friction dampers. Tension-only X-bracing provided lateral stability in the 
transverse direction. The CLT walls were decoupled from the gravity system for the 
initial two test phases and transfer only lateral forces. The overall dimensions of the 
test structure are 6 meters long, 6 meters high, and 4 meters wide. The performance 
of various connections, including column-to-column, column-to-beam, column-to-
brace, and column base connections, was evaluated under high drifts (Figure 1.2). 
Moreover, the structural design specifically addresses challenges identified in previ-
ous research, such as toe crushing and the associated loss of initial stiffness. The CLT 
walls were also tested in a coupled configuration using conventional friction dampers 
in combination with self-centering resilient hold-downs. 
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Figure 1.2. Left to right: column -column / column beam/ column brace connection, column with top 
connector plate, column base connection. 

Quasi-static testing, using the FEMA 461 reversed cyclic loading protocol to achieve 
up to 4% drift was completed. Collaboration and funding are actively being sought for 
future shake table testing of the structure. 

2 Connections for CLT Building 
The connection design for the experimental setup was developed to be versatile, al-
lowing for multiple test configurations while adhering to capacity design require-
ments, ensuring displacement compatibility, incorporating findings from existing re-
search (Ringhofer, et al., 2018 and Franke & Quenneville, 2011), and complying with 
relevant code provisions (Eurocode 5, 2008).The inclined self-tapping screws (STS) 
with high axial stiffness (Uibel and Blaß, 2007) and dowel-type connections following 
European seismic design principles to localize ductility in steel fasteners and prevent 
brittle timber failure modes (Tomasi and Smith, 2015) were used, aiming for robust 
strength hierarchy and predictable ductile performance at drifts corresponding to 
collapse (4%). 

The structure utilized a combination of bolted connections and inclined self-tapping 
screws. Column base connections employed knife plates with 12 mm diameter bolts 
(Figure 1.2 and Figure 2.1). A complex connection was designed at the column-to-col-
umn interface to transfer forces between columns, from the beams, and from the 
transverse bracing system. This connection also incorporated a mechanism to selec-
tively disengage beam support from the CLT slab and to transfer gravity loads from 
the CLT wall to the gravity columns and ledge beam during later test phases. The 
complexity of these requirements led to the selection of external steel-plated con-
nections over a potentially more aesthetically pleasing knife plate arrangement. 
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Figure 2.1. Clockwise from top left: column base connection, column beam and brace connection, 
rocking shear wall with shear key and rocking toes, coupling damper connection between walls. 

2.1 Self-tapping screws 
The capacity design was implemented using overstrength factors (OSF) of 1.35 for the 
hold-down connections and 1.2 for the friction couplers. Although additional screw 
holes were detailed to accommodate potential fastener withdrawal, none has been 
observed up to 2.5% drift, confirming excellent displacement compatibility (Figure 
2.1). The inclined screws were installed using custom-made jigs and welding inclined 
cut CHS sections to connection plates, resulting in screw angles ranging from 40 to 50 
degrees, thereby simulating variations likely to occur under typical site conditions. 

3 CLT building testing 
Following the application of the FEMA 461 reversed cyclic loading protocol up to 
4.1% drift, the structure was examined for damage. The results indicate that the low-
damage design performed as expected; no significant damage, screw withdrawal, or 
movement was observed in any connection plate. The connections between the grav-
ity-resisting system and the LLRS exhibited synchronized behaviour, confirming full 
displacement compatibility. A selection of bolted base plate connections was disas-
sembled for inspection, revealing no evidence of timber crushing. 

265

INTER / 58 - 15 - 2



3.1 Selected Key Results 
The hysteretic behaviour of the structure, which incorporates resilient hold-downs 
and coupled wall dampers, is presented here (Figure 3.1).   

Figure 3.1 Structure hysteresis for 2 storey full scale CLT structure with coupled rocking wall with 
conventional friction dampers and self-centering hold-downs. 

The structure achieved a displacement ductility of approximately 7.5.  The hysteresis 
loops demonstrate no noticeable stiffness or strength degradation with repeated cy-
cles, even up to 2.5% drift.  Furthermore, the hysteresis plots reveal an increased 
damped response when the walls were coupled using friction dampers, with damping 
estimated to be in the range of 25%.   

Figure 3.2 Structure hysteresis for 2 storey full-scale CLT structure with self-centering tension-only 
braces. 

The performance of the system can be highlighted by comparing its hysteretic re-
sponse to that of other CLT wall systems (as shown conceptually in Figure 3.2). 
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Conventional CLT walls with standard steel hold-downs and angle brackets typically 
exhibit a heavily 'pinched' hysteresis loop (Wright et al., 2024). This pinching, caused 
by timber embedment and fastener slip, results in significant stiffness degradation 
and lower energy dissipation capacity. In contrast, the system tested here produces 
stable, 'flag-shaped' loops characteristic of a well-behaved self-centering system. The 
wide, stable loops indicate high and repeatable energy dissipation from the friction 
dampers, while the unloading curve returning to near-zero force at zero displace-
ment demonstrates the excellent recentring provided by the resilient hold-downs. 
This behaviour is a significant improvement over both conventional systems, which 
suffer from large residual drifts, and purely post-tensioned systems, which may lack 
sufficient energy dissipation unless paired with supplemental dampers. 

To date, the structure has been subjected to more than 150 loading cycles, demon-
strating the repeatability and resilience of the designed system. The hysteresis loops, 
characterized by low static residual force, suggest a high degree of self-centering. 
This self-centering capability will be thoroughly investigated in a separate, dedicated 
study. The transverse hysteretic behaviour of the structure is also examined (Figure 
3.2). Notably, without supplemental friction dampers, the self-centering resilient 
brace system achieved excellent recentring capabilities even at high ductility de-
mands (μ_δ > 7.5). The inherent damping from the bracing system was in the range 
of 15-17%, with the system exhibiting full repeatability and no observable damage. 
Finally, the tests confirm displacement compatibility between the rocking LLRS in the 
longitudinal direction and the resilient bracing system in the orthogonal direction. 
More detailed information on the testing programme will be provided in the forth-
coming PhD thesis of the first author. 

Figure 3.3 Conceptual comparison of hysteresis loops: (left) conventional CLT Wall with STS screws 
(Wright et al., 2024)., (right) resilient rocking wall tested in this study at 4.1%.(with additional non-
self-centering dampers). 

Based on the experimental results, preliminary q-factor calculations can be per-
formed. The measured displacement ductility (μ_δ = 7.5) and overstrength factor (Ω 
≈ 1.8, estimated from the ratio of peak to design strength) suggest significant ductility 
and reserve capacity. The equivalent viscous damping of 25% for the coupled system 
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indicates superior energy dissipation compared to conventional timber systems (typi-
cally 5-10%). Using the methodologies outlined in Follesa et al. (2018), these perfor-
mance metrics suggest that a behaviour factor in the range of 4.5-6.0 could be justi-
fied for this system, representing a substantial improvement over conventional CLT 
wall systems (q = 2.0-3.0). However, final q-factor recommendations will require 
completion of the full test program, including comprehensive analysis. 

4 Conclusions 
This paper presents the preliminary results from an ongoing experimental pro-
gramme investigating the seismic performance of a two-story, full-scale CLT structure 
at the University of Auckland. The structure, constructed entirely from CLT, features 
rocking walls with resilient hold-downs as the primary LLRS in the longitudinal direc-
tion and resilient tension-only bracing in the transverse direction. The research fo-
cuses on the seismic behaviour of the LLRS, its compatibility with the gravity system, 
and the performance of key connections. Initial testing, conducted up to 2.5% drift 
following the FEMA 461 reversed cyclic loading protocol, has demonstrated the effec-
tiveness of the low-damage design philosophy. The structure exhibited stable hyster-
etic behaviour with no signs of stiffness or strength degradation, screw withdrawal, 
or connection damage. The connections between the gravity system and the LLRS 
maintained full displacement compatibility. 

The results also highlight the potential of this system for achieving high displacement 
ductility (μ_δ > 7.5) and significant levels of supplemental damping (ξ_eq ≈ 25%). The 
transverse system with resilient tension-only braces also demonstrated excellent per-
formance, achieving high ductility and inherent damping of 15-17% without supple-
mental devices. The successful integration of the longitudinal and transverse LLRS 
confirms the feasibility of this structural system for seismic applications. 

These initial findings provide valuable insights for the development of seismic design 
guidelines for resilient mass timber structures and their behaviour factors. The 
demonstrated high displacement ductility, robust energy dissipation, and re-center-
ing capability provide a strong basis for proposing a high behaviour factor (q-factor) 
for this structural system under codes like Eurocode 8. The lack of pinching and deg-
radation, combined with the measured overstrength, suggests that the system can be 
reliably designed for reduced seismic forces while ensuring a low-damage perfor-
mance objective. The ongoing research, including planned dynamic testing and shake 
table experiments, will further refine these recommendations and contribute to the 
broader adoption of sustainable and resilient mass timber construction. 
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DISCUSSION 

The paper was presented by P Quenneville 

T Tannert asked what is needed towards standardization of this proprietary system. P 
Quenneville responded that engineers have freedom to take responsibility for this 
system. 

T Tannert asked what is needed to get a generic system into the standard with for 
example R=6. P Quenneville said test data would be needed. 

G Doudak asked whether the R=3 is at the system level. P Quenneville responded that 
R=3 is based on reduction of base shear. G Doudak asked whether these systems were 
designed for a specific deformation level. P Quenneville responded they were designed 
to remain elastic. 

O Sisman asked whether overstrength factors were considered. He asked for strength 
limitation cases and if it would be advantageous to increase the strength of the 
damper without increasing the thickness of CLT. P Quenneville responded yes to both 
questions. 

A Ceccotti commented that this system can be used for very important structures. 
Smaller buildings with smaller consequence classes such as two or three‐storey 
structures do not need such sophistication. P Quenneville responded that the concept 
of resilient can be and should be applied to all buildings. 

R Scotta and P Quenneville discussed the role of steel in friction damping. 

P Dietsch commented that information on creep of post tensioned systems is available 
from the work of M Gräfe. He said for the system tested in this paper, a technical 
report should be provided as reference. P Quenneville said the work is reported in a 
PhD thesis. 
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1 Introduction 
Mass-timber buildings have gained substantial popularity over the past two decades, 
due to their appealing architectural aesthetics, reduced construction time, satisfacto-
ry fire resistance, and the sustainable nature of timber as a construction material. 
The wider adoption of mass-timber construction can help Canada achieve net-zero 
carbon emissions by 2050, address the housing crisis, and create employment oppor-
tunities in rural and Indigenous communities (Allan and Eaton, 2024). Given these ad-
vantages, the National Building Code of Canada (NBC) have relaxed the height limit 
for mass-timber construction and currently allows encapsulated mass-timber build-
ings up to 12 stories for office or residential occupancy. Conventional mass-timber 
seismic force-resisting systems (SFRSs) consist of either platform- or balloon-type 
Cross-Laminated Timber (CLT) shear walls. The ductility and energy dissipation of 
these buildings depend on the metal connectors between wood members. During 
seismic excitation, permanent damage to these connectors can result in significant 
residual drift of buildings, subsequent high repair costs, a risk of aftershock collapse, 
and the potential need for building demolition. To ensure post-earthquake resilience, 
a post-tensioned rocking wall system incorporating mass-timber panels (e.g., CLT) 
and replaceable energy dissipation devices (EDDs) can be utilized as SFRS in mass-
timber buildings (Palermo et al. 2005; Pei et al. 2019; Chen et al. 2020). Global efforts 
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have been made to explore the lateral behaviour and performance of such a system. 
Early development and experimental tests in New Zealand focused on post-tensioned 
Laminated Veneer Lumber (PT-LVL) walls with EDDs (Palermo et al. 2005). Due to the 
relative popularity and availability of CLT, studies in North America mostly focused on 
PT-CLT walls (Figure 1a). These included quasi-static cyclic tests (e.g., Chen et al. 
2018), multidirectional cyclic tests of PT-CLT wall-floor diaphragm sub-assemblies 
(Amer et al. 2024), and full-scale shaking table tests of two-story and ten-story PT-
CLT rocking wall buildings (Pei et al. 2019; Pei et al. 2024). Several studies have also 
examined the seismic performance of PT mass timber rocking walls using numerical 
modelling approaches (e.g., Kovacs and Wiebe 2019; Wichman 2023; Zhu et al. 2024, 
2025). All these studies demonstrated the system's adequate seismic performance 
and highlighted the promising applicability of the SFRS in Canada. Nonetheless, chal-
lenges remain for the practical adoption of this system in Canada due to the absence 
of system-specific seismic force modification factors (overstrength-related factor, Ro, 
and ductility-related factor, Rd) in the latest NBC (NRC 2020).  

 

In Canada, for existing SFRSs, Rd and Ro were derived largely based on engineering 
judgment, limited experimental tests, and comparison of relative seismic perfor-
mance among various SFRSs (Fazileh et al. 2023a). For newly developed mass-timber 
SFRSs, most previous studies followed FEMA P695 (FEMA 2009) to indirectly obtain 
or assess the validity of the proposed system-specific Rd and Ro factors. However, 
Fazileh et al. (2023a) identified that differences in seismic hazard, building seismic 
performance objectives (POs), and design requirements between Canada and the 
United States complicate the direct application of FEMA P695 to develop Canadian Rd 
and Ro factors. To address this incompatibility, efforts have been made to develop 
new procedures for determining Rd and Ro factors in Canada (DeVall et al., 2021; 
Fazileh et al., 2023a). The Canadian Construction Material Centre (CCMC) proposed 
evaluating Rd and Ro factors using nonlinear response history analysis (NLRHA) with 
ground motions scaled to 100% and 200% of the design level earthquake (DLE) (2% in 
50 years) (DeVall et al., 2021). Another effort was made by the seismic resilience 
team at the Construction Research Centre of the National Research Council Canada 
(NRC-CRC), which modified FEMA P695 to develop the Performance-Based Unified 
(PBU) method for evaluating Rd and Ro factors. Through conducting nonlinear static 
analysis, NLRHA, and incremental dynamic analysis (IDA) using ground motions se-
lected and scaled consistent with NBC, it can support the assessment of various POs 
such as immediate occupancy (IO), life safety (LS), and collapse prevention (CP). 
Hence, adopting the PBU approach can ensure that the development process consid-
ers Canadian seismicity, performance objectives, and design requirements. To facili-
tate practical adoption of PT-CLT walls as SFRSs in Canada, this study evaluates the Rd 
and Ro factors for PT-CLT rocking walls with EDDs following the PBU method. An Ro of 
1.5 and Rd of 4 were initially considered. To reflect potential variability in building ge-
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ometry, system configuration, and seismic hazards, 75 archetype buildings were de-
signed. A robust multi-spring numerical modelling strategy in OpenSeesPy was first 
validated with shaking table tests and then used to model all archetype buildings. 
Based on the PBU procedure, nonlinear static analysis was conducted to validate the 
Ro factor, followed by NLRHA to assess the seismic performance of archetype build-
ings and identify the critical archetypes. Finally, IDA was carried out for all archetypes 
to validate the Rd factor by examining building performance margin ratios (PMRs).  

 

2 SEISMIC FORCE MODIFICATION FACTOR 
EVALUATION FRAMEWORK 

In Canada, when performing seismic design using the equivalent static force proce-
dure (ESFP) or modal response spectrum analysis (MRSA), the product of Rd and Ro is 
used to reduce the elastic base shear force (NRC 2020). The Ro factor accounts for 
the overstrength arising from the difference between nominal and factored re-
sistance, from conservative selection and rounding of member and element size, 
from the ratio of actual yield strength to the minimum specified yield strength, from 
overstrength due to strain hardening, and from mobilizing the full capacity of the 
structure until a collapse mechanism is formed (Mitchell et al. 2003). The Rd factor is 
used to reflect the degree of ductility of SFRSs. In this study, Ro = 1.5 was adopted, 
considering the upper limit for Ro as 1.7 in NBCC (Mitchell et al. 2003). Rd of 4 was ini-
tially adopted and subsequently examined.  

The PBU method evaluates Rd and Ro through nonlinear analyses to determine 
whether designed structures meet the global PO as defined in the NBC or local limit 
states outlined in standards such as CSA O86 (CSA 2019). For global performance, 
NBC prescribed a 2.5% inter-story drift ratio (ISDR) limit under the DLE. For buildings 
in the normal importance category (e.g., offices or residential structures), this limit 
corresponds to extensive damage and aligns with performance objectives of LS (NRC 
2020). Wichman (2023) used ISDRs as proxies for system limit states, recommending 
thresholds of 1%, 2%, and 3% ISDRs corresponding to IO, Limited Repair (LR), and CP 
objectives, respectively, for resilient seismic design of post-tensioned mass-timber 
rocking wall buildings. Previous studies (Zhu et al., 2025) further adopted a 5% ISDR 
as the global collapse criterion, as this value represents the maximum drift compati-
bility between SFRS and mass-timber gravity frames. In summary, this study identifies 
five POs, with the PBU method primarily focusing on assessing LS and CP. An over-
view of the PBU procedure is presented in Figure 1. Readers can refer to Fazileh et al. 
(2023a, b) for further details regarding each step within the PBU method.  
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Figure 1. Seismic force modification factor evaluation framework based on the PBU method. (a) 
structural configurations of PT-CLT rocking walls; (b) schematics of multi-spring numerical models 
for PT-CLT rocking walls; (c) typical pushover curve for archetype building; (d) ground motion 
selected and scaled for the city of Montreal with Uniform Hazard Spectrum; (e) typical IDA curves 
with median, 16%, and 84% percentile statistics for archetype building.  

3 ARCHETYPE BUILDINGS AND SEISMIC DESIGN 
3.1 Archetype buildings 

A PT-CLT rocking wall is comprised of vertically stacked CLT panels clamped by un-
bonded post-tensioned steel tendons from the wall top to the wall-to-foundation in-
terface (Figure 1a). While a CLT panel can provide in-plane resistance, PT elements 
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will exert a restoring moment to recentre the system when elongated under lateral 
loading. Sliding can be prevented with shear keys. Various types of EDDs can be cou-
pled to the system. This typically includes buckling-restrained axial fuses (BRAFs) (Zhu 
et al. 2024) and U-shaped flexural plates (UFPs) (Pei et al. 2024). The balloon-framing 
SFRS can be connected to floor diaphragms using shear keys inserted into a vertically 
slotted hole, as outlined in Pei et al. (2024). Based on past studies, there are three 
types of structural configurations for PT-CLT walls, including (a) single wall (SW), (b) 
column-wall-column (CWC), and (c) coupled-wall (CW) (Figure 1a). 

 
Figure 2. Details of the archetype building: (a) floor plan including wall position; (b) full building 
rendering. 

Archetype buildings with a typical floor plan, as shown in Figure 2a, were developed 
in this study. The considered design variables are summarized in Figure 1 (Step 2). 
Each building had ten PT-CLT rocking walls positioned in the N-S direction. These 
buildings were designated as normal occupancy office buildings and were situated on 
Site Class D soil (NRC 2020). For the considered Rd of 4, 75 archetype buildings, 
grouped into 24 PGs, were developed. Table 1 summarizes the details of the devel-
oped archetype buildings. Using the CWC-type PT-CLT rocking wall building as an ex-
ample, the archetypes in PGs 9 to 12 and 13 to 16 were hypothetically designed for 
Vancouver, British Columbia, and Montreal, Quebec, respectively, to represent seis-
mic categories (SCs) 3 and 4 (moderate and high seismicity), as defined by NBC (NRC 
2020). In PGs 9 and 13, the archetypes were defined with a bottom floor height of 
3.6 m and a typical story height of 3.2 m, covering 3-, 6-, and 9-story building configu-
rations. To account for potential use of the first story as an office building with com-
mercial spaces, PGs 10 and 14 adopted a 6-m bottom-floor height. In addition, the 
design recentering ratio, which is the ratio of the moment resisted by PT elements to 
the total moment resistance of the system, was considered a variable. Whereas PGs 
9, 10, 12, 13, 14, and 16 used a recentering ratio of 70%, and PGs 11 and 15 adopted 
a lower ratio of 60%, offering higher energy dissipation. To enhance vibration control, 
all these PGs (i.e., PGs 9–11 and 13–15) used timber-concrete composite floors 
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(TCCF), which resulted in higher seismic mass. However, PGs 12 and 16 explored an 
alternative floor system consisting of CLT panels only. For both seismic design and 
numerical modelling, the CLT-only and TCCF floor systems were assumed to behave 
as rigid diaphragms. Schematic representations of a 9-story CWC-type PT-CLT rocking 
wall building are depicted in Figure 2b. Using the same considerations, SW-type (PGs 
1–8) and CW-type (PGs 17–24) PT-CLT rocking wall buildings were developed (Table 
1).  

Table 1. Performance groups and building archetypes information for PT-CLT rocking wall buildings. 

 

3.2 Prescriptive seismic design for PT-CLT rocking wall buildings 

This study adopts a prescriptive design procedure for post-tensioned mass-timber 
rocking wall buildings, as described in Figure 3. Because the archetype building is 
symmetric and negligible torsion is expected, the seismic design was carried out for 
only one of the PT-CLT walls in the N-S direction (Figure 2a). The design framework 
comprised five main parts (Figure 3), which are briefly described below.  

First, a conceptual structural design was developed based on the architectural layout 
and the characteristics of each archetype (Table 1), including CLT wall location, quan-
tity, and dimensions. Then, a linear model was first established in OpenSeesPy. The 
model was fixed-based and excluded PT elements. CLT walls were modelled by elastic 
Timoshenko beam-column elements. Seismic mass was assigned to floor nodes. More 
details of linear modelling for design demand estimation can be found elsewhere 
(Wichman 2023). MRSA was then conducted using the design spectrum defined in 
NBC to obtain the elastic design base shear, which was then divided by RdRo and 
combined with the importance factor (IE) required in NBC to derive the specified lat-
eral earthquake force (Vd) (NRC 2020). This was further multiplied by effective height 
to produce the specified base overturning moment (Md). The predicted inelastic drift 
(∆inelastic) was obtained by multiplying the lateral deflection determined from MSRA by 
RdRo. The calculated ∆inelastic must be less than the NBC 2.5% ISDR limit; otherwise, it-
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erations are needed. Next, a linear static analysis was performed using the distribut-
ed story forces (Fi) determined from MRSA to calculate the panel's elastic defor-
mation (∆elastic). The rotation demand, or the maximum imposed rotation (θimp), was 
calculated as the difference between ∆inelastic and ∆elastic (Figure 3). Based on outputs 
from Part 2, a preliminary design was conducted. Given a system recentring ratio 
(βrc), the design overturning moment resisted by the PT element (MPT) and EDD 
(MEDD) were initially estimated. This led to the calculation of the initial post-
tensioning force in the PT elements (TPT) and their sizing and detailing (e.g., cross-
sectional area (APT) and number (NPT)). For EDDs, the initial stiffness and yield 
strength of a single EDD were first selected so that the required number of EDDs 
(NEDD) was determined.  

 
Figure 3. Force-based prescriptive design procedure for PT-CLT rocking walls. 

Part 4 includes an iterative sectional analysis to validate the preliminary design 
(Wichman 2023; Zhu et al. 2025). Based on sectional analysis, the predicted overturn-
ing moment (Mcon) can be estimated at θimp. Due to the distinct higher-mode effects 
in the rocking system, Mcon needs to be further amplified based on the Cantilever 
Beam Analogy developed in the study by Wiebe and Christopoulos (2015). To validate 
the preliminary design, system-level limit states, including restoring force ratio and 
energy dissipation ratio, were first checked. At the θimp, peak component strains for 
the CLT compressive zone, PT elements, and EDDs were analytically derived and 
compared against acceptable strain limits (Wichman 2023). Global design checks 
then verified that the CLT wall provided sufficient in-plane shear and edgewise flex-
ural resistance. Resistance capacities were evaluated based on manufacturer-
provided CLT data where available. Furthermore, because PT forces can increase due 
to elongation during rocking, and additional forces could be introduced by EDDs act-
ing at the wall rim, the combined edgewise bending and axial loading demands on 
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the CLT walls were also checked. To ensure satisfactory building performance, series 
of connection-level capacity checks were also required. Due to space constraints, 
readers are referred to Wichman (2023) for further details on the capacity design of 
individual connections. If all design checks are satisfied, the seismic design is consid-
ered complete. If any criterion is not met, design iterations are required. 

 

4 Numerical modelling strategy and validation 
To perform nonlinear static and dynamic analysis, robust numerical models are re-
quired. In this study, a multi-spring modelling strategy was adopted to develop two-
dimensional models of PT-CLT walls in OpenSeesPy. The multi-spring model uses a se-
ries of zero-length elements (ZLEs) at the wall-to-foundation interface to capture 
rocking behaviour and compressive damage at the plastic zone of the CLT panel (Fig-
ure 1b). ZLEs can be distributed across the wall length using a Labatto Integration 
method. The top of each ZLE is connected to the bottom node of the CLT panel by a 
rigid link element, whereas the bottom is fully fixed. Horizontal restraint is imposed 
on the ZLEs at the two extreme wall edges to prevent sliding. To idealize the stress 
and strain relationship of the CLT, the Concrete01 material model, which is a com-
pression-only material with zero tensile strength, was employed to effectively cap-
ture CLT yielding, post-yielding degradation, and base uplift behaviour. The concept 
of contact stiffness is used to translate the CLT's stress-strain relationship into the 
force-deformation response of each ZLE (Wichman 2023). Above the multi-spring 
portion, CLT panels can be assumed to be linearly elastic and modelled by Elastic-
Timoshenko beam elements. The PT elements are modelled by corotational trusses 
assigned with the Giuffré-Menegotto-Pinto Model (Steel02) material. The top of the 
PT tendon is connected to the upper portion of the CLT panel using rigid elements. 
Zero-length elements with calibrated uniaxial material properties in the vertical direc-
tion are used to model EDDs. At the EDD location, zero-length elements are rigidly 
connected to the nodes in CLT walls at the same height to account for the offset be-
tween the walls and the EDD. An additional gravity-leaning column representing the 
gravity system is modelled to capture potential P-Delta effects.  

Building-level validation of the modelling strategy was performed with shaking table 
tests of a 10-story PT mass timber rocking wall building reported by Pei et al. (2024) 
to verify the model's robustness. The 34.5-meter-tall mass-timber building was tested 
at the world's largest outdoor shaking table facility at the University of California, San 
Diego (Figure 4a). The multi-phase testing program subjected the structure to a se-
ries of ground motions far exceeding those anticipated for any real building. For more 
information on building design, construction details, material properties, and ground 
motion selection and scaling, readers are directed to Wichman (2023) and Pei et al. 
(2024). A three-dimensional numerical model was developed for the entire structure, 
incorporating six gravity columns, four PT rocking timber walls, and eight associated 
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boundary columns (Figure 4b). The connection details and element types for wall 
panels, boundary columns, gravity columns, UFPs, and PT elements were identical to 
those described in the general modelling techniques above. Multi-spring ZLE ele-
ments were distributed in a three-dimensional regime to capture rocking in both the 
in-plane and out-of-plane directions (Wichman 2023). NLRHA was performed using 
ground motion acceleration histories obtained from shaking table tests (Pei et al. 
2024a). The results were compared with post-processed structural responses from 
the same tests, with details of the post-processing methodology available in Wich-
man (2023). Time histories of floor displacements at three heights (i.e., floor levels 4, 
7, and 11) of the tested structure are presented for one of the tests with seismic haz-
ard levels corresponding to MCER (Figure 4c). Because the two PT-CLT walls were ori-
ented in the east-west direction, the floor displacements presented in Figure 4c rep-
resent responses that are aligned with that axis only, even though some tests in-
volved bidirectional seismic excitation. The results showed that the model accurately 
predicted displacement demands in terms of both pattern and peak values. Overall, 
the multi-spring model proved robust in capturing the nonlinear dynamic behaviour 
of PT-CLT walls, making it a reliable tool for subsequent performance assessments of 
archetype buildings. 

 
Figure 4. Numerical model validation: (a) full-scale PT mass-timber rocking wall building tested on 
shaking table (Picture courtesy of Matiyas A. Bezabeh); (b) numerical model in OpenSeesPy; and (c) 
time-history comparison between floor displacements between OpenSeesPy and shaking table test 
at different levels. 

5 Nonlinear static and dynamic analysis 
5.1 Nonlinear static analysis 

PBU Step 4 applies NLSA to validate the trial Ro factor and determine period-based 
ductility (μT) at various POs (Figure 1c). In NLSA, each building was monotonically 
pushed, with load distribution corresponding to the first mode of the structure, using 
a displacement-control integrator, until a 5% roof drift (a non-simulated collapse 
mechanism) was triggered. Simulated collapse mechanisms applied component strain 
limits using the MinMax material in OpenSeesPy, where exceeding these limits trig-
gers zero tangent stiffness to accelerate collapse. This includes a strain limit of 6% for 
BRAFs in the SW configuration to implicitly account for low-cycle fatigue failure and a 
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2% tensile strain limit for PT. Such inherent conservatism should be recognized be-
cause residual strength still remains when the aforementioned strain limits are 
reached.  

RO = Vmax/Vd  (1) 

μT= δu/ δy,eff (2) 

Based on the pushover curves (Figure 1c), Ro and μT were quantified for each arche-
type using Equations [1] and [2]. The effective yield displacement δy,eff was derived 
based on FEMA P695 (FEMA 2009). The Ro value for each PG was determined by av-
eraging the Ro values of the individual archetype buildings within the group. It was 
found that for all PGs, the calculated Ro factors were greater than the trial value of 
1.5, and this consistency is independent of structural configurations and seismic cat-
egory (location). As highlighted by Morshedi et al. (2024), μT serves as a proxy for 
structural ductility and forms the basis for estimating Rd for long-period structures 
based on the equal displacement assumption. Notably, all PGs have average μT great-
er than the adopted Rd, which is independent of seismic category and the considered 
design variabilities in Table 1. These results support the validity of the assumed Rd 

factors. Nevertheless, the final evaluation of the trial Rd values should be carried out 
in PBU Step 8. 

5.2 Ground motion selection 

To carry out NLRHA, two distinct suites of ground motions reflecting the regional 
seismic characteristics of Vancouver, British Columbia, and Montreal, Quebec, Cana-
da, were selected and scaled to each of their Uniform Hazard Spectra (UHS) (2% in 50 
years at DLE). Both were recommended and provided by the NRC-CRC in the report 
by Fazileh et al. (2023b). The shear-wave velocity of the top 30 m of soil falls into the 
range between 300 m/s and 360 m/s, corresponding to a stiff soil condition (Site 
Class D in NBC). In Vancouver, seismic hazards are contributed from shallow crustal 
events, megathrust Cascadia interface earthquakes, and deep intraplate earthquakes. 
In contrast, a single tectonic regime of stable crust dominates the Montreal area. 
More information on ground motion records and scaling rationales can be found in 
Fazileh et al. (2023a and b).  

5.3 Archetype screening using nonlinear response history analyses 

With the selected and scaled ground motions, PBU Step 5 screens the archetypes us-
ing NLRHA. Throughout the entire screening process, the PO of LS (i.e., the 2.5% ISDR 
limit) served as a structural performance indicator. Following the PBU, NLRHA was 
performed using ground motion scaled to 100% DLE level to assess seismic perfor-
mance. Although not shown for brevity, it is noteworthy that the mean ISDR respons-
es for all 75 archetypes were less than 2.5% ISDR (LS PO), demonstrating the satisfac-
tory building performance against extensive damage. Next, NLRHA was repeated us-
ing ground motions scaled to 216% and 254% DLE (APMR 10% and 6%). The detailed 
screening criteria introduced in Fazileh et al. (2023a, b) were used. The probability of 
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exceedances (PoEs) for PO of LS were quantified and compared against the outlined 
criteria for each individual archetype and PG. Although IDA is not required for non-
critical archetypes under the PBU method, it was carried out in this study for both 
critical and non-critical archetypes to ensure a comprehensive assessment. Hence, 
the archetype screening results are not presented here for brevity; readers can refer 
to the IDA results in the next section. 

5.4 Incremental dynamic analysis and fragility assessment 

IDA was performed to assess the fragility of all archetype buildings and quantify their 
PMRs by scaling up each ground motion record until any one of the considered simu-
lated and non-simulated collapse criteria was triggered. The IDA results for each ar-
chetype were used to calculate the median, 16th, and 84th percentile IDA curves (Fig-
ure 1e). Fragility assessment provides the conditional probability of exceeding a spe-
cific PO at a given intensity measurement (IM), which represents seismic hazard in-
tensity. These probabilities can be derived from the IDA results. Assuming that the ra-
tio of records causing exceedance to the total number of records at a specific IM level 
follows a lognormal distribution, fragility curves were fitted using the maximum like-
lihood method.  

 
Figure 5. Collapse prevention fragilities for all archetype buildings. 

Figure 5 illustrates the fragility curves for CP exceedance for buildings designed with 
Rd = 4. Note that these fragility curves were adjusted for total uncertainty, which is 
discussed in detail in the next section. The wide variation among the fragility curves 
in Figure 5 highlights the comprehensive consideration of various design parameters 
in the development of the archetypes. Note that under the 100% DLE, the highest 
probabilities of exceeding CP PO are 12.4%, 11.4%, and 10.9% for 3-, 6-, and 9-story 
archetype buildings, respectively, attesting to the satisfactory performance of these 
archetype buildings. The performance margin ratios (PMRs) were calculated using 
Equation [3], where SPT is the median spectral acceleration intensity leading to ex-
ceedance of a given PO and SCT is the design spectral acceleration at the fundamental 
period of the building. Note that in the CCMC method, archetype buildings must be 
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evaluated using ground motions scaled to 200% of the DLE. The system is considered 
to have failed if more than 50% of the ground motions result in exceeding the LS PO, 
which corresponds approximately to a PMR value less than 2.0. When Rd = 4 is 
adopted for design, the average PMR for PO of LS, CP, and collapse is 2.30, 2.70, and 
4.09, respectively, based on the fragility assessment. Hence, the current PMR values 
under the LS possess sufficient margins to also meet the CCMC requirements. 

PMR= SPT/ SCT                                                                                                             (3) 

6 Evaluation of Rd factor 
6.1 Uncertainty quantification  

After IDA and fragility assessment, the PBU method requires quantifying different 
sources of uncertainty before the final archetype assessment. The total uncertainty, 
βtot, accounts for uncertainty in the ground motion record (βRTR), system design (βDR), 
test data (βTD) and numerical modelling (βMDL). The PBU method refers to the same 
uncertainty rating scheme as outlined in FEMA P695 (FEMA 2009). Each source is 
evaluated based on completeness, robustness, and confidence. Each rating category 
(e.g., superior, good, fair, poor) corresponds to a quantitative uncertainty value rang-
ing from 0.10 (most certain) to 0.50 (most uncertain). In this study, βDR, βTD, and βMDL 

were all set equal to 0.2, corresponding to a "good" rating. These "good" ratings were 
given because validation of the numerical modelling strategy based on both system- 
and full-scale building-level testing demonstrated that the multi-spring model can 
capture the structural response of PT-CLT rocking walls. Furthermore, extensive ex-
periments on PT-CLT walls have been conducted at various scales in New Zealand, 
Canada, and the United States. The system is one of the most thoroughly tested 
among all innovative mass-timber SFRSs. The full-scale shaking table test of the 10-
story post-tensioned mass-timber rocking wall building used for numerical model val-
idation remains the largest shaking table test ever conducted at the time of writing 
this paper. According to PBU, βRTR can be calculated at various performance objec-
tives based on IDA results and fragility curves.  

6.2 Performance assessment 

PBU Step 8 suggests applying the spectral shape factor (SSF) to adjust PMRs and 
quantify APMRs, which accounts for the bias related to the spectral shape of the 
ground motion suite. For SSF quantification, this study follows the procedure applied 
in Morshedi et al. (2024), where readers can find more details. The final step of the 
PBU framework evaluates whether the adopted Rd factor can result in archetypes and 
PGs with adequate APMR against specified limits. As mentioned previously, the APMR 
evaluation considers both LS and CP according to the PBU method. Nonetheless, for 
brevity and conciseness, only results corresponding to the CP performance level are 
included. For the assessment, two acceptable thresholds outlined in the PBU proce-
dure were considered (Figure 1). This includes an APMR for each individual archetype 
greater than APMR20% and an APMR for each PG greater than APMR10%.  
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Figure 6. (a) APMR evaluation results for all archetypes considering CP PO using PBU; (b) APMR 
evaluation for all performance groups using PBU. 

Figure 6a presents the results of the APMR evaluation for all archetypes considering 
CP PO. The APMRs obtained from the analysis are presented as scatter points. Based 
on the quantified βtot, the corresponding APMR20% (i.e., the acceptable threshold) for 
each archetype can be determined (Fazileh et al. 2023a); their values are presented 
using bars in the chart. Figure 6 can support a straightforward visual assessment of 
APMRs. For a particular archetype, if a scatter point lies above its corresponding bar 
in the plot, it can be concluded that the APMR is sufficient with respect to the corre-
sponding acceptable APMR20%. Failure to meet the APMR20% criterion is indicated 
when a scatter point falls within the bar. When examining the PO of CP, as shown in 
Figure 6, all individual archetypes designed with Rd of 4 demonstrated significantly 
higher APMRs than the acceptance threshold, confirming robust collapse prevention 
capability. Figure 6b indicates that, when designing with an Rd of 4, all PG APMRs are 
greater than the corresponding APMR10% threshold. Overall, it can be concluded that 
an Rd of 4 can lead to satisfactory seismic design, with the resulting APMRs of the de-
signed buildings being greater than the PBU acceptable threshold.  

 

7 Conclusion 
In this paper, to supplement the upcoming edition of the National Building Code of 
Canada (NBC), we quantified seismic force modification factors for PT-CLT walls with 
EDDs. The study followed the performance-based unified procedure and found that 
Ro = 1.5 and Rd = 4 (RoRd of 6) can be adopted as seismic force modification factors for 
PT-CLT rocking walls in Canada. It is worth mentioning that the authors of this paper 
are developing a comprehensive seismic design guideline considering the RoRd factors 
from this study to supplement the Canadian CSA O86, Engineering Design in Wood.  
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DISCUSSION 

The paper was presented by MA Bezabeh 

G Doudak commented that this work needs to assume Rd Ro to get the archetypes and 
then verify the validity of the chosen Rd Ro values. He asked how would one generalize 
the results to other systems. MA Bezabeh said their goal was to consider as many 
systems as possible. 

G Doudak asked how sensitive are the results to the choice of collapse criterions of 3 
to 5%. MA Bezabeh responded that the choice was based on collected damage 
evidence. 

C Demirci received clarification that the model has shear connectors and a 
Timoshenko beam was used to model CLT. 

A Ceccotti received confirmation that the tall tested system shown had period of 2 
seconds. He mentioned that wind considerations would govern the design. MA 
Bezabeh responded that other people had considered wind issues and agreed that 
base shear would be wind governed. 

C Girgin and MA Bezabeh discussed differences between U shape and friction‐based 
dampers. 

P Dietsch commented that archetype ground floor layout is different from typical 
floors layouts of ground floors. MA Bezabeh responded that this is considered in a 
continuing study. 

P Quenneville and MA Bezabeh discussed how tension rods can be treated if floor 
layouts were different between floors. 

P Dietsch commented that the presentation was too long, for the INTER audience the 
introduction should have been shorter. 
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DISCUSSION 

The paper was presented by T Tsuchimoto 

G Doudak commented that only one aspect ratio was considered. Was there any nu‐
merical study on the influence of aspect ratio? T Tsuchimoto responded that only one 
aspect ratio was tested and computer analysis will be considered in future. 

T Demschner commented that the work studied slab on grade buildings only and no 
consideration of crawl space and basement. T Tsuchimoto responded past test results 
indicated crawl spaces reduced water flow.   

A Frangi asked if Keff can be extrapolated to other cases. T Tsuchimoto responded that 
this is a difficult problem. 

P Dietsch asked if it would be possible to relate pressure inside the building from water 
to wind pressure on a building. Then information in wind codes could be applied for this 
topic. T Tsuchimoto responded that it would be possible. 

P Dietsch commented that this paper is a reduced version of the authors’ WCTE 2025 
paper. He suggested to add elements to the paper to make it different from the WCTE 
paper, otherwise this paper could not be published as INTER paper. 
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1 Introduction 
The evolution of fire testing methodologies for engineered wood products is transi-
tioning from traditional large-scale timber fire tests to more efficient and cost-effective 
small-scale testing techniques. So far, large-scale fire tests have been essential for eval-
uating the fire behaviour of timber. However, these tests are resource-intensive, time-
consuming, and complex. To address these challenges, alternative approaches like 
shear tests at elevated temperatures or tension test under a cone heater are being 
investigated. This study investigates these small-scale testing methods, utilizing differ-
ent adhesive families for comparison. A classification system for structural wood adhe-
sives based on temperature resistance has been previously proposed by CEN TC193 as 
FprEN 18070, grounded in tests conducted at elevated temperatures. These tests 
(Aicher et al., 2024) demonstrated a reasonable correlation with those conducted un-
der the cone heater and in the furnace according to Annex B in EN 1995-1-2:2025 when 
conducted at 270°. While the classification system may underestimate the perfor-
mance of a few adhesives and gives fairly conservative results, it generally aligns with 
the results from the fire tests. 

The fire performance of engineered wood products is crucial to ensure the safety and 
structural integrity of buildings in the event of a fire. The fire testing of engineered 
wood products is a critical aspect of ensuring their safety and performance in real-
world fire scenarios. Fire performance testing involves exposing these products to 
flames, allowing for the observation of pyrolysis and the formation of a char layer. En-
gineered wood products such as cross-laminated timber (CLT), glued laminated timber 
(GLT), and I-joists primarily rely on adhesives to bond multiple layers of wood together. 
While the performance of adhesives under ambient conditions has been extensively 
studied, their influence on the fire performance of engineered wood products remains 
an area requiring further research. Studies have demonstrated that different adhesives 
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can significantly impact fire behaviour, with variations observed even among adhesives 
from the same chemical family (Vihmann et al., 2025). 

Studies have shown that (phenol-)resorcinol-formaldehyde (PR/PRF) adhesives exhibit 
high thermal stability at elevated temperatures (Dorn & Egner, 1967; Klippel, 2014; 
Vihmann et al., 2025). According to EN 1995-1-2:2004 (2004), the behaviour of adhe-
sive bond lines can be disregarded for PR/PRF adhesives and other aminoplastic type I 
adhesives, as specified in EN 301 (2023). Over the past decades, various other adhe-
sives have been introduced to the market, including polyurethane adhesives (PU/PUR), 
melamine adhesives (MF/MUF), emulsion-polymer isocyanate adhesives (EPI), and 
polyvinyl acetate adhesives (PVA). 

The forthcoming revision of FprEN 1995-1-2:2025 (2025) aims to introduce different 
design scenarios and parameters based on the behaviour of adhesive bond lines at 
elevated temperatures. Depending on whether the bond line can prevent or fails to 
prevent the detachment of the charred layer, either a linear or stepped charring model 
is applied.  

Traditionally, large-scale fire tests have been required to assess the performance of 
adhesive bond lines in fire conditions. However, these tests are inherently complex, 
time-consuming, and costly. In response to these challenges, the field of fire testing 
for engineered wood products has been shifting towards more efficient model-scale 
and small-scale testing methods. Researchers worldwide have been working to de-
velop small-scale testing techniques capable of providing comparable insights while 
significantly reducing material usage and time requirements. 

 

1.1 FIRENWOOD 

FIRENWOOD was a transnational research, development and innovation project jointly 
funded by national funding organizations under the ERA-NET Cofund “ForestValue – 
Innovating forest-based bioeconomy”. The project was coordinated by RISE Fire Re-
search in Trondheim, Norway. 

The project consortium comprised leading research institutions in this field: RISE Fire 
Research, MPA University of Stuttgart, Tallinn University of Technology, Technical Uni-
versity of Munich, and ETH Zurich. Additionally, industrial partners Moelven, Splitkon, 
and Masonite Beams contributed to the research and development efforts. 

The project involved testing 11 different adhesives—PRF, PUR, MUF, MF, and EPI—
sourced from five adhesive manufacturers under elevated temperatures and fire con-
ditions, using a range of configurations and specimen sizes. Each individual adhesive 
has a unique number (1 – 12) throughout the paper. Spruce (Picea abies) timber with 
a strength class of T22 was utilized, with a density ranging from 430 to 480 kg/m³. The 
primary objective of the project was to compare testing methodologies across differ-
ent scales. Tests were conducted at small-scale (Sterley et al., 2021), model-scale 
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(Olofsson et al., 2022; Olofsson & Sterley, 2022), and large-scale levels (Olofsson et al., 
2022). 

 

1.2 Aims and objectives 

This paper examines the comparison of small-scale testing methods under elevated 
temperatures and fire exposure, as well as their correlation with model-scale fire tests 
on glued laminated timber (GLT) beams and cross-laminated timber (CLT) slabs. 

 

2 Methods 
The objective of all used methods was to record the temperature-, time-, and load-
dependent thermo-mechanical behaviour of different adhesive products. 

 

2.1 Furnace tests with glulam beams and CLT slabs 

The aim of the furnace tests was to measure the mass loss and the charring depth of 
CLT and GLT with different types of adhesives when exposed to fire from below. It is 
known that heat induced delamination can occur when these products are exposed to 
heat or fire due to the adhesive’s inability to retain its properties at higher tempera-
tures. 

The model-scale CLT specimens were composed of seven wood lamellae, each with a 
thickness of 30 mm. The upper and lower lamellae were oriented in the lengthwise 
direction of the specimen. The overall dimensions of the specimens were 2000 mm × 
600 mm (length × width). The CLT specimens were tested without load and subjected 
to 120 minutes of fire exposure in a model-scale furnace according to Annex B in FprEN 
1995-1-2:2025, following the standard fire curve. The weight of each specimen was 
recorded before and after the fire test. Upon cooling, charring depths were measured 
at six points on each specimen. One test was conducted using almost all adhesives, 
except for adhesives no. 4, 7, and 8. 

The GLT specimens consisted of ten wood lamellae, nine of which had a thickness of 
28 mm, while one, positioned at the top of the beam, had a thickness of 23 mm. The 
final cross-section of the specimens measured 230 mm × 275 mm. The beams were 
tested without load and exposed to fire for 90 minutes in a model-scale furnace, fol-
lowing the standard fire curve, with exposure on three sides (bottom and lateral sides). 
The weight of each specimen was recorded before and after the fire test. After cooling, 
charring depths were measured at five points on each beam. One test was conducted 
with each of the 11 adhesives. 

A large-scale horizontal CLT specimen was prepared to test under loaded conditions in 
a fire furnace. The specimen’s outer dimensions were 4550 mm x 2000 mm x 150 mm. 
The specimen consisted of five 30 mm lamellae. The test was based on EN 1365-2:2014 
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(2014) with respect to the time-temperature curve, furnace pressure and loading. The 
specimen was loosely mounted in a steel test frame between two aerated concrete 
slabs with insulation between them to prevent heat exposure on the specimen’s sides. 
Temperatures on the unexposed surface and in the three fire-side bond lines, together 
with vertical deflection were measured during the test. The span was approximately 
4.1 m. The specimen was loaded with 21 weights with a total weight of 1742 kg which 
corresponds to a load of approximately 17.09 kN or 2.08 kN/m2. The loads were close 
to evenly distributed over the specimen’s surface. The load was applied to the speci-
men at least 15 minutes before the fire test and was maintained during the whole test. 
The test duration was 116 minutes due to load-bearing failure. 

 

2.2 Tests at elevated temperatures 

The shear test specimens were manufactured in accordance with EN 17224 (2019) and 
FprEN 18070 (2025). Two types of test specimens were produced: adhesive bonded 
specimens and unglued solid wood specimens. The specimen geometry and dimen-
sions are shown in Figure 1.  

 
Figure 1. Block shear specimen according to FprEN 18070 (2025). 

The heating process required to elevate the specimen to a higher temperature was 
complex. To regulate the temperature increase, the chamber temperature had to be 
adjusted multiple times throughout the process. The temperature of the test specimen 
was monitored using a thermal wire inserted into a drilled hole on one side of the 
specimen.  

All samples were first tempered at 60℃ for a period of 48 hours and then stored in a 
container at 20℃ to prevent further moisture absorption until the actual temperature 
tests began. Before tempering the average moisture content of the samples was 11.8 
± 0.5%. After the heat treatment, the average wood moisture content was around 
1.4%. No abnormalities were found in any sample after the temperature treatment. 
The solid wood reference samples and the glued samples were then stored unloaded 
in a temperature cabinet at the respective elevated temperature (70 to 270℃). After 
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reaching the target temperature, the test specimens were left at the respective target 
temperature for 15 minutes. The time from placing the test specimen in the preheated 
temperature cabinet until reaching the target temperature was approximately 25 – 45 
minutes, depending on the target temperature. At the end of the temperature storage 
period, the samples were removed from the temperature cabinet, weighed and tested 
in the block shear test within a maximum of 60 seconds. The room temperature during 
the shear test was around 20 - 23℃.  

 

2.3 Cone heater finger joint tests under tension 

Knot-free spruce timber with cross-section dimensions of 50 mm x 150 mm was used 
for the manufacturing of finger joints. The boards had a moisture content of 12%. Fin-
ger joints were produced industrially on the Masonite Beams production line. Adhesive 
application was performed manually, following the specified amounts by adhesive 
manufacturers. 

The boards, initially sized at 45 mm x 100 mm x 300 mm, were cut into strips measuring 
45 mm x 10 mm x 300 mm. Holes with a 12 mm diameter were drilled into the ends of 
the specimen, and plywood reinforcements were glued to the ends to prevent tensile 
fractures at the attachment points. Bolts with a 10 mm diameter were used to apply 
the force. The geometry of the specimen is shown in Figure 2. The finger joint geome-
try is shown in Figure 3.  

 
Figure 2. Finger jointed test specimen. Number 1 marks the raw specimen and number 2 marks the 
reinforcing plywood pieces. 
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Figure 3. Finger joint geometry. 

The lateral sides of the specimens were insulated with stone wool to ensure one-di-
mensional charring. A stainless-steel casing was used to keep the wool in place during 
the test as shown in Fig. 4.  The chosen heat flux 25 mm from the cone (the top of the 
specimen) was 50 kW/m2.  

 
Figure 4. Specimen setup under the cone heater, where 1 marks the specimen, 2 marks the cone 
heater, and 3 marks the protective stone wool. 

The test started when the shutter was removed from between the specimen and the 
cone heater. Ignition occurred within a second of plate removal. The specimen burned 
until rupture, after which it was removed from the cone heater and submerged in cold 
water to extinguish the flames and prevent further charring. Failure time and failure 
mode were recorded for each specimen. 

The test series included a total of 61 specimens, each loaded with 100 kg, correspond-
ing to approximately 5% of the average tensile strength of the wood. The tensile 
strengths were determined through tensile testing at ambient temperatures.  
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3 Analysis 
A classification system for structural wood adhesives based on temperature resistance 
has been proposed in FprEN 18070, as shown in Table 1. This table is derived from 
single-lap compression shear block tests conducted at elevated temperatures. The 
classification follows the test principles of EN 17224 and ASTM D 7247 (2017), with a 
key deviation: the mean residual shear strength ratio of bonded samples is compared 
to 85% of the mean residual shear strength ratio of solid wood samples. The system 
consists of four adhesive classes, where higher classes (e.g. T270) fully encompass the 
lower classes (e.g. T232). 

 
Table 1. Adhesive classification system 

Temperature re-
sistance class 

Temperature limit 
[℃] 

Verification crite-
ria 

Adhesive number Adhesive families 

T270 270 RbW,Trefl80,270 ≥ 0.85 2, 3, 6, 8, 11 PRF, MUF/MF 

T232 232 RbW,Trefl80,232 ≥ 0.85 1 1KPUR 

T220 220 RbW,Trefl80,220 ≥ 0.85 7 1KPUR 

T200 200 RbW,Trefl80,200 ≥ 0.85 4, 12, 9 1KPUR, MUF 

 

To assess the reliability of this classification system, the elevated temperature tests will 
be compared with small-scale cone heater tests and model-scale fire tests. 

 

3.1 Comparison of small-scale tests 

The following graph will investigate the correlations between the small-scale cone 
heater test method and the small-scale elevated temperature test method. 

In Fig. 5, the mean shear strength of the block shear specimens tested at 270°C is com-
pared to the mean eccentric tensile strength of the finger-jointed specimens tested 
under the cone heater. As observed in previous comparisons, the adhesives can be 
categorized into two distinct groups. Tests conducted at lower temperatures showed 
no clear correlations between the block shear tests and the small-scale cone heater 
test methods. 
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Figure 5. The block shear specimen mean shear strength at 270℃ compared to the mean eccentric 
tensile strength of finger jointed specimens tested under the cone heater. 

 

3.2 Small-scale tests compared to model-scale furnace tests 

The following graphs will investigate the correlations between the small-scale methods 
and the model-scale furnace tests. It will also be examined how the char depth of GLT 
beams and CLT slabs correlate with the previously proposed classification method. The 
charring depths of the glulam beams are shown in Figure 6 and the charring depths of 
the CLT slabs are shown in Figure 7. Each number on the horizontal axis represents a 
specific adhesive. For each beam, five thin cross-sections were cut from the beam to 
measure the charring depths.  

In Figure 7, the charring depths for both the model-scale and the full-scale test (FST) 
with adhesive no. 9 are shown. The similar charring depths indicate that loading does 
not significantly influence charring, and that unloaded fire tests are sufficient for rep-
resenting all relevant use cases. 
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Figure 6. Charring depths on the bottom fire-exposed side of the glulam beams (90 min). Each number 
on the horizontal axis represents an adhesive. 

 
Figure 7.  The average charring depths of CLT slabs (120 min). Each number on the horizontal axis 
represents an adhesive. 

For reference, the design charring depth at 90 minutes for the charring rate of 0.65 
mm/min according to the FprEN 1995-1-2:2025 is 58.5 mm. Considering the effect of 
corner rounding for the beams, the notional charring rate is 0.7 mm/min and the re-
spective charring depth for 90 minutes results in 63 mm. Design charring depth for 120 
minutes with charring rate of 0.65 mm/min is 78 mm. 

While most of the beams showed charring depth around the mentioned values, there 
are quite a few that exceed this fairly. That is dependent on bond line integrity. In case 
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of CLT slabs the charring depths of adhesives 5 and 12 exceeds significantly the value 
of design charring depth.  

In Figure 8, a comparison between the average charring depths of model-scale glulam 
beams tested in the furnace and the mean eccentric tensile strength of finger-jointed 
specimens tested under the cone heater is presented. The groupings observed are like 
those formed in the previous comparison in Figure 5. In Figure 9, similar observations 
are seen. 

 
Figure 8. The mean eccentric tensile strength of finger jointed specimens tested under cone heater 
compared to the average charring depth of model-scale glulam beams. 
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Figure 9. The mean eccentric tensile strength of finger jointed specimens tested under cone heater 
compared to the average charring depth of model-scale CLT slabs. 

Finally, Figure 10 and Figure 11 use the charring depths of the glulam beams and CLT 
slabs to assess their correlation with the proposed classification system. This classifi-
cation system, developed through tests conducted at elevated temperatures accord-
ing to FprEN 18070:2025, aims to replace the currently used larger-scale test methods. 
While the classification system does not invalidate the results, it tends to be somewhat 
conservative for certain adhesives. For instance, adhesive no. 9 has been placed in the 
lowest temperature class; however, both model-scale and small-scale tests suggest it 
may belong in a higher temperature class. Adhesive no. 1, which exhibits variability 
between glulam and CLT specimens, is appropriately classified in the T232 class. While 
small-scale methods generally categorize adhesive no. 1 in the weaker adhesive group, 
model-scale tests indicate that the small-scale methods may not be the most reliable 
for estimating the performance of this adhesive. 
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Figure 10. Charring depths of model-scale glulam beams classified according to the classification 
system proposed in FprEN 18070. 

 
Figure 11. Charring depths of model-scale CLT slabs classified according to the classification system 
proposed in FprEN 18070. 

 

4 Conclusions 
This study investigated the performance of bond lines of engineered wood by compar-
ing small-scale and model-scale fire testing methods. The primary objective was to 
evaluate the correlation between different test methods and assess the classification 
system for structural wood adhesives based on temperature resistance. The findings 
demonstrate that while small-scale test methods provide valuable insights, their ability 
to predict large-scale fire performance varies depending on the adhesive type and test-
ing conditions. 

In general, tests conducted at elevated temperatures yield results comparable to other 
fire testing methods when performed at a temperature of 270°C for single-lap com-
pression shear block specimens. A classification system for structural wood adhesives 
based on temperature resistance, as outlined in FprEN 18070, was developed using 

4 - PUR

7 - PUR

1 - PUR

2 - PRF

9 - MUF

3 - MUF

12 - PUR

6 - MUF

8 - MUF

11 - MUF

55

60

65

70

75

80

85

90

95

100

T200 T220 T232 T270

A
ve

ra
ge

 c
h

ar
ri

n
g 

d
ep

th
 o

f 
m

o
d

el
-

sc
al

e 
gl

u
la

m
 b

ea
m

 [
m

m
]

9 - MUF

1 - PUR

2 - PRF

12 - PUR

3 - MUF

6 - MUF

11 - MUF

70

75

80

85

90

95

100

T200 T220 T232 T270

A
ve

ra
ge

 c
h

ar
ri

n
g 

d
ep

th
 o

f 
m

o
d

el
-s

ca
le

 C
LT

 s
la

b
s 

[m
m

]

302

INTER / 58 - 16 - 1



 

the single-lap compression shear block method. In this study, we compared this classi-
fication system to model-scale tests conducted in a furnace. In general, the classifica-
tion system provides a reasonable prediction of an adhesive’s fire performance and 
does not overestimate the performance of any adhesives. However, it underestimates 
the performance of one adhesive (No. 9), which, according to fire tests conducted 
without mechanical loading, demonstrates better fire resistance in terms of charring 
depth than the classification system suggests. Furthermore, a comparison between 
loaded and unloaded tests for this adhesive showed similar charring depths, indicating 
that mechanical loading had no significant effect on charring behaviour. This suggests 
that unloaded fire tests may be sufficient for evaluating adhesive performance in fire. 

Adhering to the classification system for structural wood adhesives based on temper-
ature resistance can provide sufficiently conservative results, as is the case with all 
small-scale testing methods. The advantages of the single-lap compression shear block 
method include its cost-effectiveness and high repeatability. 

The classification system outlined in FprEN 18070 may be adopted as a general perfor-
mance criterion for adhesives in fire conditions. Adhesives shall be classified into tem-
perature classes as defined in FprEN 18070. 

• Adhesives classified as temperature class T270 are permitted to follow the linear 
charring rate model as specified in this standard. 

• Adhesives not meeting the criteria for class T270 shall default to the step model 
for charring behaviour unless justified according to Annex B of Eurocode 5-1-2. 

For adhesives that do not qualify for the linear model under the FprEN 18070 classifi-
cation, the test method in Annex B of Eurocode 5-1-2 shall remain applicable. This test 
allows a more refined assessment of bond line integrity. If the test results in Annex B 
demonstrate sufficient performance, such adhesives may be permitted to follow the 
linear charring model, notwithstanding their initial classification under FprEN 18070. 
This dual-path approach enables a balance between classification-based conformity 
and performance-based justification through physical testing. 
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DISCUSSION 

The paper was presented by J Vihmann 

P Dietsch asked about how was the influence of material properties excluded from the 
small‐scale tests. JL Vihmann said density was checked. 

P Dietsch received clarification that charring information was based on the company 
that produced this particular type of product. Also J Vihmann is working on the 
correlation. 

S Winter received clarification that 90 min vs 120 min heating is related to GLT vs CLT. 
He commented that keeping Annex B and consider additional small scale test method 
while keeping statements in EN 18070 together. 

A Frangi commented that it is good that expensive fire tests can be replaced by small 
scale testing. He noted adhesive 9 may have some values obtained from specifier. 

T Demschner received clarification that worst case scenario being 20 mm thick 
laminates and fire tests will clarify possible bond line behaviour under fire. 

S Winter commented that block shear tests are sensitive to wood species and asked 
about the amount of fiber failure under elevated temperature. J Vihmann responded 
that they do not have this information at hand. S Winter asked if they intend to repeat 
glue no. 9 tests. 

J Smart commented that loading should be close to design level. J Smart and A Frangi 
discussed the importance of bond‐line behaviour in fire and if this is a good test. A 
Frangi stated that tests with 40 mm laminations can’t be scaled down. 
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1 Introduction 
In recent years, the use of cross-laminated timber (CLT) and glued laminated timber 
(GLT) has seen notable expansion in the construction industry. Modern engineered 
wood products rely heavily on precise manufacturing processes, particularly in the 
bonding of lamellae. Limiting gaps between lamellae ensures fire resistance, airtight-
ness, and visual and structural quality. Segmenting and reassembling lamellae en-
hances uniformity by minimizing material imperfections. Standards such as EN 16351 
set strict criteria on gap dimensions, with a maximum allowed width of 6 mm [1]. Fur-
thermore, the development of modular timber construction systems has advanced 
rapidly, emphasizing sustainability, efficiency, and prefabrication. Many of these sys-
tems incorporate perforated or hollow structural elements, which not only reduce ma-
terial consumption but also improve thermal and structural performance. The follow-
ing overview highlights several innovative modular timber systems that exemplify the 
integration of engineered voids and smart material use in contemporary timber con-
struction. The LUXHOME [2] system utilizes modular "wooden bricks" and prefabri-
cated timber components (e.g., floors, ceilings, windows) produced through auto-
mated processes, enabling precise cost and material control. This system reduces con-
struction waste while streamlining on-site assembly and manufacturing logistics. 
ECOCELL [3] is a structural insulated panel (SIP) system composed of corrugated card-
board honeycomb insulation between OSB boards. Unlike typical SIPs using oil-based 
foams, ECOCELL employs 100% recycled paper with a mineral coating, offering a sus-
tainable and thermally efficient solution. The Fabric Workshop [4] concept features 
hollow-core timber panels that reduce raw material usage by 50% and lower costs by 
up to 35% compared to CLT. These prefabricated elements, joined with metal connect-
ors, achieve a high strength-to-weight ratio while simplifying on-site installation. BRI-
KAWOOD [5] is a timber masonry system using interlocking dovetail-jointed wooden 
bricks that eliminate the need for adhesives, nails, or screws. It enables rapid, dry as-
sembly with minimal tools, making it suitable for DIY or low-tech construction 
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scenarios. GABLOK [6] offers modular insulated timber blocks filled with expanded pol-
ystyrene (EPS) enhanced with graphite, achieving excellent thermal performance. The 
lightweight, uniform block sizes (up to 90 cm long and only 7.5 kg per unit) enable 
crane-free installation and flexible architectural applications. STEKO [7] is a Swiss-de-
veloped modular system made from sustainably sourced timber components glued 
with non-toxic adhesives. Its standardized, doweled elements are applicable in build-
ings up to 10 storeys, as well as in temporary structures, partitions, and renovation 
projects. These innovative modular systems exemplify the growing potential of timber 
in contemporary construction, particularly in terms of sustainability, ease of assembly, 
and adaptability across a range of applications. However, as the use of timber expands, 
it becomes increasingly important to address its full environmental impact—most no-
tably, the release of stored carbon at the end of its service life—underscoring the need 
for robust fire resistance strategies throughout the material’s lifecycle. 

To mitigate the risks associated with carbon release during combustion, it is essential 
to implement effective fire protection measures that enhance timber's fire perfor-
mance throughout its lifecycle. In this context, fire retardants play a pivotal role, oper-
ating through various mechanisms: some promote charring, while others reduce flam-
mability by releasing inert gases or limiting heat transfer. Fire retardants can act 
through different mechanisms: some promote charring, while others reduce flamma-
bility by releasing inert gases or limiting heat transfer [8,9]. High-performance adhe-
sives are essential to maintain these qualities under both ambient and elevated tem-
peratures. While structural failure typically occurs in the wood itself, high tempera-
tures during fire exposure can degrade adhesives, raising concerns over bond integrity 
and potential delamination. Research [10,11] indicates that adhesive type plays a more 
significant role than lamella orientation in resisting fire-induced separation. Under-
standing these mechanisms is essential for advancing the design and performance of 
mass timber systems.  

1.1 Objectives 

 The field of fire performance in hollow timber elements remains relatively underex-
plored, with only a limited number of studies addressing the structural implications of 
internal cavities under elevated temperatures. A relevant contribution to the fire de-
sign of timber structural systems is presented in the work [12], where the authors in-
vestigate the behaviour of hollow-core timber slabs exposed to fire. In this study, a 
simplified mechanical model was proposed to predict charring development and the 
loss of structural capacity in timber elements with internal voids. Their findings demon-
strate that, despite the presence of cavities, adequate fire resistance can be achieved 
through proper design adjustments, particularly in estimating the effective cross-sec-
tion and charring rates. The research highlights the potential for using hollow timber 
elements in fire-exposed applications, provided that the structural model accounts for 
the complex interaction between geometry, thermal degradation, and residual 
strength. The reviewed systems demonstrate a clear trend toward optimizing material 
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efficiency, structural behavior, and fire performance using modular, often perforated 
timber elements. Inspired by these principles, the present research explores innovative 
hollow glued-laminated timber beams, aiming to assess how internal cavities affect 
mechanical capacity and fire resistance. This concept not only reduces the amount of 
raw material used but also introduces opportunities for integrating fire protection 
strategies directly into the structural geometry. The performance of these timber com-
ponents is compared against conventional solid GLT beams. This research aims to ad-
vance the understanding of the structural and fire performance of perforated glued 
laminated timber (GLT) elements. It focuses on how different adhesive systems affect 
load-bearing capacity and how elevated temperatures degrade adhesive properties, 
influencing overall structural behavior. The study also examines how perforation ge-
ometry impacts heat transfer and temperature distribution within the timber cross-
section during fire exposure, as well as how reduced bonding surfaces increase the risk 
of lamella separation (debonding, delamination). Additionally, the effectiveness of pas-
sive fire protection strategies is analysed, particularly in terms of one-dimensional and 
effective charring rates. All findings are integrated into a modeling framework to sim-
ulate fire-structure interaction in hollow timber elements. 

2 Experimental Investigation Under Fire Conditions  
2.1 Timber Elements Exposed to Fire on One Side 

2.1.1 Specimen Preparation 

In line with the research objective—namely, to investigate the influence of elevated 
temperature on perforated glued-laminated timber elements—and considering cer-
tain constraints related to the dimensions of laboratory equipment (i.e., furnace size), 
the test specimens were adapted in both shape and size. The cross-sectional dimen-
sions of the elements were 12 × 14 cm, with a total length of 150 cm. A total of ten 
specimens were tested, representing three types of configurations: solid cross-section, 
hollow cross-section, and a specimen with only the outer lamella left unperforated. 
These were further varied by the type of fire protection system and the adhesive used 
between the lamellae (Figure 2.1). 

  
Figure 2.1 Different types of timber specimens and adhesives 

The maximum perforation ratio, relative to the solid beam cross-section, was 25 %. For 
specimens featuring a solid outer (bottom) lamella, the perforation percentage was 
slightly lower, amounting to 21 %.  The experimental setup and laboratory equipment 
[13] used for fire testing are shown in Figure 2.2.The fire tests were conducted in a 
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medium-scale furnace with external dimensions of 2.10 m in height, 1.35 m in width, 
and 1.20 m in depth. The furnace featured an open-top exposure area measuring 0.95 
m × 0.80 m. The beam specimens, each 0.12 m wide, were placed over this opening. 
The remaining perimeter of the opening was sealed with a non-combustible thermal 
insulation system, consisting of metallic cladding filled with ceramic wool. 

 
Figure 2.2 Test setup [13] 

Ceramic wool strips were added near the supports and along the specimen sides to 
reduce lateral heat loss, while a fire-resistant textile covered the top surface to limit 
thermal convection. The beams were exposed to fire along the bottom face over a 
1.10 m length and configured as simply supported across the furnace opening. A me-
chanical load was applied via suspended concrete blocks (Figure 2.2), simulating a four-
point bending condition. This represents 30% of the failure load of different beams at 
ambient temperature [14]. The blocks were gradually positioned using a chain system 
and hydraulic jack to ensure controlled movement and minimize vibrations.

 
Figure 2.3 Fire test setup 

Four LVDTs were employed to measure displacements—two positioned at mid-span 
and two at the beam supports. In addition, sixteen K-type thermocouples were em-
bedded within each specimen to monitor the temperature evolution inside the tim-
ber element during fire exposure. To gain a detailed understanding of heat transfer 
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through the cross-section, thermocouples were installed both at the mid-height of 
each lamella and at the bond lines between adjacent lamellae (Figure 2.4). 

 
Figure 2.4 Thermocouple layout 

2.1.2 Results  

The primary and most indicative parameter for evaluating the influence of different 
cross-sectional configurations and fire protection systems is the fire resistance of the 
specimens—namely, the time to failure under fire exposure. Figure 2.5 represents a 
comparative overview of the fire resistance times recorded for all tested specimens. 

 

Figure 2.5 Comparison of failure time 

While the time to failure remains a key parameter in assessing the fire performance of 
timber elements, it does not fully capture the complexity of their behavior under ele-
vated temperatures. To optimize protection strategies, it is also essential to evaluate 
the internal temperature development within the specimens during fire exposure. The 
thermocouple installed at mid-height of the second lamella (counting from the ex-
posed side) offers the earliest indication of thermal response differences between 
specimens. This position is located beyond the first adhesive line and behind the first 
perforation, making it critical for early thermal analysis. Figure 2.6a compares temper-
ature evolution at this position across all test specimens. The fastest temperature rise 
was recorded in the perforated beams, followed by those with a perforated core and 
a solid outer lamella. A beneficial effect was observed from the inclusion of mineral 
wool in the first row of voids, which helped reduce internal temperatures. The slowest 
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temperature increase occurred in specimens protected with an intumescent fire-re-
sistant coating. Figure 2.6b illustrates the temperature progression at the second ad-
hesive line. In perforated specimens, a sudden temperature spike was observed, indi-
cating the moment flames penetrated the first row of voids. A similar phenomenon 
was noted in specimens with solid outer lamellae. In samples filled with mineral wool 
and bonded with K.501 adhesive, the wool detached during the test, while this did not 
occur in samples using K.510 adhesive, suggesting superior adhesion properties of the 
latter.  

 

(a) 

 

(b) 

Figure 2.6 Comparison of developed temperatures: (a) 2nd bonding line; (b) middle of 2nd lamella;  

2.1.3 Charring behaviour 

To determine the charring rate of solid timber specimens, the beams were first cleaned 
after the fire tests and then cut into segments at regular intervals of 200 mm along 
their longitudinal axis. Each segment was carefully labelled and subsequently scanned. 
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The scanned files were processed and imported into a CAD environment for a detailed 
analysis of the charring progression (see Figure 2.7). The one-dimensional charring rate 
was determined to be 0.8 mm/min, which aligns with the reference values provided in 
EN 1995-1-2 [15].  

 
Figure 2.7 Remaining cross-section of a solid GL beam  

The fire performance of perforated timber beams involves multiple charring stages. 
Once the first solid timber layer is fully charred and separates, the narrow vertical tim-
ber webs become exposed to fire from three sides. This leads to highly irregular resid-
ual cross-sections and greater charring depths than those observed in solid timber 
members (Figure 2.8).  

 
(a) 

 
(b) 

 
(c) 

Figure 2.8 Residual cross-section of hollow timber specimens after 60 minutes of fire exposure: (a) 
hollow beam; (b) hollow beam with rock wool; (c) hollow beam with first solid lamella 

The fire tests conducted on these elements revealed three distinct charring phases. 
Initially, charring occurs while the first timber layer is intact; in the second phase, fire 
reaches insulated cavities; and in the final stage, fire penetrates non-insulated cavities. 
Before the first lamella is entirely charred, the beam undergoes one-dimensional char-
ring from a single fire-exposed surface, similar to solid timber beams. After this lamella 
fails, thin vertical webs become vulnerable to multi-sided exposure, compromising 
their integrity due to intensified thermal flow. From the standpoint of fire resistance, 
it is preferable that these vertical webs remain exposed to fire from one side only. This 
can be achieved in two ways; preventing fire intrusion into the cavities, or filling the 
cavities with insulating material, which protects the sides of the vertical webs after the 
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outer lamella fails. The first strategy is realized through fire-resistant coatings and clad-
dings, while the second is achieved using stone wool insulation, selected for its high 
melting point (above 1000 °C), which ensures its presence during fire exposure. If the 
insulation were to melt or detach, its protective function would be compromised. Fire 
testing confirmed that stone wool effectively protected the lateral surfaces of the ver-
tical webs, enabling the assumption of one-dimensional charring behavior—provided 
that the insulation remains in place throughout the test duration. 

Three charring phases were considered, illustrated in Figure 2.9. For simplification, a 
linear relationship between charring depth and time was assumed for each phase. 

    Phase 1                                                                 Phase 2                                                          Phase 3 

 

 
Figure 2.9 Charring stages: model for calculating the remaining cross-section of hollow elements 

During the second phase, fire ingress into cavities is assumed to be prevented even 
after the failure of the outer lamella (h₁ in Figure 2.9). The first phase ends when the 
charring depth equals the thickness of the outer layer (dchar, n ≤ h₁), and the correspond-
ing charring rate β₁, n is associated with one-dimensional charring. The time t₁ when this 
occurs is defined as: 

 𝑡1 =
ℎ1

𝛽1,𝑛
    ( 1 ) 
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In the second phase, vertical webs begin to char under a two-dimensional thermal flux. 
Due to their small thickness (23 mm), charring intensifies. Nominal charring depths for 
the first and second phases are expressed as: 

𝑑𝑐ℎ𝑎𝑟,𝑛 = 𝛽1,𝑛 ∙ 𝑡𝑟𝑒𝑞  for 0 ≤ 𝑡𝑟𝑒𝑞 ≤ 𝑡1  ( 2 ) 

𝑑𝑐ℎ𝑎𝑟,𝑛,2 = ℎ1 + 𝛽2,𝑛 ∙ (𝑡𝑟𝑒𝑞 − 𝑡1) za 𝑡𝑟𝑒𝑞 ≥ 𝑡1  ( 3 ) 

In the third phase, when fire reaches uninsulated cavities, the charring depth is: 

𝑑𝑐ℎ𝑎𝑟,𝑛,3 = 𝑑𝑐ℎ𝑎𝑟,𝑛,2 + 𝛽3,𝑛 ∙ (𝑡𝑟𝑒𝑞 − 𝑡2) za 𝑡𝑟𝑒𝑞 ≥ 𝑡2  ( 4 ) 

The effective cross-section is obtained by reducing the initial section by the effective 
charring depth: 

𝑑𝑒𝑓 = 𝑑𝑐ℎ𝑎𝑟,𝑛 + 𝑘0 ∙ 𝑑0  ( 5 ) 

The zero-strength layer thickness (k₀d₀) accounts for strength degradation at elevated 
temperatures. It is assumed that during the first 20 minutes, the coefficient k₀ linearly 
increases from 0 to 1, reflecting the time needed to establish steady thermal profiles 
in the remaining timber. Parameters β₁, n and d₀ for the first phase were derived from 
fire tests on solid and perforated timber elements. β₂, n, β₃, n, and d₀ for phases two 
and three were established via comparisons with simplified and advanced (FE-based) 
models. For vertical webs (23 mm thick), the average charring rate in the second phase 
was β₂, n = 1.5 mm/min, based on: 

𝛽𝑛,2 = 𝑘𝑛 ∙ 𝑘𝑠 ∙ 𝛽0  ( 6 ) 

The wool insulation generally improved thermal resistance but also accelerated heat-
ing of the first layer. The measured charring rate in this configuration was β₁, n = 0.8 
mm/min with a zero-strength layer of d₀ = 7 mm. In the third phase, when protection 
detaches or cavities are uninsulated, the charring rate increases and is calculated us-
ing: 

𝛽𝑛,3 = 𝑘𝑛 ∙ 𝑘𝑠 ∙ 𝑘3 ∙ 𝛽0  ( 7 ) 

𝑘3 = 2  ( 8 ) 

Resulting in a third-phase charring rate of β₃, n = 3 mm/min. 

The complexity of the second phase stems from the multidimensional heat transfer 
through insulating materials, which, despite protecting the sides, can accelerate char-
ring via lateral conduction. This phenomenon aligns with prior research on timber 
frame assemblies [16,17] and is accounted for in EN 1995-1-2, Annex C [15]. To correct 
for irregularities in the residual section, conversion factors ks = 1.5 and kn = 1.5 are 
proposed to determine the effective rectangular section under the assumption of one-
dimensional charring. 
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2.2 Timber Elements Exposed to Fire on Three Sides 

2.2.1 Specimen preparation 

The specimens used in the fire resistance study had identical dimensions to those used 
in the mechanical testing phase investigated [18], measuring 120 × 240 × 5040 mm 
(width × height × length). Moisture content was measured for each specimen individ-
ually, with the average moisture determined to be 10% across all samples. Each glued-
laminated timber (GLT) beam was composed of twelve lamellae, each 20 mm thick, 
made of softwood (fir). Bonding between the layers was achieved using a polyure-
thane-based structural adhesive. This PUR adhesive is certified in accordance with DIN 
1052 [19] for load-bearing timber structures. To evaluate the performance of hollow 
GLT elements, three different beam types were tested: 

• A standard GLT beam (control specimen), 

• A hollow GLT beam coated with an intumescent fire-resistant paint, and 

• A hollow GLT beam filled with mineral wool and coated with intumescent paint on 
the external surfaces. 

For fire protection, the product used was PROMADUR [20]. The concept behind the 
hollow design was to strategically use internal cavities to inhibit the penetration of heat 
and flame into the core of the beam. Figure 2.10 illustrates the different cross-sectional 
configurations of the tested timber beams. 

 
Figure 2.10  Specimen cross-section: (a) solid beam; (b) hollow with intumescent paint; (c) hollow 
with mineral wool infill. 

The timber beam specimens were subjected to three-sided fire exposure. The speci-
mens were mounted onto a vertical steel test frame, equipped with a hydraulic loading 
system to apply the required mechanical load. This represents 30 % of the failure load 
at ambient temperature, a load level commonly recommended in the literature [14] 
for simulating realistic fire conditions. The entire assembly was positioned above a hor-
izontal fire testing furnace, ensuring that a 3000 mm-long central segment of the beam 
was directly exposed to fire. The beam was simply supported. The supports were 
placed 4320 mm apart, with both supports located outside the furnace boundaries, 
ensuring only the central portion experienced fire exposure. The entire experimental 
configuration is shown in Figure 2.11. A 40 mm-thick calcium silicate board, known for 
its high strength and fire resistance, was placed on top of the beam to enable load 
application.  
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Figure 2.11  Fire test – experiment setup 

Temperature development across the beam’s cross-section was monitored using 21 
NiCr-Ni (Type K) thermocouples, each with a wire diameter of 0.5 mm. The positioning 
of the thermocouples (Figure 2.11) was designed to provide comprehensive data from 
all sides exposed to fire. The sensors were divided into three measurement groups, 
each containing seven thermocouples, based on their specific locations within the 
beam: 

• Group T11–T16 recorded temperatures induced by bottom-side fire exposure 

• Group T17–T21 focused on thermal development primarily influenced by lateral fire 
exposure 

• Group T1–T10 was arranged to monitor the notional charring rate and internal tem-
perature progression within the cross-section. 

This sensor configuration allowed for a detailed thermal profile to be captured 
throughout the fire exposure, facilitating subsequent analysis of charring depth, tem-
perature gradients, and material performance. 

2.2.2 Results – charring behaviour 

To assess the post-fire condition of each beam, the fire-exposed specimen was cut at 
regular 200 mm intervals. Each resulting cross-sectional segment was labelled and 
scanned, after which the scanned images were processed and imported into CAD soft-
ware for further geometric analysis (see Figure 2.12). Through this method, the resid-
ual cross-sectional area, moment of inertia, and section modulus were accurately de-
termined. Subsequently, both the notional charring rate and the notional residual sec-
tion were evaluated. In addition, one-dimensional charring rates (β₀) were measured 
individually for each lamella.  
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Figure 2.12 Residual cross-section analyzed with CAD software, dimensions in (mm): (a) normal GL 
beam; (b) hollow GL beam protected by intumescent paint. 

For the standard GL beam, the average one-dimensional charring rate was 
0.69 mm/min, while the notional charring rate was calculated to be 0.78 mm/min. In 
the case of hollow GL beams protected with intumescent paint, the fire protection sys-
tem contributed to a slightly lower average one-dimensional charring rate of 
0.64 mm/min. However, calculating the notional charring rate for these elements 
proved more complex due to the presence of internal cavities. Since the section mod-
ulus plays a significant role in determining the notional rate, and is inherently lower in 
hollow elements, the calculated notional charring rate was high—0.95 mm/min. The 
idealized residual cross-section geometry is illustrated with a blue dashed line in Figure 
2.12. 

3 Evaluation of char layer using FEM – 
implementation of a numerical modeling 
approach 

In this research, a novel simulation principle for modeling the charring of timber was 
implemented. This method involves deactivating finite elements within the numerical 
model once the material temperature reaches 300 °C—reflecting the behavior of tim-
ber in accordance with EN 1995-1-2 [8], which defines this temperature as the point 
at which timber loses its mechanical strength and stiffness. A custom script was devel-
oped using ANSYS Parametric Design Language (APDL) [21,22] to enable this element-
deactivation process (“element killing”) based on a defined thermal threshold. This 
marks an advancement in the fire modeling of timber elements, allowing for direct 
prediction of residual load-bearing capacity under fire conditions. One of the key ad-
vantages of this method is that it eliminates the need to manually extract temperatures 
from specific nodes within the finite element mesh. Instead, the remaining uncharred 
cross-section, as determined through element deactivation, is directly used in the 
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subsequent structural analysis to assess residual load capacity. The accuracy of the 
model was verified through validation against experimental tests, covering both one-
dimensional and multidirectional charring scenarios. The simulations showed excellent 
agreement with the physical test data, confirming the robustness of the approach. 

3.1 Thermal analysis – specimens exposed to fire on one side 

The developed finite element model was first validated using standard solid timber 
beams, where a high degree of correlation was observed between the simulation re-
sults and fire test data. After 60 minutes of fire exposure, the experimentally deter-
mined char depth was 52.34 mm, while the numerical simulation using the FEM model 
yielded a char depth of 52 mm. Figure 3.1 illustrates the progression of the charred 
layer at 15, 30, and 60 minutes. 

 
  

Figure 3.1 Evaluation of the char layer of a normal beam using FEM: (a) 15th minute; (b) 30th 
minute; (c) 60th minute 

The next step involved modeling perforated beams under fire exposure. Again, the re-
sults showed excellent agreement between FEM simulations and experimental obser-
vations. After 60 minutes, the experimentally recorded char depth was 97.1 mm, while 
the FEM model predicted an average char depth of 99.2 mm. The temporal develop-
ment of the char layer is presented in Figure 3.2. 

 
  

Figure 3.2 Evaluation of char layer of hollow beam using FEM: (a) 15th minute; (b) 30th minute; (c) 
60th minute 

To assess the influence of mineral wool placed in the first row of cavities, a numerical 
simulation was performed in ANSYS by incorporating elements with thermal properties 
matching those of mineral wool. After 60 minutes of fire exposure, the experimental 
char depth was measured at 83.3 mm, while the FEM simulation predicted an average 
char depth of 83 mm (Figure 3.3), indicating excellent agreement. 
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Figure 3.3 Evaluation of char layer of hollow beam with KV using FEM: (a) 10th minute; (b) 30th 
minute; (c) 60th minute 

Building upon the previous models, a perforated beam configuration with a solid outer 
lamella was simulated (see Figure 3.4). The correlation between the experimental re-
sult (60.3 mm char depth) and the FEM-predicted value (60 mm) confirmed the ro-
bustness of the model for this complex geometry. 

   

Figure 3.4 Evaluation of the char layer of a hollow beam with the first solid lamella using FEM: (a) 
15th minute; (b) 30th minute; (c) 60th minute 

The final set of simulations addressed beams protected with a fire-retardant coating—
a considerably more complex scenario. Figure 3.5 shows the charring progression in a 
coated perforated coated beam. The simulations aligned well with experimental data. 
The average deviation between simulated and measured char depths was 3.2 mm for 
coated perforated beams. 

   

Figure 3.5 Evaluation of the charred layer of the perforated beam with fire protection coating using 
FEM: (a) 10th minute; (b) 30th minute; (c) 60th minute 

3.2 Thermal analysis – samples exposed to fire from three sides 

In line with the previous section, this part presents the results obtained using the in-
novative FEM-based numerical modeling approach for timber specimens exposed to 
fire on three sides. The char depth in a standard GLT beam at 15, 30, and 45 minutes 
of fire exposure is shown in Figure 3.6. 
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(a) 

 
(b) 

 
(c) 

Figure 3.6 Evaluation of char depth in a solid beam exposed to fire on three sides: (a) 15 minutes; (b) 
30 minutes; (c) 45 minutes 

The results show strong agreement between numerical simulations and experimental 
fire tests. After 45 minutes of fire exposure, the only notable difference between the 
simulated and actual char depth appeared on the unexposed top surface, due to ide-
alized assumptions in the model. The measured char depth on the bottom was 
36.1 mm versus 35 mm in the simulation, while both lateral surfaces showed approxi-
mately 30 mm in both cases. Additional simulations on perforated beams with mineral 
wool infill confirmed similar accuracy, with results shown in in Figure 3.7. 

 
(a) 

 
(b) 

 
(c) 

Figure 3.7 Evaluation of char depth in perforated beams with mineral wool infill, exposed to three-
sided fire: (a) 15 minutes; (b) 30 minutes; (c) 45 minutes 

Mineral wool was defined in the simulation as a non-combustible material (melting 
point of approx. 1000 °C). The average char depth measured after 45 minutes of fire 
exposure in these specimens was 30 mm. The FEM simulation yielded the same aver-
age value. As seen in Figure 3.7c, the only minor discrepancy was again observed near 
the unexposed (top) side of the specimen. Finally, the simulated temperature distribu-
tion and char depth in perforated beams protected with fire-retardant coating are pre-
sented in Figure 3.8. 

 
(a)  

(b) 

 
(c) 

Figure 3.8 Evaluation of char depth in fire-protected perforated beams with mineral wool infill, 
exposed to three-sided fire: (a) 15 minutes; (b) 30 minutes; (c) 45 minutes 
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As shown in Figure 3.8a, the effectiveness of the fire-retardant coating is evident, as 
charring began only after approximately 15 minutes. The average char depth measured 
after 45 minutes of fire exposure in these specimens was again approximately 30 mm, 
which matched the result of the numerical simulation. 

4 Conclusion 
A comprehensive experimental and numerical investigation was conducted to evaluate 
the influence of internal perforations on the fire performance of glued laminated tim-
ber (GLT) elements. The study also examined the effectiveness of various passive fire 
protection systems in enhancing the fire resistance of both solid and perforated GLT 
components. The results indicated that the type of adhesive used (K.501 vs. K.510) had 
no significant impact on the fire resistance of solid timber elements exposed to fire 
from one side. However, the introduction of perforations (25 % cross-sectional reduc-
tion) led to a 23 % decrease in fire resistance. In contrast, the addition of stone wool 
insulation within the cavities significantly improved fire resistance by approximately 27 
% compared to unprotected perforated samples. Moreover, replacing the first perfo-
rated lamella with a full lamella exposed to fire increased failure time by about 20 %. 
The application of intumescent fire-resistant coating further enhanced fire resistance, 
with improvements of 52% in solid beams and 67% in perforated beams. Debonding 
was observed in initially unprotected perforated GLT elements, whereas the use of a 
full outer lamella and/or fire protection effectively prevented this failure mode. Fur-
ther analysis of specimens exposed to fire on three sides revealed that failure in per-
forated beams was consistently caused by debonding. However, the application of in-
tumescent coatings and stone wool infill proved effective, yielding fire performance 
comparable to that of unprotected solid GLT beams. The measured one-dimensional 
charring rate for softwood lamellae was β₀ = 0.69 mm/min, in line with EN 1995-1-2, 
while the effective multi-dimensional charring rate for solid GLT beams was βₙ = 0.78 
mm/min, also consistent with normative values. In protected perforated beams, three 
distinct charring phases were identified, highlighting the complex thermal behavior of 
such systems under fire exposure. This research contributes valuable insights into the 
fire performance of innovative hollow timber elements, offering practical guidance for 
improving their resilience through targeted material choices and design strategies. 

Additionally, the study confirmed that in each phase of charring, a linear relationship 
can be assumed between the char depth and the duration of fire exposure. For con-
ventional (solid) glued laminated timber elements, both the one-dimensional and 
multi-dimensional charring rates, as well as the thickness of the zero-strength layer, 
align with the values prescribed by EN 1995-1-2 [15]. However, during the second char-
ring phase of perforated elements filled with stone wool, increased charring of the 
vertical timber webs between the cavities was observed. This is attributed to the two-
dimensional heat flow caused by thermal accumulation in the stone wool. Conse-
quently, the zero-strength and zero-stiffness layer (d₀) should be increased as follows: 
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𝑑𝑜,𝑒𝑓𝑓 = 𝑑0,𝑐𝑙𝑎𝑢𝑠𝑒 + ∆𝑑0, ∆𝑑0 = 𝛾 max (0,
𝑤𝑐𝑎𝑣

𝑡𝑤𝑒𝑏
− 1) ,    ( 9 ) 

Where 𝑤cav – cavity width in mm, tweb – web thickness in mm, and γ is a calibration 
coefficient (dimensionless) that scales how strongly web slenderness amplifies char-
ring. The max(0, ⋅) keeps ∆d0=1  when there is no hollowing effect (i.e., 𝑤cav ≤ tweb) and 
increases it only when the cavity is wider than the thickness of web. The driver is the 
slenderness ratio 𝜓 = 𝑤cav /𝑡web. When 𝜓 ≤ 1 (narrow cavity, thick web), lateral flux is 
limited and there is no amplification. When 𝜓>1, the web is flanked by hot cavities 
which means more 2D heat flow and finally faster charring. The function is continuous 
at 𝜓=1 and, linear beyond it. 𝜓 shall be validated by advanced calculation. 

Finally, numerical simulations have proven to be a valuable tool for gaining deeper in-
sights into the fire performance of perforated glued laminated timber elements. 
Thermo-mechanical analyses were carried out using the ANSYS software suite, with 
simulation results closely aligning with experimental findings. A novel numerical ap-
proach based on the finite element method was developed to evaluate the depth of 
the charred layer. Thermal and thermo-mechanical analyses demonstrated strong cor-
relation between predicted and measured temperatures in timber elements exposed 
to standard fire conditions. The ratio of numerically predicted charring depth to the 
experimentally measured charring depth was found to be 1.05, indicating high accu-
racy with only a 5% deviation.  
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DISCUSSION 

The paper was presented by N Perković 

A Frangi commented that the authors encompassed too many aspects in the paper; 
hence, it is too complicated to make this research generally applicable for 
standardization, it is rather a topic for a technical approval. The authors should focus 
on a specific product instead. N Perkovic agreed. 

A Frangi commented on charring rates for one‐ and three‐dimensional cases with 
holes and that one should be careful with cases where thinner laminates are involved. 

S Winter is critical of statement that intumescent paint could increase resistance to 
fire normally. He said in practice the intumescent paints are not effective to increase 
fire resistance. We want to minimize chemical treatment as this goes against green 
building concepts. He questioned why PUR which is a D4 class and how to control the 
quality of the glue. N Perkovic explained how the gluing process was conducted and 
different adhesives were tested before deciding on PUR. 

A Just agreed with comments on standardization and received clarification about 
painting on three sides and which side was considered. N Perkovic further clarified 
definitions of some variables. A Just suggested to put recommendations in the paper. 
V Rajcic added the results can be applied to products for doors and windows.  

P Dietsch asked about cross section width and charring rate. N Perkovic responded a 
higher notional charring rate was calculated; however, 0.75 mm from EC5 Part 1 and 
2 was used as charring rate. 

P Dietsch commented about placing mineral wool in the cavity which would reflect 
energy and hence increase temperature in the wood. N Perkovic agreed and saw 
increase in heat flux in results.  He will think about alternative insulation materials. 
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1 Introduction 
Since timber constructions have been extensively planned and fabricated using digital 
processes, new connection types were developed for engineered timber construc-
tions. One possibility to make more out of the precision of automated machinery is to 
multiply the contact surfaces in one connection. Enders-Comberg (2016) investigated 
the multiple-step joint and Claus & Seim (2018) conducted experimental and numerical 
tests on multiple tenon connections. In this context, tenons and notches are gaining 
new attention. The current design formulation for laterally loaded tenon connections 
in the second generation of Eurocode 5 (2025) is an extension of Gustafsson’s (1988) 
approach to end-notched beams based on empirically provided factors. However, the 
formulation is restricted due to the limited number of experimental tests carried out 
in the 1980s. Consequently, modern beam geometries, materials and CNC-fabricated 
joint geometries have not been adequately addressed.   

The following study tries to transfer the knowledge of the widely investigated end-
notched beam (N) to tenon connections (T) and, finally, to multiple tenon joints (MT) 
with several contact surfaces and possible crack layers (Fig. 1). Additionally, the energy-
based approach will be compared to experimental tests results and the results of a 
numerical J-integral model. Finally, a design formulation will be proposed for tenon 
and multiple tenon connections. 

 

Figure 1. Geometry of different timber connections: (a) end-notched beam, (b) tenon connection and 

(c) tenon joint with multiple crack layers. 
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Table 1. Overview of the experimental test results from Schelling & Hinkes (1985) and Hinkes (1988). 

test series nT b h lT = 2x α β γ VT,m COV ks(n) VT,k 

  -  mm mm mm - - - kN % - kN 

Z-120 121 80 120 40 0.67 0.17 0.50 9.3 20 1.64 6.1 

Z-180 93 100 180 50 0.67 0.14 0.50 16.8 32 1.64 9.3 

Z-240 63 120 240 60 0.67 0.13 0.50 24.1 25 1.64 14.7 

ZBH-140 3 80 140 40 0.71 0.14 0.40 13.7 4 3.15 11.9 

ZBH-160 3 80 160 40 0.75 0.13 0.33 17.5 12 3.15 11.9 

ZBH-180 3 80 180 40 0.78 0.11 0.29 21.2 5 3.15 18.1 

ZBH-200 3 80 200 40 0.80 0.10 0.25 23.3 7 3.15 19.0 

ZVO-120 3 80 120 40 0.50 0.17 0.67 8.0 39 3.15 1.8 

ZVU-120 3 80 120 40 0.83 0.17 0.40 19.7 18 3.15 11.1 

ZZH-180 7 100 180 50 0.78 0.14 0.29 12.8 23 2.34 7.4 

ZZH-240 7 120 240 60 0.58 0.13 0.29 20.5 16 2.34 14.2 

 

2 Experimental tests 
2.1 Experimental research data of tenon connections 

The experimental database for the current of Eurocode 5/NA ((2013) and Eurocode 5 
(2025) formulations was provided by Schelling & Hinkes (1985) and Hinkes (1988). 
More than 350 tests were conducted on tenon connections with a different beam 
height h, location of the crack layer (hef = αh), tenon height (hT = γhef) and tenon length 
(lT = 2x = 2βh). The width of the tenon equals the width of the beam and was chosen 
between b = 80 and 120 mm. The main set-up was a tenon arranged in the centre of 
the cross-section with α = 2/3. Solid timber (Picea abies; ST) of quality class II, with a 
raw density of ρ0 = 340 … 460 kg/m³, was used under a comparably high variation in 
timber humidity.  

Table 1 shows the configuration of the tenon geometries for each test series, as well 
as the mean values of the maximum load VT,m and the coefficient of variation (COV) for 
each sampling size n. Finally, the characteristic values VT,k were calculated with the dis-
tribution factor ks(n), according to EN 14358 (2016). 

2.2 Experimental research data of multiple tenon joints 

Six different layouts of multiple tenon geometries with different beam heights were 
performed by Claus (2020). The number of tenons was varied between ni = 1 and 7. 
The height of the tenons was chosen as hT = 20 mm and the space in between as 30 
mm for configurations of more than two tenons. The ratio of the length of the tenon 
to the height of the tenon lT/hT was chosen as 1.0. A sample size of nMT = 5 or 6 was 
tested for each tenon configuration.  

Solid timber (C24) and glued laminated timber (GLT, GL24h) was used in the main beam 
to secondary beam test set-up with a density between ρu = 430 and 470 kg/m³ and a 
moisture content of ω = 9.7 to 11.8 %.  
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Table 2 shows the mean values of maximum experimental load VMT,m with COV, as well 
as the calculated characteristic values. When using more tenons and more homogene-
ous timber products, the load-bearing capacity of multiple tenon joints increases sig-
nificantly. Connections on beams made of ST C24 results in a higher COV and lower 
characteristic resistance of the timber joints.   

3 Application of the energy-based approach 
3.1 Energy-based approach  

Gustafsson (1988) developed the critical failure load for end-notched beams using the 
fracture mechanics approach regarding the energy balance. Therefore, the total defor-
mation δ in the middle of the beam from shear deformation δv, bending deformation 
δb and rotational deformation δr of the beam were considered (Fig. 3a). 

δ = δv + δb + δr      (1) 

Due to the deformation of the beam, elastic strain energy Πa and inner deformation 
energy Πi occur. The change of crack-forming energy ΔΠ0 related to the change of the 
crack area ΔA is defined as the critical energy release rate or specific fracture energy 
Gc.   

Δ(Πa − Πi)/ΔA = ΔΠ0/ΔA = Gc      (2) 

The change of (Πa – Πi) can be determined by the change of the total deformation (Fig 
3b).  

Δδ = Δδv + Δδb + Δδr      (3) 

   = 1.2V/(Gvb)∙(1/α–1) + 12V/(Exbh)∙(1/α3−1) + 24βV/(bα2)∙((1−α)(1−α3)/(10 GvEx))0.5 

In the next step, the potential of inner energy will be set equal to the crack-forming 
energy defining critical crack propagation when the critical shear force V = Vc occurs:  

ΔΠi = 1/2Vc
2 Δ(δ/V) = GcbΔβh      (4) 

 

Table 2. Tenon configuration and experimental resistance 

of multiple tenon joints. 

set-up ni mat. b h nMT VMT,m COV ks(n) VMT,k 

 - - mm mm - kN % - kN 

TS1 1 C24 100 240 5 13.8 20 2.46 7.2 

TS2 2 C24 100 240 6 17.4 30 2.34 5.9 

TS4 4 GL24h 100 240 5 37.4 6 2.46 32.4 

TM2 2 GL24h 160 380 6 52.1 13 2.34 37.0 

TM4 4 GL24h 160 380 6 69.4 11 2.34 52.9 

TM7 7 GL24h 160 380 5 78.1 5 2.46 68.2 
 

Figure 2.  Test set-up of multiple tenon 

joints. 
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Figure 3.  (a) geometry of an end-notched beam, (b) load-deformation behaviour under crack propa-

gation and (c) energy potential under crack propagation. 

The critical shear force for end-notched beams related to the remaining cross-section 
above the crack is  

Vc/bαh = ((2Gc/bα2h) / (Δ(δ/V)/Δβ))0.5.       (5) 

Substituting expression (3) into equation (4) and then transforming the result yields 
the final expression 

Vc = (bαh (Gc/h)0.5) / ((0.6 (α-α2)/Gv)0.5 + β (6(1/α-α2 )/Ex )0.5).      (6) 

The fracture mechanics approach, based on the energy balance, enables the fracture 
load to be determined as a function of the geometric dimensions and the elastic ma-
terial parameters Ex and Gv, as well as the specific fracture energy Gc of the material. 
Calculations by Gustafsson (1988) showed good agreement between the fracture loads 
calculated and the experimental failure loads determined. In order to transfer the con-
cept into a design equation, a material constant kn was introduced so that the specific 
fracture energy of wood does not have to be included in Eurocode 5 (2010). Wood 
often exhibits pre-damage in the form of cracks, therefore, this concept can also be 
transferred to other problems, such as cracks developing along the fibre of cross-lam-
inated timber (Serrano et al., 2022). 

3.2 Critical fracture load of tenon joints 

In terms of failure due to crack propagation, the difference in geometry between end-
notched beams and tenons is the missing timber volume above the tenon. Therefore, 
less energy can be stored internally. As the length of the missing volume above the 
tenon does not increase with the crack length, solving equation (4) will not be man-
ageable and the final design solution will differ.  
Three possible solutions were analysed in Claus (2020) covering the modified geometry 
with the existing approach by Gustafsson (1988). Firstly, the expression (6) was applied 
to the tenon connection disregarding the missing volume above the tenon. In this case, 
the experimental failure loads were significantly lower than those obtained using the 
fracture mechanics approach. Secondly, the expression (6) was applied to the 

330

INTER / 58 - 19 - 1



 

tenon connection, with the height of the tenon chosen to be the height of the remain-
ing cross-section hef = hT. Due to the significant reduction of the stored energy in this 
approach, the mean values of the experimental failure loads were higher than in this 
simplified approach (Claus, 2020). Finally, as a third attempt, the height of the missing 
timber volume above the tenon (α-αγ)h was added to the initial crack length βh. The 
geometry of this approach is shown in Figure 4a. A comparison made between the 
single experimental results VT,exp and the fracture mechanics approach using the fol-
lowing expression  

VT,c = (bαh (Gc/h)0.5) / ((0.6 (α-α2)/Gv)0.5 + (β+α-αγ) (6(1/α-α2 )/Ex )0.5)       (7) 

is shown in Figure 4b. The linear regression of both values is similar to the bisecting 
angle, which indicates a good correlation to the mean values. The critical fracture en-
ergy of ST was assumed to be Gc = GC

I+II = 0.210 N/mm for a combined fracture in mode 
I and II, according to Franke (2008). 

 

3.3 Critical failure load of multiple tenon joints 

Claus (2020) analysed three different failure modes for multiple tenon joints according 
to the numerical and experimental results (Claus & Seim 2018). Firstly, assuming the 
initial crack to be at the lowest tenon (i = 1) leads to significant overestimation of the 
experimental test results. Secondly, simultaneous cracking showed a good accordance 
with some of the experimental test results, but a significant overestimation for more 
than four tenons in one joint.  
Finally, the initial crack occurring at the highest tenon (i = n) was analysed, as shown in 
Figure 5a. In this case, each underlying tenon reaches the same load VMT,i = VMT/n and  

 

 
(a) (b) 

Figure 4. (a) Geometrical definitions on tenon connections and (b) a comparison of critical failure 

loads VT,c, according to eq. (7) and experimental test results VT,exp. 
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the total capacity is the product of the capacity of the highest tenon and the number 
of tenons: 

VMT,c = ni ∙ VT(n),c      (8) 

Figure 5b shows a comparison of the experimental test data from Table 2 with the 
results from the fracture mechanics approach Eq. (8). The test results for glulam GL24h 
show good agreement with the critical failure load. Conversely, the approach overes-
timates the test results obtained using ST C24 with only one or two tenons. Therefore, 
a reliability analysis is needed to consider the model uncertainties and the variation of 
material parameters. 

 

3.4 Reliability analysis related to a Eurocode 5 design proposal (Model 1) 

In order to determine the statistical distribution function of the failure loads, the ex-
perimental results must be standardised for a generally valid design concept for tenon 
connections and multiple tenon joints. If the verification method is based on end-
notched beams according to Eurocode 5 (2025), the following equation should be used 
for all types of geometries shown in Figure 1: 

1.5 ∙ Vd / (nv ∙ b ∙ kv ∙ hef) ≤ fv,d ∙ kv,n      (9) 

with the total design shear force Vd, the number of contacts nv, the effective width b ∙ 
kv the position of the crack layer hef and the design value of the shear strength fv,d. The 
coefficient kv,n considers the fracture-mechanical behaviour. The coefficient could be 
calculated with the help of the normalised fracture load, according to Jockwer et al. 
(2011). The model uncertainty will be covered with only one parameter.   

 

 
(a) (b) 

Figure 5. (a) Geometrical definitions of a multiple tenon joint and (b) comparison of critical failure 

loads and experimental test results. 
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Table 3. Design parameter for end-notched beams, tenon connections and multiple tenon joints. 

geometry nv m kn  
   ST GL 

end-notched beams     

   Jockwer et al. (2011) 1 β 3.0 3.9 

   Eurocode 5 (2025) 1 β 5.0 6.5 

tenon connections (Claus, 2020) 1 β + α - αγ 2.9  -  

multiple tenon joints (Claus, 2020) ≥ 2 β + αn - αnγn 1.6 5.0 

     

The normalised fracture loads derived from the experimental tests according to Table 
1 and 2 could be displayed as a log-normal distribution. The mean value, the COV and 
the characteristic value were calculated for this normalised distribution.  

Due to the fracture load being highly dependent on specific fracture energy (Jockwer 
et al., 2011), it is also necessary to consider the model uncertainty. The determination 
of all necessary parameters depending on the partial factors γm and the shear strength 
fv,k are documented in Claus (2020). Regarding the proposed design model, kv,n can be 
described as follows: 

kv,n = min {1; kn·(1 + 1.1·i1.5/h0.5) / (h0.5 · ((α(1 − α))0.5 + 0.8 · m · (1/α−α2)0.5))}    (10) 

In this approach, kn describes the model uncertainties depending on the scope of the 
tests performed and is, therefore, also dependent on the material parameters (Table 
3). kn increases with more homogeneous materials and the number of tests performed.  

The parameter m considers the tenon geometry. Connections with multiple tenon 
joints should be designed with more than two tenons and a length to height ratio more 
than lT/hT ≥ 1.0 to ensure a sufficient bending deformation and contact of tenons.  

 

4 Application of the J-Integral model 
4.1 Mechanics of the J-integral approach 

Another method to describe the fracture behaviour of solids in the framework of linear 
elastic fracture analysis is the J-integral analysis. The J-integral is a path integral on the 
contour Γ around the crack tip and was discovered nearly simultaneously by 
Cherepanov (1967) and Rice (1968). 

Only a subsystem around the crack tip needs to be analysed due to the path independ-
ency (Fig. 6a). The path encloses the area A. The potential of the inner energy can be 
expressed by the deformation energy density U. The latter is defined as the defor-
mation energy per volume for an elastic material: 

U = 1/2 [σx ∂u/∂x + τxy (∂u/∂y + ∂v/∂x) + σy ∂v/∂y]   (11) 
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The stress tensor  

ti = σij nj   (12) 

includes the stresses σij acting from outside the area A. The vector nj is orthogonal to 
the contour Γ. If no other external forces act on the subsystem and no damages or 
cracks occur in the enclosed area, the conservation of energy can be expressed with 
the path integral:   

∫Γ [Udy - ti (∂ui/∂x) ds] = 0   (13) 

The length ds describes a segment on the contour Γ. The area A moves from a to a + 
Δa under crack progress in a local X-direction. The change of potential energy dΠ under 
crack progress Δa can be expressed comparably to the energy release rate G with the 
J-Integral. The following expression from Kuna (2013) can be used for a contour en-
closing a crack: 

G = -dΠ/da = J ≡ ∫Γ [Udy - ti (∂ui/∂x) ds]   (14)  

The critical crack progress starts when J reaches the value Jc. The fracture criteria is  

J = Jc ≤ Gc.   (15)  

In order to be able to compare the multi-mode critical energy release rate Gc
I+II, it needs 

to be shown that: 

J = JI+II = JI + JII  (16) 

It was proved that the J-integral is path independent. Thus, every path including a crack 
tip can be used for the determination of J. A comparison with the calculation of the 
energy release rate G was performed for the double cantilever beam in Claus (2020). 
The J-integral had already been used by other authors, for example, by Yeh and 
Schniewind (1992) or to determine stress intensity factors in finite element models of 
bolted connections (Borth et al., 2002).  

  

(a) (b) 
Figure 6. (a) J-integral at the crack tip from Kuna (2013) and (b) implementation of contour inte-

grals around the crack tip in a FE-model. 
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The contours in the finite element model were defined automatically around the crack 
tip (Fig. 6b). Only 4-node elements were used for the determination of J in ABAQUS.  

The support load V was determined depending on the J-integral (Fig. 7). The critical 
support load Vc was then evaluated for the critical energy release rate Gc

I+II. 

The initial crack length a, the element size aE and the distance of the contour from the 
crack tip ri were investigated to check the influence of model parameters. Only minor 
deviations of the critical support loads were observed. The initial crack length was then 
fixed to a = 40 mm because of the little increase of J for very small values, and the 
element size was set to aE = 5 mm for the model and refined to aE = 1 mm in the area 
of the contours evaluated. The contour integral Γ1 will be evaluated for the following 
calculations. The calculation of the J-integral reacts more or less insensitively when the 
stiffness parallel to the grain Ex and the fracture parameter Gc

I+II of the models are 
changed.  

Using the material parameters from Table 4 given by the JCSS (2006), the critical sup-
port load Vc of the J-integral model was in good accordance with the experimental re-
sults from end-notched beams, tenon connections and multiple tenons joints, as 
shown in Claus (2020).    

 

4.2 Results from the parameter study 

The finite element model was applied to carve out an extensive parametric study of 
end-notched beams and tenon connections. In this study, the influence of the beam 
height, the location of the crack plane, the tenon height and length were investigated. 
More than 100 different geometries were analysed regarding the critical failure load.  
The results have already been presented and discussed in Claus & Seim (2021).  

 

 

Table 4. Mean values of material stiffness 
and fracture parameters for the finite ele-

ment model. 

 

 Ex Ez Gxz νxz νxz Gc
I+II 

 N/mm²    -   N/mm 

C24 11000 370 690 0.45 0.24 0.21 

GL24h 11500 300 650 0.45 0.24 0.21 
 

Figure 7. Non-linear relationship between support 
load V on the J-integral for the contour Γ1. 
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The failure load increases with a degressive progression while increasing the beam 
height and, on the other hand, the failure load increases progressively with the increas-
ing ratio α.  

Figure 8b shows the calculated failure load Vc,J,T of tenon connections. The cross-sec-
tion of the beams was fixed at b = 100 and h = 240 mm. The notch length ratio was 
chosen to be β = 0.1 h for all geometries of the tenons. 
The results show that the critical failure load increases disproportionately with an in-
creasing ratio α and degressively with an increase of the tenon height ratio γ. The fail-
ure loads do not increase for a tenon height ratio of γ ≥ 0.70, especially for notch ratios 
of α > 0.67. 

4.3 Development of a simplified design model (Model 2) 

The parameter study revealed a clear relationship between the failure load of the 
tenon connections and the position and height of the tenon. The following section will 
derive a simplified design model for determining the failure load from the data of the 
parametric study, considering the essential geometric parameters. The following pro-
cedure is used to develop the simplified design model for tenon connections and mul-
tiple tenon joints: 

• setting up the theoretical resistance function; 

• determining the factor k and the exponents p, q, r and s from the parametric 
study; 

• determining the pre-factor λm for mean value adjustment; 

• reduction of the pre-factor λk for the characteristic design level adjustment; and 

• validation of the simplified calculation model. 

  

(a) (b) 

Figure 8. Critical support load Vc,J (dots) and equalising surface function (grey) of  
(a) end-notched beams and (b) tenon connections. 
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The mean resistance value of all three connection types could be calculated using the 
following formula: 

VRm = λm · b · hp · αq · γr · nv
s    (17) 

Here, λ is the adjustment factor for mean value correction, as described in Claus (2020) 

λ = (∑re,i · rt,i ) / (∑rt,i
2),    (18) 

with the experimental failure loads re,i and the theoretical failure values rt,I, and takes 
into account the material parameters. The basis of the adjustment coefficient is the 
pre-factor k from the parametric study. The parameters b, h, α and γ represent the 
geometry of the connection. The exponents p, q and r are determined by post-pro-
cessing the results of the parametric study. Regarding multiple tenon joints, the num-
ber of tenons is specified as nv, and the exponent s considers the effective number of 
tenons. 

The characteristic value of the resistance function could then be determined based on 
the relationship between the mean and characteristic values, according to EN 1990 
(2021) 

λk / λm = exp(−ks(n) · Qr – 0.5 · Qr
2)   (19) 

with the fractile value ks(n) and the standard deviation Qr. 

The equalising surface functions for end-notched beams and tenon connections were 
chosen as a two-parameter power function. The equalising functions shown in Figures 
8a and 8b (grey surface) were created in Mathematica 8 (2010) software using ‘Non-
linearModelFit’. This function is limited to h = 100 … 1500 mm and 0.5 ≤ α < 1.0 for 
notched beams, as well as 0.1 ≤ γ ≤ 1.0 for tenon connections. Table 5 gives an over-
view of all necessary parameters determining the characteristic design function using 
the method presented. 

Consequently, the following characteristic design formulation for end-notched beams, 
tenon connections and multiple tenons joints are as follows, using rounded values 
from Table 5: 

VN,Rk = 19.5 · b · kv · h0.5 · α2.5    (20) 

Table 5. Parameter of the equalisation surface function (with rounded value) and the parameters of 
the characteristic resistance model. 

 b h k p q r s  n λ  λm ks(n) Qr λm 
 mm mm -       -       

end-notched beams 
 rounded value 

200  29.7 
35 

0.47 
0.5 

2.73 
2.5 

 - 
0.0 

 - 
0.0 

 27 0.96 33.6 1.87 0.27 19.5 

tenon connections 
 rounded value 

100 240 34.7 
35 

 - 
0.5 

2.31 
2.5 

0.37 
0.5 

 - 
0.0 

 309 1.37 47.8 1.64 0.30 28.0 

Multiple tenon joints 
 rounded value 

     -  
35 

 -  
0.5 

 -  
2.5 

 -  
0.5 

 -  
2.5 

 33 0.94 32.9 1.87 0.24 20.3 
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for tenon connections 

VT,Rk = 28.0 · b · kv · h0.5 · α2.5 · γ0.5   (21) 

and for multiple tenon joints 

VMT,Rk = 20.3 · b · kv · h0.5 · α2.5 · γ0.5 · ni
2.5   (22) 

A comparison between the mean values and the characteristic experimental test re-
sults for all three types of connections has been presented in detail by Claus (2020).  

The parametric study formed the basis for the simplified design equations for end-
notched beams and single and multiple tenon joints. These equations are based on key 
geometric parameters and consider the specific fracture energy and elastic parame-
ters. The simplified resistance models display a high degree of correlation with exper-
imental results for centrally placed tenons. However, their accuracy is reduced for 
other geometries. The model demonstrates a high degree of agreement regarding 
both mean and characteristic levels, particularly in the context of multiple tenon con-
nections. The simplified approach is more effective when using GLT due to the reduced 
variability in fracture loads compared to solid softwood. 

 

5 Comparison of the models 
Four diagrams were created to compare the two models with the existing design for-
mulation (Fig. 9). The cross-section in this example was chosen as GL24h with a b/h 
ratio of 100/240 mm. The notch length was fixed at β = 0.15 for all geometries. The 
second generation of the Eurocode 5 (2025) design formulation considers the material 
parameters with the pre-factor kn. Jockwer et al. (2011) suggested different values 
based on a comprehensive reliability analysis compared to Eurocode 5 (2025) (see Ta-
ble 3). The results for kn = 3.9 and 6.5 are, consequently, both included in the diagrams. 
Regarding the performance of end-notched beams, Figure 9a shows the characteristic 
design resistance depending on the notch ratio 0.5 ≤ α ≤ 1.0 of the Eurocode and the 
simplified Model 2. Figure 9b illustrates the difference when analysing a higher cross-
section (h = 480 mm). The following results are visible in the four diagrams: 

• Lower values of resistance in Model 2 are caused by a comparatively low prefactor 
λk due to the limited scope of the experimental tests that were evaluated. 

• Higher resistance for a higher notch ratio α could not be adequately covered from 
Model 2.  

• The larger the cross-section, the larger the difference between the Eurocode 5 
model and Model 2. 

Figure 9c illustrates the performance of tenon connections dependent on 0.5 ≤ α ≤ 1.0 
(γ = 0.50), while Figure 9d illustrates the dependence of the resistance on the tenon 
height ratio for 0.5 ≤ γ ≤ 1.0 (α = 0.50). The following results can be seen in the dia-
grams: 
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(a) (b) 

  
(c) (d) 

Figure 9. Design resistance of end-notched beams with (a) h = 240 mm and (b) h = 480 mm and the 
resistance of tenon connections depending on (c) the position of the crack layer and (d) the height 

of the tenon for three different design models. 

• Model 1 and 2 produce comparable results for 0.5 ≤ α ≤ 0.9, even though the for-
mulations’ backgrounds are completely different. A higher resistance for a higher 
notch ratio α could not be adequately covered by Model 2.  

• The Eurocode 5 model, based on experimental test results from Schelling & Hinkes 
(1985), shows significantly different behaviour and only covers 0.70 ≤ γ ≤ 1.0 due 
to the constructive regulations.  

• Regarding the dependency of the results from tenon height ratio γ, both Models 1 
and 2 show similar behaviour.  

• The Eurocode 5 formulation using the material parameter kn = 6.5 shows signifi-
cantly higher resistance, as already seen in Figures 9a and 9b. 
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Finally, Figure 10 shows a comparison of the maximum experimental load values (VT,exp) 
from Table 1 with their characteristic loads according to the Eurocode 5 (2025) model, 
as well as for Models 1 and 2 of this study. 

Over 50 % of the test results are located below the bisecting angle for the existing 
model of Eurocode 5 (2025) with kn = 5.0. Only 6 % of the experimental values are 
lower than the characteristic design load for the same model with kn = 3.0. 

When Model 1 is applied to the experimental test results, only one value of the char-
acteristic design load VT,RK is underestimated. Model 2 shows no underestimation of 
the experimental results. 

Conversely, the characteristic design loads of Model 1 do not exceed the limit of VT,RK 
= 10.6 kN, which is less than half the mean value of the Z-240 test series. However, the 
Eurocode 5 model with kn = 3.0 reaches VT,RK = 16.2 kN (67 % of VT,m). 

 

6 Conclusion and design proposal 
Two models for the calculation of the load-bearing resistance of end-notched beams, 
tenon connections and multiple tenon joints were developed in this study regarding 
the fracture mechanics behaviour due to tension stresses perpendicular to the grain. 
The first model is an extension of the Gustafsson (1988) model. The second, more sim-
plified, model was derived from a comprehensive parametric analysis of all three con-
nection types. A reliability analysis was made for both models to set up the necessary 
parameters for the characteristic design formulations.  
All models have already been evaluated using the experimental test series and demon-
strate good accordance using the parameter given in Table 3 and 5 (Claus, 2020). The 

  

(a) (b) 

Figure 10. Characteristic design load VT,Rk depending on  the experimental test series from Table 1 
(single values) for (a) EC5 (2025) model and (b) for model 1 and 2. 
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design models in this study were compared to each other as well as to the existing 
design formulation in the second generation of Eurocode 5 (2025). 

The main results from the comparison could be summarized as follows: 

• The material factor kn for solid and GLT should be discussed in terms of reliability. 

• Model 1 and 2 show much lower results in terms of the critical failure load com-
pared to the Eurocode 5 formulation when kn is set to 6.5 or 3.9 (glulam). 

• The models presented show comparable behaviour for tenon connections for 0.5 ≤ 
α ≤ 0.9. However, Model 2 does not adequately capture the significantly better 
performance of connections for 0.9 ≤ α ≤ 1.0. 

• Compared to the Eurocode 5 (2025) approach with kn = 3.0, Model 1 does not ac-
count for the high performance of tenon connections with larger cross-sections. 

As more simple connections become increasingly important due to the circularity of 
timber constructions, it will be necessary to ensure that notched connections, tenon 
joints and high-performance, multiple-loaded tenon joints are designed safely. There-
fore, Eurocode 5 should include a harmonised design formulation for all comparable 
connection types using standardised materials. 
Model 1, based on Gustafsson’s formulation (1988), is suitable for all three types of 
connection presented and could easily be integrated into the existing design equation 
for end-notched members. More systematic experimental data is required to conclude 
the discussion on the design parameter kn, particularly on tenon connections made 
from softwood and hardwood glulam, as no values are currently given for laminated 
veneer lumber. Another option is to increase the load-bearing capacity and robustness 
by reinforcing possible crack layers, which is an efficient solution, particularly for the 
occurrence of multiple cracks.  
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DISCUSSION 

The paper was presented by T Claus 

S Franke asked whether mode 1+2 was considered. T Claus responded they always 
used a fracture energy approach. S Franke suggested to compare results with model 
from B Franke. T Claus responded that more tests on GL for a material model will be 
needed. 

H Blass received clarification he,2 is based on height of secondary member. 

S Winter asked whether impact from model results have been cross‐checked for 
practice. T Claus responded that the model is safer: 10.6 kN vs 16 kN compared to EC 
model. 

A Frangi received clarification that comparisons were done between mean values and 
probabilistic approach to achieve characteristic values. 

P Dietsch commented that there are previous works on multiple tenon joints and 
suggested to study the influence of tolerances in the multiple tenon joints. 
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4  INTER Notes, Istanbul 2025 
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Bracing stiffness requirements of members

supported by discrete elastic supports
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Keywords: Bracing stiffness, Critical load, Effective buckling length

1 Introduction

This note presents and discusses the analytical solution and the outcomes for a member

with pinned ends under axial compression and restrained at the midspan (refer to

figure 1). The problem of the elastic stability of members with discrete elastic supports

under axial compression has been explored in various textbooks (e.g., Timoshenko &

Gere, 1963). These sources reveal that the spring stiffness K must exceed a threshold

value, specifically Kmin = kmin ⋅ Ncr,a/a, to reach the highest buckling mode. Here,

Ncr,a = π2EI/a2 signifies the critical load related to the highest buckling mode, and kmin is

a coefficient determined by the number of spans. Theoretically, it is possible to show that

the minimum factor kmin is 2 for a 2­span system, 3 for a 3­span system, and approaches

4 as the number of spans becomes very large. In the case of a 2­span system, a similar

outcome can be achieved through simple equilibriumanalysis, disregarding themember’s

bending stiffness (Munch­Andersen, 2004). For members with initial out­of­straightness,

a greater minimum stiffness is expected. Consequently, the previous version of Eurocode

5 suggested kmin as a National Determined Parameter, ranging from 4 to 10 (CEN, 2004).

This stiffness criterion applies specifically to the scenario where the minimum stiffness is

needed to attain the maximum buckling mode. Additionally, in structures with multiple

bracing elements, the minimum spring stiffness becomes significantly larger because

Kmin is inversely proportional to a
3, with a representing the span length, which diminishes

as the number of bracing elements increases. Consequently, when numerous bracing

components are present, achieving the necessary minimum stiffness to reach the highest

buckling mode can be challenging. However, in many practical applications, achieving

the highest buckling mode is not always critical for ensuring sufficient buckling resistance.

Often, the member may provide adequate resistance at intermediate buckling modes.
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For design verifications, this consideration can be incorporated through an effective

buckling length lef√π2EI/Ncr, which is dependent on the critical load Ncr of the member

based on a certain number and stiffness of springs. In such instances, a first­order

analysis might suffice, as imperfections are inherently accounted for in the kC­factors

used in buckling design verifications.

2 Analytical formulation for a members with pinned
ends and two spans

Let’s consider a linear­elastic, homogeneous member with flexural stiffness EI, subjected

to an axial compressive force N. Under the assumption of the Euler­Bernoulli beam

theory, the differential equation of the elastic curve with second order effects is:

w
⁗(x) + β2 ⋅ w″(x) = 0 (1)

In Eq. (1), w is the displacement, x is the coordinate along the member axis, β is defined

as β2 = N/EI and the prime symbol indicates derivative with respect to x. The solution

of this 4th order ordinary differential equation has the following form w(x) = A + B ⋅ x +
C cos(β ⋅ x) +D sin(β ⋅ x), where A, B, C, D are the four unknown integration constants to

be found by applying the relevant boundary conditions at the supports. For a member

with two equal spans, i.e. one internal elastic support, the required boundary conditions

are eight: four at the outer supports, i.e. w1(0) = w2(l) = w′
1(0) = w″

2(l) = 0 and four

at the internal support, i.e. w1(a) = w2(a),w′
1(a) = w′

2(a),w″
1(a) = w″

2(a) (continuity
conditions for displacement, rotation and curvature), andw‴

1 (a)−w‴
2 (a) = (K/EI)w1(a)

(shear balance at the internal support). Therefore, by applying the boundary conditions,

we obtain a system of 8 equations with 8 unknowns (i.e. Ai, Bi, Ci,Di). To obtain a non­

trivial solution, the determinant of the coefficients’ matrix must be zero. In the presented

solutions, the bracing stiffness and the critical load are expressed in dimensionless form

as respectively K = K⋅a3
EI

and z = β ⋅ a =
√
N/EI ⋅ a. Setting the determinant of the

coefficients’ matrix to zero, we obtain the solution in Eq.(2):

K = 2z3 ⋅ sin(z) cos(z)
z sin(z) cos(z) − sin2(z)

= f1(z) (2)

A graphic representation of Eq. (2) and the corresponding FE solution is given in Figure 1 in

terms of the dimensionless critical load (i.e. z = β ⋅ a) and in terms of the dimensionless

effective buckling length le/a. As shown in the Figure, a perfect match is obtained

between the analytical and the FE result. In all plots, the buckling shape is also indicated.

Note that in this Figure, estimations are also obtained by use of linear interpolation of

the dimensionless critical load between the transition points of the buckling modes.
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Figure 1. Dimensionless spring stiffness vs dimensionless critical load for a 2­span member with pinned
ends

3 Conclusions

This note aims to determine both the critical load and the effective buckling length of

braced members based on bracing stiffness, focusing on the newly proposed design

strategy in the upcoming edition of Eurocode 5 for this issue (CEN, 2024). Although the

proposed regulations offer a reasonable approximation, they tend to be overly complex

for practical use and differ from the precise solutions. Consequently, this paper derives

the exact analytical formulas for the critical load and the effective buckling length for

a member with pinned ends and two spans under axial force. A related study, soon to

be published (Stamatopoulos &Massaro, 2025), examines different scenarios, varying

the number of spans from two to four as well as the type of end supports (either free or

pinned), and provides more user­friendly design guidance.
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Lessons learnt and proposals for further  
development of timber design standards  
focusing on connection design 
 

José Manuel Cabrero, Ulrich Hübner, Carmen Sandhaas 

 

1 Introduction 
This note wants to initiate and provide a basis for a general discussion on how experi‐
mental validation of  future design standards should  look  like. Furthermore,  ideas on 
how to  facilitate design model development are discussed that aim at  increasing ro‐
bustness of models and more straightforward model validation. 
Several facts motivate this discussion: 

 Code development: Ongoing debates regarding the new European timber design 
standard FprEN 1995‐1‐1  [1] –  in particular brittle  failure modes of connections 
loaded parallel‐to‐grain – highlight the need for better preparation for future code 
development. 

 Harmonisation of international standards on advanced level: More and more, de‐
sign standards such as European [2], Canadian [3] and New Zealand [4] standards 
contain comparable rules, and design gaps in one standard may be filled with rules 
of another standard. Therefore, there is a need for harmonisation to benefit com‐
panies, engineers, and the broader timber engineering community. 

 Documentation and evaluation gaps: There is a notable discrepancy between the 
minimal  requirements  for standard tests and the potential  to use such data  for 
validating new design proposals. Furthermore, experimental evidence needed for 
validation of new models is the more difficult to obtain the more complex neces‐
sary testing campaigns are. Clear testing procedures agreed upon internationally 
and coordinated testing campaigns are needed to advance timber engineering. 

The “traditional” way to introduce a model in a design code may be illustrated by the 
following  example:  E DIN 1052:2000  [5]  contained  a  subclause  “connections  with 
bonded‐in  steel  rods”,  but  the  first  attempt  to  introduce design  rules  in  Eurocode 5 
failed  in  2004  [6].  21  years  later,  FprEN 1995‐1‐1  [1]  provides  design  rules  and 
FprEN 1995‐3 [7] execution rules for bonded‐in rods. ISO TC165 decided in 2019 to de‐
velop a design standard  for bonded‐in  rods, but Covid postponed physical meetings, 
and a first draft is based on the FprEN 1995‐1‐1. It will take almost 30 years to make the 
way from national to international rules. 
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The number of scientific publications  is yearly  increasing by approximately 4%  [8] 
and more and more countries contribute to the increase in scientific knowledge in tim‐
ber  engineering.  Overviewing  and  distilling  the most  relevant  publications  becomes 
more and more challenging. On the other hand, access to publications has become eas‐
ier due to digitalisation and world‐wide networks. 

The education of carpenters, engineers and scientists, their knowledge and experience 
make progress too, but it is limited by the nature of humans and time. Human develop‐
ment is slower than the increase of available knowledge. This discrepancy leads to the 
necessity to distinguish between the front‐end presented in design standards and the 
back‐end of available knowledge, experience and advanced models. Furthermore, it is 
generally assumed that design standards should reflect the state of practice rather than 
the state of science, necessitating a lag between model development and adoption. 

EN 1995‐1‐1:2004 + AC:2006 + A1:2008 [2] has 135 pages, and FprEN 1995‐1‐1 [1] has 
434 pages. CSA 086:2014 [9] was printed on 128 pages and CSA O86:2024 [3] on 436 
pages. It is obvious that we cannot continue to triple the number of pages in each gen‐
eration of Eurocode 5 or CSA O86. Systematization and simplification are essential for 
a sustainable development. With regard to the necessity to reduce the negative impact 
of worldwide buildings to our environment rapidly we should try hard to reduce the 
time span for developing and implementing more efficient design models. 

Conclusions after the last INTER meeting regarding brittle failure verification 

The discussion at the last INTER meeting in the auditorium, but also during the lunch 
and coffee breaks about the verification of brittle failure modes of connections led to 
the following ideas: 

 The models for brittle failure modes of connections included in FprEN 1995‐1‐1 [1] 
have been developed with practical application in mind and validated by bench‐
marking against extensive databases of existing experiments. However, these da‐
tabases sometimes  include connections  that were either not explicitly designed 
for brittle failure or did not meet design requirements so to induce brittle failure. 

 Evaluating existing test results is complicated due to incomplete reported data (for 
instance, load‐carrying capacities may be determined at different deformation lev‐
els).  All  of  this may  question  the  applicability  of  literature‐based  databases  for 
model validation. 

 Beside the 34 CEN‐members, New Zealand and Canada would also like to intro‐
duce verification of  
brittle  failure modes of connections  in design codes. A worldwide agreement  is 
needed on the topic. 

 However,  since  the work  is based on publications  from a  single  research group 
(2017–2021), thorough verification and additional contributions by other research 
groups are welcome and necessary to improve the rules. 

This is just an example. The worldwide timber community faces more and more similar 
challenges in other fields, where cooperation and collaboration is needed to reach an 
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agreement and a timely incorporation into design standards. Several regions can (and 
should) contribute to the solutions. Worldwide cooperation is the most promising strat‐
egy to solve common problems. 

2 Discussion 
The previous discussion highlights several key issues. On one hand, the scientific path—
driven by the pressure to publish—has led to an enormous increase in the volume of 
publications. Research is often conducted in isolation, primarily through nationally or 
privately funded projects, with limited global collaboration. On the other hand, in the 
realm of standardization, design codes are becoming increasingly lengthy and complex, 
which  discourages  newcomers  from  engaging  in  timber  design  and  slows  its  global 
adoption. Furthermore, due to long revision cycles, the integration of new content into 
standards is extremely slow—at least in Europe. 
Take, for example, the key topic of connections again: though significant progress has 
been made to overcome existing gaps, challenges still remain, such as stiffness, ductil‐
ity, long term response, variable climate effects, or rope effect. 
As previously discussed, to have a reliable model, there is a need of a consistent data‐
base. The quality and quantity of available test results and the covered connection var‐
iations determine the level and significance of the eventually proposed design model. 
And to have such a consistent, significant and extensive database, is not a one‐man task. 
Therefore, internationally coordinated efforts should be undertaken to address these 
issues and establish a consistent set of practices (e.g., experimental testing and report‐
ing requirements, best testing practices) to ensure robust model integration and vali‐
dation in future standards. 
As a start, a plausible goal would be a commonly accepted design procedure for con‐
nections  of  reinforced  and  unreinforced  timber  connections  loaded  parallel‐to‐grain 
and with dowel‐type fasteners. It should cover connections with staples, nails, screws, 
bolts, dowels, drift pins and timber rivets. The set of required data should be discussed 
and defined. 
For a commonly accepted database, test procedure and test plan should be developed 
by an international working group. If the participants of the working group represent 
Europe, Canada, New Zealand and other nations around the world it may be reasonable 
to host the group within ISO TC165 Timber structures. This would allow proper trans‐
parent documentation and support the acceptance of the results. 

However, one additional  challenge  remains:  separating model calibration and model 
validation is no straightforward task. This issue raises several difficulties: 

 Models often incorporate multiple parameters (e.g., effective thickness, kt‐ and kv‐
values for brittle failure modes) that require independent validation but cannot be 
evaluated experimentally in isolation. Models are hence often validated on a global 
level only. 
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 Critical parameters, such as the overstrength of steel dowels or the natural varia‐
bility of timber properties, significantly affect connection behaviour and may alter 
the response and safety level. Without experimental determination of e.g. the ten‐
sile strength of steel dowels, validation remains imprecise. 

Future  connection  design models  can  be  significantly  strengthened  through  coordi‐
nated efforts to provide model developers with comprehensive validation databases. 
These models could be classified into two categories: advanced scientific models, which 
are typically complex and aimed at providing accurate physical and mechanical expla‐
nations; and design models, which are simplified, conservative, and practice‐oriented. 
This distinction could help to address the growing complexity of design standards and 
facilitate a global consensus on timber engineering practices. A design standard like Eu‐
rocode 5 represents the front‐end; concise and focused on general, simplified design 
models applicable to most practical situations. Seldom or only regionally applied design 
methods may be stored in a separate part of the Eurocode 5. A detailed background 
document should connect the front‐end with the back‐end, containing the sources of 
the given rules, but also references to advanced, detailed models. Researchers and ad‐
vanced practitioners should be enabled to apply more efficient and complex engineer‐
ing solutions for special applications. 

3 Conclusion 
This work represents an initial step in addressing existing gaps and improving current 
models through proposing a collaborative global effort. By presenting these preliminary 
ideas, the goal is to foster collective development lead by the INTER network. Coordi‐
nating  research efforts would enable  the harmonisation of  testing procedures and a 
more balanced distribution of efforts, ultimately  leading  to a more  robust validation 
database and improved standards.  
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1 Introduction 
Scrails (SRs) are used in CLT connections as an alternative to ring-shank nails (RNs), 
combining the installation speed of nails with the withdrawal capacity of screws, allow-
ing rapid installation and removal after adhesive curing, with continuous quality con-
trol on the production line. Withdrawal tests are essential to assess the performance 
of fastener-to-timber connections. The equations to estimate the withdrawal capacity 
(Fax) of fasteners in current standards are derived from allowable design values and 
regression analyses of experimental data. Studies have asserted that the equations 
may be inaccurate for nails with different thread geometries and coatings, as experi-
mental results deviate from design values. Skulteti et al. (1997) and Rammer et al. 
(2001) reported Fax values that were 34–50% higher than those prescribed by the Na-
tional Design Specification. Kevarinmaki (2005) tested five types of gun-driven nails on 
spruce and recommended EC5 to reduce the withdrawal parameter fax  at least 0.7 for 
profiled nails by noting hot-dip galvanized nails. Sandhaas and Görlacher (2017) em-
phasized quite similar results for stainless steel nails and hot-dip galvanized nails. EN 
14592 specifies stainless steel and Fe–Zn coatings, but provides no guidance on alter-
native corrosion-resistant coatings; notably, Ceylan and Girgin (2020) presented the 
first experimental study on phosphate-coated ring-shank nails. 

This paper investigates the withdrawal capacity of various coated RNs and the less-
studied SRs in CLT manufactured from Turkish black pine and fir. This note examines 
the consistency between design equations and experimental findings as well, while on-
going work focuses on developing predictive models for the withdrawal capacity. 

2 Materials, Method, and Findings 
Withdrawal tests were conducted on two local CLT types (black pine and fir) through 
four RN types and two SR types (Table 1). RNs were sourced from local manufacturers 
with international distribution, while the SRs (SR-GD-1 and SR-GD-2) were provided 
from Beck Fastener Group. Fastener lengths (80 mm) and diameters, particularly for 
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RNs, were closely matched to enable a valid comparison of surface coating effects. A 
total of 420 specimens (50×50×66 mm) were tested, comprising 35 replicates for each 
combination of fastener. The withdrawal tests were performed with a constant rate of 
loading to determine Fmax to an accuracy of 1% according to EN 1382. In this study, 
withdrawal capacity (Fax), withdrawal stiffness (Kax), withdrawal parameter (fax), and 
withdrawal energy (E) characteristics were examined (Table 1). For both CLT species, 
RN-PR-1 exhibited the highest Fax among all fasteners, suggesting that the phos-
phate+resin coating enhances the withdrawal capacity of RN. SR-GD series showed 
higher Fax than standard RNs (excluding RN-PR-1) in most cases, with SR-GD-2 achieving 
1.01 and 1.05 times greater Fax than SR-GD-1 in the black pine and fir series, respec-
tively. Additionally, SR-GD-1, a plastic-striped scrail, resulted in increased wood split-
ting compared to SR-GD-2, which is wire-collated. SRs displayed higher Kax than RNs, 
indicating a stiffer initial response during withdrawal. Among RNs, RN-PR-1 showed the 
highest Kax in black pine (2.91 kN/mm), highlighting the effect of coating on mechanical 
engagement with the CLT. Compared with RNs, SRs had higher fax, particularly SR-GD-
1 in black pine (0.017 kN/mm²), reflecting more efficient axial load transfer, likely due 
to the shank geometry. RN-PR-1 and RN-R had higher withdrawal energy compared to 
other RNs, especially in fir CLT (6.43 and 5.40 kNmm, respectively). SRs showed mod-
erate E values; SR-GD-2 (5.30 kNmm in fir) balances high withdrawal stiffness and load. 
Overall, in all RN and SR test series, black pine CLT demonstrated higher Fax than fir 
CLT, attributable to its higher specific gravity. 

Table 1. Withdrawal characteristics of ring-shank nails (RNs) and scrails (SRs) in the experiments. 

         
             RN-P        RN-R       RN-PR-1     RN-PR-2   SR-GD-1   SR-GD-2   

Type d  
(mm) 

ld  
(mm) 

Black Pine CLT Fir CLT 

Fax  
(kN) 

Kax 

(kN/mm) 
fax  
(kN/mm2) 

E  
(kN.mm) 

Fax  
(kN) 

Kax 

(kN/mm) 
fax  
(kN/mm2) 

E  
(kN.mm) 

RN-P 3.3 62.0 2.40 2.69 0.012 5.19 2.18 3.30 0.011 3.70 

RN-R 3.4 62.0 2.43 3.03 0.012 4.82 2.19 2.45 0.010 5.40 

RN-PR-1 3.4 62.0 2.63 2.91 0.012 5.65 2.53 2.55 0.012 6.43 

RN-PR-2 2.9 62.0 2.20 2.83 0.012 3.11 2.06 2.38 0.011 2.96 

SR-GD-1 3.2 45.0 2.40 3.44 0.017 4.10 2.13 2.38 0.015 4.61 

SR-GD-2 3.2 57.0 2.44 3.67 0.013 4.73 2.25 3.02 0.012 5.30 

Common models to predict Fax of RNs (Table 2) were applied to SRs as well. Herein, the 
red series represents black pine CLT while the blue series displays fir CLT. Results sug-
gest that the exponents of characteristic density and specific gravity with initial con-
stant factors are not universal, varying with fastener type and timber interaction. 
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Table 2. Common models of the withdrawal capacity Fax . 

Source  Equation Source  Equation Source  Equation 

Rammer et al. 
(2001) 

𝐹𝑎𝑥 =  42.8  𝜌1.38 𝑑 𝑙𝑑      Blaß and Uibel 
(2007) 

𝐹𝑎𝑥 =  0.117 𝜌𝑘
0.8 𝑑0.6 𝑙𝑑    ANSI-AWC 

NDS (2012) 
𝐹𝑎𝑥 =  77.51 𝜌2 𝑑 𝑙𝑑  

               
ρk=characteristic density (kg/m3); ρ=specific gravity; ld =penetration depth; d= nominal diameter of nail (mm). 

3 Conclusions 
The following conclusions can be drawn from this study:  

• Fastener geometry and coating type strongly influence Fax. Phosphate+resin coated 
ring-shank nail (RN-PR-1) has the highest Fax values in black pine and fir CLT due to 
the enhanced mechanical friction of rough crystalline of coating. 

• Scrails (SRs) provide higher Kax and fax, while phosphate+resin coated RNs achieve 
the highest Fax and E. 

• Rammer et al. (2001) successfully estimate for RNs and SRs in both black pine and 
fir CLT.  

• Ongoing research aims to develop models better matching to experimental Fax. This 
could allow for more economical and high-performance CLT connections using local 
wood species. 
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1 Introduction
Engineered wood products used in mass timber construction, such as glued laminated

timber, introduce inherent material discontinuities, which may affect their strain­rate

sensitivity. Past research on glued laminated timber have focused on simulated blast

(Lacroix, 2017) and four­point impact loading (Wight et al., 2024). Lacroix (2017) ob­

served a ratio between the dynamic and quasi­static resistance, kdyn, of 1.14 for strain

rates ε̇ between 0.14 and 0.51 s−1. Further tests conducted by Wight et al. (2024)

employed a drop­weight four­point bending test setup, yielded a slightly lower kdyn of

1.13 for strain rates ranging from 0.57 to 1.05 s−1. While four­point bending configura­

tions have been used in the aforementioned studies, three­point bending tests engage

a relatively small stressed volume. Consequently, both material composition and the

choice of loading configuration may play a critical role in the accurate assessment of

rate­dependent behaviour of glued laminated timber.

2 Material, Method and Results
The tests were conducted on the pendulum impact hammer test setup developed by

Cao et al. (2022). 27 specimens with spans 2800, 3800, 4800 mm and heights ranging

from 240 to 320 mm in 40 mm steps were tested under different impact velocities.

Three further specimens were tested quasi­statically on a three­point bending setup

to quantify the reference resistance. All specimens were finger­jointed GL24h glued

laminated timber beamsmanufactured according to EN 14080:2013. Since the strain rate

can be defined as ̇ε = 6h
L2

̇w, it follows that ε̇ ∝ 1/L2. Thus, varying the length L enables

substantial control over the achievable strain rates. By combining the proportionality
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ε̇ ∝ 1/L2 with a variation of impact velocity vp ≈ ̇w, the potential of the setup was

fully exploited. The shortest specimens were subjected to the highest possible impact

velocity vp, namely a release angle θ0 of 85°, and the longest specimens to the lowest

safe release angle θ0 of 45°.

The displacements were measured using fiducial markers (ArUco) with the setup shown

in Figure 1. A precision of ±1px, equivalent to approximately ±0.90mm, was achieved and

further improved by averaging eight data streams. To determine the ultimate resistance

from the displacement tracking, the spring stiffness of a beam subjected to a point load

at mid­span considering shear deformations:

kb,v = 1

L3

48EI
+ L

4κGA

, (1)

can be multiplied by the measured displacement wArUco, to determine the impact force

Pd = kb,vwArUco. The acting bending momentMd can be compared to the mean bending

resistanceMRm of the reference specimens to determine the resulting dynamic strength

increase factors kdyn.

Reference points

Measurement points

Aluminium bar

Hammer head

Figure 1. Displacement measurement setup for fiducial marker tracking.

As shown in Figure 2, dynamic strength increase factors kdyn ranging from 0.87 to 2.20

were observed. The lowest value of 0.87 was an outlier with an early failure of a finger

joint located near the centre. A Cowper–Symonds equation, which is a widely accepted

model for characterizing metallic material behaviour at high strain rates, was fitted to

the results. The resulting parameters for the mean value fit are c=3.1 and q=1.17 with a

respective CV of 23% and 28%, and a coefficient of determination R2 of 0.53.

When compared with the results of Lacroix (2017), similar dynamic strength increase

factors kdyn were observed for strain rates ̇ε between 0.14 and 0.51 s−1. In contrast,

compared toWight et al. (2024), higher strength increase factors kdyn were measured in

the strain rate ̇ε range of 0.57 to 1.05 s−1 with an overlap for lower kdyn values. Besides

the known strength increase factors, a significant increase of kdyn towards strain rates ̇ε
of 2.00 was observed.
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Figure 2. Dynamic strength increase factor kdyn for different strain rates ̇ε. The colour bar represents
the quasi­static global E­Modulus Emg according to EN 408:2010.

3 Conclusion
A wide range of three­point bending tests at different strain rates ε̇ was achieved by

varying the span length L and the impact velocity vp. In the range ε̇ = 0.50 to 0.75 s−1,

dynamic strength increases consistent with those reported in the existing literature

were observed. In the range 1.00 to 2.00 s−1, a non­linear increase in resistance was

observed on the logarithmic scale, surpassing the known dynamic increase factors kdyn
and enlarging the dataset for strain rates ε̇ above 2.00.

Clear limitations of this study include the lack of measured reaction and impact forces.

In addition, the fitting parameters exhibit a relatively high coefficient of variation, show­

ing that more data is required. Additional data points from existing literature could

improve the fitting parameters and the coefficient of determination. Nonetheless, the

findings demonstrate an evident strain­rate dependency of glued laminated timber

beams subjected to impact loading.
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1 Introduction 
Slip modulus of the joint is important to design timber structures. In Eurocode 5 (2004), 
slip modulus 𝐾ୱୣ୰ is determined by simple formula with density and fastener diameter. 
However, this equation does not consider the effect of material thickness. In Japanese 
design standard (Architectural  Institute of Japan (AIJ), 2006), slip modulus 𝑘୨ୱ,୘୆୉୊ is 

determined based on theory of beam on elastic foundation (TBEF) (Kuenzi, 1955). De‐
sign equations based on TBEF contain equations involving hyperbolic and trigonomet‐
ric functions (hereafter "hyperbolic parts"), thus they are too complicated and not suit‐
able  for design equations. Furthermore,  in  joint  types  that use steel plates,  the slip 
modulus is calculated to be excessively high because the deformation of the steel plate 
itself is ignored. 

The AIJ standard is currently scheduled for revision in 2026. One of the revisions con‐
cerns slip modulus, with the aim of creating a simplified formula based on TBEF that 
can calculate a value closer to the actual slip modulus. This paper introduces the sim‐
plified calculation formula for slip modulus 𝑘୨ୱ. 

2 Proposed design equations 
𝑘୨ୱ for joints are determined by Equations (1) and (2). 

𝑘୨ୱ ൌ ൜ 𝐶୩ଵ ∙ 𝑘ଵ ∙ 𝑑 ∙ 𝑙ఒଵ   (Steel‐to‐timber joints)
ሺ𝐶୩ଵ ൅ 𝐶୩ଶሻ ∙ 𝐶ఠ ∙ 𝑘ଵ ∙ 𝑑 ∙ 𝑙ఒଵ   (Timber‐to‐timber joints)

  (1) 

𝑙ఒ௜ ൌ ቀସாூ
௞೔ௗ

ቁ
భ
ర
  (2) 

where subscript 𝑖 indicates main or side member (1: main member, 2: side member), 
𝐶୩௜ is the coefficients depending on the thickness of each member, 𝑘௜ is the bearing 
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stiffness (N/mm3), 𝑑 is the diameter of the fastener (mm), 𝑙ఒ௜ is the normalized thick‐
ness (mm), 𝐸𝐼 is bending stiffness of the fastener (Nmm2), 𝐶ఠ is the coefficient de‐
pending on the ratio of 𝑙ఒ௜.  

Bearing stiffnesses parallel and perpendicular to the grain 𝑘଴, 𝑘ଽ଴ are determined by 
Equation (3) (Hwang & Komatsu, 2002). 

𝑘଴ ൌ ாబ
ଷଵ.଺ାଵ଴.ଽௗ

, 𝑘ଽ଴ ൌ ௞బ
ଷ.ସ
  (3) 

where 𝐸଴ is the modulus of elasticity (N/mm2). 

𝐶ఠ is determined from Equations (4) and (5). 

𝐶ఠ ൌ ଵ
ሺଵାఠమሻሺଵାఠሻ  (4) 

𝜔 ൌ ௟ഊమ
௟ഊభ

  (5) 

𝐶୩ଵ and 𝐶୩ଶ values are shown in Table 1 and 2. 𝐶୩௜ is determined according to 𝑙௜ ⁄ 𝑙ఒ௜. 

 

Table 1. 𝐶୩ଵ value for steel‐to‐timber 

joints 

  Table 2. 𝐶୩ଵ and 𝐶୩ଶ values for timber‐to‐timber 

joints 

Joint type 
𝑙ଵ ⁄ 𝑙ఒଵ   

Joint type 
𝑙௜ 𝑙ఒ௜⁄  

0  1  2〜    1  2  3〜 

S‐T‐S*  0  0.8  0.8   
T‐T‐T* 

𝐶௞ଵ 1.4  1.2  1 

T‐S‐T*  0  0.7  1.2    𝐶௞ଶ 0.6  0.8  1 

S‐T*  0  0.2  0.4   
T‐T* 

𝐶௞ଵ 0.25  0.5  0.5 
*S: Steel member, T: Timber member 
Intermediate values are interpolated lin‐
early 

  𝐶௞ଶ 0.25  0.5  0.5 

  *T: Timber member 
Intermediate values are interpolated linearly. 

 

In TBEF equations for timber‐to‐timber joints, 𝐶௞ଵ represents a hyperbolic part of TBEF 
equations. Hyperbolic parts are replaced by simple linear lines. It also includes a reduc‐
tion caused by deformation at steel part. 

In TBEF equations for timber‐to‐timber joints, Stiffness values converge at an infinite 
member thickness (𝑘୨ୱ,୘୆୉୊,୧୬୤). 𝐶ఠ is obtained as hyperbolic parts under infinite mem‐

ber thickness. 𝐶௞ଵ ൅ 𝐶௞ଶ values are considered as a ratio against the converged stiff‐
ness. Figure 1 shows the ratio 𝑘୨ୱ,୘୆୉୊/𝑘୨ୱ,୘୆୉୊,୧୬୤, and Figure 2 shows an example of 

𝐶௞ଵ ൅ 𝐶௞ଶ values in single shear timber‐to‐timber joints. Values in Table 2 are deter‐
mined to express 𝑘୨ୱ,୘୆୉୊/𝑘୨ୱ,୘୆୉୊,୧୬୤ ratio. The thickness of each member is limited to 

𝑙ଵ ൒ 𝑙ఒଵ, 𝑙ଶ ൒ 𝑙ఒଶ, which means  that  the normalized  thickness 𝑙ఒ௜  is  also used as  re‐
quired minimum thickness for simplified equations. 
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3 Comparison with experimental values 
Figure 3 shows a comparison between 𝐶௞ଵ, hyperbolic parts of TBEF equation (𝑘୨ୱ,୘୆୉୊ 

is divided by 𝑘ଵ𝑑𝑙ఒଵ) and experimental values  in steel‐to‐timber double shear joints. 
TBEF equations showed higher values than experiments, and 𝐶௞ଵ values for simplified 
equations may be appropriate to estimate slip modulus for steel‐to‐timber joints. 

A comparison between experimental and calculated values in timber‐to‐timber joints 
are shown in Figure 4. The slip modulus calculated using the proposed equations ap‐
propriately evaluates the experimental values.  
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Figure 1. Relationship between member thick‐
ness and 𝑘୨ୱ,୘୆୉୊/𝑘୨ୱ,୘୆୉୊,୧୬୤ ratio in single 

shear timber‐to‐timber joints 

Figure 2. Relationship between member thickness 

and 𝐶௞ଵ ൅ 𝐶௞ଶ values in single shear timber‐to‐

timber joints 

   

Figure 3. A comparison between 𝐶௞ଵ, hyperbolic 

parts of TBEF equation and experimental values 

in steel‐to‐timber double shear joints 

Figure 4. A comparison between experimental 

and calculated values in timber‐to‐timber joints 
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5  Peer review of papers for the INTER 
Proceedings 

 

Experts involved:  

 

The reviews are undertaken by long standing members of the INTER group which is a 

community of experts in the field of timber engineering. 

 

Procedure of peer review 

 

 Submission of manuscripts: all members of the INTER group attending the 
meeting receive the manuscripts of the papers at least four weeks before the 
meeting. Everyone is invited to read and review the manuscripts especially in 
their respective fields of competence and interest.  
 

 Presentation of the paper during the meeting by the author  
 

 Comments and recommendations of the experts, discussion of the paper 
 

 Comments, discussion and recommendations of the experts are documented 
in the minutes of the meeting and are printed on the front page of each paper.  
 

 Final acceptance of the paper for the proceedings with 
 
 no changes 
 minor changes 
 major changes  
 or reject 
 

 Revised papers are to be sent to the editor of the proceedings and the 
chairman of the INTER group 
 

 Editor and chairman check, whether the requested changes have been carried 
out.  

367



368



6  Meetings and list of all CIB W18 and 
INTER Papers 

 

CIB Meetings: 

 

1  Princes Risborough, England; March 1973 
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10  Vancouver, Canada; August 1978 

11  Vienna, Austria; March 1979 

12  Bordeaux, France; October 1979 

13  Otaniemi, Finland; June 1980 

14  Warsaw, Poland; May 1981 

15  Karlsruhe, Federal Republic of Germany; June 1982 

16  Lillehammer, Norway; May/June 1983 

17  Rapperswil, Switzerland; May 1984 

18  Beit Oren, Israel; June 1985 

19  Florence, Italy; September 1986 

20  Dublin, Ireland; September 1987 

21  Parksville, Canada; September 1988 

22  Berlin, German Democratic Republic; September 1989 

23  Lisbon, Portugal; September 1990 

24  Oxford, United Kingdom; September 1991 

25  Åhus, Sweden; August 1992 

26  Athens, USA; August 1993 

27  Sydney, Australia; July 1994 

28  Copenhagen, Denmark; April 1995 

29  Bordeaux, France; August 1996 

30  Vancouver, Canada; August 1997 

31  Savonlinna, Finland; August 1998 

32  Graz, Austria; August 1999 
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33  Delft, The Netherlands; August 2000 

34  Venice, Italy; August 2001 

35  Kyoto, Japan; September 2002 

36  Colorado, USA; August 2003 

37  Edinburgh, Scotland; August 2004 

38  Karlsruhe, Germany; August 2005 

39  Florence, Italy; August 2006 
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45  Växjö, Sweden; August 2012 

46  Vancouver, Canada; August 2013 

 

INTER Meetings: 

 

47  Bath, United Kingdom; August 2014 

48  Šibenik, Croatia; August 2015 

49  Graz, Austria; August 2016 

50  Kyoto, Japan; August 2017 

51  Tallinn, Estonia; August 2018 

52  Tacoma WA, USA; August 2019 

53  Online Meeting; August 2020 

54  Online Meeting; August 2021 

55  Bad Aibling, Germany; August 2022 

56  Biel/Bienne, Switzerland; August 2023 

57  Padova, Italy; August 2024 

58  Istanbul, Türkiye; August 2025 

 

The titles of the CIB W 18 and INTER papers (starting from 2014) are included in the 

complete list of CIB/INTER  papers:  http://holz.vaka.kit.edu/741.php 
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