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INTERNATIONAL COUNCIL FOR RESEARCH AND INNOVATION
IN BUILDING AND CONSTRUCTION

WORKING COMMISSION W18 - TIMBER STRUCTURES

MEETING THIRTY-FIVE

KYOTO, JAPAN 16 -19 SEPTEMBER 2002

MINUTES
(B S CHOO)

1. CHAIRMAN’S INTRODUCTION

After welcoming members to the 35th meeting of the Working Commission to Kyoto, H J
BlaB, the Chairman informed colleagues that this is the first meeting of the Working
Commission to be held in Asia with the exception of one meeting in Israel in 1985. H J
Blaf} then thanked M Yasumura of Shizuoka University, N Kawai of the Building
Research Institute and K Komatsu of Kyoto University for the local arrangements and
organisation. M Yasumura then outlined arrangements for social events and for the
technical visit to Kyoto University.

2. CO-OPERATION WITH OTHER ORGANISATIONS
(a) RILEM

Members of the Working Commission were not aware of any timber structures
related activities at RILEM

(b) CEN

H J Larsen, Chairman of TC 124, announced that product standards for Timber
Structures (including structural timber and glulam) are to be published in around 6
months time.

J Kénig, Chairman of the TC 250 reported that the final drafts of EC5 EN 1995-1-1
General Building and EC5 EN 1995-1-2 Fire have been sent to CEN for the
formal vote in October and September 2002, respectively. These documents are
expected 1o be available in October 2003 and to be fully implemented (ie with the
withdrawal of national standards) in March 2009. He also reported that the
second draft of EC5 EN 1995-2 Bridges is expected around November 2002 and
the final draft will be prepared by the Project Team in March 2003. After the
Examination period (maximum 6 months) the document will be sent to CEN for
the formal vote around January 2004. The document is expected to be available in
around Januvary 2005 and to be fully implemented (ic with the withdrawal of
national standards) around January 2010.

(c) IABSE

Members of the Working Commission were not aware of any timber structures
related activities at IABSE.



(d) IUFRO S5.02

It was reported that a new Chairman has been recently elected but members were not
aware of his name.

TIMBER COLUMNS

Paper 35-2-1  Computer Simulations own the Reliability of Timber Columns
Regarding Hygrothermal Effects- R Hartnack, K-U Schober, K
Rautenstrauch

Presented by: K U Schober

A number of questions were asked by H J Blafl and H J Larsen about the practical
relevance of the research reported in the paper and its implications for service class
designations in design situations according to EC5. The author confirmed that the
test specimen which were 14x14cm or 16x16 cm cross-section were tested and that it
is difficult to model service class 2. This was followed by discussions on the relative
values of moisture content in timber members for the various service classes. S
Thelandersson then asked for clarification of the work with regard to the creep model
used and A Leijten asked about the starting point and the cumulative effect of climate
conditions. In addition to clarifying the points raised, K U Schober confirmed that
the reported model did not take strength considerations into account.

STRESSES FOR SOLID TIMBER

Paper 35-6-1  Evaluation of Different Size Effect Models for Tension
Perpendicular to Grain Design - S Aicher, G Dill-Langer

Presented by: S Aicher

H J Larsen and B S Choo asked about the consequences of load shearing and scale
effects respectively. S Aicher replied that as the overall effect is conservative the
preferred models may be used for design. S Thelandersson asked if the data set used
for comparison with the analytical model were tested under a common climate
regime. S Aicher replied that of the 20 data set used, 3 were conducted under
EN1193 and EN408 recommendations. The remaining 17 data set were those tested
by Mistler. J Ehlbeck then confirmed that the Mistler data were obtained from
specimens which were at 12% +/- 1 or 2%. Discussion then centred around the
question of density effects and the fact that the specimens strengths ranged from C22
to C40.

Paper 35 -6-2  Tensile Strength of Glulam Perpendicular (o Grain - Effecis of
Moisture Gradients - J Jonsson, S Thelandersson

Presented by: S Thelandersson

G Gonzalez asked how many replicates were used and if the data was sufficient for
statistically valid conclusions. S Thelandersson replied that there were 4 replicates
for each of the data points shown and was of the view that it was sufficient to provide
a fair impression of the variation in behaviour trend. S Aicher asked if the observed
effects could be due to the assumed plane stress or plane strain conditions and R
Gutkowski asked if there were shrinkage cracks. S Thelandersson replied that no
shrinkage cracks were observed but that there were cracks which were due to the
drying process. J Ehlbeck then commented that as ky.q for stress perpendicular to
grain is generally different from other kuoq values, the historical approach has been to
use fictitious strength values whilst maintaining a conumon kneq value in ECS.
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TIMBER JOINTS AND FASTENERS

Paper 35-7-1  New Estimating Method of Bolted Cross-lapped Joints with Timber
Side Members - M Noguchi, K Komatsu

Presented by: M Noguchi

In answer to H J Blaf}’s question, M Noguchi indicated that the model could not predict
ultimate load capacity. A Leijten and H J BlaB3 then asked about the bolt hole size
and the number of test replicates used. Noguchi indicated that the holes were 1 mm
oversize and there were 4 replicates per test data point. E Fournely asked about the
bending component in the model. This was followed by a brief discussion about the
effects of bending in the joint.

Paper 35-7-2  Analysis on Multiple Lag Screwed Timber Joints with Timber Side
Members - K Komatsu, S Takino, M Nakatani, H Tateishi

Presented by: K Komatsu

H J Blaf} asked if individual load-slip curves were used for the fasteners. K Komatsu
indicated that only a generic value was used but that the Monte Carlo approach will
be used in future studies. P Ellegaard asked about the apparently more ductile
experimental test behaviour than that indicated by the theory. K Komatsu replied
that this may be because of errors due to division by zero in the numerical
calculations. In reply to questions by H J Larsen and P Quenneville about the
experimental design and the approval for use of the type of screw tested, K Komatsu
replied that the testing were carried out in response to the requirements of the
company producing the screws and it was only after the experimental data have been
obtained, that an analytical approach was sought to explain the observed behaviour.

Paper 35 -7 -3 Joints with Inclined Screws - A Kevarinmiki
Presented by: A Kevarinmaki

P Quenneville and H J Blafi asked about anchorage strength and the contributions of the
threaded and head pull through components to the strength of the joint. A
Kevarinmiki replied that he was of the view that the addition of the two components
of threaded and head pull through strength values is justified but that the resulting
value is conservative.

Paper 35-7-4  Joints with Inclined Screws - I Bejtka, H J Blaf§
Presented by: H J Blaf

In answer to F Rouger’s question H J BlaBl indicated that he did not have an explanation
for the more conservative values observed for the longer specimens. A Kevarinméki
asked if the effects of the screw head on withdrawal of the screw and about the dowel
effect especially for large inclination angles had been considered. H J Blaf replied
that the screw head effect was not taken into account as it was not considered to be
effective and that the dowel effects were indeed small but would be considered.

Paper 35-7-35  Effect of distances, Spacing and Number of Dowels in a Row an the
Load Carrying Capacity of Connections with Dowels failing by
Splitting -, M Schmid, R Frasson, H J Blafi

Presented by: H J Blal3



In reply to the questions about the load magnitudes and sequence of loading by P
Quenneville, H J Blafi replied that the loading was assumed to be equally distributed
even though it was recognised that this does not fully reflect the practical situation
and that the model used is justifiable as the results are conservative. E Fournely
asked if the frictional effects generated as the dowel moved through the timber on the
magnitude the shear force V was taken into account. H J BlaBl replied that the
frictional effects of the dowel was not considered but he recognised that it would
have an effect on the shear load. This was followed by discussion regarding the
relevance of the proposed model. It was generally agreed that the model is most
relevant to mode 1 failure and that mode 2 failure mode capacity is generally higher
than that of mode 1.

Paper 35 -7 -6  Effect of Row Spacing on the Capacity of Bolted Timber Connections
Loaded Perpendicular-to-grain - P Quenneville, M Kasim

Presented by: P Quenneville

H J Larsen and H J Blal} asked about the effect of spacing on the interaction potential of
the 2 separate connections — the expressions developed in the presentation seemed to
imply that there is interaction even if the connections are very far apart. P
Quenneville recognised the Hlmitations of the proposed expressions. This was
followed by questions by F Rouger and L. Ozola regarding the approach used for
calculating cov and the characteristic values presented. P Quenneville replied that
the cov values were separately calculated for each data set. This was followed by
discussion about the correct approach to calculating cov and it was suggested that a
single cov value could be used for the entire test series.

Paper 35-7-7  Splitting Strength of Beams Loaded by Connections, Model
Comparison - A J M Leijten

Presented by: A J M Leijten

H J Larsen commented that the proposed expression are almost identical to previously
published expression except for the term he/h and so the proposed expression will
give identical results when he/h is small and would only have significance when he/h
is large and as such the proposed expressions have limited practical significance.
This was followed by an interesting in depth discussion by H J Blah and A Leijten
about the fundamental validity of the proposed approach and the significance of the
efficiency and behaviour factors used in the proposed expression.

Paper 35 -7-8  Load-Carrying Capacity of Perpendicular to the Grain Loaded
Timber Joints with Multiple Fasteners - O Borth, K U Schober, K
Rautenstrauch

Presented by: K U Schober

In reply to the question by H J Blaf} on the practical relevance of the approach presented,
K U Schober replied that the equations presented are not for design purposes. A
Letjten then asked if failure of the fasteners was considered, K U Schober replied that
fastener failure modes were not considered, S Aicher asked if the fictitious crack
length of 6mm for 16mm dowel penalises dowels with smaller diameters. Schober
agreed that the proposed approach does penalise small diameter dowels.



Paper 35 -7 -9 Determination of fracture parameter for dowel-type joints loaded
perpendicular to wooden grain and its application - M Yasumura

Presented by: M Yasumura

H J Larsen commented that the test method used is too close to structural application
and that it would be better to use independent structural parameters for G and Ge. P
Quenneville and S Svensson asked if the rate of loading influenced the test results.
M Yasumara replied that he did not think so. K Komatsu and J Ehlbeck respectively
asked if the study considered the influences of dowel diameter and moisture content.
M Yasumara confirmed that they were not.

Paper 35 -7 - 10 Analysis and Design of Modified Attic Trusses with Punched Metal
Plate Fasteners - P Ellegaard

Presented by: P Ellegaard

H J BlaB asked about the relevance of the study to EC5 design approaches and about the
load testing arrangement. E Fournely also asked how the loading was applied. After
expressing his view on the relevance of his research to ECS5, P Ellegaard explained
that equal loads at 4 points were applied via a hinged mechanism to the whole frame.
G Gonzalez then asked if the suction load on the other side of the frame was
considered. P Ellegaard replied that it was not.

Paper 35 -7 - 11 Joint Properties of Plybamboo Sheets in Prefabricated Housing - G
FE Gonzalez

Presented by: G E Gonzales

H J BlaB asked about the types of fixing used in the study. G Gonzalez replied that
round smooth screws without shanks were used and the holes were predrilled to 80%
of the screw diameter. S Svensson asked about the role of the plybamboo sheeting,
K Komatsu asked if the timber split due to the nails. After confirming that the
plybamboo sheeting were intended to act as normal sheeting G Gonzalez indicated
that no splitting due to the nails was observed. B Dujic asked for clarification on the
distances between studs and if the tested panel system could be considered to be
partially anchored. G Gonzalez agreed that the system is partially anchored and that
rotation of the system was not restricted. This was followed by a discussion initiated
by B Yeh, S Aicher and S Thelandersson on the issues of storey drift, the transfer of
wind loading and general testing arrangement for shear walls.

Paper 35 -7 - 12 Fiber-Reinforced Beam-to-Column  Conneciions for  Seismic
Applications - B Kasal, A Heiduschke, P Haller

Presented by: P Haller

H J Blafl asked how the embedding strength of the glass fibre components were
calculated. P Haller replied that it could not be measured but that the glass fibre
provided ductility and tensile strength to the connection. This led to discussion about
the embedding strength of the textile material and B Dujic commented that the glass
fibres prevented splitting of the timber by limiting the stress values perpendicular to
grain. H Sugiyama then asked if static tests on the connection were also conducted.
P Haller indicated that static tests were not carried out. A Leijten asked about the
densification of the timber and if secondary effects were considered in analysing the
data. P Haller indicated that the softwood was surprisingly amenable to the
densification process and that secondary effects were not considered. S



Thelandersson asked about the shrinkage and swelling values of the normal timber
and densified wood components of the connection. This was followed by a general
discussion about the definition of normal indoor climate and the equilibrium
moisture content of the densified veneer wood. B Yeh then asked if P Haller knew of
tests on finger joints which have been reinforced in the manner presented and A
Leijten asked about the oversize of the dowel holes. P Haller replied that he did not
know of similar tests on finger joints and that usual tolerances were used for dowel
holes. H J Blaf3 asked if the type of reinforcement used affected failure loads and the
resulting failure modes. P Haller commented that the fibre reinforcement did affect
the failure mode and consequently the failure Ioad. He was of the view that the
differences in observed failure loads was a function of failure mode rather then direct
contribution of the glass fibre’s strength.

LOAD SHARING

Paper 34 -8 -1 Svstem Effect in Sheathed Parallel Timber Beam Structures part I —
M Hansson, T Isaksson

Presented by: M Hansson

F Rouger and S Thelandersson commented on the weakest link criterion approach to
studying system failure. H J Blal commented on the bending strength used in
obtaining the failure criterion and asked if bending - tensile interaction was
considered. M Hansson replied that tensile strength values were not taken into
account.

LAMINATED MEMBERS

Paper 35 - 12 -1 Glulam Beams with Round Holes — a Comparison of Different
Design Approaches vs. Test Data - S Aicher L Hifflin

Presented by: L Hofflin

H Larsen provided the background to the approach adopted in ECS and commented on
the implication that EC5 equations would result in non-conservative designs and he
then went on to ask if the authors were of the view that the equations in EC5 needed
to be altered. S Aicher replied that in his view a scalar modification with an
additional term is required.

STRUCTURAL STABILITY

Paper 35-15-1 On test methods for determining racking strength and stiffness of
wood-framed shear walls - B Killsner, U A Girhammar, L Wu

Presented by: B Killsner

H Sugiyama asked if the authors were familiar with the tests conducted by Tuomi in the
1970s in which proposals for testing perforated shear walls were made. H Sugiyama
felt that Tuomi’s proposals should be considered even though he did not fully agree
with the proposals. B Killsner confirmed that he was aware of the Tuomi tests
which assumed an elastic behavior of the various components but despite making
arguable assumptions, the Tuomi approach gave good results. He then went on to
agree with comments that gypsum boards are difficult to handle.



Paper 35-15-2 A Plastic Design Model for Partially Anchored Wood-framed Shear
Walls with Openings - U A Girhammar, L Wu, B Kilisner

Presented by: B Kallsner

S Aicher asked about the distribution of loads in the studs and if all the loading
eventually located in the end stud. B Killsner confirmed that a lower bound plastic
approach was used to model the system tested and that it was one of many possible
ways to do so. He also confirmed that the studs used may be considered to be stiff
and that the loads were transferred to the end stud. H Larsen asked for a
comparative comment on the load testing approach which is frequently used versus
the analytical/calculation approach which the Scandinavians seem to prefer. This led
to a comment by B Dujic about the need to maintain the vertical loading and the
significance of dynamic and monotonic load testing of shear walls. S Thelandersson
and H Sugiyama commented on the importance of preventing uplift of the wall end
and the differences between testing a floor system and a racked shear wall system.

Paper 35 - 15 -3 Evaluation and Estimation of the Performance of the Shear Walls in
Humid Climate - S Nakajima

Presented by: S Nakajima

S Svensson asked about the moisture content of the components in the tests and S
Thelandersson commented on the need for caution when considering appropriate
service class allocation and when calculating slip values. S Nakajima clarified the
issues raised. B Yeh then commented on the 5-15 % higher strength values described
in section 5.2 of the paper and asked for further clarification of the modelling used.
S Nakajima clarified that the analysis adopted a process which followed the load-
deflection curve of each nail which were then summed to provide an over result.

Paper 35 - 15 -4 Influence of Vertical Load on Lateral Resistance of Timber Frame
Walls - B Dujié, R Zarnié

Presented by: B Dujic

G Gonzalez asked about the embedding strength on both sides of the test system used
and S Svensson asked for further details of the vertical loading used in the tests. B
Duji¢ confirmed that failure mode d was observed and the vertical load used
represented both dead and live loads which can be expected from a $ storey building.
Comments were then made about the need or otherwise for intermediate studs ina 5
storey building. M Yasumura asked for further details about the model used and ifs
applicability to panels with opening. After further description of the test setup and
the model used, B Duji¢ indicated that the test specimen can be classified as a rigid
diaphragm. This was followed by further discussions led by S Thelandersson and H
J BlaB about the test rig and the loading system used.

Paper 35 - 15 -5 Cyclic and Seismic Performances of a Timber-Concrete System -
Local and Full Scale Experimental Results - E Fournely, P Racher

Presented by: E Fournely

In answer to a question by G Gonzalez, E Fournely indicated that the slip modulus was
measured. H J BlaB} asked if bonding between the timber and concrete was prevented
during the test. E Fournely replied that plastic sheeting were only provided on the
sides of the test specimens and so bonding between the concrete and timber was not
prevented.



Paper 35-15-6 Design of timber-concrete composite structures according to ECS ~
2002 version - A Ceccotti, M Fragiacomo, R M Gutkowski

Presented by: R M Gutkowski

H J BlaB asked if the proposed calculation methods presented were compared against
test data. G Gutkowski replied that the presentation refers only to numerically
generated data as the testing intended by the authors have yet to be conducted. H J
BlaB3 then commented that the deformations obtained from recent tests conducted at
Karlsruhe University were twice the values predicted by ECS and as such perhaps an
approach which is simpler but more accurate than those proposed in the latest version
of EC5 or the authors is needed.

Paper 35 - 15 -7 Design of timber structures in seismic zones according to EC8- 2002
version - A Ceccotti, T Toratti, B Duji¢

Presented by: B Dujic

There were no comments or questions for the authors.

Paper 35-15-8 Design Methods to Prevent Premature Failure of Joints ai Shear
Wall Corners - N Kawai, H Okiura

Presented by: N Kawai

N Kawai confirmed H I Blafl’s observation that although the calculated results are in
general Jarger than test data, this was not so for certain ultimate conditions. B S
Choo asked if the assumption that the beams are rigid in the vertical plane i1s valid
and if that could be a reason for large differences observed between calculated and
test results. N Kawai agreed that this is possible, especially for the simplified
analytical methods but does not explain the differences for the most precise analytical
approach. G Gonzalez asked how the yield values were estimated. N Kawai replied
that a modified European approach described earlier by B Duji¢ was used. M
Yasumura asked for if the beams used in the tests were of normal proportions or if
they could be considered to be rigid. N Kawai confirmed that normal sized glulam
beams were used. This was followed by a general discussion relating to the holding
down straps and the corner panel size and construction.

FIRE
Paper 35-106-1 Basic and Notional Charring Rates - J Kénig
Presented by: J Kénig

H J BlaB} asked why the close comparison of cross-sectional moduli calculated from test
data against ECS values was not reflected in the comparison for beams. J Konig
replied that in the data he presented, he merely wanted to compare the single beam
values. J Konig then commented that EC5 values tend to be conservative for
members with narrow cross-sections and is an issue which should be investigated.
This was followed by a brief discussion initiated by R Gutkowski around the issues
of the needs of the practising designer for simple but generally conservative
calculations versus detailed calculations which seek to be accurate and as such may
or may not be conservative from a design view point.



10, STATISTICS AND DATA ANALYSIS

11.

12.

13,

Paper 35 - 17 -1 Probabilistic Modelling of Duration of Load Effects in Timber
Structures - J Kéhler, S Svensson

Presented by: S Svensson

S Thelandersson asked for clarification regarding the stated intention of the author to
model uncertainties versus what was presented which is merely a comparison of the
uncertainties between the test data and the model results. This was followed by a
detailed discussion about the fundamental assumptions in the 3 models considered
and their validity for the cases under consideration. S Svensson cautioned that the
test data he presented were derived from specimens with a high moisture content
which is not representative of normal building structures and commented on the
possible effects on values of knod.

GLUED JOINTS

Paper 35 - 18 -1 Creep Testing Wood Adhesives for Structural Use - C Bengtsson, B
Kéllander

Presented by: C Bengtsson

S Aicher challenged the authors’ recommendation that the 4680 rather than the 3535 test
procedures be adopted as the European standard practice for glue testing. The
challenge is based on the assertion that the test time to failure obtained ranged from
values around 200 to over 10000 hours. Additionally, S Aicher was of the view that
the study is not sufficiently detailed or complete to justify the recommendations
made. C Bengtsson replied that the authors are not dismissing the 3535 approach
completely but the method is only able to differentiate between glues with very
different strengths and does not provide data beyond a pass-fail conclusion. C
Bengtsson acknowledged that further testing, especially with large or full scale
specimens, may well provide data which are able to differentiate and/or confirm the
advantages of the two approaches, however until such data is available, C Bengtsson
is of the view that the 4680 approach is more sophisticated and should be adopted as
the standard European glue testing method.

TEST METHODS

Paper 35 - 21 - 1 Full-scale Edgewise Shear Tests for Laminated Veneer Lumber- B
Yeh, T G Williamson

Presented by: B Yeh

H J Blal asked if the author has also tested glulam beams in the same manner as that
presented for LVL and if so, how the values compared. B Yeh replied that similar
tests were conducted on glulam beams a year ago and that in general the shear
strength values for LVL are higher than those for glulam beam. B Yeh felt that the
reason for this is the higher volume of glue in the LVL and that the ply in the LVL
has been densified.

STRUCTURAL DESIGN CODES

Paper 35 - 102 -1 Design Characteristics and Results According to EURQCODE 5 and
SNiP Procedures - L Ozola, T Keskkiila

Presented by: L Ozola



14.

15.

16.

H J Larsen commented that the classification of building types is not part of the
Eurocodes because the activity is the responsibility of the national states in other
Standards relating to the design and construction of buildings and structures. He also
commented that no EU country has yet formally adopted the Eurocodes for practical
design purposes. L Ozola then said that she is an enthusiastic about the Furocodes
because of the scientific content and procedures used in its formulation.

Paper 35 - 102 -2 Model Code for the Reliability-Based Design of Timber Structures -
H J Larsen

Presented by: H J Larsen

S Thelandersson suggested the use of a single variable instead of (1 + y) in equation 1 as
the use of a single variable will not permit the result being negative. S
Thelandersson also commented that the present proposed approach enforces the use
of a time-variation approach and advocated the possible inclusion of a simple
approach based on modification factors instead of a fully reliability based approach.
H J Larsen is in sympathy with the points made and is of the view that a lower limit
may be included in the current proposed approach to exclude unrcasonable answers.
H J Larsen agreed with H J Blaf} about the need to include the creep properties of
connections on structural systems but that due to the complexity involved, H J Larsen
will only be able to deal with the issue in the “next chapter”.

ANY OTHER BUSINESS

K Komatsu informed delegates about travel arrangements and timetable for visit to the
Wood Research Institute and the Disaster Prevention Research Institute.

R Gutkowski informed delegates about the 5 positions which are currently available at
the State University of Colorado.

VENUE AND PROGRAM FOR NEXT MEETING

R Gutkowski described the venue and travel arrangements to Colorado should members
of CIB W18 decide to hold the next meeting in Colorado.

J Konig read a proposal by Ron Marsh that only every third W18 meeting should be
held outside Europe as most participants came from Europe. As a Centre for Timber
Engineering has recently been established at Napier University, it would be good to
hold the next W18 meeting at Napier even though he has no authority to make the
offer of a venue. B S Choo informed delegates that he has been recently appointed
Director of the Centre for Timber Engineering and was sure that the Centre will be
willing to host the next W18 meeting.

H J Larsen commented that he is content for the next meeting to be held in Colorado
and suggested Napier 2004

After a short discussion it was decided to hold the next two meetings in Europe after the
Colorado meeting in 2003, possibly in 2004 at Napier University Edinburgh. The
date of the Colorado meeting is likely to be the 2" week of August 2003

CLOSE

H J Blass again thanked the Japanese hosts for successfully hosting the meeting and
especially Prof. Sugiyama for his support. He also thanked the authors and
participants for their contributions and then closed the 35" meeting of CIB-W18
“Timber Structures”.
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Derivation of Grade Stresses for Timber in the UK - W T Curry

Standard Methods of Test for Determining some Physical and Mechanical Properties of
Timber in Structural Sizes - W T Curry

The Description of Timber Strength Data - J R Tory
Stresses for EC1 and EC2 Stress Grades - J R Tory



6-6-1

7-6-1

9-6-1
9-6-2
9-6-3
9-6-4

i1-6-1

11-6-2
11-6-3

12-6-1

12-6-2
13-6-1
13-6-2

13-6-3

15-6-1
16-6-1
16-6-2
17-6-1

17-6-2

18-6-1
18-6-2
18-6-3
18-6-4

18-6-5
18-6-6

19-6-1
19-6-2
19-6-3
19-6-4
19-6-5
19-6-6
20-6-1
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Factors - T Canisius, T Isaksson and § Thelandersson
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1 Intreoduction

The evaluation of the load-bearing capacity of timber columns is based on the interaction
of many effects. In particular, hygrothermal long-term effects considerably influence the
reliability depending on load and are a decisive criterion for the design of wooden struts.

Nowadays it is almost impossible to evaluate the load-bearing capacity under the influence
of hygrothermal long-term effects, because of the long-term nature of such experiments.
Furthermore, high costs speak against a purely experimental approach if we consider the
dimensions relevant to buildings as well as the large number of specimens as a result of
wide-spreading parameters. Computer simulations are a cost reducing and substantially
faster alternative for determining long-term effects of the load-bearing capacity behaviour.

For this purpose, a software was developed at the Bauhaus-University Weimar, Chair of
Timber and Masonry Engineering, which is based on the theory of finite elements
(isoparametric beam elements). It considers both geometrical and physical non-linearity.
The influence of the hygrothermal long-term effects were taken into account with the help
of a supplementation to a computersimulations program. The adaptation of the underlying
rheological model is a result of the simulation of internationally published test series. The
results are consistent and verify the model sufficiently.

2 Modelling

The modelling was already explained in detail by BECKER [3] at the last meeting of CIB.
The model has been retained basically unchanged. For the respective numerical values see
[2]. A substantial change in comparison to BECKER’s [2] model, lies in the modelling
along the longitudinal axis of the building component. A discretisation along the
longitudinal axis replaces the modelling of the so-called length effect.

In the following sections, the components of the model are described briefly.



2.1 Model Components

2.1.1 Creep Law

Different models are used to describe the creep effect properties. HUNT [10] divides these
models into two groups, interpolation models and structural models. In this work, the
rheological model out of the group of interpolation models is used. The verification was
done by adapting data from experiments, as usual with this kind of model.

The creep model used here consists of a Kelvin-chain, with a Hookian spring in series. The
four Kelvin-elements (parallel connection of a spring and a dashpot) represent the delayed-
elastic deformations (visco-elastic creep), while the spring represents immediate elastic
deformations. The deformation caused by the aforementioned four Kelvin-elements
depends on the upset load and time, whereas the fifth Kelvin-element is dependent on
moisture change in wood and describes the so called mechano-sorptive creep.

This model was also used by BECKER [2]. But these investigations eliminated a non-
linear part of creep by using a dashpot. In the opinion of various researchers the visco-
elastic creep behaviour of wood can be regarded as linear, when stress lies under a certain
threshold. Normally, this proportional limit is set above the service loads (RANTA-
MAUNUS [13]). According to HUNT [11], varying climatic conditions do not result in a
decrease of the proportional limit but do at the most result in an acceleration of the creep
process. Therefore the proportional limit of mechano-sorptive creep is also above the
service loads.

2.1.2 Material parameters
The material parameters were also determined with the model used by BECKER [2].

A further alteration of this model exists, however, in the description of the material
parameters along the longitudinal axis of the structural member. While the model by
BECKER [2] establishes a so-called length-factor, this work will deal with a discretisation
along the longitudinal axis.

The material parameters, which are widespread because of the structural composition of
wood, are defined by regression equations developed by COLLING [4]. According to these
investigations, 15 om was
chosen as the length of one

E discretisized cell. The normal
= distributed density and the knot
@ f,=085f density (KAR) are the
significant input parameters.

sfrain e The distribution of the knot

density is calculated as done by
COLLING [4]. The output
parameters are the modulus of
glasticity (MOE) and the
strength (stress at fracture). The
underlying stress-strain
relationship by GLOS|[6] is
derived from these values
(Figure 1).

= 1.173633 £/E,

Figure I. stress-strain-relationship by GLOS [o6]



2.1.3 Woed Moisture Content Distribution

Because the material parameters and the mechano-sorptive creep are both dependent on the
wood moisture content, its distribution in the cross-section must be known. The wood
moisture content of the cross-section is determined by the second Fickian law {equation 1).

X —9(D(u)-va) (1)
A two-dimensional solution is used because the dimensions of the cross-section are small
in comparison to the length of the building component. Time must be discretisized because
it is a non-linear problem which cannot be solved in a closed way. The coefficient of
vapour diffusion is constant for one time interval. The transition of moisture from the
surrounding climate to the wood surface is considered by a so-called surface emission
coefficient.

For more details see BECKER [2].

3 Influence of surrounding Climate

3.1 Assumptions by ENV 1995-1

The impact of moisture is considered in ENV 1995-1 [5] by differentiating various
environmental conditions, which are divided into so-called service classes. Together with
the class of load duration, the modifying factors kmeq and kaer are investigated, which
influence the verification on the one hand of the load-carrying capacity limit state and on
the other hand of the serviceability limit state.

Three service classes corresponding to the climatic influences of the environment are
differentiated in ENV 1995-1 [5]. In service classes 1 and 2 a constant temperature of 20°C
is assumed. In service class 1, the relative humidity should not exceed 65% for a few weeks
in one year [5]. For service class 2, it is required that the relative humidity not top the value
of 85 % respectively. All of the climatic scenarios which lead to higher moisture contents
than in service class 2, are arranged in service class 3. That implies that the relative
humidity must top the value of 85 % for a few weeks per year.

As relative humidity appears to be the decisive influence criterion, it seems justifiable to
use a constant temperature as done by ENV 1995-1 [5]. This is reaffirmed by the sorption
isotherms for the range of temperatures in the state of accepted usage. According to
AVRAMIDIS [1], the equilibrium moisture content can be calculated in dependence of
temperature (T) and relative humidity (RH) (equation2). As a precondition, the
surrounding climate must stay in effect long enough for this equilibrium to adjust itself. In
reality the duration of varying climate seems to be too short to reach the equilibrium
moisture content of wood. Therefore the spectrum of possible wood moisture content is
overestimated when calculated with the equation according to AVRAMIDIS [1].
Nevertheless equation (2) i1s analysed for reference value.

1
Eio_T—O.?S
-7 ln(l—RH)

Wwood = 0.01- (2)
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If one calculates the equilibrium moisture content of wood via equation (2), a figure of
about 12.1 % in service class 1 and 17.7% in service class 2 is obtained.

3.2 Actual Climate Values

The actual measured data of different German climate stations (data set from German
weather service DWD), shows that the average daily relative humidity lies between 8 and
21 weeks per year above the threshold. Table 1 shows an overview of different German
locations. The values represent the average values over the 20 years of observation between
1981 and 2001.

relative humidity

Berlin  Hochwacht Bamberg  Freiburg
[weeks per year]

=65 % 14.3 2.7 7.7 18.4
65 % <RH =85 % 26.7 28.1 28.6 25.9
>85% 11.2 21.4 15.8 7.9

Table I: frequency of occurrence per year of different relative humidities (service class 3)

That implies that the average daily relative humidity exceeds the value of 85% on average
about 14 weeks per year (27 %). According to the definition in ENV 1995-1 [5] the
simulation of a wooden building component using real recorded climate data must be
assigned to service class 3.

If the real appearance of the averaged wood moisture content under the aforementioned
conditions is compared with the values of equation (2), the following distribution in table 2
is obtained:

Averaged wood m.c.

Berlin  Hochwacht Bamberg  Freiburg
[weeks per year]

<12,1% 4.2 0.0 0.0 3.9
12,1 % <RH =17,7 % 39.6 25.8 359 45.5
>17,7% 8.4 26.4 16.2 2.7

Table 2: frequency of occurrence per year of different averaged wood moisture contents (service class 3)

Considering the definition according to ENV 1995-1 [5], an obvious affiliation to service
class 3 is visible. The moisture content of wood at the beginning of the simulation is based
on the value of the equilibrium moisture content on the first day of observation.

The situation in service class 2 is more complex. Commentaries of standards describe such
building components as roofed outdoor elements. The influence of the roofing on the



climate is not specified in the literature. In order to make comparisions a formulation with
measured data will not be undertaken. Only a useful basic approach for describing the
relative humidity of such a setting is specified in section 4.

The climate of indoor rooms must be well known for consideration of service class 1. In
order to calculate this in dependence to the outdoor climate, an approach by STEIN [15] is
chosen:

. T m
¢; = Pa "Psa ‘“1:23“4‘ VD,add (3)
Psi i 1L Vroom Psi

Equation (3) establishes a relationship between the relative humidity outdoors (¢,) and
indoors {(¢;) under the influence of outdoor temperature (T,) and indoor temperature (T;) as
well as the appropriate water vapour density at saturation outdoors (ps.) and indoors {p;).
Additionally, a use-conditioned accumulation of water vapour {m’pagq) indoors is
considered. This additional humidity depends on the rate of air changes (n;) and on the
room volume (Vigom)-

It is assumed that the additional accumulation of water vapour indoors is 150 g/h. The rate
of air change is set constantly at 0.8 1/h, the volume of the room to 60 m?. Furthermore it 1s
assumed that the room temperature is constantly 293 X, whereas there is no cooling of the
room for temperatures exceeding this value. Table 3 shows that only a few weeks per year
provide humidities above a value of 65 %. For this reason the correlation to service class 1
is obvious,

relative humidity

Berlin  Hochwacht Bamberg  Freiburg
[weeks per year]

=65 % 49.0 46.4 46.5 47.8
65 % <RI =85 % 3.1 5.6 5.5 4.4
>85% 0.0 0.1 0.1 0.0

Table 3: fiequency of occurrence per year of different relative humidities (service class 1)

Here again the comparison between the timber moisture calculated by equation (2) and the
real averaged moisture contents of the wood cross- section can be pointed out:

Averaged wood m.c.

Berlin  Hochwacht Bamberg  Freiburg
[weeks per year]

<12,1 % 522 51.6 51.9 52.2
12,1 % <RH =<17,7% 0.0 0.6 0.3 0.0
>17,7 % 0.0 0.0 0.0 0.0

Table 4: frequency of occurrence per year of different averaged wood molisture contents (service class 1)



The wood moisture at the beginning of the simulation was set to 12 %. Only a few days of
the service period show a wood moisture content above the value of 12 %. Therefore the
allocation to use service class 1 1s justified.

3.3 Influence on Wooden Struts

As previously mentioned the surrounding climate has a decisive influence on the load-
bearing capacity of wooden struts, A computer simulation (articulated column Euler case 2,
slenderness 100) was done using the real average daily relative humidity over a 20 year
period from the four aforementioned locations in Germany. The material and long-term
laws described in section 2 are underlying. To compare the results, one simulation was
done without paying regard to mechano-sorptive effects.

If the deformations in the middle of the columns for service class 3 are compared, only
small differences between the various German locations are evident (figure 2). In addition
to the typical curves in the form of saw teeth, the curves lie decisive clearly above the
reference curve. This verifies the additional creep deformations caused by the influence of
non-constant humidity, which is mentioned in the literature, for example RANTA
MAUNUS [12], GRESSEL (7], GROSSMAN [8]. In the interest of clarity, there are only
two places (Freiburg and Hochwacht) presented in figure 2. The two other places settle
between the represented deformation curves.
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Figure 2: deformation for different locations in the course of time

The deformation curve for Hochwacht lies decisively below the curve for Freiburg. If the
average medial wood moisture is compared, a substantially higher value for
Hochwacht (17.75 %) than for Freiburg (14.34 %) is evident. The reason for this can be
immediately seen, considering the variation of humidity. The fluctuation of the wood
moisture is decisively higher in Freiburg, which leads to higher mechano-sorptive creep
and therefore to higher deformations.



4  Methods of Approximation

The calculation with exact climate values reaches its limit by determining the load-bearing
capacity, which is ascertained by load-increasing until the fracture of a lamella or until the
failure of balance. The moisture dependent material parameters are taken from the last time
interval during the observation period. The difference in relative humidity between two
days can be up to 50 % according to data from the German weather service. Accordingly,
the determination of the load-bearing capacity is also dependent on the level of the relative
humidity on the last day of observation. There is in fact almost no change in wood moisture
content of the core, even though the moisture content of the border is affected considerably.
The edge fibres provide the decisive strength for the collapse load at fracture. Moreover it
1s not the objective to show different conditions for each location in Germany but rather to
use the most uniform climate assumptions possible.

This problem definition can be solved by using an approximation for the distribution of
climate.

4.1 Method of Approximation for different Service Classes

To harmonise the distribution of moisture content for a chosen period, a sinusoidal
modelling is used. Figure 3 shows for one chosen location (Freiburg) in service class 3 the
confrontation between the real humidity (gray curve at the top) and the approximated
humidity (black curve at the top, equation 4) respectively the real temperature (gray curve
at the bottom) and the approximated temperature (black curve at the bottom, equation 5). A
possible phase displacement, which arises in dependence of the beginning of observations
and on the season, must be considered.

relative humidity
temperature

Figure 3; comparison of the approximated and the real climate conditions in service class 3



The following approximated equations are used:

F i . ] . ]ily: RH = }”0/0 [ SO/ . - [ -362.7'[:(1] ( )
. +l B . S

In spite of the good conformity of the real values with the approximated values, the
comparison between the deformation curves show decisive differences (figure 5). The
values calculated on the basis of approximated humidity underestimate regularly the actual
values.

The reason for this is that the value of the relative humidity and the resulting wood
moisture content is not the only course for mechanosorptive creep. The variations of wood
moisture content are reponsible as well. Exactly these changes are minimized by the
approximated approach, and the curve is harmonized. Even if the inactivity of the system
with regard to the moisture changes is great, the daily changes of moisture content produce
a decisive influence.

There are regularly described scenarios in service class 2 which represent outdoor roofed
building components. As mentioned above, there are no detailed notations. Only
approaches can be taken from the literature:

According to HANHITARVI [9]:  RH =75%+15% -sin{t : 326'5”(1] (6)
According to BECKER [2]: RH=80%+6 %-sin{t. 326';(1} (N

Here it is noticeable that this approach lies above the approaches in service class 3 used in
this work. But the fluctuation margin according to BECKER {2} is very slight. That is
because there is an additional daily fluctuation considered in his work. On the other hand
this fact levels the slight seasonal fluctuation.

In service class 1, only one approximated equation for the relative humidity is indicated.

For relative humidity: RH = 40%+20% -sin[t --—-———326?(1] (8)

For temperature: T=20°C=const. (9)

The temperature is approximated at a constant 20°C. In comparison to service class 3 the
higher fluctuation of humidity attracts attention, though on a lower level (figure 4).
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Figure 4: comparison of the approximated and the real climate conditions in service class 1

4.2  Modified Approximation Distributions

The approaches according to BECKER [2] and HANHIJARVI [9] already indicate that the
equation (4) must be modified. The obtained load-bearing capacity represents a bad
comparison criterion. As previously mentioned, there is a type of dependence between the
relative humidity on the last day of observation and the reachable load-bearing capacity.
Therefore a way must be found to approximate the relative humidity, so that the results,
especially the deformation, coincides over the 20-year observation period. Essentially there
are four possibilities. First, an increase factor can be added to the approximated curve. This
means that both the baseline of the sinusoidal distribution and the amplitude are increased.
The increase would be proportional for both influence factors. A second modification could
be the exclusive increase of the baseline, Likewise, the third option could be increased
amplitude. As the fourth option, a modification of both the baseline and the amplitude is
concetvable but with different factors:

Option 1: RH =1, -{70%+15 %-sm(t-%l (10)
Option 2: RHm(fz-’/’O%)HS%-sin[t-%% (11)
Option 3: RH =70 %-+(f; 15 %)-sin[t~326;5nd (12)
Option 4: RH =y, 70 % +{f45 15 %)-sin(t- 326'5ﬂdJ (13)



Because of the slight influence of temperature on wood moisture content caused by the
refative humidity, the modification of the approximated curve for temperature is neglected.

The options 1 to 3 appear rather inflexible. The increase caused by the factor f; shows an
increase in the deformation amplitude in addition to the increase of the deformation values.
Options 2 and 3 will create similar effects. Above all it has been discovered that in
principle the deformation amplitude is too high. This realisation leeds to the conclusion
that the baseline of the sinusoidal distribution of humidity must be raised, but at the same
time the fluctuation margin must also be reduced. This circumstance can be explained with
the inertia of the system. The fast fluctuations caused by the real reproduction of humidity
are not represented in the core of the wooden building component, but only in the edge
fibers. The approximations show a different behaviour. Here there is an assimilation to the
relative humidity more uniformly distributed over the cross-section because the changes are
slighter.

Figure 5 shows a comparison between the real distribution, the approximation and the
modified approximation for the chosen location (Freiburg). The curve from figure 2 was
taken as a reference curve for this place. It is again a matter of service class 3.

It must be emphasised, that during approximation different criterion must be observed. In
addition to the good approximation of the actual curve during the entire observation period,
the deformation at the last time interval particularly must be approached as closely as
possible. This deformation represents the decisive criterion for the determination of the
load-bearing capacity.

This results in a modification of the equation(13) as the following approximate
formulation for a climate scenario in service class 3:

Option 4 (outdoors) RH =1.30-70 %+(0.455-15 %)-sin[t-—g%'g%} (14)

modified approximation

VAR

AVAYATATATATAVAVAYAVATATA

approximation

deformation of cross section in the middle

Oa 5a 1Ga 15a 20a
time
Figure 5: modified approach in service class 3
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Figure 6 represents the real deformations and the modified approximated deformations in
service class 1. Also the modification of equation (13) shows the best match.

The approximated formulation of the climate scenario for service class 1 is the following:

] (15)

T
365d

Option 4 (indoors) RH=1.4-45%+(1.23-20 %) -sin(t .

modified approximation

approximation

deformation of cross section in the middle

Oa 3a 10a 15a 20a
time
Figure 6: modified approach in service class ]

S Summary

The wood moisture has a decisive influence on creep deformation of wooden building
components and consequently on the load-bearing capacity when stability of the struts is
endangered. The investigations point out, that in particular the course of the wood moisture
in cross-section has a decisive influence. Meaning that the values of the deformations are
more dependent on the moisture fluctuations than on the level of the average wood
moisture.

The actual values of the relative humidity and the resulting wood moisture are represented
by approximated functions. It is apparent that the direct approximation of the chimate does
not match the real result very well because the fluctuation margin misses. After
modifications, satisfying agreements can be realised, and appropriate climate scenarios ¢an
be created for all service classes provided in ENV 1995-1 [5] .
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M J Larsen and B S Choo asked about the consequences of load shearing and scale effects
respectively. S Aicher replied that as the overall effect is conservative the preferred models may be
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Evaluation of different size effect models for tension
perpendicular to grain strength of glulam

Aicher, S., Dill-Langer, G. and Kléck, W.
Otto-Graf-Institute, University of Stuttgart, Germany

1 Introduction

Tension perpendicular to grain strength is generally considered to be a volume dependent
material property, whereby the volume effect may be modelled by Weibull’s weak link theory
(Barrett, 1974). Several timber design codes today assume validity of the volume effect and
applicability of Weibull modelling for design of tapered, curved and pitched cambered glulam
beams. The neglect of stress redistribution in the volume model has evoked a competing
approach with almost full stress redistribution in width and length direction of the beam, so
reducing the size dependency in an approximation o a pure, however more severe depth
effect (Mistler 1982, 1998). The basic empiric argument for the so-called rope and chain
model, following termed depth model, is that the volume effect, unquestionably proven on the
mean strength level gets considerably weaker at the 5% fractile level.

During redrafting of the German timber design code DIN 1052 the depth model gained
appeal. This has to be viewed in relation to the fact that the design of douple tapered, curved
and pitched cambered glued laminated timber beams (glulam) based on a volume dependent
strength perpendicular to grain results in significantly increased and hence uneconomic cross-
sections as compared {0 todays (deterministic) DIN 1052 design approach without recognition
for any size effect at all.

In a pure qualitative sense it can be stated that the application of the weakest-link chain model
for prediction of strength in large volumes definitely is a worst case hypothesis. Obviously,
possibilities of stress redistribution due to the natural strength and stiffness variability
especially in a glulam build-up are neglected in a puristic volume model. It seems to be
reasonable that tension strength perpendicular to the grain of large specimens / members
follows the law of partial parallel systems, especially in length {parallel to fiber) direction.
The authors have taken up the discussion on preferability of volume vs. pure depth effect
hereby including two additional modeis, a cross-sectional model and a combined 2parameter
cross-sectional / length model. The latter models were then first presented in the redrafting
process of DIN 1052.

This paper in a first step presents a re-evaluation of some data bases on tension strength
perpendicular to grain of glulam made of European spruce. Additional European spruce
glulam results and North American test data (i. a. Thut, 1970; Fox, 1974) with other species
will be incorporated / evaluated in a second step. A comparison of the evaluations with
empiric results from tests with curved and pitched cambered members is given separately.



2 Data bases and evaluation procedure

In an existing evaluation of the here principally regarded data base compiled by (Mistler,
1998) the results of uniaxially loaded specimens and calculated strength values obtained from
curved beam tests have been combined in one data set. Further, test series with very small
specimen numbers (several series with two specimens) were incorporated in said evaluation
based on some special statistical treatment, too. For the purpose of this study, solely results of
uniaxially loaded specimens and only test series with 10 or more specimens have been
extracted from the cited data base.

Table I contains a compilation of the evaluated 20 test series which stem from three sources
(Mistler, 1998; BlaB et al., 1998, Aicher et al.,, 1998). The compilation specifies the
dimensions and the number of specimens per series, the median strengths, the coefficients of
variation and the 5% fractiles acc. to fitted 2parameter Weibull distributions by means of
maximum likelihood method.

The evaluation of the size effect was performed by linear regression fitting (sizes and
strengths in logarithmic scale) of the median (50% fractile) and 5% fractile values, assuming
four different size relationships / models:

|

f, 90 = const.. P{_]f)_];’: volume model (1a)
A

£, = const. ((Z_ijd depth model (1b)
L

fiop = const.- (%}“’Q cross-section model (1¢)

1 i
f,99 = const.: ("Q"Q_J;GX[LTOJE cross-section / length model (1d)

In eqgs. (1a-d) the volume is defined by V = B-d'L. where B is the specimen (beam) width, d is
specimen depth and L 1s the length parallel to fiber direction. Cross-section Q is defined as
Q = Bd in the radial-tangential plane normal to fiber direction. For the respective reference
sizes in eqs. (1a-d), however not relevant for the fitting of the exponents, the following values
are standardized or proposed, respectively:

Vo =0.01 m* acc. to EC 5

dg=04m proposed acc. to test standard EN 408
Qo =0.04 m* proposed acc. to test standard EN 408
Qo=0.04m% Ly=025m proposed analogously to Vo = 0.01m’

In order to assess the primary important size effect at the lower end of the strength
distributions with quantifiable error margins, the statistical uncertainty of the estimated
fractile values due to limited number of specimen data per test series was taken into account.
For each 5% (characteristic) and 50% fractile (median) value of all test series the standard
deviations of the spread around the expected value were computed assuming a normal
distribution of the fractile values. Figure 1 shows exemplarily the cumulative frequencies of
the empiric data and the fitted cumulative 2parameter Weibull distribution function; further
the calculated probability density functions of the fractile values are given.



Table | Compilation of evaluated experimental data sets on tension strength
perpendicular to grain figp of glulam. All test series were performed with
uniaxially loaded prismatic specimens.

No. |Reference spljcf)i;xi)eils decl:l)th ngth 1enLgth seii?;}rsluQ VOi‘i.ere m?gfan C%)gOV S‘Vi’%?ac.
[mm] | [mm] | [mm] | [dm®] | [dm’] {[[N/mm?}] (%] {{N/mm?’]
1 M 36 67 20 20 0.134 0.027 2.44 19.5 1.47
2 M 25 67.1 29 24 0.195 0.047 3.20 155 2.15
3 M 93 100 29 24 0.290 0.070 2.09 35.8 0.88
4 M 20 60 31 26.3 0.186 0.049 3.06 20.9 1.88
5 M 18 178 55 20 0.979 0.196 1.72 257 0.95
6 M 17 225 55 20.1 1.238 0.249 1.45 339 0.64
7 M 156 250 55 19.8 1.375 0.273 1.34 34.0 0.61
8 M 36 133 45 46 0.599 0.275 1.93 23.5 1.15
9 M 10 160 70 41 1.120 (.459 1.57 17.9 1.03
10 M 25 250 60 59.6 1.500 0.894 1.39 19.8 0.93
11 M 12 160 70 70.8 1.120 (.794 1.67 26.1 0.96
i2 M 18 264 90 97 2.646 2.567 1.06 31.0 0.52
13 M 87 300 30 97 2,700 2.619 1.10 26.3 0.58
14 M 18 128 139 141 1.779 2.509 1.10 304 0.48
15 M i1 1104 | 200 100 22.080 | 22.080: 0.65 23.0 0.41
16 M I8 1336 | 139 141 18570 | 26.184 1 0.64 9.2 0.52
17 M 13 28.6 | 100 250 0.286 0,715 1.55 19.9 0.94
18 B 64 400 160 | 250 4,000 16,000 0.76 24.9 0.40
19 A 44 400 90 275 3.600 9.900 0.90 10.4 0.71
20 A 43 528 140 405 7392 29938 0.68 11.4 0.52

Reference abbreviations:
M: [Mistler 1998]

B: [BlaB et al. 1998]
Al [Aicher et al. 1998]

The spread of the fractile values has been incorporated into the regression procedure by
means of Monte-Carlo simulations: For each data set 1000 normally distributed random
fractile values were generated and accordingly 1000 regression fits for each investigated size
effect model {and for the two fractile levels) were performed, resulting in numerical
distributions of the regression values. Thus the uncertainty of the regression values resulting
from the varying and limited number of specimens per test series has been taken into account.
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Fig. I Exemplary graph for the interrelation of the cumulative distribution of the empiric data
set (dots), of the respective fitted Weibull distribution and of the probability densities
of the 5% and 50% fractile values distributed around the expected value; data set
No. 20: [Aicher et al. 1998]

3 Evaluation results

Figures 2a-c show regression plots through the 5% fractile values and Figures 3a-c give the
regression lines through the 50% fractile (median) values for the three considered one-
parametric models acc. to egs. (la-c). The expected values of the empiric 5% and 50%
fractiles, respectively, are given as filled dots and the standard deviations of the respective
fractiles are marked by error bars. The thick solid lines indicate the most likely regression line
due to the mean value of the regression exponent. The dashed lines in Figs. 2a-c represent the
upper and lower bounds, 5% and 95% fractiles of the distribution of the regression exponents
resulting from the Monte-Carlo simulation. These bounds, however, solely indicate the
influence of the scatter of the fractile value scatter within the respective test series as sketched
in Fig.1. As these bounds are very narrow to one another at the median level, they are not
depicted in Figs. 3a-c.

The 95% confidence interval for the regression line through the expected values (without
recognition of scatter within the test series) is given in Figs. 2a-c and 3a-c by thin solid lines.
It is evident that the uncertainty of the mean regression line through the expected values of the
fractile values, as arising from the limited number of test series and limited correlation turns
out to be much higher than the uncertainty arising from the scatter of the fractile values.

The results of the regression for the two-parametric cross-section / length model are graphed
3-dimensionally in Figs. 4a, b, whereby Fig. 4a shows the results for the 5% fractile level and
Fig. 4b gives the results for the strength medians. The two size parameters Q and L span the
x-y plane and the z-axis represents the strength values. The regression surface forms a plane
in the 3-dimensional space when logarithmic scaling is applied.
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Fig. 2a-c Results of regression analysis for three size effect models applied to the 5%
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deviations of the fractile values are given as error bars. The meshed plane
represents the respective fitted cross-sectional / length model ace. to eq. (1d)

a) 5% fractile strength level b) 50% fractile strength level



Table 2 contains a compilation of the results for the size exponents of the regarded four
different size effect models and their coefficients of correlation, both for the 5%
(characteristic) and 50% (median} strength level. The mean values and the coefficients of
variation due to scatter of the fractile values are given. Additionally, the 95% confidence
boundaries of the model exponents regarding mean regression lines are listed.

Table 2 Results of regression analysis for 5% and 50% fractiles of the 20 data sefs on
tension strength perpendicular to grain of glulam by means of four different
stze effect models

Size effect | Size exponent 5% fractile 50% fractile
model ““"“C“““S“E““*"" (= characteristic level) (= median level)
mean 95% confid. C.OV. mean | 95% confid. C.OV.
value mnterv. of (due to value interv. of {due to
the mean scatter of the mean scatter of
value fract. values) value fract. values)
[-] [-] (%) [-] [-] [%]
1
Vol del “l“];“\*; 0.178 +0.0616 6.7 0.211 +0.0292 2.1
olume mode
Eq. (1a)
R 0.604 - 12.9 0.918 - 1.4
I
et model o 0.369 +0.165 7.0 0.430 +0.131 2.7
pth mode d
Eg. (1b)
R? 0.500 - 15.4 0.716 - 3.6
1
iCross-section _I-l:.luw 0.280 + 00888 5.7 0.319 +0.0528 2.2
imodel Q
Eq. (1) R? 0.641 ; 1.4 | 0.889 ] 1.7
1
m 0.257 - 10.5 0.263 - 4.1
Q/L
Cross-section /
Length model e
Eq. (1d) -~ 0.056 - 85.7 0.132 - 11.7
R? 0.659 - 11.1 0.938 - 1.1

The performed evaluation forwards the following results:

» Generally, as anticipated, the coefficient of correlation is higher and the variation of the
model exponent is smaller for the 50% fractile (median) level as compared to the 5%
(characteristic) level.

¢ The volume model acc. to eq. (1a) reflects the above statement most expressed with a
coefficient of correlation of R* = 0.92 for the 50% fractile decreasing to R” = 0.60 for the
3% fractile. The exponent of 1/my = 0.21 for the 50% fractile level conforms very well
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with the value of 1/my = 0.2 given in Eurocode 5, based on Barrett (1974). In case of the
5% fractile level, the model (size) exponent is somewhat lower (1/my = 0.18 as compared
to 0.21) with a considerably decreased R?,

The depth model acc. to eq. (1b) yields the worst coefficients of correlation within the
evaluated four size effect approaches, both, on the median (R® = 0.72) and on the
characteristic (R*> = 0.50) level. The relatively high values of the model exponents
(relatively steep slopes in the diagrams) of 1/mg = 0.37 (5%-fractile) and 1/my = 0.43
(median) show that depth seems fo be an important parameter for tension strength
perpendicular to grain; however, the low correlation quality indicates that the sole
recognition of this single dimension does not yield a size effect description with
satisfactory prediction quality.

The cross-section model acc. to eq. (Ic) yields coefficients of correlation of about the
same magnitude as in case of the volume model. For the 50% fractile level the correlation
is slightly weaker (R> = 0.89) and for the 5%-fractile a slightly stronger (R? = 0.64)
relationship than for the volume model is obtained. The model exponent of the cross-
sectional approach is markedly higher as compared to the volume model for both fractile
levels, being 1/mg = 0.28 and 0.32 for the 5% and 50% level, respectively. Thus, cross-
section Q seems to be the most important (single) parameter for the size effect of tension
strength perpendicular to grain of commercial grade glulam,

The two-parameter model with combined action of cross-section Q and length L acc. to
eq. (1d) turned out to fit the empiric data sets best. Comparing the coefficient of
correlation for the median level of the cross-section/length model (R* = 0.94) to that of the
volume model (R? = 0.92) the difference is still small; however, on the characteristic level
an apparently better performance of the 2-parameter model with R? = 0.65 vs. R® = 0.60
for the volume model can be stated.

The most interesting result arises from the ratio of the cross-section exponent 1/mqy vs.
the length exponent 1/my: on the median level a ratio of roughly 2:1 is obtained whereas
on the characteristic level the ratio approaches a value of nearly 5:1. The latter result is
accompanied by an extremely high coefficient of variation of 85% for the length
exponent. Thus the performed evaluation yields a drastic decrease of the length influence
vs. the cross-section influence on tension strength perpendicular to grain when proceeding
from the 50% to 5% fractile level. This is qualitatively in line with the above given ideas
of stress redistribution in length direction.

4 Conclusions

The size effect of tension strength perpendicular to grain of glulam has been assessed by a
comparative evaluation of four different model approaches by means of 20 empiric series of
uniaxial tension tests with a minimum number of 10 specimens per series. The regression
analysis with recognition of scattered input values was carried out, both, on the 5% fractile
(characteristic) level and on the 50% fractile (median) level. The results can be summarized as
follows:

The pure depth model shows the worst correlation coefficients of all four evaluated
approaches and the largest confidence intervals of the model coefficients both on the
median and on the characteristic level.



e The volume model, as anticipated, works well on the median level, however, the
correlation coefficients decrease and the confidence intervals increase markedly for the
design relevant 5% fractile strength level.

» The cross-section model when compared to the volume model shows roughly a similar
performance. On the median level the regression and confidence interval values are
shghtly worse whereas the model tends to result in better values for the 5% fractile
strength level.

o The combined cross-section / length model yields the best results, especially on the 5%
fractile level, there with the significantly highest coefficients of correlation. On the
characteristic level the exponent of the cross-section 1/mqy. is pronouncedly, by about a
factor of 5 higher compared to the length exponent 1/my.

A comparison of the volume model vs. the combined cross-section / length model yields clues
for the assumption that tension strength perpendicular to the grain of glulam may be markedly
more dependent on cross-sectional dimensions than on length dimensions. Thus the question
arises whether the extrapolation from relatively small tension specimens to structural sized
beams yields considerably too low resulting strength values when the volume model is
applied. This question should be assessed by a (re)-evaluation of existing / new data of
curved, tapered and pitched cambered beams. Hereby the problems arising in case of 5%
fractile evaluation from the economically bound very small numbers of specimens per test
series have to be considered.
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Abstract

Experimental results are presented concerning tension perpendicular to grain in glulam
sections where internal stresses induced by climate changes are present. The results reveal
that moisture induced internal stresses may affect the tension capacity both in a positive
and a negative way compared to reference specimens, free from moisture gradients. The
tension capacity is reduced during moistening from RH 40% up to RH 80% whereas it is
increased during drying from RH 80% to 40%. The tension capacity during wetting is only
50 % of that observed for drying specimens. This behaviour can be explained by the
combination between initial moisture induced stresses and stresses from external loading.
The same tendency was observed for specimens exposed to cyclic climate changes, where
it was also found that time and numbers of cycles do not affect the tension capacity in any
specific direction.

1. Introduction

For timber structures, the majority of failures observed in practice are due to tension
perpendicular to grain. Tension perpendicular to grain commonly occurs e.g. in curved
elements, in joints in timber structures, and in discontinuities created by wholes and
notches in timber members. The values of tensile strength perpendicular to grain used in
engineering design are quite low and are assumed to depend on the magnitude of the
stressed volume see e.g. Aicher et al (1998). However, the facts that internal moisture
induced stresses are more or less always present in timber members are not taken into
account. This means that commonly used design procedures are associated with large
uncertainty, and the influence of moisture exposure is considered in a very crude and
uncertain way. Gustafsson et al (1998) showed that the load bearing capacity of notched
beams depends strongly on the time of the year, i.e. on the moisture gradients present in
the member.

It was shown in previous papers by Jénsson (2001a) and Jénsson (2001Db), that large
internal stresses are developed in the cross-grain direction when specimens from glulam
beams are exposed to changing climate. The stresses originate from the moisture gradients
due to non-uniform shrinkage and swelling perpendicular to grain. Under natural climate
exposure outdoors under shelter, the stress level in some part of the specimens exceeded
the characteristic value, during several weeks. According to Ranta-Maunus et al (1994),
research regarding the capacity of curved beams with moisture gradients showed that “the
conclusions is that the magnitude of the moisture induced stresses s the primary reason
for failure, not the number of cycles or durarion of load. A combined moisture content and
structural analysis indicates that stress distribution is essentially the same during
successive moisture cycles”. This statement is supported by the results in Jonsson (2001a)
where measurements of internal stresses were made on specimens exposed to cyclic
climate.



Thus, the capacity of timber members subjected to external loads creating tension stresses
perpendicular to grain is a result of interaction between moisture induced self-balancing
stresses and the stresses induced by the loads. By adding these effects, a stress field is
obtained which can be used as a basis to predict failure. The spatial variation of this stress
field is however usually quite different from that obtained from the external loading alone
and the fact that statistical volume effects are also quite significant means that the failure
criterion in this case is far from simple. Ranta-Maunus (1996) introduced a so called
Weibull stress, which is a measure of the tension stress intensity in a region considering at
the same time the volume under stress. Depending on the spatial stress distribution the
perpendicular to grain failure process can be significantly different. Models based on
fracture mechanics need to be employed to understand this type of behaviour, Gustafsson
et al (1996),

To verify different theoretical methods, experimental results about how the capacity
perpendicular to grain is affected by internal stresses are needed. Very few investigations
are available for this. The results presented in Jonsson (2001a and b) gives a detailed
picture of the distribution and magnitude of the internal stresses induced by moisture
exposure. In this paper, static tension tests have been performed on the same type of
specimens and with identical moisture exposure. This gives a unique experimental data
base for studying the influence of moisture induced stresses on tension capacity, since the
initial stress states in all tested specimens are known from the previous investigation. The
results from these tests are presented and interpreted in this paper.

2. Material and methods
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Figure 1, Moisture distribution day 11, after placement in RH 80% for specimen initially conditioned
in RH 40% (left) and corresponding internal stresses (right).



The specimens used in the tests are cut from glulam beams (90x270, quality 1L40)
containing 6 lamellae, Their thickness is 16mm so that the size of the specimens becomes
16x90x270mm. The specimens are moisture sealed to ensure a one-dimensional moisture
flow, leading to moisture gradients and internal stresses in the cross-grain direction, as
shown in figure 1. A thorough description of the material and treatment prior to testing is
given in Jénsson and Svensson (2000) and Jonsson and Svensson (2001).

To investigate the influence of internal stresses on the short-term strength perpendicular to
grain, the specimens shown in figure 1 were taken direct from the climate chamber and
tested in uniaxial tension in a servo hydraulic testing machine. The specimens were
clamped in a fixture made for this test, see figure 2. Due to the design of the clamping
device, the test length was shorter than the actual length of the specimen. Load was applied
by controlling the displacement at the rate of 0.025 mm/sec. The test gives the relation
between force and displacement, which is measured over a length of 225 mm.

Figure 2. Test arrangement.

3. Test program

The test program is divided in two different types of tests A and B. In both cases, the
specimens are affected by internal stresses perpendicular to grain due to climate change. In
a test series performed before, the same types of specimens were exposed to the climatic
conditions used in the present tests, and the internal stresses were measured. The
methodology and results from these tests are presented in Jonsson & Svensson (2000) and
Jonsson (20014a,b). This means that the moisture distribution as well as the internal stress
distribution has been determined for reference specimens treated in the same way as the
specimens used for the present strength tests. For tests of type A, the specimens are
exposed to a single climate change. Prior to testing, the specimens were seasoned in RH
40% or 80% and the specimens seasoned in 40% where then placed in 80% and vice versa.
For type A tests, a total of 128 specimens were used, divided into 8 groups with 16
specimens in each group, see figure 3. In each group, 8 specimens were kept in the initial
constant climate while the rest of them were subjected to drying or wetting, creating
internal stresses, see figure 1. All the specimens in one group are taken in a sequence, from
the glulam beam. This means that smaller knots are present but no checks or finger joints.



The specimens were taken out from the climatic treatments at different occasions for
tension testing.

-

Seasoned in Seasoned in
Seasoned in RH 40% and Seasoned in | RH 80% and
RH 40% put in RH 80% |, RH B0% out in RH 40% 1‘ \
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put in RH 40%
or RH 80%

Figure 3. Selection of specimens.

In tests type B, the specimens are exposed to cyclic climate and the tension strength
perpendicular to grain is again determined at different occasions. The specimens were
seasoned in RH 60% and then exposed to drying in RH 40% and wetting in RH 80%
during consecutive 7-day periods. For type B, 84 specimens were tested and in this case
they were divided into 21 groups with 4 in each group, taken in sequence from the glulam
beam, see figure 3. Table 1 summarises the test program.

Tahble 1 Test program

Test | Seasoned | Climate Total Specimens | Day of testing
type |in exposure | number of | tested
relative specimens | each time
humidity
40% - 32 4 -
A 80% - 32 4 -
40% 80% 32 4 1,3,5,7,11,24,36,38
80% 40% 32 4 1,3,5,7,11,24,36,38
60% - 42 2 -
3.5,10,17,24,31,38,
B Cyclic:40 45,52,59,66,73,80
00% | andsom | * 2| 87.94,101,108,115,
122,129,136,143

4. Results and discussion

4.1 Type A, single climate step, RH 40 to 80% or 80 to 40%

Tests were made on 8 different occasions during the wetting as well as the drying process.
The moisture distributions across the width of the glulam cross section on these occasions
are shown in figure 4. These results are taken from an earlier test series, with the aim to
measure moisture-induced stresses, see Jonsson (2001a,b). Figures 5, 6 and 7 show the
tension strengths for reference and gradient specimens versus day of testing, where the data
points are average values from 4 specimens. In these figures, the strength is defined as the
maximum load F, at failure divided by the cross section area A.
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Figure 4. Moisture distribution for wetting and drying specimens between RH 40 and $0%.

Figure 5 shows the strengths from the reference specimens conditioned at RH 40% and
80% up to the time of testing. These reference tests were performed at the same occasions
as the gradient specimens exposed to drying or wetting. Reference specimens and gradient
specimens tested at the same day are matched with each other as shown in figure 3. Figure
5 shows that the average strength at constant moisture condition is 60 % higher for RH 40
% than for RH 80%. The variation in strength is small between the test occasions. The
standard deviations are 0.19 MPa and 0.13 MPa for RH 40% and 80 % respectively,
considering all the 32 tests at each moisture level.
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Figure 5, Strength of reference specimens at constant moisture states corresponding to RI 40 and 80
%.

Figure 6 shows that the tension capacity is reduced significantly during the wetting process
from RH 40 to RH 80 %. Already after 5 days of moistening, the strength is lower than the
reference specimens seasoned in RH 80%. Later in the wetting process the strength is
about 30% lower than the strength of the 80% reference specimens and only half of the
strength of the 40% reference specimens.

For the opposite case when the specimens are drying, figure 7, an initial increase in
strength is observed, and the strength during the continued drying process is only
marginally lower than the strength of the 40% reference specimens. The strength
development of the gradient specimens is the result of the combined effect of moisture
induced stresses and changes in the mechanical properties with moisture content.
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Figure 6. Development of tensile strength perpendicular to grain for gradient specimens in wetting
phase compared with reference specimens.
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Figure 7. Development of tensile strength perpendicular to grain for gradient specimens in drying
phase compared with reference specimens,

For the gradient specimens under wetting, the combination between internal stresses and
external force leads to a non-brittle failure. Cracking starts in the middle part with a small
crack, which is growing in a stable way until final failure, see figure 8.

Figure 8. Crack propagation in gradient specimens, RH 40 to 80 %, tested at day 5.

For the drying specimens the behaviour is quite different. The cracking seems to start at
one of the edges with non-stable crack growth, leading to a brittle failure. This can be seen
in figure 9 where stress-deformation curves during the tension tests are plotted. The stress
in the gradient specimen, in the wetting phase, increases, even after a crack is formed. This



can be seen as a non-linear response in figure 9, whereas for the gradient specimen under
drying, the stress—deformation relation is linear up to the point of failure.
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Figure 9, Stress versus deformation for drying and wetting specimens, R 40 and 80%.

4.2 Type B, cyclic climate change

The specimens in these tests were exposed to cyclic climate, with intervals between drying
and wetting phases of 7 days. The specimens where initially seasoned in RH 60%,
moisture sealed and then put into a climate chamber were the climate was changing from
RH 40 to 80%, see figure 10. Specimens for tension testing, see figure 3, were taken out at
the ends of each 7-day period, after a wetting period (W-state) or after a drying period (D-
state).
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Figure 10. Cyclic climate change.,

The same type of exposure was used in a previous investigation of moisture-induced
stresses, Jonsson (2001a,b). Typical results after a drying period (D-state) and a wetting
period (W-state} are shown in figure 11. It was shown in Jénsson (2001 a,b) that the
internal stresses oscillated between these two states during the cyclic tests, with no
significant changes from cycle to cycle.
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Figure 11. Infernal stress state due to cyclic climate change. W=test after a wetting period, D=test after
a drying period.

Figure 12 shows the results from the tension tests expressed as failure load F, divided by
area A, Results from two different tests are shown for each day of testing:

1) Average of two matched reference specimens, exposed to constant climate (RH 60
%) up to the time of testing.
2) Average of two gradient specimens in either W-state or D-state.

The overall variation in strength is from approximately 0.9 to 1.8 MPa. A general pattern is
that the strength in W-state is lower, and the strength in D-state is mostly higher than the
strength of reference specimens. The differences are displayed in figure 13. There is a
considerable variation from cycle to cycle, but there is no tendency showing accumulated
effects from repeated cycles. The scatter is probably mostly due to the variation between
the different specimens, inevitable since strength cannot be tested more than once for each
individual specimen. The overall average values of strengths are shown in table 2. The
tension capacity for specimens in W-state is significantly lower than for specimens in D-
state. The coefficient of variation (COV) is surprisingly low in view of the fact that a
brittle type failure load is observed for specimens taken from different glulam beams. The
COV is of the same order of magnitude for gradient specimens and reference specimens.

Table 2. Results from tests type B, failure load per unit area, MPa.

Type Number of Mean Coefficient

specimens strength | of variation
MPa) | (%)

Gradient specimens, W-state 22 1.22 15

Gradient specimens, D-state 20 1.52 17

Reference specimens, RH 42 1.37 17

60%

All together 84 1.37 18
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Figure 12. Strengths of gradient and reference specimens.
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Figure 13. Difference in strength between gradient and reference specimens as a percentage of strength
of reference specimens.

5. Analysis of effects of stress distributions in cross section.

For the results shown above, the “strength” is calculated under the assumption that the
stress is uniformly distributed over the tested cross section area. This assumption is not
valid for two reasons.

1) For specimens with moisture gradients internal self-balancing stresses
(eigenstresses) are present before the start of tension testing, see figures I and 11.

2) The elastic modulus in the loading direction, varies significantly over the width of
the specimen, see Jénsson (2001a,b).

For given moisture content, the elastic modulus is about three times larger in the central
part of the specimen than in the outer parts, Jonsson & Svensson (2000). This is due to the
orientation of annual rings in the lamellas, with predominant radial directions in the central
part.

The actual stress distribution when the specimen fails is a combination of non-uniform
initial stress o;(x) and non-uniform stress o.(x) imposed by the external loading during the
test, where x is a co-ordinate in the width direction of the specimen (perpendicular to the
loading direction).

Equilibrium just before failure at load F, gives

F, = jae(x)cm + o (0da= [, () (1)
A A A
where A is the area of the cross section. The second integral is zero since the initial stress

distribution oj(x) is self-balancing. Assuming elastic behaviour, we have



0, (x) = £(x) E(x) = kE(x) (2)

where the strain £(x) is assumed to be constant and equal to k over the area A, Equation
(1) can now be written as

F, :kJ'E(x)dAzkAE (3)
A

where E =L J'E(x}dA is the average elastic modulus over the cross section A.
A
The combined stress o.(x) is given by

0.()=0,(+ 0,0 =2 E 1 ) (4)

E
where equations (2) and (3) have been utilised.

The initial stress oi(x) and the variation E{x) is known from a previous investigation,
which means that the combined stress distribution o.(x) at failure can be calculated from
equation (4). Figures [4 and 15 show the results from this calculation for one wetting and
one drying test respectively (test type A, day 5). The contributions from moisture induced
internal stresses and from external loading are also shown together with the mean stress
F\/A. The maximum combined stress for the specimen under wetting, figure 14, is of the
order 2 MPa, and occurs in the central part, whereas the stress at the sides is much lower. It
is therefore natural that cracking is initiated at the centre in this case, although the local
strength s probably higher in this zone with loading in the radial direction.
For the specimens under drying, Figure 15, the maximum combined stress is also found in
the centre of the specimen, but the stress is much more uniform in this case. The combined
stress is only marginally lower at the sides, where the Joading direction is between radial
and tangential. Since the tensile strength of wood is very low in this direction, it is not
surprising that cracking is first initiated at the sides of the specimen. The fact that the
combined stresses are rather uniform implies that the mean stress at failure is higher in this
case.
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Figure 14. The combination between internal and external stress for specimens under wetting, day 3.
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Figure 15. The combination between internal and external stress for specimen under drying, day 3.

Similar calculations have been done for all tests of type A, and the results are plotted in
figure 16. The maximum value of the combined stress o is shown together with the
average stress for specimens under wetting (dotted curves) and drying (full line curves).
For drying specimens, the difference between maximum local stress and mean stress is
much lower than for wetting specimens. This explains that the tension capacity is generally
very little affected by moisture gradients under drying. The opposite is valid for wetting.
For both cases, drying and wetting, the maximum stress is located in the middle of the

specimens.
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Figure 16. Difference between maximum stress and mean stress

6. Conclusions

The tests presented in this paper were made to investigate the effect of moisture-induced
eigenstresses on the tension capacity perpendicular to grain in glulam. The following
conclusions can be made

— The tension capacity under constant moisture conditions depends strongly on the
moisture content. The strength increases by 60 % from RH 80 % to RH 40 %.

— The influence of moisture-induced stresses on the tension strength depends on
whether the specimens are in a drying or in a wetting phase.

— Drying from RH 80 to 40% reduces the tension capacity only marginally.

~  Moistening from RH 40% to 80% reduces the tension capacity significanily

i1



— This behaviour was explained by studying the combination between initial moisture
induced stresses and stresses from external loading during tension testing.

- In the case of moistening, stresses are added in the inner part leading to a very non-
uniform distribution of stress across the width of the specimen.

~ In the case of drying, the combined stresses lead to more uniform stress
distribution.

- Tests results from cyclic climate changes indicate again that when specimens are in
a drying state the tension capacity increases (1.52 MPa), whereas it decreases in the
moistening state (1.22 MPa), compared to reference specimens free from moisture
gradients (1.37 MPa). Numerical values given here are the mean from all tested
specimens

— Time and number of cycles do not seem to affect the tension strength in any
specific direction.

— To minimize the moisture gradients in load carrying wooden products during the
serviceability state, the surface should be treated with some moisture damping
material such as paint, varnish, wax etc.

It is clear that the service class reduction factors in codes need to be re-evaluated in the
light of these results and other research findings dealing with interaction between moisture
exposure and mechanical performance of wood. The characteristic value of the tensile
strength perpendicular to grain for softwood of the type tested here is of the order 0.5 MPa.
Eurocode 5, prEN 1995-1 (2001) prescribes a value of Ky, =0.9 (short term load) for
service class 2, in which the relative humidity may exceed 85 % for a few weeks per year.
The moisture exposure used in the tests reported in this paper is less severe than that for
service class 2. Still, average tensile strengths as low as 0.6 MPa were observed when the
cross section was in a moistening phase. The value of kg for service class 3 is set to 0.7
in Eurocode 5, which seems to be a too small difference when compared to the value 0.9
for service classes 1 and 2. For instance it was found in the present research that the
strength is on average 60 % lower at RH 80% than at RH 40%. It is quite obvious that the
climate factors mainly derived for strength properties parallel to grain should not be used
for tensile strength perpendicular to grain. An alternative could be to treat moisture
exposure as an action, which should be taken into account in relation to failure modes
involving tension perpendicular to grain.

Another conclusion from the present research is that any testing of tensile strength of wood
perpendicular to grain should be performed under very strict control of moisture conditions
in the specimens.

References

Aicher S., Dill Langer G., Ranta-Maunus, A. 1998, Duration of load in tension
perpendicular to the grain of glulam in different climates. Holz als Roh- und Werkstoff 56,
295-305.

Gustafsson, P.J., Petersson, H., Stefansson, F. 1996, Fracture analysis of wooden beams

with holes and notches. International Wood Engineering Conference, New Orleans, pp
4.281-4.287.

12



Gustafsson, P.J., Hoffmeyer , P., Valentin, G. 1998. DOL behaviour of end-notched
beams. Holz als Roh- und Werkstoff, Vol. 56, No. 5, pp. 307-317.

Jonsson, J., Svensson, S. 2000. Internal stresses in the cross-grain directions of wood
induced by climate variations. Proc. of CIB, W18 - Timber Structures. Paper 33-12-1.
Meeting 33, Delft, Netherlands.

Jonsson, J., Svensson, S. 2001. A contact free measuring method to determine internal
stress states in glulam. Structural Engineering, Lund Institute of Technology.
Holzforschung, submitted.

Jonsson, J., 2001a. Moisture induced stresses in glulam cross sections. Proc. of CIB, W18 -
Timber Structures. Paper 34-12-4. Meeting 34, Venice, Italy.

Jonsson, J., 2001b. Internal stresses in the cross-grain directions in glulam induced by
climate variations. Structural Engineering, Lund Institute of Technology. Holzforschung,
submitted.

prEN 1995-1 (2001). Eurocode 5. Design of timber structures, Part 1.1. CEN/TC250/8C5,
N316.

Ranta-Maunus, A., Gowda, S. 1994, Curved and cambered glulam beams. Part 2. Long
term load tests under cyclically varying humidity. VIT Publications 171, Espoo. 36 p. +

app-18 p.

Ranta-Maunus, A. 1996. The influence of changing state of stress caused by mechano-
sorptive creep on the duration of load effect. Proceedings International Conference on
Wood Mechanics: 187-201, Stuttgart.

13






CIB-W18/35-7-1

INTERNATIONAL COUNCIL FOR RESEARCH AND INNOVATION
IN BUILDING AND CONSTRUCTION

WORKING COMMISSION W18 - TIMBER STRUCTURES

NEW ESTIMATING METHOD OF BOLTED CROSS-LLAPPED

JOINTS WITH TIMBER SIDE MEMBERS

A Noguchi
Graduate School of Agriculture, Kyoto University, Uji, Kyoto

K Komatsu
Wood Research Institute, Kyotoe University, Uji, Kyoto

JAPAN

Praesented by: M Noguchi

In answer to H J Blall's question, M Noguchi indicated that the model could not predict ultimate load
capacity. A Leijten and H J Blalk then asked about the bolt hole size and the number of test replicates
used. Noguchi indicated that the holes were 1 mm oversize and there were 4 replicates per test data
point. E Fournely asked about the bending component in the model. This was followed by a brief
discussion about the effects of bending in the joint.






New Estimating Method of Bolted Cross-lapped

Joints with Timber Side Members

Masahiro Noguchi
{e-mail: noguchan@kuwri.kyoto-u.acjp)
Graduate School of Agriculture, Kyoto University, Uji, Kyoto, Japan
and
Kohei Komatsu

Wood Research Institute, Kyoto University, Uji, Kyoto, Japan

1 introduction

Bolted Cross-lapped Joints (BCLJ)} have been used as one of the basic jointing methods in
Japan and European countries. There, however, are some problems for BCLJ in design
method. For the purpose of expanding industry of large-scale wooden frame structures in
Japan, it is necessary to establish the proper estimating methods for predicting actual
performance. From this, we exploited a new approach that can estimate the performance of
bolted timber joints, not using computer simulation, but in more practical manner.

2 Estimating Methods

2.1  Single Timber to Timber Bolted Joints
2.1.1  Slip modulus (Stiffness)

In Japan, we have been using ‘theory of the beam on an elastic foundation’ (TBEF) for
estimating stiffness of boited timber joints

that had been applied to timber joints first ¢
by Kuenzi V. Bolt was assumed as a beam, o=0 [
and wood was assumed as an elastic 8,=0
foundation. Deflection of bolted timber ; o

joints  was governed by following >

differential equation. /
57/ G=0=r

& -

W) Ao =0 s iy

@ 0=0 1
General solution jis: 60 G= &,

v(x) = A sindx cosiy+ B sinhlx cosix

*+ C sindx coshix + D sinhix coshlx Fig.1 Modeling and boundary condition of Hirai” in the

Joka case of timber-to-timber bolted joint.
ATy e (D) Legend: (it shear force at the head of belt or the

interface, M: moment at the head of bolt or the
where, (El} ¢ bending stiffness of bolt, k: interface, 6: rotation angle at the head of bolt or the
interface, /; 1 is main member, 2 is side member
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bearing constant of wood, d : diameter of bolt , x: distance from the origin, v(x) : bearing
displacement of bolt at x point, 4,8,C,D: undetermined coefficient

According to “a basic beam theory”, rotational angle (#), moment (M) and shear force (Q)
are expressed as;
3

dyss
d3x e (2)
In the case of bolted timber joints with timber side member, it is necessary to set ordinary

differential equation for both main member and side member, simultaneously. Kuenzi
model, however, required complicated calculation of 8x8 matrixes to solve differential

dy . dy?
0(x) = dv AM(x)y = (];j),\.m

3 H

O(x)y = (E@N,

equations. In consequent, final expression of
the equation was very complicated for
designers. Therefore, Kuenzi proposed an
approximate equation. His approximate
equation, nevertheless, was inconsistent
except for Ar was more than two, slenderness
of fastener is large like nails. This result in
that Kuenzi’s approximate equation was not
available in any bolted timber joints.

Ohashi * proposed definition of stiffness for
both main member and side member in timber
dowels joints. In addition, Racher D proposed
design method based on Ohashi's proposal in
“Timber Engineering Stepl’. If we, however,
defined an independent spring to each member
in the case where fastener deformation can not
be ignored, we will be able to propose more
simple equation. By introducing 'independent
spring constant' for each member, no more
8x 8 matrixes calculation will not be necessary.

In this study, we paid our attention to the
moment distribution at the interface between
main member and side member. Using
Kuenzi’s model, moment distributions of bolt
were predicted. Fig. 2 shows moment on bolt
was equal to zero when the width of main
member and side member are same. In order
to make main member and side member
independent mechanically, we introduced
'Semi-Slip Condition' by setting a new
boundary condition at the interface between
side member and main member in which
moment became almost zero and shear force
was equal to the applied load (P). Moreover,
we defined fictitious stiffness i.e.,, Semi-slip
modulus, as follows;

P

Kni =
hi vi(xi)

. (3)

M/P (%10 °mm)

8 6 4 2 0 2 4 6 8

x Distance from interface in bolt (mm)

Fig.2 Distribution of moment in bolt.

Legend: x: distance {rom the interface between
main member and side member, P: applied load,
M: moment in the bolt

D
an=F Y M= 0
¥ M@= 0 A
A /
! X
(&) &
AG) =0 A= 0
=0 MOY= 0

(8) Fixed end condition. (b) Free end condition

Fig.3 Concept and boundary condition of ‘Semi-slip
condition’.

Legend: (E): boundary condition at the head of bolt
(fixed), {F): boundary condition at the head of boit
{free), (H): boundary condition at the interface



In the case of fixed end condition, we defined following hypothesis *:

QO =060)=0M(@=0,Q» =P
Using eq. (1}, (2), (3) and {4}, K, was derived as;

213 (D (sinh A7 cosh 17 + sin 17 cos ¢ )

Ky = B ;
cosh® 17 - sin? 1/

Equation (5) is expressed as;
Ky = ZAED s (T

sinh 7 eooshh 77+ sin T oos T

cosh? 77 - si® 7T

(T =

where, T =Af

- (4

5

. (6)

(7

Equation (7) was not suitable for designing method, as it contains trigonometry functions

and hyperbolic functions. Therefore, eq. (7) was approximated as;

T<2 @ (0 =-05111 T3 +3 7257631 72 +3.1093 T2+ 1.5127 T (R =0.999)

Tz2 @ () =1

In the case of free end condition, we defined following hypothesis ;

M©0) =0, @ (0) =0, M (=0, Q=P

From eq. (1), (2), (3) and (9), following equation for K; was derived as;
2 A3 (ENs (sin? Lr - sinh? 1¢)
cos Af sin lr — cosh lr sinh 17

Kpi =

Similar to {ix end condition, equation (10) is expressed as;
En = 2V EDs¥ (D
sin? T - sinh?> T

cos T'sin 7 - cosh 7sinh 7

(i =

Approximate equation of eq. (12) was obtained as;
<25 Y (1) =0.0075T" - 0.0696 T° +0.096 T* +0.4646 T
T>25 W([M=1I

(R? = 0.999)

. (8)

. (9)

. (10}

(1)

. (12)

. {13)

Py *(T)

Fig.4 Comparison of eq. (7) and eq. (8)

Fig.5 Comparison of eq. {12) and eq. (13)



Semi-slip modulus of arbitrary angle (§) was assumed to be estimated by Hankinson's
formula eq. (14).

Kno Koo

Ky = -
Ko sin® 8 + Koo cos® @ (14)

Slip modulus of bolted timber joint (K) 1.2
can be defined as a modulus of serial
spring composed of side member spring
(K1) and main member spring (K}, as
follows;

. = Kny Kz
N Kn + Kz . (15) 0.8 | --:Omtl"nuu
| 0.25 02

Fig. 6 shows comparison between TBEF 07 i MR
and eq. (15). It can be seen from this 0.6 bt DML
figure that our proposal can be good in 0 5 10 15 20
wide range of various parameters. slenderness
2.1.1  Yield loads Fig. 6 Comparison between the existence theory

S . . . - \ (TBEF} and our new proposals on slip modulus,
For estimating yield load of Smgle bolted Legend: diameter of bolt: 16mm, angle of force in

timber .]0111_‘:3, we  have beeﬁl} USIE  ain member: 0 degrees, angle of force in side
European yield model theory (EYT)  member: 90 degrees, ratio: slip modulus by existence

based on 1'igid-plas{ic theory, We, theory / slip modulus by our proposal theory, m:
nevertheless, thought it is inconsistent to length of main member divide length of side
use different theory for estimating stiffness menber.

and yield load. Thus, we also tried to use TBEF to estimate stress in wood and bolt for
establishing new design method of bolted joints. The yield criteria of bolted joints were
thought to be either bearing yield of wood or bending yield of bolt. In this paper, splitting
criteria could not be taken into account.

(1) Bearing yield of wood

Yield load on single bolted joint was derived from

Kuenzi’s hypothesis . Fig. 7 shows semi-slip

condition for arbitrary member. Yield load B, is

expressed by Semi-slip modulus X, and slip of yield P
point S, as follows;

Phwm Kh Sy --.,(16)

While, yield-bearing stress o is expressed by bearing
constant & and embedment displacement of yield

/
stress Ssy. -‘_/
Ouy™k Soy o (3T T s

So far as semi-slip condition, S, is equal to S,,. Thus
from eq. (16), eq. (17} and S, = S,,, Puw was derived as

follows;
_ K 0wy Fig.7 Concept of *Semi-slip yield Joad’.
Phw = i 18 Legend: P: applied load, Sy: slip yield
( ) siress, k: bearing constant, S, slip at the
(2) Bending yield of bolt ‘Semi-slip yield load’



It seemed to be fairly difficult to derive closed-form solution for maximum stress of bolt
by TBEF. Therefore, for getting some effective relationships, we used computer simulation
for estimating stress on bolt for 15000 combinations.

The combinations were;
Mo

Diameter of bolt was from 2 mm to 22 mm per 2 mum. -
Density of timber (7D} was from 300 kg/m® to 700 ELWW
kg/m® per 100 kg/m’. Slenderness was from 1 to 22 JE{!Eiiiiql i
per 1. Angle of load against the grain was 0 degree to o
90 degree per 10 degree. The values of several "
properties were calculated by following regression o, /

E,=040117161 7D + 3.9029657 {GPa),

ko=FEy/(0.316+0.109) (N/mns), 1 mgl H L;gi WP

kop=ko3.4 (N/mm“), iia i

oe=0.093215TD - 16.074 (MPa), Mo

oop = (0.025522 TD = 0.527) "% (MPa),

Es=204.1 (GPa), Fig.8 The notion for simulation

oy = 322.5 (MPa) ....(19)

Moment on bolt were calculated per 0.0 mm
along the shank. The maxum value was defined

. . 25000
as maxium moment on bolt. We used following
equation for estimating moment of bolt. Fig. 9 o os
. ) i/ = 06 K
showed relationship between M, X, &, d, P. From 20000 | Mkdip ZEOR
results of simnulation, eq. (20) was obtained; "
=
Ml d g 15000
= 0.6 K Z
P IS
3
(20) = 10000
Also, relationship between bending yield stress w00
on bolt (&) and bending moment (M), as
following;
0
- ﬁ_/j 7o £ 0 10000 20000 30000 40000
0wy = ~ = 6 Xy (Nimm)
i e (21)
where, oo vield stress of steel Fig.9 Relationship between maximum moment in bolt
» T Y and “Semi-slip” modulus based on simulation.
Using eq (20) and (21) cquation for predicting Legend: M: maximum moement in bolt, 7: applied load,
. ) . ’ . k: bearing constant, 4 diameter of bolt, £} modulus of
vield load by loading Py, was obtained; semi-slip
_ k ow Z d
.]')hh - - ..
0.6 Ky

e (22)

Equation. (22} contains all factors except for £, E,, however, were constant value in case of
steel. Therefore, eq. (22) was consistent in ali case of steel bolt.

Above all, yield load of Semi-slip condition (#,,) was defined as;
Py, = min (Phy, P} (23)

Semi-slip yield load of any angle against the grain could be predicted as;



Puo Puoo

}9]1() Siﬂz 2] + Aph‘J(J COSZ ¢ e (24)

Pyg =

Yield load of bolted joints (Py)} was defined as;

P, = min (P of maim member, £, of side member) v (25)

2.2 Bolted cross-lapped joints

In “Timber Engineering Step 17, BCLJ design method was derived for assuming the
member as a rigid body. Ohashi® pointed out that timbers could not be assumed as rigid
body in BCLJ, but condition between rigid body and soft body or elasticity. In
timber-to-timber bolted joints, super imposition of forces did not work as supposed in
conventional theory. Thus, we derived a new analytical model of BCLI, not assuming rigid
body rotational deformation, but assuming that two sets of coupling moment AM,;, M,
resisted by bolts as shear forces Py;, Po; compose twisting moment at joint patt.

o
Mxdelingg of menrber 1 o
: byp.(1}
P B e
1y.(0) \\ Ri RM
e — = -
myp B e %
7~ —
i Modeling of menber 2
lyp.
/‘M i YPAD l hyp{4)
1 L |
AN

o

f sz + +
al — + =N \

£ [P — ‘W’“ﬂﬂ P Py Prw Py

Liyp.(4)

hy2.42)

T Py
Fig. 11 Concept for mechanical model of BCLJ.

In order to get equation for estimating rotational stiffness and yield moment, we set
following hypothesis;

(1) Each member was subjected to a coupling moment (M, and AMb).
(2) Coupling moment M;, M> were resisted by bolts as shear forces Py;, P
(3) Bolt load was decomposed to load by shear force P|g; and bolt load by moment P ;.

(4) Py; (Py) could be decomposed to bolt load by rigid body rotation Pirs;, bolt load by
timber bending deformation at panel zone P rg; and bolt load by timber shear deformation
at panel zone Psp;.

(5)Shear stress distribution of timber at panel zone was constant.
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(6) At the rectangular joint part (panel zone), shear force of bolt by coupling moment
composed twisting moment.

Keeping these hypothesises in mind; we will derive an equation for estimating yield
moment. .

Bolt force Prpy; due to rigid body rotation is assumed to proportional to the distance x;
from centre of bolt arrangement,

Py = Bx; 57 undeternned coefficient v (206)

Assuming shear stress distribution of timber at panel zone as constant value, bolt force
Pisp; due to shear deformation of timber is assumed to be also proportional to the distance
from centre of bolt arrangement,

Play == yx; y: undetermined coefficient v (27

For simplicity, we use a new parameter as;
a =g +y o undetenmined coeflicient e (28)

Thinking of timber bending deformation at panel zone, shear stress distribution of timber at
panel zosne by M, could be assumed as constant.

M, &'s
Oy = —— = — = constant

h o where, h: depth of timber 1 e (29)
The load distribution of a belt by timber bending at panel zone by M, was expressed
bending deformation of timber ¢ and Semi slip modualus Kje of bolt perpendicular to the
grain. Moreover, the centre of bolt arrangement is thought symmetry - M (0) =0, 6 (0) = 0,
& (0) = 0. From these, the load distribution of bolt by bending deformation of timber P 1p;
was obtained as;

Mk

P = § * Ko =

i

GhET e (30)

Thus, bolt load Py; can be expressed as follows (hyp. 4);
B = P+ P + P L (31

Moment of member 1 is:

”

M = ZRJ» =ai:xf2 +~I§~f§)~ )
P ==l Ol "o (32)

From above, by eliminating a, we obtained P;;.

Ping = + Xt - |
" &R "

Similar to Py, Pa; was obtained as;



My Koo =

Py == ~ ’_3 +
™ " oFdh y "
27 27
i1 L e H (34)

At jointing part, moment of column must be equilibrium with that of beam. Thus eq. (35)
holds good (hyp. 1).

1
My = M = —M
2 e (35)

Here, we assumed that applied shear force O was distributed to each bolt constantly(hyp.
5).
Py = “g
n e (36)
Fromeq. (31), (32), P,; and Py; are expressed as,

Total bolt load was composed to load by shear force Pig; and bolt load by moment Py
(hyp. 3). As shear force of bolt by coupling moment composed twisting moment (hyp. 2),

Pi= Py Py= Py e (37)
From eq. (33), (34), (35), (36)and (37), P,; and P, arc expressed as;

M x K P
Bo=p, = L -2y
" 1257 " 7
ZZX,Z X7
. .. (38)
30
])} - Py M - iV . i H

:Jr
" 12605

{ Zy.?
- ‘ ™ : . 139

where ¢ = Q/IM
Now, resultant force P; are following equation (hyp. 6);

5=y B+ B e (40)

From above, equation for yield moment of BCLJ (M) is obtained as;

L

B,
My = -

i l'f 2 # 32

! .X.'ZJ\T‘ i : ! yZV"‘ ‘

B 12000 TR 125 |7 no

L 2) X7 sz ZZJ){“’ Your o

Eom H P i i

e (41

In the case of ignoring timber deformation, eq. (41) can be expanded as;



R

M, =
x° 2
i n Y + Lﬂm
| 2 R
SEDIEG BRI
where, My, = min (M) e (42)

Next, we will derive the equation of rotational stiffness. Total energy at joint part Uigm i8;
" 1 1 ] M 1
Uoa = Lhane Lo+ Ul = Z — P8 + — f—d\f + —frydx
- 2 2y H 2
o (43)
Using Castigliano's first theorem expressed in eq. (44), M-@ relationship is derived as;
au

am e (44)

From eq. (40), (43), (44), and 'a basic beam theory', the rotational stiffness of BCLJ (R)
was obtained as;

12505 S0 SN s
Ghith 4857
: H =l
e
v (45)
In the case of ignoring timber deformation, eq. (45) can be simplified as;
1
R =
” J\',,-?" H A_fg
=Y K‘.ﬂ =l K:‘S(‘
. — -+ —
I L ‘ " \ 2
A4) A
! ; [ : (46)

In the case of cross-grained members, K; could be assumed as constant value K.V, Thus
eq. (46) can be simplified as;
K.

1 1
+

4i X7 4i“ ¥t
=1 =]

e (47)

Here, in the case of symmetry bolt arrangement on both x-axis and y-axis, eq. (48) is
consistent.

" "
2 2
X R
1 i1

e (48)
Using eq. (47), eq. (48) can be simplified as;



R = 2KSZ Xi
M v {49)

While, using eq. (48), conventional theory can be expressed as;

”»

R =) K = Ksy 2 = 2K5i‘ﬂ?
i1

=1 1=l

.. (50)

Equation. (49) is consistent with eq. (50). From this, in the case of symmetry bolt
arrangement on both x-axis and y-axis, rotational stiffness of our proposal theory is the
same value with that of conventional theory.

3 Test methods

Two series of experimental study were conducted on the double-sided timber-to-timber
joints fastened by a single bolt as welt as on BCLJ. Common conditions we set for two
series were; Diameter of bolt was 16 mm, Length of bolt was 32 mm, Species of materials
was Douglas-fir glulam, JAS grade was E105 —~ { 300, Mean value of MC was 11 %, Mean
value of density was 456 l{g/m3, Thickness N

of main member was 160 mm, Thickness J
of side member was 80 mm. o
Inn each double-sided timber-to-timber joints |

o1

Mapde of fiwce

480

fastened by bolt, the angle of grain for the
load varied from 0 degrees to 90 degrees per
30 degrees (Fig.11).

Fig. 12 shows BCLJ specimens prepared in
this study. Each BCLJ specimen consists of
a column (160 mm x 500 mm = 1500 mm)
and a pair of beams (80 mm x 500 mm x
20060 mm). They were joined with bolts and
were formed a T-shaped assemblage. We
arranged bolts allocation in rectangle or in .
square by changing the number of bolts {}
from 4 tol6.

70

i

Fig. 11 Specimens for the test of the bolted double
shear timber-to-timber joint. (Unit: mm)

edm

508

A I IO & 7% e L ama i F 52 AT

A& - A B=1 B2 G-2 [

o

0160 108

Fig. 12 Specimen for the test of bolted cross-lapped joints (Unit: mm)
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4 Verifying Our Estimating Methods

Material properties for numerical calculating were adopted from the previous study A
except for bearing properties, Bearing test of bolt was done using finished specimens (Fig.
13, Tabie 1). Table 2 shows calculating value of rotational stiffness. From this table,
effective ratio of rotational stiffness of joints against bending stiffhess of timber SR is
about half value of the loss of stiffness by timber deformation (}00-TR). The reason was
thought that both main member and side member deformed [/SR of R by eq. (47).

Table 1 Result of bearing test Table 2 Calculating values of rotational stiffness

A Oy SR TR (100-TR)Y2

s 1 0.6 98.6 0.7

(N/mm*)  (MPa) F 12.2 78.2 10.9

ASTMO 417 381 " o o o

ASTM90 226 19.4 Bl 11 97.6 12

B2 2.0 95.6 2.2

k: bearing constant, ¢, bearing yield siress Cl I.1 97.6 i.2

. ) " C2 2.0 956 2.2
ASTMO: ioad parallel to the grain Legend: Unit: %, /: length of panel zone,

ASTMI0: load perpendicular to the grain TR: eq.(45)/eq.{47), SR:eq.(47)/Elh

From the comparisons between calculations and experimental result (Fig. 14, 15), it was
recognized that the stiffness and yield load in double-sided timber-to-timber bolted joints
and rotational stiffness and yield moment in bolted cross-lapped joints could be predicted
precisely by using our new theory. Thus, the calculation values of BCLJ on Fig.15 were
calculated by eq. (41) and (45). While, as to rotational stiffness, estimating values by
conventional theory ) showed much higher than experimental results - about two times -
in rectangular bolt-arrangement.

60 - 60
50 | /——'/ 50 0-90
— 40 } / =
Z . pA B
4 ol 0-0 Z ‘ -
'g E g exp. 3
= 20 | 7/ - =1 -cabslip i,
| calload
10 calload- ‘ e e
0 5 10 15 20 0 5 10 15 20
Slip (mum) Slip (mm)
60 G0
50 50
S0-90
. -0 o 40
é 40 o E
& / exp. § exp.
=20 b S cal.slip : .. e R O 2R ER - calslip
10 | oo ealload | N A - caload |
0 {
0 5 10 i5 20 0 5 ig 15 20
Slip (mm) Slip {mm)

Fig.14 Comparison between experiment and our new proposals on double-shear bolled joints.

exp.: experimental result, cal. slip: slip modulus by our new theory, cal. load: yield load by our new theory
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Fig. 15 Comparison between experimental result and estimating value by our proposal in bolted cross-lapped
joints.  EXP.: experimental result, CAL.C: yield moment by conventional theory, CALN: rotational
stiffness by our proposal theory

5 Conclusions
(1) Thinking of ‘Semi-slip condition’, estimating method of Kuenzi could be simplified.

(2} From results of simulation concerning 15000 combinations, we could be derived the
closed-form equation to estimate yield load based on TBEF.

(3) Itis treacherous to use conventional theory for estimating rotational stiffness, in case
of lying bolts out in rectangular. Our proposal theory in this study can predict rotational
stiffness and yield moment precisely in both cases of laying bolts out in rectangular and
square,
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Abstract

Non-linear load-slip relationships of multiple lag screwed timber joints with timber side
members were analyzed by making use of the classical Lantos's theory which delt with load
distribution in the members of general multiple timber joints under axial force.

Load-slip relationships obtained from single lag screwed joints were fitted by the three
parameters exponential function. Then step-wise load incremental calculation method was
applied on a series of the finite deferent equations which were obtained by applying Lantos
theory to the multiple lag screwed timber joints under axial force.

A series of experimental study was also conducted on the double sided timber to timber joints
fastened by single raw lag screws. We prepared basically five different combinations of test
specimens composed of single main member and double sided members connected by a several
lag screws located along one line.

From the comparisons between calculations and experimental result, it was recognized that the
non-linear calculations could predict the non-linear load-slip behavior at least up to the yielding
point of each multiple lag screwed joint. So far as using the 'load incremental method’, it was
difficult to predict precisely on the ultimate stage of each multiple joint specimens.

1. Introduction

Lag screwed timber joint has an big advantage that it can be fastened from a one-sided surface,
thus recently it has been getting high reputation in the field of existing wooden post and beam
construction in Japan.

In the Japanese timber structures design standards [1994 AlJ], however, an allowable strength
for lag screwed timber joint is admitted only for the case where steel side plate is used. Thus, at
this moment, a special permission is required if the lag screws are used for timber to timber
joints and due to this limitation, design of timber structures using timber to timber lag screwed
joints is being faced to a difficult feature. From these backgrounds, we paid our attentions to
make the timber to timber lag screwed joints hold a formal recognition as a one of the
engineered timber joints.

As the first step of a theoretical approach for understanding non-linear behavior of timber to
timber the lag screwed joints, we tried to derive a determinate solutions for the timber to timber
multiple lag screwed joints based on the classical Lantos's theory [1969 Lantos], and nonlinear
load-slip relationships of them were calculated by applying the step-by-step linear calculation
scheme. The validity of theoretical approach was made sure by referring observed results
obtained from a series of full size experiments whose details are to be presented in elsewhere
[2002 Komatsu].



2. Theoretical Approach

2.1 Original Theory

In 1969, Lantos analyzed a multiple double shear bolted timber joint with timber side members
by considering equilibrium condition among axial force in the main member, shear force at the
fasteners and axial force in the side member. He derived a kind of finite difference equation for
the axial forces, however consequently a closed form solution was obtained by assuming the
finite difference equation as an analogous second order differential equation.

In this Lantos's first attempt, it will be the most important part that he defined very skillfully the
compatibility condition for the main member and side member by considering both elastic
deformation of member as well as elastic slip of fasteners. We would like to use the same
compatibility condition for our problem as that set out originally by Lantos.

2.2 Analysis

Figure 1 shows schematically an analytical model of multiple timber to timber lag screwed joint
to be analyzed in this study. In this study, from one to five rows of lag screws per single shear
plane were considered.

Main member

a N I | ! a i a i
0t o Y2 i Yoz 34 45 56
Ay E/{w P2 Pyt P Py _Lfsm Pos ™
: | --f————— -— —-— —— - || —— - o P2
Ay E, i=0 T 1 Ta2 2 T3 3 T4 4 Tas 5 Tsse 6 \Side member

Fig.1 Analytical Model of Multiple Timber to Timber Lag Screwed Joint.

2.2.1 Derivation of Basic Equations for 5 Rows Fasteners

As an example for showing derivation process of basic equations in details, we pay attention to
the No.l and No.2 fasteners shown in Fig.1.

The equilibrium equation of forces around No.l fastener is;

pspp = Ty - T2 (1)
Load-slip relationship for No.1 fastener is;

psn = Ko 0S¢ (2)
From eq.(1) and eq.(2) we get;

Ka .S = Tor - T (3)

In the same manner, we also get a same sort of equation for the No.2 fastener;

KsZ 'Sz = Ts]2 = Ts23 ..... (4)
where,
Psfi . shear force acting at i-th fastener.
Tsii+1) : axial force in side member between i-th and (i+1)-th fasteners.
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Ksi : tangent slip modulus of i-th fastener to be defined as K« = dps/dsi
Si : slip displacement of i-th fastener.

According to the compatibility condition that was first infroduced by Lantos [1969 Lantos] as
shown in Fig.2, the length a.* defined at the main member and the length as* defined at the side

member should be the same.

Namely;

for the main member : ayt = S1 + {an + ewn)
for the side member : as* = S + {an + es2)
where,

aii+1) : initial distance between i-th and (i+1)-th fasteners
ewii+1) : elongation of main member due to Twi(i+1} between i-th and (i+1)-th fasteners
esig+1) : elongation of side member due to Tsiti+1) between i-th and (i+1)-th fasteners

a *
8 L a12+e“12 : b
1
(EJ [P SN I T e e g et ?\ ________
wl2 . . E
TwOi j - T‘WB h\‘v w
-, pSﬁ —att. pSf'l "{’
T.sm = < - T.m ts Es
- T, — A
1 i
a. te, - .
%25|i_. S'2 . Suffics w : main member
g Suffics §: side member

Fig.2 Schematic explanation of the compatibility condition of
main member and side member in the case of Lantos'’s theory

From eqs.(5) and (6), we get;

St - S = es12 - ewiz

From Hooke's low, the elongations of each member are expressed as ;

oty = anlyiz
wl2 Ew Aw
- anlsn
512 EsAs

where,
E. and Es : Young's moduli of main member and side member, respectively

Aw and As : Cross sectional area of main member and side member, respectively
Twig+1) : axial force in the main member between i-th and (i+1)-th fasteners.

Substituting eqs.(8), (9) into eq.(7), then considering eqs.(3),(4), we can get a kind of the
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following finite difference equation;

1 £ 1 1 " an [ an
b ~%———+—T + T3 = | Ts12 - | Tei2 . 10
o 501 e Ko 512 o 523 ety 512 Edy | 12 (1%
The boundary condition at the side member between O and 1st fastener is;
e . (11)

Tl = —
501 5

and at arbitrary place, the sum of the axial forces being distributed in both members must be
equilibrium with the external force [1969 Lantos];

g 12

Tsiz + Tyvn = ) (12)

Thus, from eqs.(10), (11) and (12), the following basic finite difference equation relating to
No.0, No.l and No.2 fasteners were obtained ;

s%__+_;+j b2 Ty T = - Kot
K Kn, | Eds  Eud. K= B Rt

1 1 [ an az || 1 Can ] :i
|
2

In the same manner, a series of following finite difference equations could be derived for the
other fastener points.

For No.1, No.2 and No.3 fastener points ;

1 1 1 an an || 1
e Ts12 = 4 + o+ + | 1T
KS'Z [ KSZ KS3 ‘ .\ ESAS EnAu J E 53

For No.2, No.3 and No.4 fastener points ;

1 1 . a 1 [ a P
_T823 - j [ + ‘ + 34 + ax E?T:S‘:M -+ —Ts45 = 34 ; e abaees (1 5)
Ks3 ] Ks3 Ksa | EsAs Endy || 54 | Ewdy 2
For No.3, No.4 and No.5 fastener points ;
1 1 17 ) s | P
— T34 - * 1[ + + ‘ s + s E >T545 = { 4 e e (16)
KS4 ’\4\ KS4 KSS ,i Y ESAS E“ W /, t E“Aw ; 2

In eq.(16), another boundary condition of Tss6 = O (at free end) was involved in.
Consequently, we obtained a following simultaneous equation for the axial force of side member
in the Tsi(+1) case of five rows of lag screws;

CiCi20 0 l Ts12 , {ql i
Co1 Cn2 C23 0 | Tsoy | L lg2

1 = ' (17)
0 Cs Csz Cug E Ts34 g e

|
0 0 Ca Cu - Tsas ‘ éq4 ‘



where,

C J( 1 . 1 LGy aig‘,-.;-n} c 1 c 1

i (i=jy T - ili<jy T —— i osi) T o

v | Ksi Ksij1y EsAds By s 5 v Si
Pl 1 ap | Pl oanin

gi= —|l— 4 22 J R L (18)
2 KS‘I EywAw ) 2 L Eywdy .

The form of egs.(17) and (18) can be hold good as they are, even if the number of lag screw
decreases or increases. Thus, for the case of another row of lag screws (n = 2, 3 and 4), it was
omitted to explain in details.

2.2.2 Load Incremental Calculation Method

In order to obtain the nonlinear load-slip relationship of multiple lag screwed timber to timber
joint, simultaneous equation{17) was solved within each load incremental step by substituting
tangent slip modulus of each fastener into eq.(18), while moduli of elasticity of side member and
main member was assumed to be the same as their initial values.

For expressing the nonlinear load-slip relationship of single lag screwed timber to timber joint,
experimental data was fitted to the three parameters exponential equation (19).

[ K ]
s, I f19)

Psfi = pOJ + KmSU 1 - eXp
Poi )!

where,

poi : load axis intercept of the second tangential line

K. : the second tangential modulus

Ksoi : the initial or first tangential modulus

psp @ shear force on a single lag screwed timber to timber joint
S : corresponding slip displacement

In the actual numerical calculation, the differential value of eq.(19) was used for the tangent slip
modulus as follows;

d ofi K i ‘ . .
Df = Km 1 - eXp SOS;” + {pOi + KuiSr',)[

KS\'): \} 5(. -KS'OE S;}
Poi ;‘

K =
dsS; . Por

For one external force P, different slip displacement S: were obtained in each fastener's point by
solving eqgs.(17) then eqgs.(3), (4) for example, thus an average value of each slip displacement
was defined as the representative slip of the multiple lag screwed joint as follows;

Z:‘ S @

n

Srep =

Although we tried to seek any variable incremental load which could avoid ill condition of
determinant of eq.(17) at around the final loading level, but at this study no good solution was
obtained. Thus, numerical calculation was done by keeping the incremental load as constant as
AP = 1IN until the determinant of eq.(17) become ill condition. Due to this ill condition, it was
difficult to calculate the degrading region after maximum load .
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n =5 rows

Lag screw :

3. Experimental Procedures
3.1 Test Specimens
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Fig.3 Test Specimens for Multiple Lag Screwed Timber To Timber Joints.
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Figure 3 shows test specimens for multiple lag screwed timber to timber joints. Table 1 shows
the specification for the test specimens.

Table 1 Configuration and specification of test specimens

Number of | End Space ; ! Side member
lagscrews | distance | between o sectimand and cross Lag screw Refiicafions
pershear | e, | fastenersS C““’('ism ; section used
plane (mm) (mm) (mm)
b ma] e | Ve |
{120) (1.7 wood glulam | hemlock sawn i
3 [230(19.2d)] 270 (22.5d) ) ¢ =45mm 3~6
4 [230(192d)] 180(15) | \20X20JAS- | timber o L e
' Grade: E120£330 | 40x 120 & pios
5 | 140(11.7d)| 180(15d) : 40 x 40 mm

3.2 Test Set Up
Photo. 1 shows a servo-actuator type material testing
machine (Instron model 8050) whose maximum
loading capacity was 1000 kN.

Preliminary,

relative

slip displacement

were

measured at various locations, but as the difference
of these slip displacement were negligible small, in
the main experiments, only one pair of deflection
measurement devices were put at the geometrical
center of the joint, and the mean of these two
displacement was considered as the representative
slip Srep of the specimen.

Of three replications in each test series, one
specimen was loaded in monotonic tensile load,

while the rest of two specimens were loaded in
cyclic push-pull loading.

4. Results and Discussion
4.1 Best Fit of 3P-exp Function

(IN)

Load py

Photo.l Servo-actuator type testing machine.

1% - : Figure 4 shows fitness of 3P-exp
12 = function defined by eq.(19) to
10 g B the experimental load-slip data
T e S e taken from 1 row lag screwed
8 ﬁ}ﬁﬁ — ’;’;‘o:”‘f"w“‘wl‘;_um || specimens.
6 £ / B e \mi“f’j’“j’fc e Table 2 shows three parameters
- [~._| || obtained by try and error
< —— L1p00wO1.env — GNOJ1001.env —P— ‘ method.
——GNOJI002.env -~ GNOJ1003.env
5 o BestFitbyeq(19) - g Table 2. 3-parameters
N ] - e [ AT K
(kN) | (kN/mm) | (kN/mm)
0 10 20 30 40 50 60 70 80 96 20.05 71
Slip § (mm)

Fig.4 Best fit of experimental data by eq.(19)

(refer to eq.(19))



4.2 Comparisons Between Theoretical P-S., Plots vs Experimental Plots
Figures 5, 6, 7 and 8 show comparisons between theoretical P-Sw plots and those obtained by

experiments.
50 1 1 70
45 ;-/' - Number of row | ko
84 9 n=2 =
—~ 40 — f— E
35 [— LA S | A =
S S s i e
a, 30 F i = ~| — GNOJI3001.env —
8 ;3  a P — g — GNOJ3002.¢nv —
S A ’
= s i GNOJ2002.env =) - GNOJ3003.eny —
8 I "] -+~ GNO12003.env ‘o < ¢
4% 10 f LZPOMI.GI\\‘ é 4 Theore“cal ialg?lafﬂ
ol o e
F = 0 i
0 3
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L _Fig.S Comparison between calculated and obsereved results Fig.6 Comparisons beteen Calculated and Observed Results.
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g )
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Z 50 A g .
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= 3 ~
= = L/ G I I
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2 10 ! il T - .GNOJSOOZeny  —— NGNOJSO0Leny
——— NGNOJS002.env NGNOJ5003.cnv
0 : & Theoretical calculation |
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Representative Slip S, (mm) Representative Slip Srp,  (mm)
Fig.7 Comparisons between observed and theoretical results. Fig.8 Comparisons between observed and ﬂleoretica]_ rcsults._

Up to maximum load, theoretical calculation can predict nonlinear load-slip relationship of
multiple lag screwed timber to timber joint fairly well. Once load level exceeds the maximum
load, however, it was impossible to predict further nonlinear behavior in which failure
phenomena occurs by accompanying with some crack propagation.

4.3 Multiple Effect on the Maximum Strength of the Joints

16
\‘S‘E 14 [— o
12 = g
5 o
= 10 21
% . \ﬂ_—d—+_§\~+ S M—
bl . = 8-_—\6) ‘
aZg - o :
B |
.-‘é> 4 O Experimental data
E 2 —— —+=Theoretical results
g 0 . L . N i
0 2 4 6 8 10 12!
Number of total fasteners (2 x row)
Fig.9 Multiple Effect on the Maxumum Strength per Fastener

Figure 9 shows so-called multiple effect on the maximum strength per fastener. In this fugure,
theoretical strength for single fastener joint (n=2) is an average value taken from experiments. It
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can be seen from this figure that maximum strength per fastener tends to decrease as the number
of fastener increases, and also this trend could be predicted theoretically.

5. Conclusions

In this article, we tried to apply the classical Lantos's theory to the nonlinear analysis of the
multiple lag screwed timber to timber joints. From the comparisons between calculations and
experimental results, it was recognized that the theoretical calculations could predict precisely
the nonlinear load-slip behaviors up to the point, which exceeded the yielding point, but before
maximum load of each multiple lag screwed joint specimen. So-called multiple effect on the
maximum strength per fastener was also recognized by experiment as well as theoretical
calculation.

So far as using the ‘load incremental method’, it was difficult to predict precisely beyond the
stage of ultimate load where local cracking or splitting had already occurred.
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Joints with Inclined Screws

Ari Kevarinmaki
VTT Building and Transport, Finland

1 Introduction

The inclined self-tapping screws may be used effectively as fasteners in timber-to-timber
connections, because the screws have the particularly high resistance against withdrawal or
pushing in (Blass and Bejtka 2001). The test joints of Blass and Bejtka (2001) consisting of
screws in tension from 45° to 90° angle between screw axis and the force direction. The
maximum value of the load carrying capacity of these tests was reached in direction angle of
60°: about 1,15 times better value than in loading direction of 45° and about 1,5 fold capacity
compared to the pure shear joints (90°). However, the clearly best connection stiffness was
achieved in loading direction of 45°: about two times higher stiffness than with the angle of 60°
and almost 15 times higher than the value for screws loaded perpendicular to the fastener axis.
Blass and Bejtka (2001) have presented a modified form of Johansen’s yield theory which
includes a component where the screw is load in tension and the contact surface between the
members is in compression. According to the presented model the maximum load carrying
capacity of the tested joints should be reached also with the angle of about 60°, where both the
dowel effect of the fasteners and the cosine-component of the axial withdrawal capacity of
screws are on the significant high level.

This paper presents the results of a study of screwed joints with inclined screw angle in sawn
timber and Kerto-LVL. The aim was to develop design equations for the high stiffness
connections using inclined screws with the loading angle of 45°, Two types of single-shear joints
were studied: a cross screw joint and a tension screw joint. The cross screw joint is built up of
symmetrical screw pairs, in which one screw is under compression and the other under tension.
When the joint consisting of only screws in tension, a contact between the wood members is
required. The connection stiffness of cross screw joint was believed to be better because small
gaps between timber members would have no effect to the initial stiffness of the joint.

2 Withdrawal tests of screws

First the withdrawal capacities and withdrawal stiffnesses of four different types and sizes of
screws were tested with different angles between screw axis and the grain direction. An equation
for the characteristic withdrawal strength of screw at an angle of the grain has been given in
Eurocode 5 (prEN 1995-1-1), but no values for the withdrawal stiffness has not been presented.

Ultimate loading tests were performed on a total of 113 fasteners attached to sawn timber (C24,
C40) or Kerto-1LVL members in accordance with the EN 1382, Sawn timber material of strength
class C24 had been selected in accordance with the method 1 given in EN 28970. The most of
test series were loaded with the angle of 45° between the force and grain direction with 5 or 10
parallel test specimens The penetration depth /, was 8¢ in main test series, when ¢ is the nominal
diameter of the screw. The applicability of different types of screws, the behaviour in the
compression and the loading angle and the penetration depth were clarified by reference test



series. Separate test series were done to determine the withdrawal capacities in standard Kerto-S-
LVL and in cross-veneered Kerto-Q-LVL with loading direction 45°. For Kerto-S also edge joint
tests with the angle of 45° were done.

The actual test series were made using 6,0 x 90 mm general-purpose screws and 7,5 x 152 mm
fully threaded AMO III-screws (see Figure 1.1). In reference test series were used also 4,5x70
mm general-purpose screws and 8,0x140 mm ASSY bore bit screws. No holes were pre-drilled
for the fasteners.

e Pl i ol e e e e e i e R

8,0x140

Figure 1.1 Screws used in withdrawal tests.

The displacement measurements were made by means of a inductive sensor attached between the
timber end and the pulling cylinder. The initial withdrawal stiffness modulus was calculated by
the measured slip values for load values 0,2Fax (802) and 0,5Fmax (80s). The slip values g, and
dos were chosen as the general edge point of the linear part of load-slip curve. With load values
lower than 0,2F, there was generally still some effect on the initial displacement due to the
looseness of the load attachment.

The failure mode in all of the tests was withdrawal in tension or similar anchorage shear failure
in compression tests. No yielding failure of the fastener nor splitting or block shearing of the
wood was observed. The test results of direction angle o = 45° are presented in Table 1.1. The
used symbols are as follows:

Pes is the measured density of wood in moisture content of wood conditioned at RH65,
by is the depth penetration of screw - including the point,

Fuax 18 the mean value of failure load for the test series,

var 1s the coefficient of variation of the failure load (= standard deviation/Fy),

Jax4sm 18 the mean withdrawal strength per the unit area of the effective penetration depth,

Kesr is the withdrawal slip modulus per the unit area of the effective penetration depth and

Faxasrk 18 the characteristic withdrawal capacity calculated according to Eurocode 5 (prEN
1995-1-1, Final draft version 2002-02-08).



The mean withdrawal strengths have been calculated taken into account the density correction
using following formula

F

meah,cor
Ay = T—— (1.1)
f:.\ A5,m e d- l{.,f
where d is the nominal diameter of the screw (= outer diameter of threaded part),

ey 1s the effective penetration depth taken as the penetrationdepth (/,) minus one
screw diameter (o) for 4,5x70, 6x90 and 7,5x152 screws and minus 2d for the
bore bit screws 8x140 and

L3
Encmn,cor - [:mm' [&J (1 2)

63

where Pr  is the characteristic timber density: 350 kg/m® for strength class (24, 420 kg/m’
for C40 and 480 kg/m’ for Kerto-LVL.

The slip modulus has been calculated per the unit area of the effective penetration depth:

k.
ser =T (1.3)
Td- ]c’f
where k, = M (1.4)
3 (505 - 502)
where do2 and ys are the measured mean slip values for the load values 0,25, and 0,5 F .

Table 1.1  Withdrawal test results of series with direction angle ¢ = 45°.

Timber Screw Iy Faax var fesasan Keer Faxas. 2k

class  |pgs (kg/m™y|  dx/ (mm) (N) (%) | (N/'mm?) | (N/mm®) | EC5 (N)
C24 366 6x90 48 4303 8.3 5,08 521 3929
C24 356 6x90 70 5275 8.4 4,26 4,06 5504
C24 387 7,5x152 60 6133 7,0 426 6,20 5616
C24 389 7,5%152 90 10290 9,6 4,52 397 2062
C40 429 6x90 48 5199 5.4 6,36 7,09 5165
C40 429 7.5%x152 60 7523 6,8 5,89 7,36 7382
C24 349 4,5x70 36 1792 7,4 4,04 323 2480
C24 147 8x140 72 4215 1,3 3,03 1,61 6226
24 M 340 6x90 48 3775 15,4 4,98 3,45 3929
24" 348 6x90 70 4769 12,3 3,99 4,15 5504
Kerto-$ 503 6x90 48 5401 9,3 6,36 7,01 6311
Kerto-Q 543 6x90 48 6474 14,5 6,80 7,76 6311
Kerto-$ 2 499 6x90 48 5021 4,7 5,98 4,92 6311
Kerto-$ 498 7,5%x152 60 7294 5,0 5,58 6,10 9019
Kerto-Q 539 7,5%x152 60 8180 3,5 5,56 4,97 9019
Kerto-S§ 7| 474 7.5x152 60 7566 6,9 6,23 5,07 9019

Y Compression test
9 Edge joint test



The withdrawal tests with sawn timber showed that both the withdrawal capacity and the
withdrawal stiffness may be supposed to depend on the timber density in the power of 1,5: p'.
The effect of penetration depth may be taken into account by a factor (/,rer/ls)", where ¢ = 0,2 for
the withdrawal strength and 0,3 for the withdrawal slip modulus.

As mean value the 7,5 mim AMO-screws had 7 % lower withdrawal strength than 6,0 mm general
screws, but the slip modulus was as mean value almost the same. The 8 mm bore bit screws had the
worst withdrawal strength and slip modulus. The bore bit head of this screw type seems to be too
large; it breaks the grain of wood. The general-purpose screws ¢ = 4,5 mm and d = 6,0 mm had
almost equal slip modulus, but the mean withdrawal strength fix 45, of 4,5 mm screws was 20 %
smaller than the withdrawal strength of 6,0 mm screws. According to Final Draft prEN 1995 the
diameter effect should be opposite as in these tests. Probably the thread dimensions of 4,5 mm
screws are too small for the effective utilisation of the withdrawal capacity. The withdrawal
strength depends in addition of the screw diameter also on the thread type and on the thread
dimensions.

The test results of tension and compression test series showed that the withdrawal strength was
slightly lower in compression than in tension. The slip modulus was as mean value 15 % lower
in compression, but there was a big variation between the test series: with longer penetration
depth the slip modulus was higher in compression than in tension.

The withdrawal capacities of Kerto-S, Kerto-Q and edge Kerto-S test series were almost equal.
Also the slip modulus was nearly the same with Kerto-S and Kerto-Q. In edge joints of Kerto-S
the withdrawal slip modulus was as mean value 23 % lower than with flatwise joint of Kerto-S.

The characteristic withdrawal capacities calculated according to Eurocode 5 (prEN 1995) were
exceeded only with the sawn timber test series. ECS was clearly at the unsafe side (roughly 40
%) both with the 4,5 mm general screws and with the 8,0 mm bore bit screws. The calculation
method of Eurocode 5 was at the unsafe side also for Kerto-LVL with all the tested screws
(generally about 30 %). The withdrawal strength of different screw types and sizes should be
determined separately for different types of timber materials.

3 Joint tests with inclined screws

The shear force capacity and stiffness of altogether 145 inclined screw joint test specimens were
tested in Helsinki University of Technology (HUT 2002). The angle between the screw axis and
the force direction was 45° and the variables of the tests were as follows: timber material (planed
solid timber C24, Kerto-S or Kerto-Q), screw and joint type, member thickness, number of
screws, end distances, fastener spacings and moisture changes. There were generally 5 parallel
test specimens in each test series. The tests were done as compression tests as shown in Figure
3.1 in accordance with EN 26891. Sawn timber material of strength class C24 had been selected
in accordance with EN 28970.

The failure mode of all the test specimens was the withdrawal on the point or head side of the
screws. The maximum load was achieved with a small ultimate slip value: it was typically 1.2
mm between timber members. After the maximum load was achieved, the load carrying capacity
of the joints were still on the rather high level due to the developed dowel effect. The loading
was stopped until the slip value of 15 mm was reached, where the load was generally still about



50 % of the maximum load. Slip-load behaviour of two test series is presented in Figure 3.2 as
typical examples. The tension screw joints had generally 25..30% higher load carrying capacity
per screw than the cross screw joints due to the friction between timber members occurred only

in tension screw joints.

a) [ ] b) []

SN
s N2N

Figure 3.1  Type of test specimens and compression test set-up. a) a cross screw joint and b)
a tension screw joint.

Cross screw joints: 7,5 x 112 screws 2+2, timber C24 Tension screw joints: 7,5 x 112 screws 2+2, timber C24
25 30

20 | - : o e . B 25

-
(5,

Load [kN]

/
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Figure 3.2 Slip-load behaviour of two test series. Slip has been measured as movement of
loading cylinder, which has caused the initial displacement of the curves with
load values < 2 kN.

The summary of the test results are shown in Tables 3.1 — 3.4 together with the calculated
comparison values. The comparison values have been calculated according to the design method
presented in chapter 4 with the characteristic withdrawal strengths and the mean withdrawal slip
modulus determined in the withdrawal tests. The used symbols are as follows:

Fiax  1s the mean value of failure loads reduced with the density = Finean(Pi/Pres) s
var  is the coefficient of variation of the failure load (= standard deviation/Fiean),
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Table 3.1 Test results of cross screw joints with solid timber.

is the characteristic capacity determined by testing,

is the characteristic capacity calculated as presented in chapter 4,

1s the mean value of slip modulus determined by testing and
is the slip modulus of joint calculated according to chapter 4.

Screws Floas var Flgest Frres! Fy K est Jos rest/ K Note!

dx i 1 kN %% kN kN/mm

6x100 242 10,51 5,4 % 7,88 1,09 9,40 1,21

6x 100 2+2 11,11 9.1 % 8,33 1,15 12,91 1,66 fast loading!

6x100 2+2 10,33 7,2 % 7,75 1,07 G.11 1,17 loading cycles, 3 specimens
75xH2 | 242 17,65 5,0% 13,24 1,07 12,83 1,02
7.5x112 | 2+2 16,64 13,6 % 10,97 0,89 13,59 1,08 loading cycles, 3 specimens
7,5%112 | 4+4 | 133,25 5.4 % 2494 1,01 23,34 0,93 4+4 screws
7,5x112 | 444 30,94 10,0 %% 23,21 0,94 23,60 0,94 reduced end distance
7,5x112 | 4+4 32,09 8,8 % 24,07 0,97 23,22 0,92 reduced screw spacings
7.5%x112 | 8+8 58,97 10,2 % 4391 0,89 46,50 0,92 8+8 screws
7,5x112 | 8+8 57,88 3,7 % 43,41 0,88 46,79 0,93 reduced screw spacings
7,5x112 | 242 16,32 81 % 12,24 0,99 11,04 0,88 wet timber, RIH90
7,.5%x112 | 2+2 18,92 9,1 % 14,19 1,15 12,91 1,02 dry timber, RH30

mean: 8,2 % 0,98 0,96
Table 3.2 Test results of cross screw joints with Kerto-LVL.
Screws Fooax var Fest Fries! Fy des gost ks st UK Note!

dx L H kN % kN kN/mmn (S = Kerto-8)
7.5x112 | 242 23,01 54% 17,26 1,04 18,36 1,03 Kerto-Q
7,5x112 | 242 23,00 5,1 % 17,25 1,04 14,59 0,90 Kerto-8
7.5x112 | 2+2 20,37 2,7% 15,28 1,02 14,36 1,01 Edge joint of Kerto-S
7.5%x152 | 2+2 29,65 23% 22,24 1,08 19,74 1,01 S, long screws
7.5%112 | 2+2 24,27 10,1 % 18,15 1,09 13,59 0,84 8, loading cycles, 3 specimens

6x100 2+2 15,07 4,0 % 11,30 1,07 9,71 0,96 S, loading cycles, 3 specimens
7,5x112 | 4+4 46,25 1,6 % 34,69 1,04 39,27 1,10 Kerto-Q, 4+4 screws
7,5x112 | 4+4 47,16 2,1% 35,37 1,06 34,85 1,08 Kerto-§, 4+4 screws
7.5x112 | 4+4 23,23 5,8 % 17,42 1,05 19,03 1,18 S, moisture cycles: R1#90-30

mear: 4,3 % 1,05 1,01

Table 3.3 Test results of tension screw joints with solid timber.

Screws Foas var Fiest Fioest! Py K ent ks ot DK Note!

dx L A kN % kN kN/mm

6x100 2+2 13,72 9.3 % 10,29 0,94 10,55 1,23

6x100 2432 14,7 11,5% 10,48 0,95 7.91 0,93 small gap between members
7,5%x112 | 2+2 22,414 54 % 16,81 1,15 15,73 1,24
7.5x112 | 242 19,98 15,0 % 12,47 0,85 13,09 1,03 wet timber, RH9(0
7.5x112 | 242 18,64 10,6 % 13,72 0,94 10,81 0,85 dry timber, RH30

mean: 10,6 % 0,97 1,01
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Table 3.4 Test results of tension screw joints with Kerto-LVL,

Screws Foa var Flosest Firesd F, Fs et frg rost/ K5 Note!
ax L " kN Yo kN KN/mm (S = Kerto-8)
7,5%112 | 2+2 31,47 4.3 % 23,60 1,10 23,79 1,33 Kerto-Q
7.5x112 § 2+2 | 31,9] 4.5 % 23,93 1,11 17,03 1,05 Kerto-S
7.5%122 | 2+2 30,64 4,9 % 22,98 1,07 20,46 1,26 S, moisture cycles: RH9G-30
mean: 4,6 % 1,09 1,21

The calculated capacities and stiffnesses corresponded very well with the test results. The
analysis model based on the sum of the cosine-components of the axial withdrawal capacities
and stiffness of screws. The friction between timber members has been taken into account in
calculation of the capacity of tension screw joints. No dowel effect has been taken into account
in calculations. The calculated stiffnesses of tension screw joint were exceeded clearly, when the
timber members had been assembled to the contact. However, if there were a gap — purposefully
feft or developed due to the drying shrinkage of timber members — the calculated stiffnesses
were not reached.

4 Proposal for design method of joints with inclined screws

This proposal concerns the use of inclined screws in the single shear joint of Figure 4.1, where
the screw inclination angle is & = 45° both in regard to the force direction and the wood grain
direction. The withdrawal strength and stiffness of the screws shall be determined by the test
procedure described in EN 1382 with an angle of o0 = 45° between the grain direction and screw
axis and using an penetration length of 84. This design method is meant to be used in connection
with the limit state design described in Eurocode 5. The screws should be fully threaded or
partially threaded, where the smooth part diameter is not more then 75 % of the screw nominal
diameter (thread outer diameter). No pre-drilling is done.

Cross screw joint capacity

The cross screw joint is built up of symmetrical screw pairs, in which one screw is under
compression and the other under tension.

The design shear capacity is

Ry=n, (Rc.d + Ry, Jeosa (4.1)
where ny  1s the number of screw pairs in the joint and
o is the screw angle = 45° (see Figure 4.1a).
The screw compression capacity is
Jara®d $,
Rpy=ming f, -, 7ds, (4.2)
08F

ud



Figure 4.1 The inclined screw joint a) cross screw joint b) tension screw joint,

and the screw withdrawal capacity is

. 2
fu,l o nd By + fhead’ X dl?

Ry, =min f,, nd (s, ~d) (4.3)
El,d
where d  is the outer diameter of the thread (screw nominal size),

s1 18 the threaded length of the screw in the member (1) which is towards the

screw head,

sz is the threaded length of the screw in the member (2) which is towards the
screw tip,

Fua 1s the design value of the screw tension capacity,

Jaia 18 the design withdrawal strength in member i,

dy  1s the head diameter of the screw and

Jheadg 18 the design pull through strength of the screw head determined
experimentally according to EN 1383.

The screw withdrawal strength is

0,2

kmoc 8d

~ftz,x‘,d = : ax, 45 k [_j (44)
M ‘S,l'

where kwea 18 the load duration and moisture influence factor from EC 5 for member i,

Y the safety factor of timber material for member i (= 1,3),
Si is the length of the threaded part of the screw in member 1 and



Jaxasx 18 the characteristic withdrawal strength of the screw determined in grain
direction angle of & = 45° and penetration length of s; = 84.

Tension screw joint capacity

A joint consisting of only screws in tension, a contact between the wood members is required.
For this reason these joints should not be used in conditions where wood drying could cause a
gap of over 0,2d. The gap is determined from the wood shrinkage at a distance of the screw

length (Lsino).
The design shear capacity of joints composed of only tension screw is

R, =nR;  (coso+ usina) (4.5)
where n is the number of screws in the joint,

Ryq  is the screw withdrawal capacity, using eq. (4.3),

o is the inclination angle = 45° (see Figure 4.1b) and
Lk is the kinetic friction coefficient between the members.

If both member surfaces are planned and uncoated spruce, the kinetic friction coefficient in the
gram direction may be taken as u = 0,26 in service classes | and 2. If both surfaces are untreated
laminated veneer lumber in flatwise (unplanned and uncoated), the kinetic friction coefficient in

eq. (4.5) may be taken as u = 0,4.
Joint stiffness

The mstantaneous slip of the inclined screw joint is

F
Yo e 4.6
inst nKS ( )
where F s the external force,

nis the number of screws (for cross screw joints n = 2n,} and
Ks  1s the slip moduius for an axially loaded screw, eq.(4.7).

In case of tension joints, a term should be added to equation (4.6), which considers the possible
drymng shrinkage of the members () as a pre-slip: &/tanc.

For axially loaded screws the slip modulus is

K=t (4.7)

where k=K, nds, and ky =K, ,md(s, —d) (4.8 and 4.9)

Bl

The withdrawal stiffness for the threaded part of the screw is

6,3
Ki,.'.'cﬂ' = K,wr (EJ (4 10)

S

1



where Si is the length of the threaded part of the screw in member i and
Keer 1s the mean withdrawal slip modulus per the unit area of the screw determined
in grain direction angle of o = 45° and penetration length of s, = 8d.

Structural detailing

The timber member thickness ¢ has to be at least (does not concern Kerto-Q):

7,
f = max - 4.11
(134, —30)2ki @10
' 400
where ds  is for partially threaded screws the diameter of the unthreaded part and for

fully threaded screws it is the thread inner diameter in millimetres,
pi; s the characteristic density of the wood member in kg/m’.

In the same joint, different types or sizes of screws may not be combined. All the screws are
placed with the same inclination angle e The screws are placed centrally to the external force.
The wood grain angle should be in the direction of the external force.

The screw penetration fength in the member towards the screw tip should be at least 6d. The
screws are screwed deep enough so that the screw head 1s in full contact with the member
surface. The members should be compressed together so that no gaps are present. However, the
screwing moment shall be limited under the characteristic torsion capacity of the screw.

The screw spacing and the end and edge distance minimum values are given in Table 4.1,
notations described in Figure 4.2. The tensioned and compressed screws of the cross screw pair
may be placed, as according to Figure 4.2b, in line (a5 = 0), if the screw pairs penetration point
distance is a5 < 24 and the consecutive screw pairs distance is long enough that the screws
pointing to different directions do not touch each other. The screws from opposite sides may
overlap in the centre member, if (# — s;sin0) is higher than 44,

Table 4.1 Proposal for minimum screw spacings, end and edge distances for inclined screw
Joints based on the spacings and distances used in joint tests. For cross joints the
distances for tensioned and compressed screws (as and ag) are given minimum and
maximum values. L is the screw length and t; is member thickness of the one towards
the screw head.

Cross screw joint Tension screw joint
ay  grain direction 12d - ag 8d
a), cross joints consecutively 2Lcose > 14d - as
a;  perpendicular {o grain direction 4d 4d
a3, joint in tension 12d - a; &
die joint in compression 10d - ay 6d
gq  edge distance 4d 44
as  cross joints staggered 0. 34
ds),  Cross joints conseculively 0..2d
de  cross joints staggered 2d ... 4d
dep CPOSS joints consecutively {
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Figure 4.2 Inclined screw joints: a) staggered cross joint, b) consecutive cross joint, ¢) tension
screw joint under a tension force and d) tension screw joint under a compression
force.



5 Conclusions

The analysis of joint test results showed that the load-carrying capacity and stiffness of the single
shear inclined screw joints may be calculated purely by the model of the axial forces of screws,
when the angle between screw axis and the joint force direction is 45°. However, the effect of
penetration length and timber density to the withdrawal strength and stiffness shall be taken into
account, and the effect of screw head and the friction between timber members may be utilised.
The ultimate slip of the inclined screw joint with the screw angle of 45° is so small (1.2 mm)
that the dowel effect should not be taken into account in the calculation of joint capacity.

The load carrying capacity per a screw was better with the tension screw joint than with the cross
screw joint because the friction force is affecting between timber members only with the tension
screw joints. However, if there were any gap between timber members, ¢.g. due to drying of
timber, the mitial stiffness was clearly better with the cross screw joints.

Utilisation of the withdrawal capacity and stiffness of screws leads to increased load-carrying
capacities and stiffnesses. The extremely high stiffness of the inclined screw joints may be
utilised for example with mechanically jointed beams and columns. Although the withdrawal
failure is brittle, the inclined screw joints have still rather high load-carrying capacity with a long
displacement ability after the ultimate load has been exceeded due to the dowel effect of screws.
This improves the safety of the structural system.
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Joints with Inclined Screws

1. Bejtka, H. J. Blaf3 - Universitidt Karlsruhe (TH), Germany

1 Introduction

Screws, bolts and dowels loaded perpendicular to the fastener axis are dowel-type
fasteners, whose load-carrying capacity in timber-to-timber connections may be determined
based on Johansen'’s yield theory (Johansen, 1949). The ultimate load of joints with dowel-
type fasteners loaded perpendicular to the fastener axis is limited by the embedding
strength of the timber members and the bending capacity of the fasteners.

Exploiting the withdrawal capacity of long screws with continuous threads leads to
increased load-carrying capacities and hence more economic connections. In order to
increase the load-carrying capacity in timber-to-timber connections, the screws are not
placed perpendicular to the interface between the members to be connected but arranged
under an angle between 75° and 40° between the screw axis and the grain direction. The
ultimate load of joints with inclined screws is then limited by the embedding strength of
the timber members, the bending capacity and the withdrawal capacity of the fasteners as
well as the friction between the timber members. Principally the screw 1s loaded in tension
and the contact surface between the members in compression.

This paper compares the test results of connections with inclined screws and with fasteners
loaded perpendicular to their axis. A proposal for design rules for single-shear joints with
inclined screws is presented.

2 Timber-to-timber connections with inclined screws

2.1  Theory and design

The load carrying capacity of joints with dowel-type fasteners can be determined by the
different equations for the three failure modes based on Johansen's yield theory. The load-
carrying capacity for failure mode 1 is limited by the embedding strength of one or two
timber members. For failure modes 2 and 3, the load-carrying capacity is himited by the
embedding strength of the timber members and the bending capacity of the fastener. In
failure mode 2 one plastic hinge and in failure mode 3 two plastic hinges per shear plane
and fastener occur.

In order to determine the load-carrying capacity of timber-to-timber connections with
inclined screws Johansen’s yield theory is extended. For this purpose, the withdrawal
capacity of the screws, the angle between the screw axis and the force direction as well as
the friction between the timber members are additional parameters influencing the load-
carrying capacity. The friction resistance between the timber members is activated as soon
as the jomt is loaded since the contact surface between the timber members is loaded in
compression. A timber-to-timber connection with inclined screws in shown in figure 1.



SIDE VIEW F

CuUT

IF!Z? i F/2 l

Figure 1: Timber-to-timber connection with inclined screws

One of the basic assumptions in Johansen's yield theory is an ideal rigid-plastic material
behaviour of the timber in embedding and of the fastener in bending. The withdrawal
behaviour of screws, however, shows a clear maximum with a subsequent distinct load
decrease. For the extension of Johansen’s yield theory, the load-displacement behaviour of
screws loaded in withdrawal therefore has to be taken into account. Depending on the axial
displacement of the screw when reaching the ultimate load of the connection, the screw
may or may not have reached its withdrawal capacity. The distribution of the shear stress
along the length of the screw consequently has to be taken into account in the model. One
possibility is to use a reduced withdrawal parameter taking into account the shear stress
distribution along the screw length.

Using a reduced withdrawal parameter also allows to take into account the inferaction
between embedding and withdrawal strength of fasteners loaded parallel and perpendicular
to the fastener axis. Since the distribution of the embedding stresses along the length of the
fastener depends on the failure mode, also the modified withdrawal parameter fj 04
depends on the failure mode considered. The derivation of the different modified
withdrawal capacity parameters is shown in paragraph 2.2.

In the following the extended design equation for Johansen’s failure mode 3 is derived (see
figure 2). Basic assumptions are:

o Ideal rigid-plastic material behaviour for the timber under embedding stresses and of
the fastener in bending.

* Averaged modified withdrawal parameters fj;0q;; for different failure modes
considering the withdrawal behaviour depending on the lateral load. (see paragraph 2.2)

i timber member (member 1 or 2)
] Johansen’s failure mode (la,} - la,r- 1b-2a-2bor 3)

¢ The angle or the inclination a is defined as the angle between the screw axis and the
direction perpendicular to the grain.

For the notation see figure 2.

The following equations are based on the equilibrium in the undeformed state. If the
deformed shape of the fastener is taken into account, the ultimate connection load
increases.



Figure 2: Forces and stresses in a timber-to-timber connection with an inclined screw for

Johansen's failure mode 3

The fastener bending moment in the interface between the timber members is:

£ ‘d'xlz fhz‘d‘xz2
Ml :I\/Iy“""—2 and M2=—My+’—2—"
2-cos‘a 2-cos°a
with M| =M, and £, = B-f;;| follows:
4.-M. -cos®
d'fh.l
Forces in the interface between the timber members:
R, =Q, -cosa+N,-sino+u-H,
R, =Q, -cosa+ N, -sina+u-H,
H, =N, -cosa~Q, -sinu
Hy =N, -coso.—Q, -sinc
with:
fH-d'Xl flzldix2
Q) =~ (3a) Qy =——-%
cos oL cos o
f -d-s f d-s
N; - i,mod,l | (30) N2 - 1,mod,2 2
cosa COSQ

Substituting (3a), (3¢) and (2¢) in (2a) yields equation (4a):
Ry =1 noqy d-s; - (u+tano) + £y -d-(1-p-tano) - x,

Stmilarly substituting (3b), (3d) and (2d) in (2b) yields equation {(4b):

Ry =1 oa2 4 sy -(p+tane)+ 1) , -d-(I-p-tana) - x,

ey

(22)
(2b)
(2¢)
(2d)

(3b)

(3d)

(42)

(4b)



Force equilibrium R, = R, results in equation (5):

(urtana) () noqroS) = noa2 < 82)
fi; (I—~p-tana)

:B'XZ_X*I (5)

equating (1) and (5) yields equation (6):
- (tana + l“") ' (fl,mod,z "8y — fi,mod,] ‘ Sl)
! (1-p-tanc)-f, - (1 B)
2B 2-M, -cos” o B (tano +u)° () moat 1 = Fimed '5,)’
1+p f,, -d 2-6,,° - (1+PB) - (1-p-tana)’

In addition to the force equilibrium R; = R,, the compressive forces H; and H; in the
contact surface between the timber members are equal: - (2¢) = (2d) with (3a,b,c,d):

(6)

f -8, —f ‘8
1,mod,i 1 lned,2 “2
=—B-x, +x, (7)
fh,] * taIlOL

equating (7) with (5) yields equation (8):

_ (fl,mod,l i f],mod,2 ’ SZ) . (“ +tan O“) ! (fl,mod.l i f],mod,:l : 82)

tan a ] —p-tano

(8)
Equation (8) has only a solution for f] meq1* $1 = f1med2 " $2, $Ince for £1 meaiS1 # 1 moa2'S2
equation (8) results in -1 = tan’a.

This means that the fastener tensile force in the left side timber member is equal to the
tensile force in the right side timber member and the lower of the two fastener withdrawal
capacities governs.

for £} jned,1'51 = flmed2'82 €quation (6) may be modified to:

%, = 2.[3.\/2-1\/1),-0052@ ©)

1+B fh,l -d

equation (9) in (4a):

R =1 o4 ds-(u+tanc)+(1~p-tana)- [«I%m% -\/Z-My d-fy -cos’ o (10)
.+.

The load-carrying capacity in timber-to-timber connections with inclined screws for
Johansen's extended failure mode 3 is then:

Rvm=Rax,3-(u-cosa+sina>+a-~u-tana>-1/é—'_%-\/2-My-d-fh,l-cosza (11)

with the withdrawal capacity R,y 3 for Johansen's failure mode 3:

. fl,mod,l,fi +d-
R 3 =min

f],mod,2,3 -d-



For timber-to-timber connections with screws arranged perpendicular to the grain
(o — 0°), equation (11) results in equation (12):

/2.
Rymaee = 1Ry + % 2 My dfy =Ry R v (12)

This equation for the load-carrying capacity in timber-to-timber connections with screws
loaded perpendicular to their axis may also be found in the Draft German Timber Design
Code E DIN 1052, Mai 2000 using a friction coefficient u = 0,25,

For the other failure modes the following equations are given:

RVM!E\,} = Rax,lal SIn g+ f]],] 'd ‘Si CCOSOL

RVMla,r = Rax,lar SN+ fll,z 'd'Sz cCOS L

Romip = Ry pp - (- cosa +sina)

£, -d-s ? ’
PR l-(l—p-tanoa)- B+2-B- 1+22 4|22 +p* 2 —p- 1+“S“g"
[+pB 8 8 3 5

Rymza =Ry a ~(H-cosa +sina)

4-3-(2+p)-M, -cos®
2.8-(1 _
e P+ = p

fyr 8 -d
+(I—p-tan()c)-ww—mm—’2 .

Ryman = Ry ap (B -cOSOL+8In )

f, s, d 4 B-(2-B+1)-M, -cos’
+(l-p-tana)—L 2 —.| 2.2 (1+p)+ SCH ) : ~B
1+2- £, -d-s,
The load-carrying capacity in timber-to-timber connections with inclined screws is now:
R yhian
I;VMla,r ; N . S,
L,mod,1,j
R =min{ . VM (13) R, =min ' cosa (14)
R ym2s . £ 432
l,mod,2,] .
Rypian COS XX
L VVE
with j Johansen’s failure mode (failure mode 1a,l; 1a,r; 1b; 2a; 2b or 3)

2.2 Modified withdrawal capacity parameter

Equation (13) may be used to determine the load-carrying capacity of timber-to-timber
connections with inclined screws. Johansen's equations for the different failure modes
were extended by the withdrawal capacity of the screws, the inclination angle of the screw
axis as well as the friction between the timber members.

In order to establish the withdrawal contribution of the screw, the axial displacement A of
the screw relative to the timber is determined, depending on the relative displacement 8
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between the timber members in force direction. Figure 3 shows a timber-to-timber
connection with an inclined screw and a total displacement between the timber members in
force direction of 8 = &; + 8, for Johansen's failure mode 3. It is assumed, that
withdrawal failure only occurs in one timber member and the elongation of the screw is
neglected. As shown in figure 3 point A 1s moving to point A*, if the screw is pulled out of
the timber member 1. Otherwise point B is moving to point B¥.

Figure 3: Displacements in a timber-to-timber connection with an inclined screw

For a relative displacement Ay, = A; + A; parallel to the screw corresponding to the axial
displacement at the ultimate withdrawal load, the ultimate load-carrying capacity of the
timber-to-timber connection with inclined screws is reached. At this point the screw is
pulied out of either the left or the right timber member.

for all failure modes the following applies (see figure 3):

2
, 5.
A; = LI (—i+tanaJ +1|-cosa~1 1=1,2 (15)
coS oL X,
with
o1 = and Oior = 01 + & and Mo =A1 + Ay
follows
+ 8 ?
Ay = TRz [ tot +tano¢] +1 | cosa—1 (16)
Cos oL X| + X,

The relative displacement between the timber members according to ISO 6891 is limited to
Omax = Ot = 15 mm.

The horizontal distance between the plastic hinge in the fastener and the interface between
the timber members for Johansen’s failure mode 3 is (see also equation 9):



2-8 2-My-coszot X,
X = . and X =— 17
1L,VM3 [+p fh,! 4 2,VM3 B (7)

Average values for material properties of self-tapping screws determined in previous tests:

N &

2

M, =500
mimn

and f, =0,050-(1-0,01-d)-p

Substituting (17) in equation (16) and using as an example the material properties
determined in previous tests (p = 400 kg/m3; B =12/ 1 =1)results for & =15 mm in
the relative axial displacement Ay between the screw and the timber depending on the
angle o and the screw diameter d for Johansen's failure mode 3. The displacement A, for
Johansen’s failure mode 3 is shown in figure 4.
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Figure 4: Ao for 8¢ = 15 mm depending on « for Johansen's failure mode 3

The total displacement Ay for the remaining failure modes is determined by using the
following expressions in equation (16):

2 2
1 ] 1 i

B-sy—s; . x
X2 yMlb 2—2_3 +F

s ‘ . 4-[3-(2+B)-My-coszot
X1,vM2a “2.021p) \/2 B-(I+P)+ fods) +2

2-x, -5,
X2,VM2a ‘””‘—‘—B




S 4.B-(2-B+1)-M, -cos® o
L 2B () + ; -p
1+2-p fo1-desy

X wMap &

X3 vM2b =5“.""§'[B'Sz +X1]

With increasing inclination o the axial displacement A in a timber-to-timber connection
increases for a fixed value of the connection displacement 8, = 15 mm. Due to the fact
that the withdrawal capacity for screws in a withdrawal test is reached at a displacement of
about 1,8 mm (see figure 5), the withdrawal capacity of screws with a diameter up to 8 mm
1s reached before a connection displacement 8 of 15 mm is attained.

Typical withdrawal parameter-displacement curves for screws with a diameter d = 7,5 mm
depending on different simultaneous embedding deformations are shown in figure 5. In the
tests, the screw was loaded perpendicular to the axis until a prescribed embedding
displacement was reached and subsequently pulled out of the timber while maintaining the
embedding load. The withdrawal capacity for this diameter was reached at a maximum
displacement of about 1,8 mm independent of the lateral displacement.
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Figure 5: Typical withdrawal curves for screws with a diameter d = 7,5 mm for different
lateral embedding displacements

Based on figure 5 the following observations are made:

e The withdrawal capacity is not reduced, as long as no plastic embedding deformation
has taken place. This means that the full withdrawal capacity is available in those parts
of the screw where the embedding strength is not reached (e.g. outside x; and X, in
figure 3).

¢ The withdrawal capacity per unit length increases from the interface between the
members towards the plastic hinge. The corresponding distribution of the withdrawal



capacity for an axial displacement of 1,8 mm is shown in figure 6, based on the values
in figure 5.
20 W—

18 1

7,5 mm {N/mm?}

withdrawal capacity parameter
ford

lateral displacement in the cut corresponding to § [mm)

Figure 6: Withdrawal capacity parameter depending on lateral displacement for d = 7,5mm

Based on figure 6, the distribution of the local withdrawal capacity over the total member
thickness is shown as a dashed line in figure 7. The solid line represents the modified
withdrawal capacity parameter fj o413 Or fimea23 for Johansen’'s failure mode 3 as the
mean value of the withdrawal capacity over the respective timber member thickness.

Similar withdrawal capacity parameter curves depending on the embedding deformation
(see figure 6) and the resulting modified withdrawal capacity parameters (see figure 7) may
be derived for the other failure modes based on the procedure described.
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Figure 7. Modified withdrawal capacity parameter fjed13 OF fimoea23 for Johansen's
failure mode 3 for a screw diameter d = 7,5 mm in timber member 1 and 2

2.3 Comparison of model prediction and experimental data

Tests were made with specimens containing in each interface between the side and middle
timber member either one self-tapping screw with continuous thread for series 1 or four
self-tapping screws for series 2, see figure 1. The screw diameter was 7,5 mm and the
screw length was 130 mm for series 1 and 180 mm for series 2.

The members were made of glued laminated timber beams with 12 % moisture content, All
members within a specimen had similar density. The average density for joint members
was 400 kg/m’ for series 1 and 442 kg/m® for series 2.

Altogether nine sub-series (five sub-series for series 1 and four sub-series for series 2),
respectively, were carried out whereby the angle o (0° until 50°) as well as the timber
thickness and the penetration depth of the screw was varied.
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The values of the load-carrying capacity per fastener and per shear plane reached in the
tests is shown in figure 8. In this figure also the calculated load-carrying capacities per
fastener and per shear plane based on the extended Johansen theory are shown. Parameters
used for the calculated load-carrying capacities were determined in previous tests.
Modified withdrawal capacity parameters fimodij and fimes2j were determined as
described in paragraph 2.2. In figure 9 the resulting modified withdrawal capacity
parameters are shown for all failure modes and all angles a. A uniform value of the
embedding strength was used, irrespective of the angle o.

For the timber-to-timber connections with an angle o of about 30°, the load-carrying
capacity reached a maximum. This maximum was about 50 % higher than the value for
screws arranged and loaded perpendicular to the fastener axis. Due to the decreasing
penetration depth of the screws in the middle timber member with increasing angle for
series 2, the load-carrying capacity for the timber-to-timber connections with an angle
higher than 30° became smaller. The same observation was made in series 1 for an angle of
45° and a minimum penetration depth of about 32 mm. Here, the load-carrying capacity is
higher for an inclination of 30° or 50°, where the penetration depth is larger.

An opened specimen with an inclination of 15° between the screw axis and the level
direction is shown in figure 10. As expected, the connection failure was caused by reaching
the withdrawal and bending capacity of the screw and the timber embedding strength
(extended Failure Mode 3).
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Figure 8 Comparison between test results and calculated load-carrying capacities
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SERIES 1

fallure mode 1a,1 { failure mode 1a,r | failure mode 1b | failure mode 2a | failure mode 2b | failure mode 3

o | fimostta fimosztar] fumodtiar fimosziar] fimostio frmoszin frmootza Frmco2za ] frmeatze Fimos2zn | frmeeta Frmesza
[Nimm®] (Nmm®3 | [N/mm®] [Nfmm T | [Nmm ™) (NP3 | [Nfmm®] [Nfmm®] | (Nfman ™) [Nfmm®} | [Nfm ) [NFmm

0 13.6 18,3 19,3 13,6 16,1 15,7 15,1 16,3 18,7 16,6 18.6 17,7
15[ 14,6 19,3 19,3 14,6 17.4 17.9 17,3 18,0 19,0 17,6 18,9 18,2
30| 155 19,3 19,3 15,5 18,2 18,3 18,1 18,9 19,0 18,1 18,9 18,9
45| 16,5 19,3 19,3 18,6 18,4 18,7 18,3 18,8 19,1 18,4 18,1 18,9
50| 17.4 19,3 19,3 17,4 18,6 18,8 18,4 19,1 18,0 18,4 19,0 19,0

SERIES 2
failure mode 1a,l | failure mode 1a,r [ failure mode 1b | failure mode 2a failure mode 2b | failure mode 3
& | fimos1ta fimoozaar | fimontiar frmoszter | Frmeaie frmeszis | fimodsze fimoszoa i Fmesize frmodzao | frmesta frmoszs
Nfmm? [Nfmm®) | [(Nfmm?) [(Nfmm?) | [Nmm®] [Nfmm ] | NP [Nfmm?] | [INfmmT] [NimmE | [Nfmm ] [Nfmm '

0] 138 19,3 19,3 13,6 13,8 13,7 16,5 18,3 17,4 14,5 18,6 18,6
16f 146 19,3 18,3 14,8 17,7 17,6 174 18,8 18,7 17,3 18,8 18,9
301 155 19,3 19,3 15,5 18,3 18,3 180 19.C 19,0 18,0 19,0 19,0
45| 18,5 19,3 19,3 16,5 18,4 18,7 18,3 18,9 19,1 18,4 19,1 19,0

Figure 10: Opened specimen with self-tapping screw - Series 2 - o = 15°

3 Conclusions

Inchined self-tapping screws provide opportunities for rationalisation and cost reduction in
timber connections, particularly during design and instaliation. With the proposed equation
(13), it is possible to determine the load-carrying capacity for all timber-to-timber
connections with inclined screws taking into account the withdrawal and bending capacity
of the screws, the timber embedding strength and the friction stress between the timber
members. The withdrawal behaviour of the screws is taken into account in Johansen's
extended yield theory using a modified withdrawal capacity parameter.

Evaluating the modified withdrawal parameters for all screw diameters leads to the
consequence, that screws with large diameters (d > 8 mm) do not reach their withdrawal
capacity in a timber-to-timber connection for angles o close to 0° before a connection
displacement of 8y, = 15 mm. Consequently, the modified withdrawal capacity parameters
for d > 8 mm and o < 15° are much lower than the withdrawal capacity parameters
determined in a withdrawal test. For these timber-to-timber connections the withdrawal
action does not significantly increase the load-carrying capacity. However, for inclinations
o, > 30° the ultimate withdrawal capacity in a timber-to-timber connection is reached for all
screw diameters.
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For a general use of Johansen's extended yield theory it is necessary to determine both, the
modified withdrawal capacity parameters and the embedding strength depending on the
angle between the screw axis and the grain direction for the different screw diameters.

To sumplify the proposed design, the modified withdrawal capacity parameter fj meq,i; for
ttmber member 1 and failure mode j may be determined as the minimum value
fimodij = 0,7-f1; (see figure 9) with the ultimate withdrawal capacity parameter fj ; from an
axlal withdrawal test for timber member i.
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1. Introduction

Joints in timber structures often fail in one of the two brittle modes shown in figure 1.

Fig. 1: plug shear failure splitting failure



In order to avoid these brittle failure modes, most timber design codes contain rules based
on the experience of craftsmen and results of connection tests in laboratories. These rules
mostly consist of prescribed minimum dimensions, such as fastener end and edge dis-
tances, fastener spacing, or timber thickness. Regarding these minimum dimensions, no
distinction is made between different timber softwood species in many codes. Recent re-
search results e. g. by Jorissen (1998) showed brittle failure modes also in cases where the
minimum dimensions were respected. In order to study the influence of the timber species
on the splitting tendency, a research project was carried out at Karlsruhe University.

As for economical reasons it is not possible to test all types of fastener using different spe-
cies and different joint geometry, a mechanical model based on fracture mechanics was
developed. In this paper the model for splitting, that was frequently observed in the tests
performed both, by Bla and Schmid (2002) and Masuda (1998), is presented. In terms of
fracture mechanics it is a mode I crack extension.

2. Mechanical Model

Stable crack growth in the close neighbourhood of the dowels is often observed (fig. 2),
before one of the failure modes shown in figure 1 eventually takes place, leading to an al-
most complete loss of the joint’s strength,.

s

Fig. 2: crack close to the dowel

The joint area including the stable crack propagation is modelled as a beam on elastic
foundation (fig. 3). This model seems to be quite crude, the alternative could be a two- or
three-dimensional finite element model. But if the large variation of local timber properties
is taken into account, as well as the non-linear stress-strain relation in the area close to the
fastener and the orthotropic behaviour, it is reasonable to choose this simple model. Joris-
sen (1998) first used a similar joint area model. Contrary to the model presented here,
Jorissen included no crack extension, he instead compared the tensile stresses perpendicu-
lar to the grain at the dowel surface with the tensile strength of the material.

Similar to the approach used by Jorissen (1998) the beam is loaded by a transverse force
V=F/7 (1)

and a moment



M=F/2-h/2=F/2-a, /2 (2)

depending on the embedding behaviour and the dowel load F parallel to the grain.
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Fig. 3: modelling the cracked joint as a beam on elastic foundation

Assuming a stress distribution perpendicular to the grain o,(x,z) as shown in figure 3 (Ti-
moshenko and Goodier (1970)), the modulus of foundation K, acting on the neutral axis of
the idealised beam, is calculated:

c,(x,0) (3-(=h/2+z) 2.(-h/2+2z)°
c,(x,z) =+ - - -0,(x,0 3}
(7)== ( o . L (x,0) 3)
zuh /2 a=h/2
w(h/2) = J.&)o(z)dzm J Mdzﬂw 4)
z=0 =0 E90 32 an
yielding
:cz(x,O)-t_glEgo-t ).

w(h/2) 13 h

As the ratio between the depth h of the beam and the length is small, shear deformation is

taken into account. Equation (6) follows from equilibrium conditions:

d*w, x-K d’w, N K-w,(x)
dx* G-A dx? E-I

A displacement shape function satisfying equation (6) is

w,(x)=e""-(C,-cos(B-x)+C, -sin(B-xN+e™ - (C, -cos(B-x)+C, -sin(B-x)) (7

={) (6)

with



o= xz_,._K'_IS_,B: Kz_ﬂ,x‘:_Km ().
VT2 A 4.G-A 4ET

Fig. 4 shows the distribution of stresses perpendicular to the grain according to a FE-
calculation. The following properties were assumed:

E,, =420 N/mm? E,, =11990N/mm? G, =743 N/mm? v, =0,027
coefficient of friction 4 =0,339 d =16 mm a, =7-d a,,=3-d
deptht=d

The Poisson coefficient vy and the coefficient of friction | are not included in the model
according to Figure 3.

s1 VALUE
-2.46E+00

+2.22E-16
+7.50E-01
+1.50E-+00
+2.39E+00

Fig. 4: Stresses perpendicular to the grain according to FE-calculation,
coefficient of friction u = 0,339

Fig. 5 shows the stress distribution perpendicular to the grain along the symmetry axis ac-
cording to both models. Close to the dowel there is a significant difference between the
results. Elsewhere the stresses coincide well, As for the FE-calculation lincar-elastic be-
haviour was assumed, which is not true close to the dowel, and the Poisson coefficient v|»
is not very well known either, the precision of the FE-calculation has to be considered with
care.

Using the model according to fig. 3 crack propagation Aa is modelled by a prolongation of
the non embedded part and an equivalent shortening of the embedded beam parts. Conse-
quently the system becomes weaker resulting in deflections and rotations of the points of
actions of M; and V.



o2{x,0) [N/mm?]

X [mm]

—0=s2(x,0) [N/mm?] beam on elastic foundation
" @==s2(x,0) (N/mm?) FE-model

Fig. 5: stresses perpendicular to the grain according to the model and the FE-calculation

The elastic potential is reduced with increasing crack length and the energy release rate is
calculated as:

A Il LIV . . ,
ATL ATy AT, Vi Aw(x)/2+M, 800:)/2 o
i=l

G, =- =
t-Aa t-Aa {-Aa

The factor 2 in equation (9) results from the symmetry of the joint area, since two beams on
elastic foundations form the end of the timber member. For more than one row of fasteners,
the model according to figure 3 is only applicable for the outer parts close the member
edges, the timber parts between dowel rows are loaded from both sides and basically
remain straight. Consequently the energy release rate of mode I for a connection with more
than one row 1s only the half of the value according to equation (9) if crack extension at
only one of the outer rows occurs. For this type of joint more often group tear out or shear
failure as a mixed mode crack extension (mode I and II) is observed (Quenneville (1998),
Mohammad and Quenneville (1999)). A model for calculating the energy release rate Gy
for this shear failure mode is presented in Blafl and Schmid (2002), but due to a lack of
knowledge regarding critical values in mode II and especially for the mixed mode crack

extension according to modes I and II a comparison between model and tests remains
difficult.

Vi, M; ! a a+Aa

Wixi), w'(xi)

Fig. 6: calculating the energy release rate from the change of the potential Al



The model shown in figure 3 may easily be extended to a multiple fastener connection.
Finally the energy release rate as a criterion for crack propagation can be calculated for
different geometry, numbers of fasteners and mechanical properties.

Fig. 7 shows the energy release rates of a model with three dowels and crack extension
starting alternatively at the first, the second and the third fastener from the end grain, re-

spectively.
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Fig. 7: Energy release rates

Using a critical energy release rate of G, = 0,214 Nmm/mm? the corresponding load F, per
fastener per shear plane and a crack extension starting from the first fastener depending on
the crack length is calculated for a timber thickness of 1 mm (fig. 8).

550 -

F, [Nmm/mm?]

525 + - ==crack extension Startlng AR Rk G
at the 1. dowel i
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Abs(crack length) [mm]

Fig. 8: critical load F.
The diameter used for the results presented in fig. 7 and 8 was d = 24 mm. Obviously sta-
ble crack growth occurs until a crack length of a = 3.d is reached. This was also observed in

tests.



3. Results

With models, as e.g. shown for a joint with one fastener in figure 3, calculations of the en-
ergy release rate were performed assuming a crack extension starting from the first fas-
tener. An equal load distribution between the fasteners for multiple fastener joints was as-
sumed. For solving the system of equations resulting from the boundary conditions of the
model the program mathematica was used. As the boundary conditions lead to quite diffi-
cult expressions due to the used shape function (7), the program was only able to solve the
system of equations for given values of the studied variables. Contrary to a FE-calculation
these solutions are analytical and not numerical.

The influence of the geometry on the energy release rate G; for a crack extension from
x;=-duntil x; =-1,5 - d (Aa = d /2) was then studied by fitting a non-linear regression to
the numerous results (equation (10}):

~0.710 ~0.302 0,074
Gi:1,275-10"6.n""”.d"'“g.p‘“*-"’“-(%ij (ﬁ?} [%‘L) [N/mm] (10).

For equation {10} only models with more than one fastener in a row were used (n = 2).

In the studied models mode 1b according to Johansen was assumed. Equation (10) may
conservatively also applied for timber members, where the fastener remains straight and is
inclined. For timber members, where a plastic hinge occurs in the fastener, equation (10)
can easily be extended:

a -0,710 a ~0,302 a ~0,074 2
G[=1,275-10'6-n‘)‘”.d“'*””-pz""’(g*] [—ju) (“j*] f—z [N/mm] (1),

where

y :FJ /(fh 'd):FJohanscn /(01082(1“—0’01 d)pd) (}2)’

olansen

Fishansen = load-carrying capacity per dowel per shear plane according to Johansen
{ timber thickness,

n number of fasteners in a row,

d fastener diameter,

p  density,

a; distance between fasteners in a row,

a;  fastener end distance,

a4 fastener edge distance.

The criterion for crack extension resulting from (11), (12) is

-0,710 ~0,302 -0,074
F? 1,275-107% . 015 q963% 4 12 4 B4
Johansen ? d d d
G, <G, = [N/mm] (13)

(0,082-(1-0,01-dy-d)* - t2

with the critical energy release rate G, as a property of resistance.



If equation (13) is not fulfilled the resistance per fastener per shear plane has to be limited
according to equation (14):

G, -(0,082-(1-0,01-d)-d)* -t

FJoﬁrcd_l = 0,710 —0,302 20,074 [N]
12751076 . n®155 . g0 (31_ 1ay | 84 (14)
d d d

with n=2.

A similar equation was fitted taking also into account models with one fastener (n = 1), the
distance a; between the fasteners is then obviously not included:

- . —_— - . 2. 2
_ G, -(0,082-(1-0,01-d)-d)* -t JIN]

70,250 0,210
0,331.]0%.n0.248_d0.634|[_a_3_J (9_4_} (15)
d d

Jo_red _2

with n=21.

Equations (14) and (15) are compared to the empirically found result of Jorissen (1998)
which was transformed resulting in the load per fastener per shear plane assuming equal
load distribution within the fasteners in a row :

0,30
Fj'orisscxhl =0,37- n~t (%L) ) (?\‘)0‘20 ) Flohanscn (16}
with
[t /d t, . thickness of the middle member
A =min . ) (17)
2-t./d t,: thicknessof the side member

and Fyonansen the load carrying capacity per fastener and shear plane according to Johansen,

As the equation according to Jorissen is based on tests including joints with one fastener,
the effect of numbers of fastener n in a row is taken into account using equation (15) and
(16). The resulting exponent of n according to equation (15) is:

-0,2481/2 -0,124 (18)

n =n

which is in good agreement to Jorissen’s exponent of -0, 1.

Using the variables of equation (19) and assuming equal load distribution within the fas-
teners the diagram in fig. 9 shows the effect of the number of fasteners n per row. The
shape of the curves according to (14), (15) and (16) is quite similar. The difference in the
values might be caused by the assumption of equal load distribution within the row, an
effect which is included in Jorissen’s empirically based equation. Furthermore the variation
of the embedding strength is included in (16) but not in (14) and (15) using equation (12).
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Fig. 9: effect of the number of fasteners per row

Fig. 10 and fig. 11 show the influence of the diameter on the load carrying capacity which
is not included in Jorissen’s investigations as only 20 from 958 tests had a diameter differ-
ent from 12 mm.

Values used for fig. 10

f .d’ d f,
p=450kg/m3 f =240 N/mm? M, =-L t, == |
' ’ 6 6 fl:
t,=3-¢, n=3 a, =7-d a,=7-d (20)
f -t
a, =34 G,=0214Nmm/mm? B=—tl=] x:%

Values used for fig. 11:
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Iiig. 10: effect of diameter with a constant slenderness leading to failure mode 1b,

properties according to (20)
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Fig. 11: effect of diameter with a constant slenderness leading to failure mode 3,

properties according to (21)
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According to fig. 11 splitting would hardly occur if Johansen’s failure mode 3 is governing.

Fig. 12 to 14 show the effect of the joint geometry according to equations (14) and (15).
The properties were those of (20) except for the variables, The diameter was d = 16 mm.

10000 n=1
Z. 9500
C\i} ; .
T 9000 Ry
q) p— e - :
N | N=3...---"" |
£ 8500 I [
f A s - e nt— :
5 6 7 8 @
dat /d
Fig. 12: effect of end distance as,
9500:
Z. 9000
8]
= 8500
(o)
)
L 8000
7500
5 6 7 8 Q
ai/d
Fig. 13: effect of spacing a,

The most favourable influence has therefore an increase of the fastener spacing a;.

Increasing the edge distance increases the load carrying capacity of a single fastener joint
(fig. 14). Figures 12 to 14 are based on the fitted equations based on numerous calculations
of the energy release rate. If figures 12 to 14 would directly be based on the calculation of
energy release rates for the configurations considered, the influence of the parameters
would be even more pronounced.
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Fig. 14: effect of edge distance as

4, Conclusions

The influence of geometry and material properties on the splitting tendency in the connec-
tion area of timber members was studied using a fracture mechanics approach. Based on
the results of this approach, the model developed by Jorissen (1998) was modified. The
predictions of the load-carrying capacity of multiple fastener joints show a good agreement
with the test results of Jorissen. The effect of joint geometry was also studied using the
model. The major influencing parameter on the splitting tendency of timber in the connec-
tion area 18 the fastener spacing a; parallel to the grain, while as, and a4, are of minor in-
fluence for joints with more than one fastener. For similar geometry and the same fastener
slenderness the absolute diameter has a significant influence as well. Joints, where failure
mode 3 according to Johansen’s yield theory governs the design should hardly fail by tim-
ber splitting.

Further research is necessary for the group tear failure or plug shear failure. These failure
modes are a combination of mode 1 and II crack extension. If mode I dominates, however,
the results should be similar those presented here.
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Effect of row spacing on the capacity of bolted

timber connections loaded perpendicular-to-grain

M.Kasim and P.Quemneville
Royal Military College of Canada

1 Introduction

When a wood member is loaded perpendicular to the direction of grain by a Dboited
connection, failure of the joint may resuit either by yielding of the belts, crushing of the wood
under the bolts or by splitting of the wood member. The first two failures are considered
ductile, while splitting or fracture of the wood is brittle and may lead to catastrophic collapse.
Most researchers agree that the bolt or line of bolts furthest from the loaded edge initially
carries the biggest share of the load, and, therefore, splitting or fracture is more likely to occur
at this level. The aim of any connection design is to ensure that brittle failure does not happen
prior to yielding of the bolts or the wood, making it necessary to predict the splitting strength
of the wood when the joints are subjected to a force perpendicular to grain.

The Canadian design standard for wood structures (CSA 086) [2] lays down mininum
requirements for the bolt spacing, edge distance and end distance that define the layout of bolt
groups. Tests conducted by many researchers showed that these minimum requirements do not
guarantee ductile failure especially in multiple-bolt connections. In bolted connections, the
manner in which the load is transferred from the bolts into the wood members affects to a
great extent the capacity of the joints. Overlapping of the load paths of adjacent rows of bolts
in a joint, for instance, can reduce the effectiveness of the bolts in the group, so that the joint
capacity is less than the sum of the capacities of the individual rows.

1.1 Cluster Principle

A load transferred to 2 wood member perpendicular to grain by a boilt causes compression in
the local area under the bolt. The ability of the member to spread the concentrated load and
the manner in which the load is spread over the remaining depth can have a significant effect
on the capacity of joints. Overlapping of the load path from the bolts in a row with those in
adjacent rows within the same joint is not considered in design standards. However, the

concept of fastener cluster has been used by many researchers, especially in Europe. Foschi



[4] used the concept of cluster to predict the uitimate capacity of riveted joints. Later, other
researchers used and applied the same concept to different types of fasteners. Goerlacher [5]
used the concept of cluster in his design proposal for the new EUROCODE 5. He
recommended that several groups of fasteners can be considered as one cluster with one load
carrying capacity if the distance between the groups is less than 0.5h (h being the depth of the
member). On the other hand, they can be considered separate groups if the distance between
the groups is more than 2h. The assumed angle of distribution with the grain direction is
therefore less than 45° (depending on the unloaded edge distance). A reduction factor is
proposed if the distance is between 0.5h and 2h. The 2h limit differs from that used by
Ehlbeck, Goerlacher and Werner [3] where only h was assumed. The latter, however, gives a
more consistent load distribution with the approach used for interior connections.

Quenneville and Mohamimad {6] used the cluster concept to arrive at the splitting capacity of
bolted connections. For interior connections, they assumed that a group of bolts in a
connection can be assumed as one cluster if the distance between the rows of bolts does not
exceed the depth of the member less the unloaded edge distance (h-e,), (Figure 1). The
assumed angle of distribution is therefore 63°. On the other hand, if the distance between the
rows of bolts exceeds the depth of the member less the unloaded edge distance (h-ep), the
resistance of each row is determined and the connection resistance would constitute the sum

of the resistance of each of the rows.

one cluster of 2 rows
[ ] L ]

S S S %

one cluster of 2 rows

two clusters of | row two clasters of 1 row

S S S A4S

A 4
oy ° 1
\1, J\\'

Figure 1 Load distribution in interior joints,




Van der Put and Leijten [8] explained the test results conducted by Ballerini [1] through the
use of the spreading of load concept. The tests were confined to a single row with one or two
bolts only and therefore do not provide sufficient information on the cluster behavior. They
explained the spreading by the equilibrium method of constructing a stress field in the
specimen that satisfy the equilibrium and boundary conditions without exceeding the failure
criteria. This resulted in a spreading slope of 1 vertical to 1.5 horizontal under each bolt (angie
of distsibution of 33° with the grain). In other words, the spreading length along the loaded

edge of the beam is three times the depth below the bolt (3a).

1.2 Summary

Several researchers have attempted to provide procedures and make recommendations for the
estimation of either the tensile strength perpendicular to grain of wood members or the
splitting capacity of bolted connections. The approaches, assumptions and theories used for
this purpose vary to a great extent. However, the issue of perpendicular to grain loading that
can result in brittle failure or splitting of the wood remains neither fuily addressed nor well
investigated. There is no uniform approach or guidelines in the standards that designers can
follow for estimating the splitting capacity of joints.

Research to date does not provide clear ideas as to the optimum joint geometry that can utilize
the potential joint capacities while being at the same time sufficiently simple for practical
applications. As noted above, the assumed load distribution or the recommended row spacing
in the literature are not conclusive. It is necessary to experimentally investigate various joint
geometries and locations within the depth of the members to formulate a better idea of the
cluster effect and the angle at which the load is transferred within the remaining depth of the

member. This study is an attempt to address this gap in the knowledge.

2 Experimental program

The main objective of the experimental program was to determine an upper limit for bolt row
spacing beyond which the connection 1s assumed to behave as two independent clusters as
assumed by Quenneville and Mohammad [6], taking into account the effect of the location of
the connection with respect to the total depth of the member.

Various row spacings were used in an effort to determine whether the connection is behaving
as one cluster or two clusters. The minimum row spacing was determined in accordance with

CSA 086 as permitted by linear interpolation for 1/d (member thickness/boit diameter)




between 2 and 6. The maximum row spacing was selected on the basis of the maximum angle
of load distribution as concluded by different researchers. To examine the influence of the
location of the joint within the depth of the member, two different joint locations within the
depth of the beam for each row spacing were considered. Configuration I joints were
fabricated with the minimum loaded edge distance permitted by CSA 086, which is 4d.
Configuration 2 joints were fabricated with a larger loaded edge distance of 8.2d. Nine groups
consisted of four 19 mm diameter bolts arranged in two rows with 2 bolts in each row. Two
groups of one row served as references. The in-row bolt spacing for all the specimens was
selected to reflect the minimum requirements of CSA 086, and set at 3d. Using the same in-
row bolt spacing for the whole program eliminated the impact of in-row bolt spacing on the
results.

2.1 Specimens

All specimens were fabricated using the identical Spruce glulam (80 mm x 304 mm) sections,
thus eliminating the impact of the width and depth of the specimens on the load distribution.
Connections for all the specimens were fabricated using 19 mm (3/4 inch) diameter bolts,
SAE grade 2 which are similar to A307 bolts. The total length of the specimens for each group
was determined to be the summation of the bearing lengths, the distances from the support to
the closest row of bolts {2 x 1.5 times the depth of the member) and the spacing between row
of boits, This resulted in having different {engths for the groups as shown in Table I. Figure 2

illustrates the general arrangement of the specimens.

Table 1 Test group configurations.

Group* €q ep 8, S N Ny Total Length

mm mm mm mm mim

SP-77 77 170 N/A 57 2 1 1100

SP-77-77 77 170 77 57 2 2 1177

SP-77-155 77 170 155 57 2 2 1255

SP-77-225 77 170 225 57 2 2 1325

SP-77-320 77 170 320 57 2 2 1420

SP-157 157 90 N/A 57 2 1 1100




SP-157-77 157 90 77 57 2 2 1177
SP-157-225 157 90 225 57 2 2 1325
SP-157-320 157 90 320 57 2 2 1420
SP-157-418 157 90 418 57 2 2 1518
SP-157-700 157 %0 700 57 2 2 1800

*The group name identifies the species (SP), the loaded edge distance (eq) in mm and then the
row spacing (s, in mm.,
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Figure 2 General specimen dimensions.

2.2 Testing procedures

The testing procedure to evaluate the strength of bolted connection joints for all specimens
was in accordance with ASTM D 1761-88 (Standard Test Methods for Mechanical Fasteners
in Wood/Testing Bolted and Timber Connector Joints) with minor deviations.

Ten replicates of each group were prepared and tested for this experimental program. All
specimens had their moisture content measured and recorded using a moisture meter device
immediately prior or after testing. The average value of three readings was considered as
representative of the actual moisture content of a specimen. The ultimate loads attained during
testing for specimens with moisture contents other than the required 12% were adjusted to an
equivalent 12% moisture content values using the exponential equation derived by Skaar {7].
The load-deformation curve was monitored on the computer and was updated every 2
seconds, which allowed observation of the load values and deformations due to crack
development on the screen. Prior to actual testing, the joint specimen was pre-loaded to

approximately 5 kN.




2.3 Displacement Measurements

Linear Voltage Displacement Transducers (LVDTs) were used fo measure and record the
deformation in the tested specimens. The LVDTs were installed at critical locations such as
the supports, the top and bottom of the specimen and at the connection plates, as shown in
Figure 3. The LVDTs scheme allowed the calculations of the support bearing, the joint
cracking width perpendicular to grain, the joint bearing (bearing of bolts on wood), the total

joint slip and the flexural displacements.
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Figure 3 General LVDT set-up.

2.4 Materials

All specimens were fabricated from 80 mm wide Spruce glued-laminated timber with a depth
of 304 mm. All glulam was manufactured per CAN\VCSA-0122-M89. The two connection
plates were mounted on the beams using fourl9 mm (3/4 inch) diameter bolts, resulting in a
bolt slenderness ratio (I/d) of 4.2. The minimum tensile streagth of the bolts is 510 MPa
which is comparable to the minimum tensile strength of ASTM A307 bolts. The two side

plates were 9.5 mm thick, 300W grade steel (Fy = 300 MPa and F,, = 450 MPa).




3 Results

All specimens developed significant cracks shortly prior to failure or at failure. The cracks in
all but few specimens passed through the boit heles furthest from the loaded edge. The
presence of the connection plates and the sudden failure of the beams made it difficult to
observe the exact locations where the cracks had initiated. Mode 11 fracture failure is unlikely
since the cracks did not propagate all the way to the member ends although the shear force
between the joint and the member ends is constant in all beams. The exception with the crack
in some specimen reaching one end of the member does not make the case for Mode 1l
fracture failure any stronger. Had the fracture mode of failure been due to shear stresses, an
increase in load capacity after the initial splitting would have been unlikely since a shallower
lower portion is always weaker in shear than the whole. Since the test was allowed to continue
long after the joint failure, it is reasonable to assume that the crack was shorter at joint failure.
It can therefore be reasonably argued that the general failure of this group is due to Mode I
fracture caused by tensile forces perpendicular to grain.

There were no signs of noticeable bearing/crushing of the wood at all bolt hole locations or
through the bearing length of the supports. The bolt holes in the steel plates did not show any
sign of bearing failure either. The steel bolts themselves did not bend but remained straight
during testing. A typical relationship between the load, normalized cracking (crack difference
between subsequent readings divided by the maximum crack difference) and time is

illustrated in Figure 4.
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Figure 4 Typical load / cracking curve.




The curves show the nommalized cracking pattern reflecting the effect of the crack widths. In
most specimens, the maximum normalized cracking (spike) coincides with or 1s close to the
ultimate loads. In some specimens, there is more than one significant spike thus reflecting the
behavior of the lower portion of the beam after the joint failure. The value before the first
major drop was taken as the ultimate load of the specimen. The ultimate loads were attained
within 6-10 minutes. This falls within the acceptable range of ASTM (5 to 20 minutes). The
combined effect of joint cracking and joint bearing resulted in a maximum joint slip weil
below the 15 mm established for bearing failure. Data at failure for each group is listed in

Table 2.

Table 2 Group resuits (10 min duration values).
Group Pave cov Psu
kN % kN
SP-77 (one row) 41.1 14.0 27.0
SP-77-77 326 19.7 17.5
SP-77-155 41.5 14.8 26.3
SP-77-225 587 10.9 39.7
SP-77-320 63.2 13.0 42,0
SP-157 (one row) 68.2 8.3 51.8
SP-157-77 66.6 9.5 48.8
SP-157-225 83.8 [1.0 58.8
SP-157-320 83.2 7.1 64.7
SP-157-418 100.4 11.5 69.1
SP-157-700 100.7 9.1 75.6

4 Discussion

The results in Table 2 have been graphed for the two separated loaded edge distances. The

one-row connection serves as a reference for the other groups. Simple linear regressions have

th

been plotted for the average and the 57 percentile values (inclined straigth lines). An




horizontal line has been drawn from the intersection of the regression line and the “2a” limit

(dotted line) for each configuration.

4.1 Connection capacity

It 1s obvious from Figures 5 and 6 that the resistance of a two-row bolted connection loaded
perpendicular-to-grain is not necessarily twice the resistance of a one row boited connection.
Taking the capacity of one-row connections as reference, one can note that the resistance of
two-row connections with a row spacing of 3d (minimum by Canadian design standard) is
lower or statistically not different, There are thus no advantages to use twice the number of
bolts in these cases. As the row spacing is increased, the resistance of the connection
increases. This increase in capacity stops or becomes negligible beyond a certain row spacing.
Another important point about the connection capacities is that at the row spacing of “2a”, the
resistance is not twice the capacity of the one-row connection. Beyond that point, the capacity
is approximately 75% of twice the capacity of a one-row connection. It is not known
experimentally at what row spacing, the resistance of the two row connection equals twice the

resistance of a single row connection. This observation should be taken into account in design

standards.
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4.2  Angle of Load Distribution

It is known that a load fransmitted from a bolt is distributed in a triangular manner within the
depth of the loaded wood member. The spacing between two rows of bolts usually determines
the degree of overlapping between them. If the load paths from the adjacent rows overlap, the
joint is considered to behave as one cluster. Otherwise, it wiil act as two independent clusters.
It is logical to assume that the joint behaves as one cluster when the distance between the two
rows is small and there is a clear overlapping between their triangular load distributions. As
the row spacing increases, the common zone (overiap) between the triangular load distribution
of each row becomes smaller until this zone vanishes. Once the overlap is eliminated, each
row of bolts behaves independently resulting in joint resistance equal to the summation of the
capacity of each cluster (row of bolts). Increasing the row spacing further will not necessarily
result in an increase of the joint resistance. In other words, the load the joint can resist levels
and becomes virtually constant even if the rows are spread further apart.

The overlapping of the stressed areas and the consequent loss of resistance in the common
zone is the primary reason why a one cluster joint has a lower resistance than a two cluster

joint. However, the resistance of a one cluster joint varies with the degree of overlapping. The
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more the overlapping, the less the resistance of the joint and eventually the less efficient the
design. It is thus critical to determine the joint behavior with respect to the number of clusters
in the joint. Once this behavior is identified, the angle of load distribution can be estimated
from the joint geometry. Two approaches were employed to analyze the test results from the
test groups 1 each configuration and to study the cluster phenomena. The use of 5t percentile
ultimate load values and the average ultimate load values.

The use of the averages and the 5" percentile values in Figures 5 and 6 both reinforces the
assumption that the angle of load distribution can be approximated to 45 degrees. One can
clearly note that a change in behavior occurs at or near the 268 mm and 428 mm for the in
Figures 5 and 6 respectively. These values correspond with the “a” of 134 mm for the first
configuration and 214 mm for the second configuration. Thus, one could assume that beyond
a row spacing of “2a”, the resistance of the connection does not increase significantly and the
increase in row spacing to achieve this increase is not practical.

4.3 Design approach

To take into account the effect of the row spacing in the design of two-row connections, a
factor is proposed. The factor for the joints used in this experimental program can be

estimated from the following equation (for 5™ percentile and average values):
Ce=075[1+1.-77)/(Q2a-71H}/2 (1)

This equation is conservative for the larger loaded edge distances. The value of Cr would be

multiplied by the capacity of one row as follows:

Rarow = Rivaw % Crx 0y (2)

5 Conclusions

From testing of spruce glulam specimens by perpendicular to grain loading using two-row
bolted joints with various row spacings arranged in two different configurations with respect
to the loaded edge distance, the following can be concluded:

a. If “a” is taken as the distance between the furthest line of bolts and the bottom
fibers of the member, 2 two-row joint behaves almost as two separate one row
joints if the spacing between the row of bolts is equal to or exceeds “2a”. For
bolt spacings less than “2a”, the joint resistance decreases with the decrease in

bolt spacing.
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b. Regardless of the location of the joint relative to the member depth, the angle
of load distribution from a bolt towards the loaded edge can be estimated at
45°,

c. A cluster factor is proposed. This factor accounts for the increase in joint
resistance when the row spacing is larger than the minimum permitted by
design standards.

d. The cluster factor for the joints used in this experimental program can be
estimated from the following equation (for 5" percentile values):

Ce= 0751+ (L.-7N/(2a-77)]2
These conclusions are for two-row bolted connections and may not be applicable to three or

More row Cases.
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Abstract

At the previous two CIB/W18 meetings in Deift (2000} and Venice (2001) two fracture
mechanical models were proposed for splitting of beams caused by connections. This
paper compares models by Van der Put & Leijten [1] and Larsen & Gustafsson [2} both
based on fracture theory and an empirical German model. A total number of 767 tests
were evaluated. Although the differences between the fracture models are small Model
(1), which is the basis for the design by Eurocode 5, shows the best results.

Introduction

Although the problem of perpendicular to grain splitting of beams by connections, sce
Figure 1, was tried to solve by empirical models, lately models based on fracture
mechanics were developed. Empirical models are only valid within the range of
parameters tested therefore there is more credit in pursuing general physical oriented
models. Empirical medels for the problem concerned tend to have many parameters to
take all possible influences and effects into account as is shown by the German model
evaluated below. The last years two models are published both based on fracture
mechanical principles. The first is by Van der Put & Leijten (CIB/W18& paper 33-7-7&
34-7-1) the other by Larsen & Gustafsson (CIB/W 18 paper 34-7-3).

The models
The models reviewed are;
Model (1) by v.d. Put/Leijten (Eurocodes)

F,o=258ub GG, (1)

1~
h

Model (2) by Larsen /Gustaffson

F, =2.82nb./GG.h, )

Model (3) is a simplified Model (1), see equation (18), CIB/W 18, paper 33-7-7

F, =516 ub./GG, ’; 3)
~h
where:
F is the splitting shear strength of the beam loaded by a connection at mid span in

[N]. For connections at the end of a cantilever the splitting strength is /,/2.
b width in [mm]

J7 behaviour factor, see below
G shear modulus [N/mm®] )
G, fracture energy [N/mm'”]

h beam depth in {mm]



he effective depth, i.e. the distance from the loaded edge to the innermost fastener

fmm].
n efficiency factor, see below.

- s a behaviour factor that depends on the ratio between the connection and splitting
strength and also takes into account the failure mode of the connection in case the
connection starts to yield and hardening follows that leads to splitting. It is
envisaged in [1] that for the latter case a lower boundary would be found. For over-
designed connections (strength ratio >> 1) an upper limit was argued. The limits of
the behaviour factor would be are deduced from the available test data evaluated

below.

- the variable 7, the so-called efficiency factor is taken as a calibration factor in

accordance to [2]. Typical valucs are 0 < p < 1.0

Starting point in the evaluation was VGG, = 14 N/mm'? for both Model (13, (2)&(3)

For the calibration and evaluation of the models the following procedure was followed:

- Model (1)&(3): for each test series, sometimes consisting of one but usually of
more than one test result, the behaviour factor x value was determined based
on the mean splitting strength. Only in cases were the embedment strength of
other similar test Serics did not signal a different failure mode at splitting, the
average w of all Series was determined and used in the evaluation of the model.

- Model (2): for every test series the efficiency factor 57 was determined based
on the mean splitting strength. In the evaluation the overall mean was taken if

more test series were available.

Model (4) is an empirical model used in Germany, which reads:

Fogy = kskr(6.5 + l—ffj—'}(rcfh)”. Fonn (4)

1

where ;

k. =max and ko=
$ 0.7 1'4(11; |

. ,E‘ i
i

T Mihy

& [ R —_——

F, Fag lan
Jr. e |

Figure 1: Example of connection with nails.



The parameters of this model are explained in Figure 1. The main field of application is
dowel type connections and glued in rods. The model contains only one material
parameter, which is the tensile strength perpendicular to grain strength. All other
paramelers relate to the arrangements of the fasteners and the penctration depth, ¢, For
the application of dowels or bolts the effective depth is given as:

px
fp =man

12d

Although the material strength parameter has no physical meaning in the equation
originally it had one. In simplifying the equation at later stages this meaning was lost,
Now it therefore seems no more than a plug in value and implicitly assumes tension
perpendicular to grain as the governing faiture mode. Comparing the splitting capacities
at the end of a cantilevered beam with one at mid span of a simply supported beam leads
to the same result for Model (4) while Model (1) & (3) predict half the capacity. (Later
versions of the German DIN1052 standard have corrected this in that half the splitting
capacity is assumed as long as the connection is within the beam depth of the cantilever
end. However, at the evaluation of the data this correction was unknown and therefore
not taken into account. Even if taken into account it assumes tension perpendicular to
grain as the governing failure mode while Model (1) to (3) assume shear.) Originally
Model (4) was calibrated on the mean values of the available German data sets. The
numbers of tests per arrangement of fasteners in the respective data sets was in most
cases very limited; mostly 2 to 3.

Below a number of data sets are evaluated versus Models (1), (2) and (3). Lincar
regression curves that represent the model fit are added. A summary of the results is
given at the end.

Evaluation
Models versus tests by Mohler & Lautenschldger
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Fig.2: Results of the evaluation, tests reported in C1B-W18/22-7-2

Results of the evaluation of Model (1} & (3)
- series A mean u = 0.86



- serics B mean y = 1.20

- series C mean g =0.84
Justification of different behaviour factor values per Series is the fact that the
embedment stresses at splitting failure of these test with nails show significant different
values, which suggests nail shapes at time of splitting. Actually, for validation of this
approach the load-slip curves are required. However, these curves were not reported.

Model (2)
- overall efficiency factor 7= 1.08

Model versus Tests by Mohler & Siebert
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Figure 3: Results of the evaluation: tests reported in CIB-W18/22-7-2

Results of Models (1), (2) and Model (3) are based on the same assumption as in the
previous evaluation,
- mean of u and 7 are determined as given in the Table below,
- Combinations of test series (V) are arranged according to fastener type (nails
and dowels) and timber dimensions

Series L 7

V5,V10 0.98 1.17
V2 to V4, VB, V23 1.2 1.48
V11 to 14, V2510 28 1.27 1.75
Vi,VB 1o 8, V15 to 18 1.45 1.72

Table i: Review of model factors for test data of Mohler & Siebert



Evaluation with Model (4) leads to the good fit.

Model (4) versus Tests by Ehlbeck & Siebert
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Figure 4: Results of the evaluation: tests reported in CIB-W18/22-7-2

Resuits of the evaluation of Models (1) & (2) and Model (3)
- mean of gand 7 are determined taking all test series together.
mean 4 =087 and 7= 1.07

Models versus test by Ballerini
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Figure.5: Results of the evaluation: tests reported in C1B-W18/32.7-2
Results of the evaluation of Models (1), (2) and Model (3)
- gand 7 are determined for every single test and the overali mean of both
parameters is taken in the evaluation.
Overall mean ¢ = 0.66 and mean n= 0.78



Models versus Tests by Yasumura
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Figure 6: Results of the evaluation: tests rported in C1B-W18/34-7-9

Results of the evaluation of Models (1),(2) & Model (3)
- At first the mean & and 7 were determined per test series. In the evaluation
the overall mean ¢ and » of all test series was taken.
Overall mean ¢ =0.67 and n = 0.87

Models versus UK-tests Punched metal plates
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Figure 7: Results of the evaluation: tests reporied by Reffolds et al [4]
For calibration purposes of Models (1),(2) & Model (3)
- The overall mean & and 7 of all test series was taken.
Mean ¢ =144 and »n= 1.97



Models versus Tests by Reshke
Every data point is mean of 10 tests
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Figure 8: Results of the evaluation: tests reported by Reshke {4]

For calibration purposes of Model (1) to (3):

Tests by Reshke [4] were performed on 15 Series of 10 tests each. They comprise
connections with 1, 2, 4, and 6 bolts in a number of arrangements, in {otal 148 tests.

The data could be divided into two groups; one with connections with 4 to 6 bolts and
the other with 1 and 2 bolts because no significant difference was found between the
mean behaviour factor of the Series within the two groups. The group means behaviour
factors are = 0.72 and 0.99, respectively, with an overall mean of 0.86.

In contrast the efficiency factor for the Series with 1, 2, 4 and 6 bolts all had significant
different values, 0.86, 1.23, 1.57 and 1.68 respectively with & overall mean of 7= 1.34

For calibration purposes of Model (4):

As this data set has ten fests for every tested arrangement of bolts it allows to make
some lower 5% capacity estimate with some more reliability than the other data sets.
Therefore, it was assumed that the 5% value = the mean - 2 times the cov (10 tests per
Series. The enly parameter in Model (4) able to vary and to fit the data is the tensile
strength perpendicular to grain. In the graphs below Model (4) predictions of the lower
5% and the mean are presented. The graphs below are made taking 0.9 MPa for the
mean tensile strength to fit the mean data and 0.4 MPa to check the {it for the lower 5%
data. The latter strength value was taken from the European strength class table
(EN308).

The ability of Model (1) to fit the lower 5% data is demonstrated together with Model
(4). For this pwpose, a behaviour factor of 0.39 is taken which transforms Model (1)
into the Furocde S design equation.



Two other Canadian data sets (RMC and NSERC) were evaluated in the same way as

the one by Reshke [4], together they comprise a total of 186 tests in Series with ten
replicates.

German model versus Tests by Reshke
Every data point is mean of 10 test results
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Figure 9: Results of the evaluation: tests reported by Queenville.

Below RMC tests and model prediction of Models (1) to (3) are given based on fit to the
mean. (mainly cantilevered beam tests)



Models versus RMC test resuits
Every data point is mean of 10 tests
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Figure 10: Results of the evaluation Model (1} tp (3): tests reported by Queenville.

As for the tests by Reshke the RMC tests comprise test Series with ten replicates, which
enable to some degree a lower 5% estimation..

Models (1) & (4)are used to fit to lower 5% values and in addition Model (4) to fit the
mean results This test data consist only of connections at the support.
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Models versus RMC test results

every data pointis mean of 10 testresults
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Figure 10: Results of the evaluation: Tests reported by Queenville.
NSERC test with Modeis (1) to {3)

Models versus NSERC tests
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Figure 11: Results of the evaluation: Tests reported by Queenville



NSERC tests: Model (1)&(4) to fit 5% values and Model (4) also for the mean

Model (1) & (4) versus NSERC tests

Every data point is mean of 10 tests
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Figure 12: Results of the evaluation: Tests reported by Queenville

Summary of the test results

In Table 2 and 3 a summary is given of results of the evaluation. Table 2 contains the
mean of the behaviour and efficiency parameters and Table 3 the goodness of fit
parameters of the linear regression.

Table 2: Review of parameters

Tests by Number | Model (1}&(3) | Model {2)
of tests Mean u Mean 7
Validity range 0<n<1.0
Ehlbeck & Iautenschliger 18 0.86 1.08
13 1.2
18 0.84
Ehlbeck & Sichert 2 0.98 1.17
5 1.20 1.48
9 1.27 1.75
8 1.45 1.72
Ehlbeck & Goérlacher 57 0.87 1.07
Ballerini 44 0.66 0.78
Yasumura 30 0.67 0.87
Reffold et. al. 230 0.80 1.34
Reshke 148 0.86 1.34
RMC 96 0.97 0.94
NSERC 90 1.02 0.60




Table 3: Review of r*-values and parameter A of linear regression fit.

Tests by Tot. num., y=AX+B {r)
, of tests A
Model number (1) {2) (3) (1) (2) (3)
Ehlbeck & Iautenschidger 18
13 0.99 | 1.90 | 093 | 097 | 0.86 | 097
18
Ehlbeck & Siebert 2
g 078 | 146 | 0.75 | 072 | 071 | 0.57
7 ‘
Ehlbeck & Gérlacher 57 093 1 1.09 @ 092 | 0.81 0.71 | 0.79
Batlerini 44 096 1431 086 | 0.83 | 0.78 | 0.78
Yasumura 30 090 [ 1331 094 | 0.84 1 0.62 | 0.84
Reffold et. al. 230 1.03 123} 1.24 0.67 0.70 | 0.70
Reshke 148 092 | 121 | 1.09 | 0.77 | .66 | 0.74
RMC 96 072 1 1.52 | 0.9] 0.69 ¢ 0.55 | 0.80
NSERC 90 0.68 1 078 | 0.63 | 0.63 | 0.09 | 0.66
Total / weighted mean 767 090 | 147 | 0.95 | 0.67 | 0.56 | 0.69
Model number (4)
Tensile strength perp. to grain fioom= 0.9 Mpa E fiso= 0.4 Mpa
A B (1% A B (1)
Ehlbeck & Siebert 24 1.02 | 2.6 | 0.81 - - -
Reshke 148 0.53 | 288 | 0.86 | 0.94 {+21.9| 0.83
RMC 96 0.50 | 142 | 0.69 | 1.05 | +5.3 | 0.81
NSERC 90 073 | 052 | .82 | 1.38 | -1.15| 0.72

mean 0.70 10,2 | 0.80 | 1.12 8.7 0.70

Test results versus model prediction: A~ best value = 1.0

Conclusions:
Based on the results given in Table 2 & 3 it can be concluded:

The efficiency parameter » of Model (2) 1s in many cases outside it validity
range (0 < < 1.0Y

Model (2) 1s enable to cope with different type of connections and in many
cases underestimates high strength results and overestimates low strength
results (Table 3, A-values >1)

Differences between Model (1) and (3) are always small

Based on Table 3 it can be concluded:

The +* - values of Model (1}, Model (2} and (3} are about the same.

The regression parameter A of Model (1) &(3) are closest to 1.00 followed
by Model (2).

As Model (4) 1s apparently, is unable to cope with the Canadian data sets
(Reshke, RMC & NSERC) regarding the mean of the test values and grossly
overestimate the capacity. On the lower 5% Model (4) is conservative.

Model (1) transformed to the Lurocode 5 design equation fits the lower 5%
rather well.

Summarising

Evaluation of the models shows that Maodel (1) and (3) are well able to represent the
mean and 5% test values of all data series. The empirical Model (4) fit to the lower 5%
test data is conservative while for the mean it grossiy overestimates the strength capacity
in a number of data sets.
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1 Abstract

Based on the simple numerical model described in [3] ultimate loads of practice-related
joints with multiple fasteners can be estimated easily in the framework of the Linear-
Elastic Fracture Mechanic (LEFM). As failure criteria exclusively those of the Linear-
Elastic Fracture Mechanics are accepted,

First the numerical model will be checked for a sufficient consideration of properties
and parameters of the physical model. For further calculations suitable assumptions and
simplifications are made. The assumption of the critical crack length is the main focus of
these investigations. They will be verified by acknowledged theoretical approaches and
comparisons with experimental results from other scientists.

As a result, ultimate loads of practice-related joints with multiple fasteners can be
specified. Using the numerical model described above, the ultimate load of these joints
basically depended on the configuration of the fasteners. For beams with a smaller girder
depth fracture mechanic concepts can possibly lead to an overestimation of ultimate loads.

2 Introduction

In timber engineering the load-carrying capacity of perpendicular to the grain loaded joints
with mechanical fasteners is determined on the one hand by the load-carrying capacity of
the fasteners itself and on the other hand by the static strains due to the local load
transmission of the fasteners in the structure. The stress condition is stamped by multi-axle
stresses and high gradients. Because of the load transmission stresses perpendicular to the
grain appear in these areas. Depending on the chosen arrangement of the fasteners tensile
stresses may occur. Because of the extremely low tensile strength perpendicular to the
grain the load-carrying capacity of these joints is limited and lies below those of the
fasteners.

Within the framework of the executed examinations the load-carrying capacity of the
fasteners is assumed as sufficient, the faiture of the joint shall be exclusively regarded in
relation to the load transmission.
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Fig. I Principle sketch of a perpendicular to the grain loaded connection

Existing approaches for the estimation of the load-carrying capacity of perpendicular to the
grain loaded connections are based mainly on criteria comparing nominal sizes of tension
with the corresponding strength. Within these examinations it is assumed that in the area of
multipie fasteners cracks caused on fabrication and humidity change already exist.
Possibilities for the assessment of structures with cracks are given by the methods of
fracture mechanics.

3 Fundamentals

Nowadays within the framework of fracture mechanics multiple methods are available.
Using brittle failure mechanisms the validity of concepts of the Linear-Elastic Fracture
Mechanics (LEFM) can be subordinated. In the framework of the LEFM stress intensity
factors (SIF K) replace the nominal stresses. The so-calied fracture toughness substitutes
the strength as the critical material characteristic. Therefore, the following failure criterion
arises:

K <K, (1)

The methods to determine the stress intensity factors are various. Within this
considerations the path independent J-integral by RICE is used. The physical parameters
used for the calculation of these integrals are determined by the Finite-Element method in
acceptance of the theory of elasticity in two-dimensional formulation and orthotropic
materials law. The required elasticity constants are based on the experimental
examinations of NEUHAUS [1]. Thus the two SIF, K; (opening mode) and Kj; (in-plane
shear) can be calculated for a mixed failure criterion (mixed mode). The calculation of the
J-Integrals was placed according to the following sketch.
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Fig. 2 Integration path around the crack tip on the bolthole

The fracture toughness adopted according to the crack system is

for resistance to tensile stress perpendicular to the grain

in the radial-longitudinal-section: K[Cm“ = 11,5 Nmm™"?
in the tangential-longitudinal-section:; Kk = 9,5 Nmm™
for shear generally: Ky = 55 Nmm

using the failure criterion formuiated by Wu [2]:

K, (K )_

le ile

Compared to the examinations on single fasteners [3] for practice-related joints the
negligibility of the influence of in-plane shear mode was found. The simplification of the
fracture criterion by WILLIAMS [4] gives sufficiently exact results:

K,

ic



4 Structural model

The analyzed joint is a structure with circular holes and cracks on the loaded edge. The
applied structural model also allows the consideration of wood moisture and relevant crack
systems (RL, TL). The modeling of the fasteners itself was waived. They were arranged as
exterior ioads in the numerical model. A cosine-distributed load with regard to the base of
the bolthole was a suitable assumption for this problem [3], [5]. The mechanical behavior
of cracks in practice-related joints is investigated insufficiently by now. The same
assumptions as in the analysis of single fasteners were made, 1.e.:

- The crack propagation corresponds with the grain direction.
- The crack tip line starts either in the 90°- or 270°-position of a fuli circle.
~ Crack birth and the crack propagation happen in pairs evenly.

- The SIFs are calculated as functions of the fictitious crack length, because the real
crack length is unknown. The authoritative stresses are on cracks, which have the
largest distance from the loaded edge of the boltholes.

The examination of possible effects of the crack interaction is described in detail in
[3], [5). All agreements made there are valid.

5  Comparisons with experimental results

In contrast to the consideration of single fasteners a formulation of the ultimate load on
basis of stability examinations of the crack growth is not possible for practice-related
joints, particularly for joints with multiple fasteners. By the increasingly growing vertical
distance between the point of load application and the critical crack on the upper fastener,
functions of stress intensity factors without stable crack growth for all fictive crack tip
length results. The calculation of the load-carrying capacity, according to the LEFM is
only possible if the crack length 1s known.

For vaiidation, the numerical investigations have to be compared with test resuits of
other research groups. Tests with practice-related joints were made in Karlsruhe in the 70s
and 80s of the last century. For the comparison with the numerical results test series with
mechanical fasteners [6}, [7], [8] were considered. All experiments shown in these test
series were modeied numerically and examined to detect the critical crack length. These
examinations on multiple fasteners arranged in row pointed out that the relevant stresses
can be found in the crack tip turned away of the exterior fasteners ({3]). In the following
figure this is crack tip five.

Symmetry

Fig. 3 Crack tips on multicolumm arrangement of fasteners



6  Load application

For joints with multiple mechanical fasteners in load direction the distribution of the total
load on the single fasteners is important. Approximately a uniform load distribution was
assumed.

E..
Fi e (4)
n
Normally the load distribution of the single fasteners is not uniform and the quantitative
distribution on the fasteners is unknown. This was examined more closely because only

few examinations exist [9]. To determine the effects of divergent load directions of (4) on
the calculation of the stress intensity factors, the following load application was examined:

1 n
Fgcs :"lz ;n. F: (5)

The investigations done [5] have the following results:

- The assumption of the load distribution has an essentially lower influence on SIF K,
than SIF Ky

- The quality of this influence depend on the relative connection depth o, the distance
from fastener to fastener, as well as from the crack tip length a and the girder depth H.

As expected the load distribution for the upper fasteners (5) leads to the arise of stresses,
because the center of the loads lie nearer to the crack tip. However, the quantity of this
effect depends on further conditions. An important parameter is the girder depth H. With
an increasing depth the difference in the stresses at the crack tip becomes much lower, e.g.,
on timber beams with a girder depth of 40 cm and standard fasteners distance a differences
of approx. 6% in the SIF K| appears. Particularly on much higher gluelam beams with
joints with more than two rows of fasteners the assumption of a non-uniform load
application is redundant. Therefore, a uniform load application in load direction can be a
sufficient assumption.

7  Critical crack lengths

The crack tip length is mostly unknown. The critical crack length can be estimated [10] to:

= e ©)
4 ft,90

This approach uses the characteristic values of timber perpendicular to the grain. The
broad variability of the values and the position of the crack area regarding to the natural
axes of wood is unknown. Therefore they can range between 2 and 22 mm.

However, such an estimation of the critical crack length is too indifferent for the
numerical model. So the crack length was verified on the base of test series examined for
practice-related joints [6], [7], [8]. This can be realized with the calculation of the stress
intensity factors as a function of the crack length with a certain failure criterion (e.g., [2]).



An associated crack length can be calculated by comparison with the experimentally
determined fracture foad. The critical crack tip length a.; was determined to approx. 6 mm
for the tests made in Karlsruhe [6], [7], {8]. For example, the general procedure is shown in
the following figure for the test 2.1 of the series discussed in [8]. Here the critical length
was determined to 2 mm,
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Fig. 4 Stress with corvesponding loads of the Wu-criterion on the critical crack tip

For the estimation of the ultimate fracture loads of practice-related joints a critical crack tip
length of 6 mm is assumed. This is the average value of the critical crack tip length of all
test series made in Karlsruhe,

8 Numerical estimation of fracture loads

The following parameters have been used in the numerical model applied here:

- Girder depth H=30..180cm

~ Connection depth a=02..05

- Number of rows m =1 .. 4 (=number of fasteners per column)
- Number of columns n=1...5=number of fasteners per row

As diameter 16 mm was accepted uniformly. The variation of this parameter has no effects
on the estimation of the fracture load. As distances, the recommendations of EC 5 were
used. Furthermore the influence of the following boundary conditions was examined:

~ Length of the beam (for L >> H)
- Location of the joint regarding to the longitudinal axis
- Additional loads (uniform loads, point loads)

These parameters had only low effects on the calculation of the fracture loads. The
influence of the girder depth is also very low by use of the applied numerical model. The

F [kN]



number and arrangement of the fasteners itself is very important. In the following figure
the fracture loads for different joint configurations are presented.

12

number of
10 fasteners
per row

—— 171

—— =2
—%—n=3
——n=4

F, {kN/cm]

L—_A— n=5

H 2 3 4
m {number of fasteners per column)

Fig. 5 Fracture loads as a function of the number of fasteners per row and column for
a girder depth of H = 130 em and a = 0,35 (based on 1 cm of givder thickness)

F, [kN/cm)]
n=1 n=2 n=3
m =02 a=035 a=05lag=02 a=035 a=05a=02 a=035 a=035
i 2,24 2,32 2,33 3,28 3,41 3,50
2 1,96 2,03 2,05 3,36 3,54 3,67 4,72 5,03 5,33
3 2,61 2,74 2,79 1420 4,50 4,75 5,73 6,21 6,74
4 3,16 3,30 348  |4,87 5,43 5,64 6,35 7,33 7,77
n=4 n=35
=02 a=035 a=05ia=02 a=035 a=05
i 4,28 4,51 4,66 5,27 5,59 5,81
2 6,04 6,50 7,00 7,38 8,02 8,73
3 7,17 7,86 8,68 8,72 9,52 10,71
4 7,78 9,14 9,85 9,16 10,99 11,94

m = number of rows (= numbet of fasteners per column)

n = number of colunins (= number of fasieners per row)

Tab. I Fracture loads for practice-related joints
(H = 130 cm, based on I cm of girder thickness)



9  Summary

The examinations have shown the possibility to determine the ultimate fracture loads for
practice-related joints with mechanical fasteners within the framework of the Linear-
Elastic Fracture Mechanics.

An increasing distance between fasteners and loaded edge was represented in the
structural model as an increase of the load-carrying capacity. As the most important
parameter the arrangement and number of the fasteners itself were determined. Other
parameters are circumstantial. By use of fracture-mechanical failure criteria the
distribution of the load application has more positive effects on the load-carrying capacity
in grain direction than in force direction perpendicular to the grain, Therefore the presented
structural model corresponds with experimental results.

Lxceptions are perpendicular to the grain loaded joints on structural members with
tow girder depth (approx. H < 30 cm). Here the low stiffness results in compressing cracks
with a [ower distance from the loaded edge. The consequence is an overestimation of the
load-carrying capacity. The numerical model also supplies an overestimation of the
fracture loads of perpendicular to the grain loaded joints arranged above the axis of
gravity. For such joint configurations other failure criteria become authoritative.
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Determination of fracture parameter for dowel-type
joints loaded perpendicular to wooden grain
and its application

Motoi YASUMURA
Department of Forest Resources Science, Shizuoka University, Japan

1 Introduction

During the CIB-W18 Meeting in Delft, 2000, a formula to predict the lateral capacity of
dowel-type joints loaded perpendicular to the wooden grain was proposed[1]. This
formula includes what we call the “fracture parameter” consisting of G and Ge. Instead
of applying individual material properties of G and Ge which are difficult to determine
from the material tests, fracture parameters will be obtained by conducting simple
tension test of dowel-type joints consisting of a single or multiple dowel fasteners. This
study proposes the test method to determine the fracture parameter for dowel-type joints
loaded perpendicular to the wooden grain. Tension tests of dowel-type joints were
conducted with different edge and end distances, and the suitable configuration of
specimen and dowel disposition are proposed with the aid of FE analysis. The obtained
fracture parameters were applied to validate the formula for predicting the failure load
of dowel-type joints.

2 Background
A design formula for predicting the lateral capacity of dowel-type joints loaded on the
center of beam is expressed as follows[1][2];

E {GG
20 =6 M

where, Fu is the ultimate load, b is the thickness of beam, k is the height of beam, ke is
the edge distance and & is the ratio of the edge distance to beam height (he/h).

Equation (1) is expressed as (2) by dividing each side of the equation by » & .
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Assuming £ is close to infinitive; thatis & is close to null in equation (2), the fracture
parameter C; 1s expressed by the following equation;

G = 6)

2bJh,

Thus the fracture parameter C; may be obtained by conducting a simple tension test of
the joints subjected to a force perpendicular to the grain as shown in Fig. 1. For this
purpose, appropriate configuration of specimen and bolt geometry such as the width,
height, thickness and edge distance should be studied. In this study the joints with
different configuration were subjected to forces perpendicular to the grain and an
appropriate test method to determine the fracture parameter C;is proposed.
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Fig.1 Lateral loading test of dowel-type joints for determining the fracture parameter.

3 Specimen and test method

Specimens consisted of spruce glued laminated wood and 12mm thick steel side plates
on both sides of the wooden member, connected with bolts 16mm in diameter (d) except
for T30-7-2L. The glued laminated wood was made of laminae 30mm thick with an
average density 440kg/m’. For T30-7-2L spruce sawn lumber was applied. The quality
of steel used for the side plates and bolts was JIS (Japanese Industrial Standard) SS 400.
The pre-drilled holes of wooden members were equal to or slightly larger than the bolt
diameters, and the diameters of the bolt holes of steel plates were 1mm larger than the
bolt diameter. The thickness of the wooden member was of 32mm(2d) and 64mm (4d)
and the schematic diagrams and outline of specimens are shown in Fig.2 and Table 1.
Six specimens of each type were subjected to lateral loads as shown in Fig.1. The




quasi-static tension loads were applied to the steel side plates by a hydraulic jack. The
nuts were attached to the joints with little tightening.
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Fig 2 Schematic diagram of specimens

4 Modeling and analysis

The crack propagation under Mode I fracture can be calculated by using the energy
release rate (Gr). The energy release rate in Mode I (Gr) can be calculated by the
following formula[3];
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where, k; = Stiffness of structure in state (i) and A=crack length.



Tested joints were modeled with the finite elements. A half of the specimen was
modeled considering the symmetry. Young’s modulus of spruce was assumed to be
12,000 MPa in the longitudinal direction and 600 MPa in the transverse direction and
the shear modulus and Poisson’s ratio of 300 MPa and 0.5 were assumed, respectively.
The bolt hole boundary was fixed in the radial direction but only in the positive
direction and free in the tangential direction[4]. The forced displacements were applied
downwards at the supports. The FEM code CASTEM 2000 developed by the French
Atomic Energy Commissariat (CEA) was used for the analysis.

5 Results and discussion

5.1 Comparison of experimental results with simulation

Table 1 shows the comparison of the ultimate lateral loads between experimental results
and simulation by LEFM. For the simulation, Gc¢ of 240N/m was assumed from the
following equation with Fu/b = 176IN/mm and G = 300MPa;

0.15 Fu
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It shows that the simulated ultimate load agreed quite well with the experimental results
in the specimens having the thickness of 64mm(4d). Experimental results were 12 to

16% smaller than the simulation in the specimens having the thickness of 32mm (2d).

Table 1 Comparison of test results with the LEFM simulation.

Ultimate load (Fu/b) (N/mm)

Loading \
Specimen Width (L) distance Th(ﬁ:'; 5 Experim- COV

(S ent %) LEFM ratio

T14-12-4 144 12d 4d 157 20.3 158 0.99
T30-12-4 Jod 12d 4d 176 6.77 171 1.03
T50-12-4 So0d 12d 4d 189 0.97 177 1.62
T30-7-4 30d 7d 4d 176 7.86 172 1.02
T30-12-2 30d 12d 2d 143 16.8 171 0.84
T30-7-2L 304 7d 2d 152 15.3 172 0.88




These results indicate that the specimens with small thickness tend to provide smaller
strength than the thicker specimen, and appropriate thickness should be chosen for
testing this type of specimen.

5.2 Specimen width

Figure 3 shows the relation between the specimen width and the ultimate load in
experiments and simulations. Both experimental and simulated ultimate load increased
as the specimen width was lager, and approached to the theoretical value when the half
width of specimen was 15d. This indicates that the width of specimen (L) should be at
least 30 times as large as the dowel diameter (304).
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Specimen width (L/2) (d)
Fig.3 Relation between the specimen width and the ultimate load.

5.3 Specimen height

Figure 4 shows the relation between the distance between the loading point and supports
(.5) and the ultimate load in experiments and simulation. It shows that the ultimate load
increased slightly as the distance (.S) was lager, and showed constant values when the
distance (§) was equal to or larger than seven times of dowel diameter (7d4). This
indicates that the space between the loading point and the supports (8) should be equal
to or larger than 7 times as large as the dowel diameter.

5.4 Validation of formula
Figure 5 shows the comparison between the calculated values of Fu/2by/ h with C;



value of 1IN/mm"> obtained from the test results of the specimen T30-12-4 and the
experimental and simulated results of bolted joints loaded at the center of beam[5].
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The calculated values by the equation (1) with the C; value obtained from the test
proposed in this paper agreed quite well with both experimental results and LEFM
simulation. This means the test method proposed in this paper is appropriate to obtain

the fracture parameter (C;).

6 Conclusions

From this study it was shown that the fracture parameter C; can be obtained by
conducting simple tension test of dowel-type joints consisting of a single dowel fastener.
Typical specimen configuration is proposed in Fig.6. The failure load predicted by the
equation (1) with the C; value obtained from the test proposed in this paper agreed quite
well with both experimental results and LEFM simulation.

T::;:i —— Ik

Fig.6 Configuration of proposed specimen
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1 Abstract

Analysis and tests of knee joints as part of a modified attic truss has been made in several
projects at Aalborg University during recent years. The modified attic truss is an
alternative to the attic truss, see figure 1. The results from these projects have led to a stiff
and strong design of this knee joint when punched metal plate fasteners (nail plates) are
used as connectors.
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Figure 1. Attic truss versus modified aitic truss.

Traditionally the knee joints of the modified attic trusses are designed with plywood sheets
that are glued and nailed to the rafter and the leg of the truss. However, this type of joint is
expensive and it is preferable that these knee joints can be made with nail plates.

20 full-scale tests with the modified attic truss have been performed within this study. In
10 of these tests the knee jomts are produced with nail plates and in rest of the tests the
knee joints are produced with plywood sheets to be able to compare the two types of joints.
The results from these tests are compared with results from a finite element model (named
TRUSSLAB) that includes the non-linear behaviour of the nail plate joints and contact
between the timber members. The comparison is performed considering both the stiffness
and the strength of the trusses.



For the truss manufactures’ commercial use, a simple design method for knee joints with
nail plates has been set up (calculation of the ultimate loads). The method is based on
sectional forces that are determined from a relatively simple numerical model of the frame
truss, where the knee joint is modelled as fully stiff — which is the way truss producers
model the modified attic truss today. The test results are compared with results from the
method.

In section 6 the Eurocode 5 (2001) methods for design of the plate capacities are
investigated. Deficiencies when using this method for a knee jomt are outlined.

2 Test Description

The dimensions of the modified attic truss are based on a span on 8.5 m, see figure 2. A
Danish truss producer has determined the dimensions of the timber beams. Structural
timber (Nordic origin) is used and the qualities are shown in the figure.

BMF1.5 80x220

GNT1003 52x150
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.BNT1503 202x380
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2500

1060
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Figure 2. Dimensions (in mm) of the tested modified attic truss. Double lines indicate the
main direction of the nail plates.

Prior to production of the trusses, the timber beams have been stored at a relative humidity
(RH) of 85% and a temperature of 20°C (according to DS/EN 408 (1995)). After
production and before testing the trusses were stored at 65% RH and 20°C.

For the beams used as rafters the modulus of elasticity has been measured (the influence of
the stiffness of rest of the beams is assumed to be small).

2.1 The Four Different Test Series

Besides the design of the knee joints and the width of the legs all four test series are
identical. The dimensions of the leg/knee joints of each test series are given in figure 3.

2



0 @ @

GNT 1508 174x650/476 Plywood 280x800/520 Plywood 235x800/565
- 09 o
I 207 og
A eh O @)
Y \
il C LG o
P ofd (,3 O
GNT1508.63x265
".:':.__:::% gt Rgky
e NGNTI508 174%265 =T |\GNT1508 174x265

| 2x14s.| 2x145 245 [__z_es_ _j

Figure 3. Dimensions (in mm) of the four different knee joints. Double lines indicate the
main direction of the nail plates.

The nail plate type GNTI100S has a thickness of 1.0 mm and a tooth length of § mm,
whereas the GNT150S have a thickness of 1.5 mm and a tooth length of 14 mm. The nail
plates are produced by MiTek. The thickness of the plywood is 22 mm (for each member)
and the quality is P30.

Five identical specimens have been tested in each series (only four in series 4). The Danish
truss producer has determined the dimensions of the two knee joints with plywood,
whereas the dimensions of the knee joints with nail plates are based on tests with secttons
of knee joints, see Ellegaard, P. (2002). The dimensions of all other joints with nail plates
are designed by the truss producer.

2.2 Test Setup and Load Arrangement

The trusses are subjected to the load case shown i figure 4. This load case simulates wind
load from the left (according to the Danish code DS 4710 (1998)) and creates horizontal
deformations at the knee joint which often control the dimensions of the truss (since the
deformations should be limited not to destroy the adjoining building parts, which is often a
brick wall at the outside of the truss). The locations and directions of the 7 displacement
fransducers are also shown in figure 4.

L A
Figure 4. Load arrangement and location of displacement transducers. Dimensions in mm.
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The supports are modelled as hinges and at 14 locations the truss is supported against
distortion motion and buckling out of plane as shown in figure 5.

Figure 5. Support of the truss and arrangement to prevent the truss from distortion and
buckling out of plane.

3 The Finite Element Model TRUSSLAB

The theory behind TRUSSLAB is in general based on the ideas of joint modelling
proposed by R. O. Foschi, see Foschi, R. O. (1977) and Foschi, R. O. (1979). 1. Nielsen
developed some of the elements further, see Nielsen, J. (1996). These improvements also
form the basic of the TRUSSLAB model where additional modifications have been
implemented. For a detailed description of TRUSSLAB, see Ellegaard, P. (2002).

Both the locations and the dimensions of the nail plates are taken into account in
TRUSSLAB and therefore, the sectional forces required for design are directly given in
each nail group and plate connection.

The different elements used in the joint modelling are described considering a heel joint of
a timber truss, see figure 6.

Plate
element

Auxiliary  Nail
element clements

Figure 6. Heel joint used to explain the use of elements in TRUSSLAB.

Beam elements are used to model the timber members. The elements are located in the
system line. Beam elements are also used as auxiliary elements. These auxiliary elements
are used to transfer forces from nail groups to the system lines.
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The stiffness of nail groups is taken into account by special nail elements. The nail
elements connect beam elements with plate elements.

The behaviour of the nail plate over the joint line is modelled by a plate element. A plate
element connects two nail elements. The nodes of a plate element and the corresponding
nail elements are located at the centre of the respective nail groups.

Contact between timber members is modelled by a contact element. If there is an initial
gap between the timber members the contact element is not activated until this gap is
closed. The contact element refers to two nodes.

The material properties of the nail and plate elements are non-linear and the properties are
determined from a number of tests, see Ellegaard, P. (2002). The properties of the contact
element are bilinear elastic. TRUSSLAB is a plane frame finite element program with
three degrees of freedom for each node: two displacements and one rotation. Second order
theory has not yet been implemented.

4 Comparison of Stiffness Test Results Versus TRUSSLAB

In the following results from the tests are compared with results by TRUSSLABRB. In figures
7, 8,9 and 10 the stiffness from the tests are compared with simulations by TRUSSLAB.

The displacement transducer measuring the horizontal displacement at the knee joint to the
right is considered (displacement transducer U [ in figure 4). The calculations by
TRUSSLAB are stopped at a load level of 25 kN (total load, F,,,,;). For the test series 2

and 4 the knee joints are assumed to be fully stiff (test series where the knee joints are
made up of plywood).

To account for the influence of second order theory, the displacements calculated by
TRUSSLAB are multiplied by 1.08, see Ellegaard, P. (2002).

The results from the calculations by TRUSSLAB are indicated by a “+” and the test results
by a solid line. It is noted that the test results are only plotted until the load level where
TRUSSLAB is assumed to be able to predict the behaviour of the truss. In several test
series suddenly arising cracks in the timber make the load-displacement curves show either
horizontal or vertical jumps.
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Figure 7. Load-displacement curves for test series 1. The force is shown on the vertical
axis and the displacement U_I on the horizonial axis.
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Figure 8. Load-displacement curves for test series 2. The force is shown on the vertical
axis and the displacement U_1 on the horizontal axis.
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Figure 9. Load-displacement curves for test series 3. The force is shown on the vertical
axis and the displacement U_1 on the horizontal axis.
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Figure 10. Load-displacement curves for test series 4. The force is shown on the vertical
axis and the displacement U_I on the horizontal axis.

When considering the load-displacement curves it is found that TRUSSLAB for most of
the test specimens is able to predict the stiffness of the modified attic truss accurately —
especially for load levels up to 10-15 kN. At higher load levels TRUSSLAB overestimates
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the stiffness of the trusses. In none of the test specimens TRUSSLAB underestimates the
stiffness.

These overestimations may be caused by the fact that the properties of the timber beams
are modelled as linear clastic (without any plasticity in compression). Moreover, splitting
of the timber is not taken into account and the influence of second order effects are
estimated to be 8%. In most of the test specimens one or several cracks were observed in
the rafter before testing, see figure 11. These cracks are probably caused by the climate
conditions before and after production (85% RH/65% RH) and they are propagating during
testing.

Figure 11. Initial cracks in the rafter before testing.

When comparing results by TRUSSLAB with test results for rest of the displacement
transducers similar correspondence as for displacement transducer U/ is found.

In table 1 the initial stiffness (defined as the displacement U I at a load level of 10 kN) 1s
listed.

Displacement at a load level of 10 kN Average
Test specimen 1 2 3 4 5 1-5
Series | 27.0 292 31.2 31.2 34.0 30.5
Series 2 26.5 28.0 30.5 32.0 325 30.1
Series 3 29.5 30.8 313 313 332 312
Series 4 - 30.3 314 356 375 33.7

Table 1. Initial stiffness for the modified attic trusses. Units in mm.

From table | an increase of 1% is found when comparing the average initial stiffness of
series 1 (knee joint with nail plates) with that of series 2 (knee joint with plywood) that
both have 290 mm leg widths. When comparing series 3 (knee joint with nail plates) with
series 4 (knee joint with plywood) the initial stiffness is 8% larger for the trusses where the
knee joints are made with nail plates. As expected the test series 1 and 2, where the trusses
are produced with a total leg width of 295 mm, have higher initial stiffhess than the series
3 and 4, where the width of the legs are 245 mm.

When considering the stiffness of the modified attic trusses it is found that the trusses can
be produced with nail plates as connector in the knee joints.
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5 Comparison of Ultimate Ioads and Failure Modes From
Tests Versus TRUSSLAB

In the following the ultimate loads and the failure modes for the modified attic trusses are
analysed. The failure criteria implemented in TRUSSLAB are:

e Timber beam elements: Design rules from Eurocode 5 (2001). The timber
strength values (mean values) are from the Danish Code DS4/3 (1998).

o Nail elements: Design rules from EFurocode 5 (2001). The anchorage strength

values (mean values) are determined from tests, see Ellegaard, P. (2002).

e Plate elements: Special failure criteria have been implemented since the design
rules in Eurocode 5 may lead to false capacities (see section 7). The plate strength

values (mean values) are determined from tests, see Ellegaard, P. (2002).

A comparison of the load level and failure type, where the first “failure” is predicted by
TRUSSLAB, and the first “failure” observed during testing is shown in table 2. Normally,
the ultimate load capacities of the trusses have not been reached at these load levels, since
e.g. contact is established after plate buckling. “T” denotes timber failure, “P.B”. denotes
plate buckling, “P”. denotes plate failure (no distinction of buckling, shear or tension) and
-- denotes that the first failure type has not been registered. It is noted that there is some
uncertainty in the load levels and failure types observed during testing.

Tests TRUSSLAB Tests TRUSSLAB
| Load | Failure | Load | Failure Load | Failure | Load | Failure
type level type level type level type
[kN] [kN] [kN]
P.B. 12 P i2 P.B. 10 P
P.B. 10 p 13 T 10 P
P.B. 11 P 18+ T 10 P
P.B. 10 P 11 P.B. 10 P
P.B. 10 P 12 P.B. 10 P
T 12 P
P.B. 10 P 20+ - 14 P
T 12 P 16++) - 12 P
T 12 P 13%#) - 12 P
11 P.B 12 P 11 P.B. 10 P

Table 2. Predictions by TRUSSLAB of first “failure” load level versus observations during

testing. ¥ The load level at the first observed failure type coincides maximum load level.
*¥ Maximum load level.

For all test specimens TRUSSLAB predicts plate failure at a load level lower than
observed during testing, which is on the safe side. The location of the nail plates where
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failure is predicted by TRUSSLAB are, however, in several cases different from what 18
observed during testing.

Post-plate buckling, failure occurs either as timber failure or tension failure in the nail
plates. The ultimate load levels for these failure modes are listed in table 3. It should be
pointed out that only specimens 3.1 and 3.4 failed in the knee joint. In figure 12 the failed
knee joints are shown.

Ultimate load level [kN] Average [kN]
Test specimen 1 2 3 4 5 I-5
Series 1 23.8 19.8 22.6 24.1 20.5 222
Series 2 17.1 25.3 14.9 21.5 18.9 19.5
Series 3 20.9 16.9 18.4 21.7 16.9 18.9
Series 4 - 204 16.5 133 13.7 16.0

Table 3. Ultimate load levels - F iy

Figure 12. Failure mode for test specimens 3.1 and 3.4.

Considering the strength of the modified attic trusses it can be concluded that the trusses
with nail plates in the knee joints (series 1 and 3) have average ultimate loads exceeding
the ultimate loads for the trusses where the knee joints are connected with plywood, glue
and nails (series 2 and 4). It is difficult to tell whether this is caused by the knee joints with
nail plates, since the knee joints only failed in the series 3.1 and 3.4.

As expected the test series 1 and 2 have higher average ultimate loads compared to test
series 3 and 4 caused by the total leg width of 245 mm and 295 mm, respectively.

6 Calculation of Ultimate Loads for the Knee Joints With Nail
Plates

The design method described in the following has been derived as an application tool for
truss manufacturers. The load capacities predicted by the method are compared to the test
results. Direct comparison between the method and the tests may, however, only be done
for the two trusses that failed in the knee joint (test specimens 3.1 and 3.4). The method
was set up considering tests with knee sections of the modified attic truss, where it was
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found that the method can be used to predict the capacities of the knee joints, see
Ellegaard, P. (2002).

The failure mode of cross-grain splitting has not been considered in the method.

In the method the leg is considered to be one single beam, even though some of the tested
knee joints consist of two beams. This assumption requires that the legs are connected by a
sufficient number of nail plates.

Since the method is meant for use by the truss producers the statical model is similar to the
one they use at present where the knee joint is assumed fully stiff. The sectional forces at
the middle of the joint line are considered, see figure 13.

Nail
plate

Figure 13. Sectional forces from the finite element model.

The bending moment M and the axial force N are converted to the forces N, and N, , see

figure 14. For the load case analysed and considering the right-hand knee joint the force
N, is a tension force and N, is a compression force. The force N, and the shear force ¥V
are assumed to be transferred by the nail plates over the outer 1/3 of the width of the leg
(measured horizontally) — denoted the tension zone. The force N, is transferred through

the inner 60 mum of the joint line (measured horizontally) — denoted the compression zone,
see figure 14 (only the forces on the leg are shown).
I

Compression
zone

Tension
zone

Figure 14. Assumed force distribution in the joint line.
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50% of N, is transferred as compression in the nail plates and 50% of N, is transferred as

contact between the timber members.

The contact force between the timber members is converted to a force F, ...,
perpendicular to the grain direction of the rafter and a force ¥, . parallel to the joint line.

This is shown in figure 15. Possible stress distribution in the rafter is not taken into

account. The force F, ,,, is transferred by the remaining parts of the nail plates located

between the outer 1/3 of the width of the leg and the inner 60 mm - denoted the shear
ZORE.

The nail plates, where 50% of the compression force N, is transferred, are assumed to be

centrally loaded, even though the nail plates may be located 10 mm from the edge of the
inner side of the leg. The anchorage areas for transferring 50% of N| are determined as

the area of the nail plates located within 60 mm from the inner side of the leg. These areas
are shown as cross-hatched areas in figure 15.
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Figure 15. The distribution of the contact forces results in an “extra” force along the joint
line. At the right-hand side only the forces on the rafter are considered.

Similar to the compression zone, it is assumed that the nail plate areas located in the
tension zone (shown as cross-hatched areas) transfer the force N, and the shear force V.

The calculations are performed with the design equations for plate and anchorage
capacities given in Eurocode 5 (2001), mean strength values used for the timber are as
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given in DS 413 (1998} and mean strength values used for the plate and anchorage
capacities were determined by tests, see Ellegaard, P. (2002).

The results from the calculations of the two test series 1 and 3, where the knee joints are
produced with nail plates, are shown in table 4. The results are shown as a coefficient of
utilization compared to the actual ultimate load achieved in the tests. A coefficient below
1.0 means that the calculation method predicts a capacity of the knee joint that is higher
than the ultimate load achieved in the tests and vice versa.

Table 4. Coefficient of utilization from the calculations compared to the actual ultimate
load achieved in the tests.

For both series the controlling part of the knee joints is compression perpendicular to the
grain direction of the rafter - F, perp - '
From the table it is found that the calculation method predicts failure for the test specimens
3.1 and 3.4 at a load level that is up to 8% lower than that observed during testing. These
two test specimens were the only ones who failed in the knee joints during testing, which
is predicted well by the calculation method. For the rest of the test specimens the
calculation method predicts the load-carrying capacity of the knee joints to be up to 36%
higher that the ultimate load achieved in the tests. This cannot be verified from the test
results, since these specimens did not fail in the knee joints. However, as mentioned above,
the calculation method is calibrated against test results with sections of the modified attic
truss and the method showed good agreement with the ultimate loads from the tests.

7 Use of EC5 Rules to Estimate the Ultimate Loads of the
Knee Joints
If the nail plate covers more than one joint line Eurocode 5 (2001) suggests the following:

“If the plate covers more than two elements then the forces in each straight part of the
connection line should be determined so that the equilibrium is fulfilled and that the
condition in 3.8 is satisfied in each straight part.”

The condition in 3.8 is given by:




where R, and R, are the strength values of the plate capacity in the x and y directions,

respectively and F and F, are the corresponding actual forces.

In TRUSSLAB the plate element 1s composed of bearns with nonlinear material properties.
If the nail plate covers e.g. two straight parts the forces at the midpoint of each straight part
can be determined from the sectional forces at the ends of the small beams. When more
than one joints line is considered it seems, however, that the plate design rules in Eurocode
5 lead to wrong load capacities. To explain this two similar joints, as shown in figure 16,
are analysed.

A: Joint where the plate line consists B: Joint where the plate line consists

of two joint lines of one joint line
7
o DM

Figure 16. Two similar joints where the expressions in Eurocode 5 lead to different load
capacities.

o

N

In joint type A the nail plate is divided mto two straight joint lines, whereas 1 joint type B
the nail plate is treated as one straight line. In practice the joints only cover one line, but
could easily be converted to a joint with two straight lines if one of the line parts in joint
type A 1s rotated by a small angle. In TRUSSLAB the nail plates are identical for the two
cases A and B.

In order to design the nail plate according to Eurocode 5, sectional forces are to be at the
middle of each joint line as shown in figure 17. The moment M, is smaller than A, for

two reasons:
1. The lengths of the joint lines are different.

2. The plate becomes plastic in compression at a lower stress level than in tension,
see Ellegaard, P. (2002).
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A: Joint where the plate line consists  B: Joint where the plate line consists
of two joint lines of one joint line

Forces at midpoint of the lines:

H 7 y
Das &N M / N
PLYEIY D % > >

M, <M,

A\

Assumed normal stress distribution:

EC ECs
]

TRUSSLAB TRUSSLAB

1 —
=) ._

Figure 17. Sectional forces and stresses at the middle of each straight part.

From the figures it is seen that the two similar joints are treated differently in Eurocode 5
and a consequence is that the load-carrying capacity of joint type A is approximately 50%
less than the load-carrying capacity of joint type B.

The problem described above arises for the knee joint shown in figure 18. This knee joint
type was one of the tested segments of the modified attic truss. In the figure two possible
failure paths in the nail plates are shown as thick lines. It should be noted that the outer leg
goes to the top of the rafter.

Figure 18. Complex knee joint type where two possible failure modes are shown.

From the calculated sectional forces at each of the midpoints of the straight joint lines 1
and 2, respectively, it is found that plate failure according to Eurocode 5 (2001) arises at an
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unrealistically low load level for joint line 1 of the plate. For joint line 2 of the plate the
failure load level according to Eurocode 5 (2001) is significantly higher. However, since
part 2 includes part 1 of the plate it seems unrealistic that part 1 fails and part 2 does not
fail at the same load level.

8 Conclusion

Based on the tests and the analysis of the modified attic trusses it can be concluded that the
knee joints produced with nail plates have sufficient stiffness and strength compared to the
knee joints with plywood, glue and nails.

The TRUSSLAB model is able to predict the behaviour of the modified attic truss quite
well, especially at lower load levels. At higher load levels TRUSSLAB overestimates the
stiffness.

TRUSSLAB predicts the load level where the first “failure” arises at a load level that is
lower than that observed during testing.

The design rules in Eurocode 5 (2001) cannot directly be used for design of the more
complex types of knee joints with nail plates.

A calculation method has been set up and this method predicts the lowest load-carrying
capacity for the two test specimens where failure was also observed during testing.
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issues of storey drift, the transfer of wind loading and general testing arrangement for shear walls.






Joint properties of plybamboo sheets in

prefabricated housing

Guillermo Gonzalez
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Abstract- This paper deals with the theoretical and experimental structural analysis of several wall-to-wall
connections of plybamboo and wood panels that have been proposed by the author and his supervisors in his
PhD research, The paneis consist of a wooden frame on which one plybamboo sheet is fixed to. These wall-
panels could be suitable for social housing in deveioping countries. Corner, T- and sheet-to-frame
connections are three types of joints that have been tested and analyzed. The obtained results show that all
connections present ductile behavior adequate for expected wind and seismic loads.

1 Introduction

This paper deals with the experimental analysis of wall-to-wall connections regarding the
wall-panel system of plybamboo (kind of plywood or wood-based panel made out of
bamboo) and wood that has been proposed by the author and his supervisors [1]. The
advantage of using these type of walls is that they could be industrially produced
(prefabrication) in developing couniries where wood lacks. The construction on-site would
be rather simple and makes the system a superb alternative for social housing. The purpose
of this research is to obtain the structural response and capacity of several plybamboo-
wood wall-panel connections. The paper concentrates on wall-to-wall connections such as
corners, T- and sheet-to-frame connection under lateral load. For the experimental tests,
scale models were built and tested in order to obtain information about the structural
behavior and capacity of such connections. The following section describes the wall-panel
system including different types of prefabricated panels, the wall-to-foundation (and roof)
connection and an example of a house floor plan with details of the vertical connections.
Section 3 is more related to the followed methodology and the experimental setups for each
of the tested connection. Section 4 presents the most relevant results with their respective
analyses. Several concluding remarks finish the paper in section 5. All unspecified
dimensions are in millimeters.

2 The wall-panel system

The following sections describe the wall-panel system that has been proposed by the author
and his supervisors in the article ‘Selection criteria for a house design method using
plybamboo sheets’ [1].

2.1 Prefabricated panels

The walls consist of prefabricated panels transported from the factory and mounted on-site.
Figure 1 shows three different types of prefabricated walls regarding the building process
and the structural design. Panel A consists of a plybamboo sheet between 12 and 18 mm
thick joined to a wooden frame. In this case, the size of the frame coincides with the size of
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the sheet (2450x1225 mm). The studs and the horizontal members are joined in the corers
by steel angles. Panel B consists of a smaller wooden frame than panel A. The idea is to
cover the top piate and soleplates with the plybamboo sheet as will be explained in the
following section. In this way, the top and sole plates would not be exposed to the outside.
Besides, structural capacity to resist lateral load is improved. Nevertheless, more work on-
site would be needed. The purpose of panel C is to eliminate horizontal members. In this
case, the joint between the studs and top and bottom plates must be made on-site as well as
the joint between the sheet and the plates. The previous would have an impact on the
structural design of the top plate.

Stud {75x50) Stud (75x50)

Stug (75x50}
fHorlzontal member {75x25) /‘Horizomal member (75x25)/
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Figure 1. Different types of prefabricated panels.

2.2 Wall-to-foundation connection

Figure 2-a shows a vertical section of a possible wall-to-foundation connection based on
the footing system that has been used by the Costa Rican Bamboo Foundation [2]. It
consists of a reinforced concrete strip footing (this one might be another type depending on
the soil conditions in which the method is being applied). Two concrete hollow blocks (i.e.
12x20x40 c¢m) are placed above the concrete strip. Steel bars coming from the footing are
passed through the hollow part of the blocks. This part is afterwards filled with mortar.
These blocks provide a barrier against humidity and termites [2]. The soleplate is fixed to
the concrete blocks by means of steel bars coming from the foundation. Passing the steel
bars through predrilled holes on the soleplate over 10 cm and hammering them to anchor
the soleplate to the blocks achieves this. Figure 2-b shows how each of the different types
of panel would be connected to the soleplate. Note that for panel A, screws are needed to
join the panel to the soleplate because these fasteners must prevent uplifting whereas for
panel B or C nails would be sufficient because the sheet is joined directly to the soleplate.
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Figure 2. Wall-to-foundation connection

2.3 Wall-to-roof connection

The wall to roof connection will depend on the type of roof structure that is going to be
utilized. Basically, this structure could be easily joined to the top plate using fasteners or
other kind of connectors.

2.4 Floor plan example

Figure 3 shows a plan view of a possible one-story house constructed with the
prefabricated panels previously described. It also shows a modular basis of 1225 mm
(plybamboo sheet width), the different types of wall-to-wall joints for this plan (Corner 1,
Comer 2, T1, T2, T3 and parallel) and the places in which the walls should have a window
or door opening. The details of the wall-to-wall connections are shown in Figure 4. Corner
1 (Figure 4-a) would be commonly used and requires an extra stud placed on-site. Corner 2
(Figure 4-b) may also be used in cases where the house has five external corners or for
some internal walls. There are three possible T-connections as shown in Figure 3. Tl
(Figure 4-d) would be used when a parallel connection (Figure 4-c) meets a perpendicular
wall. T2 (Figure 4-¢) would be used when two parallel walls on opposite sides from the
modular basis line meet a perpendicular wall. Finally, T3 (Figure 4-f) would be used when
two perpendicular walls meet.
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Figure 4, Details of the wall-to-wall connections according to Figure 3.
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3 Methodology and experimental setup

3.1 Methodology

Three issues regarding the wall-panel system are investigated: comner connection, T-
connection and sheet-to-frame connection under lateral load. The research concentrates on
Corner 1 (Figure 4-a) and T1 (Figure 4-d) because they would be most commonly used.
Besides, when the structural response of these two connections is known, the rest could be
predicted. On the other hand, Corner 2 (Figure 4-b) seems to be stronger than Corner 1
because of a smaller arm causing bending moments in one direction and a larger nail on the
other direction. T2 (Figure 4-¢) and T3 (Figure 4-f) seem to be as strong as T1. Instead of
the parallel connection (Figure 4-c) the sheet-to-frame connection was selected because
when the parallel connection is analyzed as the corner and T-connections it becomes
unstable [7].

In order to analyze the previous connections, part of the whole connection is modeled (see
Figure 5, 6 and 7) neglecting the effect of the roof and foundation connection with the
exception of the sheet-to-frame connection. This approach is conservative because the roof
and foundation connections strengthen the global capacity of the connection, The wall
width is taken as 625 mm, which is half the sheet width. The length of 450 mm is related to
the spacing of the fasteners used to join the sheet to the studs. The spacing used was 150
mm (3 fasteners). The horizontal wind or seismic forces are modeled as a resultant load
acting along the length of one of the studs. In the case of the sheet-to-frame connection a
1200x1200 mm wall-panel was used with a lateral load applied to the top plate.

For the theoretical calculations, some physical and mechanical properties obtained by
manuals, personal contact or the author were used {3,4,5,6]. Some of these properties are
density (p), moisture content (%w), bending and compression modulus of elasticity (£,
E.), bending strength (f,,) and embedding strength (7). The values are shown in Table 1.

Table 1. Several properties of the materials used during the experiments,

Material  p [kg/m’] %w  En [N/mm’]  E, [N/mm’] f, [N/mm’]  f; [N/mm"]

BMB 790 4.2 5700 3000 60 92
BSB 720 8-10 6500 - 94 86
W 490 12 11000 - 29 -

BMB {3]: Bamboo mat board (Board made out of woven bamboo mats glued together). BSB [4]: Bamboo
strip board (Board made out of bamboo strips glued together). W: Soft wood class K24 [5].

3.2 Experimental setup

3.2.1 Corner connection

In order to fixate the model for the corner connection a steel frame was built. This frame is
useful for the structure’s supports and the placing of the dial gages and load cell. The frame
offers an independent fixed reference system for measurement of displacements. Figure 5
shows the specimen and steel frame. The specimen is composed by two 12(18)x625x450
mm plybamboo sheets, two 75x50x450 mm studs and one 75x75x450 mm stud joined
together as shown in Figure 4-a. The sizes of the screws and the nails are 4.9x49 mm and
4.1x88 mm respectively. The support for the horizontal sheet consists of a steel cylinder
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joined to a steel plate at the extremes and is able to rotate around its longitudinal axis. The
sheet is fastened to the cylinder so that when the load is applied it can rotate. The vertical
sheet rests on a wood piece with a small channel, which allows the rotation of the sheet. A
10 kN load cell that measures the load transmitted by the connection supports the wood
piece. H-steel beams compose the steel frame and its function is to support the steel
cylinder and the load cell. The loading system consists of two hydraulic jacks and a load
cell previously mentioned. One jack is placed in a compression machine and the other one
is placed above the specimen and is held by an upper H-beam. The two jacks are connected
by an oil pressure tube that transmits the pressure applied to the jack on the compression
machine to the one above the specimen. The advantage of doing so is that the displacement
is controlled by the speed system of the compression machine. The load cell under the
specimen measures the transmitted load every five seconds at a speed rate of | mm/min.
The deformation measurement system consists of five digital dial gages placed on different
positions of the specimen (see Figure 8-a).

625 1. Plybamboo sheet. 450 6. Hesteol bean.
F 2. Stud (75x30). 7. 10 kN joad cell.
5 i 3. Extra stud (75x75). 1 8 8. Screws every 150 mm.
4. Wood piece with channel. 9. Nails every 150 mm.
] ‘ 3 5. Steel roller. y
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Figure 5. Corner connection test setup.

3.2.2 T-connection

The steel frame used for the corner connection tests was modified in order to fixate the
model for the T-connection. The frame offers an independent fixed reference system for
measurement of displacements as well. Figure 6 shows the specimen and steel frame. The
part numbers are referred to Figure 5. The specimen consists of three 12(18)x625x450 mm
plybamboo sheets and three 75x50x450 mm studs joined together as shown in Figure 4-d.
The supports for the horizontal and vertical sheets are the same as the ones used for the
corner connection. H-steel beams compose the steel frame. As for the corner connection,
two hydraulic jacks and a load cell are used to measure loads. The loading system is the
same as the one applied for the corner connection. The deflection measurement system
consists of three digital dial gages placed on different positions of the specimen (see Figure
8-b).
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Figure 6, T-connection fest setup.

3.2.3 Sheet-to-frame connection under lateral load

The test specimen consists of a plybamboo sheet joined to a wooden frame as shown in
Figure 7. Screws (4.9x49 mm) spaced every 190 mm were used to join the studs to the
sheets whereas nails (2.8x55 mm) were used to join the sheet to the top and sole plates.
The test specimen was mounted on a steel frame consisting of two H-steel beams joined
together forming a corner. The specimen is joined to the horizontal H-beam using two bolts
at the extremes of the soleplate. Two steel bars joined to steel plates at each end are placed
at the top of the specimen as shown in Figure 7. A hydraulic jack and a load cell are fixed
to one of the steel plates and the vertical H-beam. The idea is to produce a concentrated
load at the center of the top plate’s cross-section. When the jack starts to pull the plate, the
steel bars are pulled as well and transmit the load to the plate on the other extreme
producing the wanted load. If the jack were pushing instead of pulling it would restrict the
rotation of the loading point. A pneumatic pump at an approximate rate of 1 kN/min
applied the load. The measurement of deformations system consists of three different
displacements: diagonal elongation of the wooden frame, diagonal elongation of the sheet
and horizontal displacement of the top plate. For the diagonal deformations, an aluminum
tube is fixed to the opposite corners of the wooden frame or sheet and a LVDT that can
freely rotate (Figure 8-¢).
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Figure 8. Measurement of deformation details.

4 Discussion of results

4.1 Corner connection

Nine experimental tests were carried out in total. The first three (M-n, M-g, M-s} were part
of an exploratory phase. M-n is the comer connection shown in Figure 4-a but using nails
(2.8x55 mm) instead of screws (4,9x49 mm). The ultimate load for this test was around 0.5



kN (see Figure 9) or 0.17 kN/mail (see Table 2). It scems that the bending moments
produced at the connections between the studs and the sheets are causing the withdrawal of
the nails that join them. The moment capacity of these regions is so small that with a low
load the connection becomes a mechanism where two hinges are formed. From this test, it
was concluded that the corner connection becomes weak if only nails are used to join the
studs and the sheets. M-g is the same as M-n but using glue between the studs and sheets.
As expected, M-g was stronger than M-n (see Figure 9). The ultimate load was 2.4 kN or
0.8 kN/nail, which is almost five times higher than M-n. The reason is that now the
moment capacities are higher due to the glue. M-s is the screwed connection shown in
Figure 4-a. It behaved similar to M-g in terms of ultimate load and stiffness. The ultimate
load was 2.46 kN or 0.82 kN/screw. The capacity of the load cell utilized for the previous
three tests was 2 kN. Hence, the Load-Displacement curves were obtained until 2 kN of
load. The ultimate load for M-g and M-s was derived from the maximum load registered by
the compression machine and the relation between the previous readings of the load cell
and compression machine. After the exploratory phase, six more tests were carried out
based on the M-s prototype. Three were done using bamboo mat boards (M1, M2, M3} and
three using bamboo strip boards (81, S2, S3). The results can be seen in Figure 9. The
ultimate loads for M1, M2 and M3 were 2.6, 3.2 and 3.6 kN or 0.87, 1.07 and 1.20
kN/screw respectively. The behavior of these tests can be summarized in three phases:
linear-elastic, loss of stiffness and ductile phase. During the first phase, the screws that
have not yet plastically deformed take the bending moments produced in the connection. In
the second phase the screws yield and the nails are withdrawn from one of the studs (Figure
9, top photograph). In the last phase, the screws keep deforming plastically and the nails
are constantly being withdrawn with no increasing of the load. During the previous
process, the vertical sheet is bent due to eccentric loading. The ultimate loads for S1, S§2
and S3 were 4.3, 3.95 and 3.80 kN or 1.43, 1.32 and 1.27 kN/screw respectively. The
behavior of these three tests is similar to the previous ones but stronger and stiffer due to
the thickness of the strip boards (18 mm) that avoids the bending out-of-plane (Figure 9,
bottom photograph). Nevertheless, the ductile phase is not present. Theoretical analyses of
the corner connection were carried out based on the failure modes observed during the
tests, theoretical capacities of the joints [8] and equilibrium equations. The results were
close to the experimental values considering the variability that could be expected in these
type of structures [7].
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Figure 9. Load-Displacement curves and failure modes for corner connection.



4.2 T-connection

For the T-connection seven tests were performed. Four were made using bamboo mat
boards (M1, M2, M3, M4) and three using bamboo strip boards (S1, $2, S3). The results
can be seen in Figure 10. The ultimate loads for M1, M2, M3 and M4 were 16.1, 15.3, 12.5
and 13.0 kN or 5.37, 5.10, 4.17 and 4.33 kN/nail respectively. The structural response
shown in Figure 10 is basically that one of the vertical sheet under eccentrically axial
compressive loading and hence the strength is limited by the load at which buckling of the
sheet occurs. Moreover, there are other factors that affect the behavior such as the nailed
connection between the studs. At failure, the vertical panel is allowed to rotate at the top
due to the withdrawal of the nail joining two of the studs (see Figure 10, top photograph).
The ultimate loads for S1, S2 and S3 were 16.0, 14.0 and 20.0 kN or 5.33, 4.67 and 6.67
kN/nail respectively. Since the axial compression strength of the strip boards is much
higher, the tests were stopped when displacement number 1 was around S mm (see Figure
8-b and Figure 10, bottom photograph).
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M3
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Figure 10. Load-Displacement curves and failure modes for T- connection.

4.3 Sheet-to-frame connection under lateral load

Seven tests were made in total. The first four were done using bamboo mat boards (M1,
M2, M3, M4) whereas the other three were done using bamboo strip boards (81, §2, S3).
The results can be seen in Figure 11. The ultimate loads for the mat boards were 5.4, 4.4,
54 and 1.8 kN or 0.77, 0.63, 0.77 and 0.26 kN/nail. The latier one was carried out without
the angle plates that join the studs to the top and bottom soleplates and hence the lower
value (see Figure 11, top photograph). For the strip boards, the ultimate loads were 4.7, 4.1
and 4.6 kN or 0.67, 0.58 and 0.66 kN/nail. Since the embedding strength of the mat boards
(92 N/mm?) is higher than that one of strip boards (86 N/mm?), the slightly higher value
obtained for mat boards is understandable [6]. The structural response shown in the
experimental tests is quite typical for wooden-framed walls under lateral load. That is,
nonlinear behavior due to the nailed connections between sheet and frame controlling the
stiffness [9,10]. It must be added that the failure was due to the withdrawal of the steel
angle screws joining the stud and the soleplate (Figure 11, bottom photograph). If this
connection had been stronger, the specimen would have probably deformed more gaining
ductility like M4 at higher load levels. The theoretical capacity of the sheet-to-frame
connection per nail is 0.89 kN for mat boards [7]. An easy way to calculate the lateral
capacity of the specimen is multiplying this capacity by the number of nails joining the
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sheet to the top and sole plates. For the specimen used in the tests, 7 nails were used in this
connection and hence the theoretical capacity would be 0.89x7 = 6.2 kN. The strength loss
in the experiments is due to the uplifting of the stud as previously explained.

Table 2, Experimental capacities for each test.

Capacity per fastener in kN

Connection Ml M2 M3 S1 52 S3 M4
Corner 0.87 1.07 1.20 143 1.32 1.27 0.17*
T 5.37 5.10 4.17 5.33 4.67 6.67 4.33
Sheet-to- 0.77 0.63 0.77 0.67 0.58 0.66 0.26
frame

* Value corresponding to the M-n test.

61
57 M3

=4 M1

Z .- $2

o s3

LL(Z_ e S M2
.
0 T T 1 1 ]

0 10 0 40 50

20 3
S {mm]

Figure 11. Load-Displacement curves and failure modes for the sheet-to-frame connection. Top photo:
uplifting of stud due to nail deformation, Boftom photo: Uplifting of stud due to
withdrawal of the screws.

5 Conclusions

The capacity of the comer connection shown in Figure 4-a needs certain withdrawal
strength, which cannot be provided if nails are used instead of screws. It can be calculated
that the required load per fastener in this corner connection is about 0.35 kN for a wind
load pressure of 1.9 kN/m* and a tributary width of 1.22 m (1.9x1.22x0.15). This load is
higher than the experimental value (0.17 kN/nail, Table 2). It would be then necessary to
test the full-scale corner connection with roof and foundation to find whether the
withdrawal effect occurs. The use of glue (in addition to nails) or screws increases more
than five times the capacity of the corner connection according to the experimental results.
However, the one with screws is able to deform more than the glued one. Both the glued
and screwed corner connections seem to be able to withstand the required load for high
wind with a safety factor higher than two. The corner connection with bamboo strip boards
is stronger and stiffer but less ductile than that one with bamboo mat boards.
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The lowest experimental capacity obtained for the T-connection of Figure 4-d (4.2 kN/nail)
is about six times higher than the required capacity for high wind load (0.7 kN/fastener)
which makes it the strongest link of the structural chain covered by the experiments, The
T-connection using strip boards is stronger than that one using mat boards because of the
higher stiffness (due to the thickness) of the first ones.

The sheet-to-frame connection under lateral load showed in all cases ductile behavior
(capacity to deform with small increase of load), which is adequate for seismic or wind
load. The theoretical capacity (0.89 kN/nail) is higher than the experimental one (0.68
kN/nail in average) due to the connection between the studs and the soleplate, which in the
end limits the strength of the connection. The shear capacity of the wall-panel is around 4.8
kN/m (0.68x7) and the capacity of a house against seismic or wind loading will depend on
the wall-panel arrangement. Tests on full-scale panels should be carried out in order to
corroborate this result. Attention must be paid to the steel angle connections.

To finish the paper, it can be concluded that the obtained results show that all the
investigated connections present ductile behavior adequate for seismic and wind loads.
Both mat boards or strip boards could be implemented but strip boards are more suitable
for furniture or floors and more expensive and hence the mat boards are preferred and will
be further investigated. The next step would be to investigate the element behavior (wall-
panel) and full-scale connections including roof and foundation connections.
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H J BlaR asked how the embedding strength of the glass fibre components were calculated. P Haller
replied that it could not be measured but that the glass fibre provided ductility and tensile strength to
the connection. This Jed to discussion about the embedding strength of the textile material and B Dujic
commented that the glass fibres prevented splitting of the timber by limiting the stress values
perpendicular to grain. H Sugiyama then asked if static tests on the connection were also conducted.
P Haller indicated that static tests were not carried out. A Leijten asked about the densification of the
timber and if secondary effects were considered in analysing the data. P Haller indicated that the
softwood was surprisingly amenable to the densification process and that secondary effects were not
considered. S Thelandersson asked about the shrinkage and swelling values of the normal timber and
densified wood components of the connection. This was followed by a general discussion about the
definition of normal indoor climate and the equilibrium moisture content of the densified veneer wood.
B Yeh then asked if P Haller knew of tests on finger joints which have been reinforced in the manner
presented and A L.eijten asked about the oversize of the dowel holes. P Haller replied that he did not
know of similar tests on finger joints and that usual tolerances were used for dowel holes. H J Bla3
asked if the type of reinforcement used affected failure loads and the resulting failure modes. P Haller
commented that the fibre reinforcement did affect the failure mode and consequently the failure load.
He was of the view that the differences in observed failure loads was a function of failure mode ratner
then direct contribution of the glass fibre's strength.
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1 Introduction

Wood structures perform extremely well when subjected to earthquake loading. Low mass,
good dissipative parameters of connections and the capability to undergo large
deformations result in wood structures having relatively high safety under dynamic loads.
Numerous examples from the US document that light-frame struciures are among the safest
structures in earthquake regions (over 90% of the US residential homes are built as light-
frame wood buildings). Light-frame structures contain low-mass members, a large number
of ductile connections in shear walls and are subjected to low dead and live loads.
However, heavy timber frames are designed to carry relatively high loads and must rely on
few engineered connections, The dissipative capacity of the wood is low due to its low
material damping. Therefore, if heavy timber construction is to perform well in an
earthquake, the connections must be able to carry the loads while deforming plastically to
dissipate enough energy. This may create contradictory design requirements when we
require the connection to have high capacity and ductility at the same time. The use of
timber frames in Europe is limited to two stories, in exceptional cases up to four stories
(Lignatec 2001), and applications in seismic areas are rare. The research work presented
herein shows the potential for use of multistory timber frames in seismic areas due to their
excellent dissipative properties, high load-carrying capacity and low mass. In addition to
the dynamic properties, high fire resistance makes these structures good candidates for
commercial and public buildings.

As mentioned above, a key issue in heavy timber frame application is connection
performance. Typically, beam-to-column connections are facilitated by steel mechanical
fasteners, such as dowels, drift pins or bolts. Steel plates are sometimes used to facilitate
the moment transfer. Use of atypical, fastening techniques, such as glued-in rods or large
finger joints, is rare. While connections with mechanical fasteners have high ductility, they
suffer from low moment carrying capacity relative to the solid members and brittle-type of
failure in wood material around dowel-type fasteners due to tension perpendicular to wood
fibers. Past research in application of technical textiles in timber connections showed that
fiber-reinforced joints have significantly higher capacity when loaded by a monotonic static
load (Haller et al. 2001). Research performed at TU Dresden shows as the ultimate
capacity and the ductility of the monotonically loaded connection increases (Haller 1997
and Haller et al. 1994). This is due to the prevention of tensile failure in perpendicular-to-



fibers direction that results in an increase in apparent dowel-bearing strength. Recent
experiments with fiber-reinforced densified wood indicate that dowel-bearing strength can
be further improved without joints suffering from brittle failures due to tensile stresses
perpendicular to fibers. While most of the research has been carried out on monotonically
Joaded spliced joints, no data for fiber-reinforced joints are available for beam-to-column
connections and cyclic loads. Such experiments are necessary to evaluate the behavior of
joints subjected to dynamic or even wind loads.

The goal of the experimental research program was to investigate cyclic performance of
fiber reinforced and densified beam-to-column connections to design an effective joint
capable of performing under extreme earthquake loads. The ultimate goal was to design,
manufacture and tests a full-size, two-story glue-laminated heavy timber frame under
dynamic loading.

2  Materials and Methods

Since no prior experiments with fiber reinforced and densified beam-to-column
connections were available, the scaled models of connections and frames were
manufactured and tested followed by full-scale tests of beam-to-columns connections and
frames. The beam-to-column connections were tested under static-cyclic loads while the
frames were tested on a shake table using sinusoidal sweep function and arbitrary dynamic
load.

Wood of European spruce (Picea excelsa) was used. The undensified material had an
average density of 0.44 g/cm3 and a moisture content of 9 %. Densification was performed
in a hydraulic press with a pressure of 7 MPa and a plate temperature of 150 °C. The
densification lasted 90 min with resulting average density of 0.87 glem® (MC of 9 %).
Small- and fuli-scale beam-to-column connections were manufactured and tested using the
DIN EN 12512 (1996) cyclic test protocol — see Tables la, 1b, and Figure 1.

Table la. Test protocol for cyclic tests of the scaled beam-to-column connections.
Yield displacement v, = 8mm; {constant test speed 5 mm/s); (3 loops/cycle)

Cycle number 1 2 3 4 5 6 7 8 g 10 11 12
{value)*v, ¢,25 05 0,75 1 15 2 25 3 4 5 8 7
Amplitude (mm) 2 4 6 § 12 16 20 24 32 40 48 56

Joint rotation {rad) 0,01 0,02 003 0,04 0,06 0,08 0,40 0,12 0,16 0,20 0,24 0,28

Table Ib. Test protocol for cyclic tests of the full-size beam-to-column connections.
Yield displacement v, = 28mm (see Figure 2¢); (constant test speed 2 mm/s); (3 foopsicycle)

Cycle number 1 2 3 4 5 & 7
{value)* v, 025 05 075 1 18 26 34
Amplitude (mm) 7 14 2% 28 50 72 94

Joint rotation {rad) 0,01 0,02 0,03 0,04 0,07 0,10 0,13
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Figure 1. Test protocol used for cyclic tests of full-size beam-to-column connections.

Different loading speeds for scaled and full-size connections were due to the equipment
limitations. However, both deformation rates can be considered as quasi-static and will
have no significant effect on the behavior of the tested connections. The cycle number 4
(bold font) represents a 100% displacement at maximum load. Data in Tables la and 1b
indicate that after the yield displacement was reached the increment in amplitude was
smaller than the one required by the DIN EN 12512 (1996) standard.

It appears that the standard test protocol for cyclic loading requires testing the joints
displacements that are unrealistic m practical applications. Let’s assume that the model
frame is 1200 mm high. A rotation of the beam-to-column connection of 0.2 rad (11.5%)
will cause a drift of 240 mm; the drift at the joint ultimate capacity will be about 48 mm —
1725 of the frame height. Clearly, such drifts are well beyond generally accepted safe
values and it is unlikely that a frame will reach such magnitudes of drift without
catastrophic failure due to the second order effects.

2.1 Scaled model tests

The dimensions of scaled specimens (Figure 2a) were based on the geometry of the full-
size test specimens (Figure 3) with a scaling factor of 0.25 (1:4). This scaling was selected
to maintain the relative geometry of the joints since the joints were the focus of interest.
The pins were made of structural steel with a yield point of 235 MPa.
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Figure 2. Test specimens of beam-to-column connections tested under cyclic load: (a)
scaled specimens (1:4), (b) full-size specimens (¢) schematic of the tests (values m
parenthesis represent dimensions for scaled specimens).

The parameters of the E-glass fiber-reinforcing non-woven fabric with the weight of 200
g/m” are listed in Table 2 (¥,

Table 2. Parameters of materials used in composites for the reinforcement.

Material Tensile MOE Failure Density
strength [GPa] strain [%] | [g/cm 4
[MPa]

E-Glass 1300-1600 | 73 2 2,6

Epoxy ! 60-90 3,7 4 1,2

Melamine & 30 N/A N/A 1,3

Composite {Glass/EP) 220 12 2 1,6

(BD-Fabric 200g/m?)

Composite (Glass/EP) 550 8,5 3 1,7

(TD-Fabric ! 300g/1112) 4

Composite (Glass/MH) N/A N/A N/A 1,7

(TD-Fabric 1300g/m*)“?

W Ep = Lpoxy resin (Dow chemical: EPON Resin §28; CURING AGENT 9551).
ZH M = Melamine resin (BASF: Kauramin Resin 691; Kauramin Hardener 686).

M RD = Bi-Dircctional woven fabric with 0°/90° oriented fiber
I TD = Tri-Directional stitch bonded fabric with ~45°/0°/45° oriented fiber placement

Epoxy resin was used to bond the fabric to wood. The fabric was attached to each surface
of the beams and column such that the glass fiber was oriented across the wood fiber.
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Three different joint configurations were designed to test various options — see the first
column in Table 3. The first connection type was a circle 54 mm in diameter consisting of
12 dowels with a diameter of 3mm. The second joint had total of 8 dowels (4 dowels (d =
Smm) and 4 dowels (d = 3mm)), the third connection had only 4 dowels (d = 5Smm). The
joints were designed to meet the requirements of DIN 1052 T2 (1988) for edge distance,
end distance and spacing.

The experiments were performed using a servo mechanical testing machine with the full-
scale load cell capacity of 10 kN. The deformations of the crosshead were used but the
error was checked using an independent displacement transducer. Since the translational
deformations were large, the error from the crosshead reading was negligible (less than 1
%) and crosshead position was used for displacement measurement. A constant speed of
the crosshead of 300 mm/min was used. This means that the frequency of the displacement
was decreasing with increasing amplifude. The angular displacement was calculated from
the specimen geometry and deflection of the members was neglected.

2.2 Full-scale beam-to-column connection tests

Figure 2b shows the full-size beam-to-column connection. The beams and columns were
vertically laminated and each interface between layers was reinforced by glass-fiber non-
woven fabric (see Table 2 ). The cross sections of the columns were 160x290 mm, with
lamination thickness of 2x20mm (Figure 3). To achieve a width of 290 mm, laminations
were edge-glued from two pieces 100 mm and 200 mm wide. This configuration was
staggered in adjacent layers. The beams had a cross section of 80x290 mm and were
laminated in the same manner as columns. The relatively large width of the members was
a result of the gravity load design and the need to facilitate sufficient area for the beam-to-
column connection. Melamine resin was used to connect wood and the glass fiber in the
laminated beams and columns. The contact surface between beams and columns was
reinforced using the same fabric and epoxy resin was used to connect fabric and wood.

d:Q_O d=16 densified layers
_ *% thickness 40mm
"7 S -
: * e L
Le e i® g
60 148" 194 a8; T beam '

et T
60\-( 170 >:(60>
colurmn i
A R ‘g0 160 T8G"

Figure 3. Connection detail and three-dimensional view of a partially densified and
reinforced full-size specimen. Only first two laminations (2x20mm) at the interface
between the beams and column were densified.

Again, the spacing requirements followed the German standards (DIN 1052) as did the
scaled models. The German standard allows closer spacing and end and edge distances
than the EUROCODE 5 (1995) and EUROQCODE 8 (1998). Tests of groups of fasteners
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and fiber-reinforced joints indicate that the spacing requirements originally designed for
unreinforced wood can be too conservative. This is because the reinforcement prevents or
postpones initiations of cracks due to stresses in tension perpendicular to wood fibers.
Some of the specimens did not have all layers made of densified wood (Table 4). This
configuration was selected to investigate the failure modes of vertically laminated members
with uneven dowel bearing capacities. The tests were performed at ENEL (ENEL.Hydro)
in Bergamo, Italy, using a servo-hydraulic testing machine with a full load cell capacity of
100 kKN. Again, the DIN EN 12512 (1996) test protocol was used to apply cyclic loading
(see Table 1b and Figure 1).

3 Results and Discussion

The moment-rotation relationship for the scaled specimens and for full-size specimens is
shown in Figure 4 a, b and c.

Scaled tests Full-size tests
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Figure 4. Moment-rotation relationships for (a) unreinforced and undensified joint, (b)
reinforced and undensified joint and (¢} reinforced and densified joint.



3.1 Scaled models tests

Typical moment-rotation relationship for the three different types of connections is shown
in Figure 4. The data indicate that all different configurations behave similarly.

Table 3 lists the average ultimate capacities, rotations and dissipated energy of the joints.

Table 3. Test results of scaled models of beam-to-column connections

Number of Material Ultimate Jomt Number Dissipated energy
dowels and capacity rotation of cycles  [E,] at rotation ¢
diameter [Mmax] {QO] at at Mpax (kN]n_rad)
(kNl’Il) Mmax E0,04 E0,2
(rad)

12 dowels Undensified, 0,512 0,117 8 0,061 0,69
(12x3mm) unreinforced 0,503 0,144 9 0,031 0,55
0,526 0,155 9 0,034 0,67
N 0,521 0,155 9 0,033 0,59
x 0,516 0,143 0,040 0,625
Undensified, 0,720 0,192 10 0,038 0,80
reinforeed 0,717 0,192 10 0,042 0,79
0,722 0,192 10 0,040 0,78
0,704 0,192 10 0,039 0,77
X 0,715 0,192 (3,040 0,785
Densifica 1,161 0,155 9 0,093 2,58
reinforced 1,174 0,079 6 0,139 2,95
1,152 0,155 8 0,102 2,76
X 1,162 0,130 0,111 2,76
& dowels Undensified, 0,492 0,068 6 0,047 0,58
(4x5mm; unreinforeed 0,502 0,055 5 0,046 0,56
4x3mm) 0,501 0,061 5 0,034 0,53
. 0,378 0,079 6 0,049 0,65
X 0,518 0,173 0,044 3,58
Undensified, 0,725 0,154 9 0,051 [,03
reinforced 0,830 0,154 9 0,054 1,09
0,726 0,192 10 0,045 1,00
0,748 0,192 10 0,047 1,01
X 0,767 0,192 0,049 1,03
Densified. 1,437 0,155 9 0,116 2,89
reinforced 1,548 0,154 9 0,113 3,42
1,447 0,154 9 0,115 2,69
X 1,477 G,154 0,114 3,00
4 dowels Undensified, 0,406 0,126 8 0,039 0,63
(4x5mm) unreinforced (,397 0,098 7 0,026 0,45
0,383 0079 6 0,033 0,41
N 0,435 0,098 7 0,037 6,57
X 04,405 0,100 0,037 0,52
Undensified, 0,556 0,192 10 0,052 0,94
reinforced 0,537 0,192 10 0,038 0,78
(3,560 0,192 10 0,041 0,85
0,542 0,192 10 0,042 0,81
X 0,549 0,192 0,043 0,85

Densified, - - - “ -

reinforced - - - - "

My - average value



The data in Table 3 show that the densified and reinforced joints have a higher capacity
than undensified and unreinforced connections. The deformation at the ultimate capacity
indicates that fiber reinforced connections will exhibit high ductility while having
increased stiffness and strength. The energy dissipation capacity expressed as an area
enclosed by a hysteretic loop is compared in Figure 5. Figure 5 shows that the densified
and reinforced joints are superior to the other two and will dissipate more energy.

cor
W ( )

e
P

Energy (KNm*rad)
Moment (kNm)

12345 & 7 8 9 10 11
max. Number of cycles limit
0,04 rad 0,2 rad

Figure 5. Scaled model (1:4) experiments. Energy dissipation measured as the area
enclosed by hysteretic loops: (a) unreinforced and undensified joint, (b) reinforced and
undensified joint, (¢} reinforced and densified joint and (m) moment (3 loops per cycle)

3.2 Full-size beam-to-column connection tests

Typical moment-rotation relationships for the three different types of connections are
shown in Figure 4. Figure 4 indicates that all different configurations behave similarly.
Table 4 lists the average ultimate capacities and deformations of the joints, and shows that
the densified and reinforced joints have about 3-times higher capacity as compared to
undensified and unreinforced connections. The deformation at the ultimate capacity
indicates that fiber reinforced connections will exhibit high ductility while having
increased stiffness and strength.



Table 4. Test results of full-size beam-to-column connections

Number of Materials  Ultimate Joint Number Dissipated energy
dowels and capacity rotation ofcycles [E,] at rotation ¢
diameter [Minax] [¢]at at Muax (kKNm-rad)
(kNm) g, Eg,04 Eg2
{rad)

8 dowels Undensified, MONOtonic  Monetonic  monotonic
(4x20mm; unreinforced 19,7 0,032 test test test
4x16mm e

) Undensified,

reinforced 28,1 0,131 7 2,62 24.9

Partially "
densified, (43,3) (0,052) (5) (5,24} ()
reinforced 60,4 0,128 7 5,16 47,6

Fuliy
densified,
reinforced
) Shear failure at the interface between densified and undensified laminations in the reinforcement layer.
The failure was due 1o the insufficient volume fraction of the matrix.

63,5 0,117 7 5,57 54,7

The average backbone curves are shown in Figure 6.
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Figure 6. Full-size experiments. Average backbone curves for the four different joint
configurations. (a) unreinforced and undensified joint, (b) reinforced and undensified joint,
(c1) partially densified and reinforced joint and (c2) fully densified and reinforced joint.

The energy dissipation capacities expressed as an area enclosed by a hysteretic loop are
compared in Figure 7 shows that the densified and reinforced joints are superior to the
other two and will dissipate more energy. The differences increase with increased rotation
of the joint.



<D
L=}

[+
[}

i-N
[=J

3
Moment (kNmy

Energy (kKNm*rad)
3

3
o

: A R i o i .{ . 0
¢ =2 3 4 5 6 number of cycles 7
max. limit
0.04 rad 0.13

Figure 7. Full-size experiments. Energy dissipation measured as the area enclosed by
hysteretic loops. (b) reinforced and undensified joint, (c1) partially densified and reinforced
joint, (¢2) full densified and reinforced joint and (m) moment (3 loops per cycle).

4 Conclusions

From these experiments it follows that densified material can significantly increase
strength and energy dissipation capacity of beam-to-column connections. Using densified
wood increases the dowel bearing strength of the material and dowels or pins of larger
diameter can be used while still exhibiting plastic hinges. The low strength of wood in
tension perpendicular to grain can cause a brittle failure, especially when densified material
is used. Application of non-woven reinforcing fabric minimizes the risk of brittle failure
and significantly increases ductility of the connections. It appears that the standard test
protocols for cyclic tests of connections may not fully consider the range of realistic
deformations that a connection can undergo in the structure. The test of reduced scale (1:4)
and full-scale connections under cyclic loads indicate that the scaled models are excellent
indicators of properties of full-size joints. Similar failure modes, behavior and relative
properties of scaled and full-size connections allow one to use the scaled experiments to
investigate dynamic behavior of subsystems and systems containing these connections. The
experiments on scaled models and full-size two-story heavy timber frames will be reported
in subsequent papers.
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1 Abstract

This is a continuation of a paper by Hansson and Isaksson (2001} presented at meeting 34. A
study on the system effect in sheathed parallel timber beam elements is presented. In
Eurocode 5 a factor of 1.1 is given for such systems. In the present study Monte Carlo
simulations are used to generate systerns and to evaluate the influence of different parameters
on the system behaviour. The variability within and between timber elements is accounted for
using a model by Isaksson (1999). The properties of the sheathing are assumed to be
deterministic and the property of the joint between beam and sheathing is varied. Reliability
theory is used to evaluate the system effect. For a given reliability of a single member the
reliability of a system is calculated. The reliability of a system is in general lower than for a
single member. The study showed a system effect somewhere between 1.2 and 1.3, i.e. the
load carrying capacity of a system is 20 to 30 % higher compared to the capacity of a system
when it is evaluated on a single member basis.

2 Introduction

The design of timber structures or systems is usually based on the design of single elements.
Two different effects are usually not taken into account:
- the fact that the single elements are interacting in the system, i.e. stronger beams carry
more load than weaker ones.
- the lower probability that a weak part of the material coincides with a highly stressed
part of the member.

The system is built up by a number of parallel, equally spaced, solid structural timber beams
and a sheathing of plywood. The joint between sheathing and beam can be nailed, screwed or
glued resulting in different effective bending stiffness and bending strength.

The background and a first outline of the system effect factor for sheathed parallel timber
beam structures was presented in Hansson and Isaksson (2001).



3  Modelling of the system

3.1 Bending strength and modulus of elasticity of the beams

The bending strength is modelled using a statistical model of variability within and between
members, Isaksson (1999). The strength of a section i in beam J is given by eq. (1), see also
Figure 1.

ﬁj:exp(y+ri+8&) (1)

where

H is the [ogarithm mean of all weak sections in all beams.

5 is the difference between the logarithm mean of weak sections within a beam { and g
The mean equals zero and the standard deviation is ;.

& is the difference between weak section j in beam ¢ and the value ¢+ 7. The mean

equals zero and the standard deviation is o;.

fi

LT -

Bending strength

Longitudinal direction of the beam

Figure 1: Modelling of longitudinal variation of bending strength, Isaksson (1999).

Using this model results in a coefficient of variation of 25 % for bending strength. 40 % of
this variation is due to the variability between members and the rest is due to the variability
within members.

The strength is modelled using the following parameters:
y7i log N(3.8924,0) (expected value 50 MPa)

7 log N(0,0.0375)

&j log N(0,0.025)

The modulus of elasticity (MOE) is comrelated to the bending strength according to eq. ( 2),
Serensen (2002). The MOE is further assumed to be constant within each timber beam. Based



on experimental data, see Isaksson (1999), the correlation between bending strength and MOE
is set to 0.8.

MOE, = u, {1n(300)+ 0.13(14 rPF 11— 07 )] (2)

where
M expected bending strength (50 MPa)
L correlation between bending strength and MOE (0.8)

Ui outcome from a normal distribution N(0,1) used to generate bending strength in
member I
UE outcome from a normal distribution N(0,1) independent of 1,

The length of a weak section is given by a gamina distribution ['(2.5445, 194.12), i.e. the
mean length of a weak section is around 500 mm, Isaksson (1999).

3.2 Composite cross sectional properties

The properties and normal stresses of the T-section are calculated according to Eurocode 5.
Figure 2 shows the bending strength for a T-section (solid line) with an applied uniform load
(parabola}. The dashed line is the bending strength for the solid timber beam without
sheathing. The dot-dashed line is the apparent bending strength for this T-section subjected to
a uniform load.
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Figure 2: Bending strength for a T-section (solid line) and an applied uniform load (parabola). The dashed
line is the bending strength for the timber beam. The horizontal dash-doted line indicates the effective
strength for this T-section.

3.3 Beam-Spring model

The load distribution in the transverse direction to the beams is calculated using an analogue
beam model, see Figure 3, originally proposed by McCutcheon (1977, 1984} for analysing
deflections of a system in the serviceability limit state. Further in McCutcheon the springs
were elastic brittle.



Analogue beam (stiffness El})

Composite member spring (stiffness K)

Figure 3: The beam - spring model.

The present study is focussed on the ultimate limit state. To be able to account for the
behaviour of a T-beam after first failure, the spring model is extended to be tri-linear (Liu and
Bulleit 1995) see Figure 4. After first failure of the beam, the remaining strength equals &R,
where R is the original strength and @ is reduction parameter. The stiffness of the spring after
failure is 7K, where K is the stiffness of the unbroken beam and # is a reduction parameter.
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Figure 4: Load-Deformation curve for the composite member spring, Lin and Bulleit (1995),

The cross member stiffness, £l to be used in the beam-spring model is taken from Liu and
Bulleit (1995):

EIb = IC"(J.!'.\'E\’ {1 - lij ( 3 )

v

where the second term in the brackets considers the discontinuities of the sheathing in the
cross-member direction.

[,  isthe length of sheathing in the cross-member direction (2.4 m}.

§ is the member spacing of the beans.

05 1s the moment of inertia of the plywood in the cross-member direction. Only veneers in
the cross-member direction are taken into account.

E,  is the modulus of elasticity of the plywood in the cross member direction.



4  Simulation and parameter study

4.1 Parameters

Using Monte Carlo simulations the influence of various parameters on the system behaviour
is investigated. The parameters of interest are selected based on the results presented in
Hansson and Isaksson (2001) and are given in Table 1. The parameters have a reference value
and alternative values. Different values of the parameters are combined according to Table 2.
The governing property for the strength of the T-section is the bending strength. Other failure
modes such as shear failure, buckling of the sheathing or failure in the connectors are not
included in this study.

Table 1: Input values {o the parameter study,

Parameter | Description Reference Alternative
value values
c Centre to centre distance of the timber 0.6 0.4
beams. [m]
n Number of timber beams in each system 15 10
L Beam span [m} 4 5
Layer Number of veneers in the plywood [] 5 7
k Stiffness of the connection between 1 (no connection) -
sheathing and timber beam [N/m], and
Spacing is constant 0.15 m. 1-107
t Thickness of plywood [m] 0.012 0.018
2 Remaining bending strength of the beam 0.4 0.2
after first failure (See Figure 4)
# Remaining stiffness of the beam after 0.2 0.1
first failure (See Figure 4)

Table 2: The different sets of parameters. The dense shaded values are the alternative values found in

Table 1.

Parameter
set

layer k




Compared to the simulations presented in Hansson and Isaksson (2001) the following
differences are made:
- New generated sample of data with properties according to section 3.1.
- The properties of the T section are determined according to Eurocode 5.
- Another description of the MOE in the timber beams using a correlation of 0.8
between MOE and bending strength.

4.2 Bending strength variation in single T-sections

Using the model described in section 3 the bending strength for the simulated timber beams
can be calculated. The strength of each beam under a uniform load is determined and the
results are given in Table 3.

Table 3: Bending strength data for solid timber
beams subjected to a uniform load. (Non-parametric).

Sth percentile | Mean value COv
[MPa] [MPa] [%]

31.28 45.23 209

The data in Table 3 can be converted to a T-section using data in Table 2. The mean values of
the maximum uniform load (kN/m?) that can be applied on a single T-section are given in
Table 4 for the different combinations of parameters according to Table 2.

Table 4: Bending strength for single T-sections. The coefficient of variation is the same as in Table 3.

Parameter set | 1 2 3 4 5 6 7 8 9 10 11 12

Uniformload | 5 o5 07| 381|517 597|971 | 5.95 | 807|892 | 12.1 | 5.95 | 8.07
mean [kN/m"]

4.3 Weakest T-section in a system

Table 5 shows the results from selecting the weakest T-section in each system {10 or 15
beams in each system). This corresponds to weakest link theory without load sharing. From
the whole population of timber beams 1000 systems are generated. Since the beam-spring
model according to Figure 3 is a continuous beam the reaction in the spring next to the end of
the beam is the highest, i.e. this beam is deciding the load carrying capacity. For a beam on
several supports, the influence width for the support next to the beam end is 10 % higher than
the centre-to-centre distance between beams.

4.4 Failure of a system

Using the beam-spring model, cross-sectional properties and the material data as described
earlier the failure load of the systems can be calculated, see Table 5. For each data set in the
parameter study 1000 simulations are performed.




Table 5: Simulation results for weakest T-section in the system and for the failure load of the system.

Parameter [ n Lj fayer k t 8 " Weakest T-section in system Fallure load
set 5™ percentie mean cov 5" percentile mean cov

{kN/m?) kN/m?) 1%] [kbifm?] [kN/m?) {%]

2,08

060 15 400 5
0.80 15 4.00 16475 0.012

The system behaviour is depending on the relation between the stiffness of the T-section
(spring) and the Joad-distributing system (the sheathing). Stiff springs compared to a
relatively weak load-distributing system results in spring forces similar to the reaction forces
found for a continuous beam i.e. with an influence width 10 % higher for the spring next to
the end support. This results in a higher frequency of failure in these beams.

The failure load is nearly independent of the properties @and # of the broken beam after
failure.

The simplest approach to interpret the difference between load carrying capacity of the
weakest T-section in each system with the load carrying capacity of the system is to compare
the 5" percentile and/or the mean values. The ratio can be found in Table 6.

Table 6: Ration between the weakest T-section in system and the failure load shown in Table 5 for both 5™
percentile and mean values.

Parameter set 1 2 3 4 5 6 7 8 9 10 11 12

Ratio for 5™

percentile 126 (1.22 | 1.27 | 123129 [1.23 1123121 | 1.30 1 125 | 1.23 | 119

Ratio for mean

1.20 1 117 1120 (117 1121 | 1.8 1 118 | 118 | 1.21 | 118 | 117 | 1.14
values

6  Evaluation of the system effect

6.1 Reliability evaluation

Today’s design codes are based on the design of single elements. This results in a lower
reliability of the load carrying capacity of a system compared to a single member. Based on
the accepted reliability of single elements, the reliability of a system can be determined. This
is necessary to be able to determine the system effects. The evaluation is done using the
statistical data on the Joad-carrying capacity presented in previous sections.

The first step is to determine the maximum load which can be applied on a single T-section
for a given reliability index. This load is then applied on a weakest link system and the
reliability index is calculated for this system. This can be interpreted as the system reliability
index implicitly accepted by the. Now the extended model of a system including load
redistribution together with the system reliability index is used to determine the load level.
The ratio between the load applied on the single T-section and the load on the extended model
will be the searched system effect factor. The evaluation is summarised in Figure 5. The code
and probabilistic format used in the evaluation is described in the following.



The code format can be written as eq. 4. R is the resistance and S the action.

R, 4)
-37.8,20 (
Vs 275,

s ¥ and ¥ ave partial coefficients related to the material, safety class and action,
respectively.

The characteristic resistance R is given by eq. 5.

R, =C.kf.a (5)
where

Cr ancertainty in the model

'S reflects climate and duration of load (not included in this study, set to 1)

fi characteristic strength

a dimension variable

The designing load combination is given by eq. 6.

S, =6, +Q, =¥:G, + V0, (6)

where

¥ 1is the partial coefficient for dead load

¥o 1s the partial coefficient for variable load

Gy, is the characteristic permanent load equal to its mean.

(O is the characteristic variable load equal to the upper 98:th percentile.

The probabilistic format for the strength can be written as a product of several stochastic
variables, eq.7.

R=Cfax (7}
where

C uncertainty in the calculation model (uc, COVe)

f strength (uyand COVy can be found in the simulation results )

a uncertainty in dimensions (u,, COV,=0.02)

'y climate and duration of load parameter (x=1)

The loads are all assumed to be normal distributed and can be written as
S=MG+Q) (8)

where

e permanent load, N{ug, COV;)
0 variable load, N(ug, COVp)

A a factor to set the load level

In this investigation COVg equals 5 % and COV equals 40 %.
The failure function can then be written as

R-$=0 = R-AG+Q)=0 (9)



A variable, a, is defined to be the ratio between design variable load to the total design load

__ Y (10)
Q.'f + Gn’
The following relationship between G and Q is assumed
Mg + My =1 (11)

where
Ue is the mean of the permanent load, G
Ho is the mean of the variable load, ¢

For a given properties of the resistance (ug, COVy) and actions (ug, COVg, po, COVp), a-
value and reliability index, /3, the magnification factor, 4, can be found using the failure
function found in eq. 9.

single single

Using the target reliability index, 7" = 4.8 and the load capacity, ug™ ~ ", from the design of
a single component (see Table 4) the calculated load magnification factor, 1", will show
which load can be applied in a regular design for this safety level.

Codes generally accept that a system will have a lower reliability for the overall safety where
the weakest part/component is determining the overall capacity. In an element with many
beams this is equivalent to determining the safety of a system only regarding the weakest
member within each system. The statistical data for this kind of weakest link system are found
in Table S.

[f the resistance properties of the weakest link system is used with the same load i.e. the same
magnification factor, Ainsle as above, eq. 9 gives the reliability index of the system, 7",
Using the system reliability, 877", together with the resistance properties of system failure
(including the beam-spring model) according to Table 5, eq. (9) can be used to calculate a
new load magnification factor A",

The procedure is summarised in Figure 5.
Finally, to determine the system effect factor the following design equations are used.

The code format for a single member can be written as

fkakck x/'{.s‘ingn‘e(G! +Q;) (12)

Vo ¥

For a system the allowed reliability and the load capacity will be different,

. a v C v y¥ylem
k_w_‘ f& ko~ k :)L‘"J (Gd +Q{1) (13)
B A o
Using the two equations above the system effect factor, &y, can be written as
k _ ﬁ’.\'_y.\'!cm ( 1 4)
s T )L.\'ingh:



Single T-section Weakest link system System failare
Statistical data: Statistical data: Using beam-spring model.
ﬂ};illgfe . CoO V}‘e\'fng!e ﬂ;w’ak , coO VRwenIc Statistical data:
See Table 4. See Table 5. M, COV
See Table 5.
Target reliability
index
ﬁ.\‘r’ngle
given from code

L

Load on single T-
section

Eq9
Output: A

h 4
\ Reliability index
for weakest link

Eq. 9
O utput: /8-\'_\-.\-.'«;;1

h 4

Load on system
at failare

Eq9

Output: AY

System factor

Output;
/’isyslem
k=

sys T /’ixingle

Figure 5: Flow chart of determination of system effect factor, k.
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Different national codes may have different recommendations about which distributions to
select for the stochastic variables, e.g. resistance R, dead load G and variable load Q. The
partial coefficient for the designing load combination may differ as well. The following
example is using the Swedish code (BKR 99), which means that the load variables in the
failure function are assumed to be normal distributed and the strength variables are log normal
distributed. The partial coefficients for dead load, j;, and for variable load, j,, are set to 1.0
and 1.3 respectively. The numerical results can be seen in Appendix and graphically for
parameter set 1 & 2 in Figure 6.

1.310
1.300 ¥
1.290
1.280 -
1.270 Lo
1.280 |-
1.250
1.240
1.280 o
1.220

| Parameter set 1

ksys

Parameter set 2

0.3 0.4 0.5 0.6

Figure 6: Calculated system effect factor, k,,, as a function to the variable load ratio, @=0d/(Qd+Gd).

For a typical timber system, ¢ is usually found to be between 0.4 and 1. In Thelandersson et.
al. (1999) weighting for different intervals of & is suggested, see Table 7.

Table 7: Weighting of structures according to the ratio between variable and total load, ¢ Thelandersson
et al (1999),

Interval for o Structures within respective interval [ %]
0-0.4 0
04-0.6 20
0.6-0.8 60
0.8-1 20

The weighted k,,, for the different parameter sets can be found in Table 8.

Table 8: Weighted system effect factors for the different parameter sets.

Parameter 1 2 3 4 5 6 7 8 9 10 11 12
set

Koy 127 11241130126 | 131125127124 1131|126 1.23|1.19

[




7 Conclusions

The codes generally accept that a system will have a lower reliability for the overall safety
compared to the reliability of a single member, Using first order reliability method the
reliability of a system based on the design of a single T-section can be compared to the
reliability of a systemn using load sharing. Monte Carlo simulations are used to determine the
load carrying capacity of single beams and systems. The parameter study shows that the
different parameters only have minor influence on the system effect.

A general method based on reliability theory was used to evaluate the system effect factor. To
quantify the effect, the statistical distribution of the variables in the failure function and the
partial coefficients for the loads must be known. Using the Swedish code (BKR 99) the
system effect factor was found to be between 1.19 and 1.31. A simpler way to evaluate the
system effect is to determine the ratio between failure load of a system and the weakest T-
section in each system. For the 5™ percentile and the mean value the systemn effect is in the
interval 1.19-1.30 and 1.14-1.21 respectively. This can be compared to a factor of [.1 given in
Eurocode 5.
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Appendix:
Results from the calculations of the system factor kg,

Single
Parameter set 1 beams Weakest Failure
o ;\Isingle Bsystem xsyslem ksys
1.0 1.214 4.381 1.627 1.258
0.9 1.371 4.420 1.730 1.262
0.8 1.519 4.469 1.925 1.267
0.7 1.657 4.531 2.108 1.273
0.6 1.780 4.605 2.277 1.280
0.5 1.885 4.691 2.426 1.287
0.4 1.970 4.784 2.550 1.285
0.3 2.031 4.871 2.645 1.302
Singile
Parameter set 2 beams Weakest Failure
o )Lsingle Bsysiem Ksystem ksvs
1.0 1.647 4519 2.019 1.226
0.9 1.859 4573 2.287 1.230
0.8 2.061 4.639 2.544 1.235
0.7 2.247 4.723 2.786 1.240
0.8 2.414 4,822 3.007 1.248
0.5 2.557 4.936 3.203 1.253
c.4 2.671 5.059 3.366 1.260
0.3 2.755 5176 3.491 1.267
Single
Parameter set 3 beams Weakest Failure
o }"single ﬁsystem Ksystem ksvs
1.0 0.777 4.345 0.9¢6 1.281
0.9 0.878 4.384 1.129 1.287
0.8 0.873 4,432 1.258 1.293
0.7 1.061 4,494 1.380 1.301
0.6 1.140 4,570 1.483 1.310
0.5 1.207 4.658 1.593 1.320
0.4 1.261 4.752 1.678 1.330
0.3 1.301 4.843 1.743 1.340
Single
Parameter set 4 beams Weakest Failure
o Asingle Bsystem Asysiem ksvs
1.0 1.055 4,498 1.308 1.240
0.8 1.191 4.551 1.483 1.245
0.8 1.320 4.620 1.652 1.251
0.7 1.439 4,705 1.811 1.258
0.6 1.546 4.808 1.958 1.268
0.5 1.638 4.926 2.089 1.275
0.4 1.711 5.054 2.200 1.286
0.3 1.765 5178 2.286 1.295
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Single

Parameter set 5 beams Weakest Failure
o hsingie Bsyslem ?Lsystem ksvs
1.0 1.218 4,378 1.669 1.288
0.9 1.375 4.418 1.778 1.293
0.8 1.524 4.468 1.980 1.299
0.7 1.662 4529 2.171 1.306
0.6 1.786 4.604 2.347 1.314
0.5 1.891 4.690 2.504 1.324
0.4 1.876 4,783 2.635 1.334
0.3 2.038 4872 2.737 1.343
Single
Parameter set 6 beams Weakest Failure
o Ksingie Bsystem lsystem ksvs
1.0 1.982 4.473 2.439 1.231
0.9 2.237 4524 2,763 1.235
0.8 2.479 4.589 3.074 1.240
0.7 2.703 4.669 3.8367 1.246
0.6 2.904 4,765 3.636 1.252
0.5 3.076 4.876 3.874 1.259
0.4 3.214 4996 4.073 1.267
0.3 3.315 5.110 4.228 1.275
Single
Parameter set 7 beams Weakest Failure
o A‘s'{ngle Bsystem lsyslem ksvs
1.0 1.214 4.495 1.517 1.250
0.9 1.371 4.532 1.719 1.254
0.8 1.519 4.579 1.813 1.259
0.7 1.657 4.636 2.095 1.265
0.6 1.780 4,704 2.263 1.272
0.5 1.885 4,780 2.410 1.279
04 1.970 4,860 2533 1.286
0.3 2.031 4,936 2.627 1.293
Single
Parameter set 8 beams Weakest Failure
o Asingle Bsyslem lsystem ksvs
1.0 1.647 4.625 2,013 1,223
0.9 1.859 4677 2.281 1.227
0.8 2.061 4.740 2.538 1.232
0.7 2,247 4.817 2.781 1.238
0.6 2414 4.908 3.003 1.244
0.5 2.557 5010 3.200 1.252
0.4 2.671 5119 3.363 1.259
0.3 2.755 5.220 3.489 1.266
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Single

Parameter set 9 beams Weakest Failure
o ksing!e Bsyslem Asystem ksvs
1.0 1.820 4.380 2.351 1.292
0.9 2.055 4.418 2.666 1.297
0.8 2.277 4,468 2.96%9 1.304
0.7 2.484 4.529 3.256 1.311
0.6 2.668 4.603 3.521 1.320
0.5 2.826 4.689 3.758 1.329
0.4 2.953 4,782 3.954 1.339
0.3 3.045 4,870 4107 1.349
Single
Parameter set 10 beams Weakest Fatlure
o ;\‘single Bsystem lsyslern ksys
1.0 2.469 4.521 3.071 1.244
0.2 2.787 4.576 3.479 1.248
0.8 3.089 4.643 3.872 1.253
0.7 3.369 4,724 4,245 1.260
0.6 3.619 4.824 4.586 1.267
0.5 3.833 4,939 4.889 1.275
0.4 4.005 5.062 5,143 1.284
0.3 4131 5.179 5.340 1.293
Single
Parameter set 11 beams Weakest Failure
o }\Isingle [3system ?"system ksvs
1.0 1.214 4,381 1.483 1.222
0.9 1.371 4,420 1.879 1.225
0.8 1.519 4.469 1.867 1.229
0.7 1.657 4.531 2.044 1.234
0.6 1.780 4.605 2.205 1.239
0.5 1.885 4,691 2.347 1.245
0.4 1.970 4.784 2,464 1.251
0.3 2.031 4.871 2,654 1.257
Single
Parameter set 12 beams Weakest Failure
o ksingie Bsystem Ksystem ksvs
1.0 1.647 4.519 1.947 1.183
.9 1.850 4.573 2.203 1.185
0.8 2.061 4.639 2.448 1.189
0.7 2.247 4,723 2.679 1.192
0.6 2.414 4.822 2.888 1197
0.5 2.557 4.936 3.071 1.201
0.4 2.671 5.059 3.223 1.206
0.3 2.755 5.176 3.338 1.211
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Glulam beams with round holes — a comparison of
different design approaches vs. test data

Aicher, S. and Héfflin, L.
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1 Introduction

The design of glulam bearns with holes is treated considerably different in timber design
codes. Examples are the latest drafts of Eurocode 5 and of the German timber design code
DIN 1052. In the first case a solution based on a linear fracture mechanics approach is
stated whereas in the latter case a strength of materials design is given. In both cases the
underlying mechanical models represent rather crude idealizations, especially when round
holes are regarded.

The paper first shortly reveals the mechanical problem. Second, both mentioned design
approaches are discussed and compared quantitatively. Thirdly, both approaches are
evaluated vs. results of some recent experiments with different sized beam specimens.
Some amendments of the design approaches are proposed.

2 Stress distributions perpendicular to grain

Holes in glulam members in general are subject to combined shear force and moment
action. In rare occasions pure moment loading of the member section with the hole may
occur. Holes in axially loaded glulam columns are not regarded here.

The hole disturbs the stress flow due to shear force, V, and/or bending moment, M, and the
rearrangement of the stresses produces tension stresses perpendicular to grain at distinct
locations at the periphery of the hole. The locations and the extension of the tension
perpendicular to grain stress fields depend distinctly on the loading situation, i.e. on the
M/V ratio. Figures la and b give schematic illustrations of the distributions of stresses
perpendicular to grain in the hole vicinity for two extreme M/V ratios. Figure la shows the
case M/V — oo, i.e. pure moment loading (V = 0), and Fig. 1b reveals the situation M/V —
0 being the fictive load case with a “pure” shear force (M = 0). A superposition approach
for derivation of solutions for the load case M = 0 was shown by (Aicher and Hofflin,
2001).

The graphs illustrate that in case of pure moment there are three fields of tension stresses
perpendicular to grain of rather small extension as compared to the case of “pure” shear
force. In the latter case there are only two tension stress fields. In a general M/V action,
exclusively the M and V bound tension stresses perpendicular to grain in the first quadrant
are additive.

Figures lc, d depict for the two regarded extreme section force configurations the
distributions of tension stresses perpendicular to grain along the highest stressed sections
along beam axis. The magnitude of the stresses and their extension denoted by the
distribution lengths, Iy and ly, respectively, are shown in a qualitative manner. The shear
force action produces higher and more extended tension stresses perpendicular to grain.
Figures 2a, b illustrate schematically the tension stress distribution perpendicular to grain
along the highest stressed sections for two different realistic M/V ratios. With increasing
M/V ratio the tension stress distribution in the first quadrant becomes dominant.
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The failures in glulam beams with holes are almost entirely determined by the tension
stresses perpendicular to grain. Except hereof are loading situations with very high M/V
ratios (almost pure moment action) where the failure of the beam is bound to the
interaction of bending tension stresses and stresses perpendicular to grain at the whole

periphery.

&\ otlogr |k

a) b)
Yo Py Yo Py
(M E %X_ M) VT lV
S O
¢) ) IM} d) ly
Fig. la-d: Schematic illustrations of stress fields and sections with high tension stresses
perpendicular to grain at the periphery of round holes in a glulam beam for two
extreme section force cases
a) stress field perpendicular to grain for pure moment action (M/V — w0}
b) stress field perpendicular to grain for ,,pure® shear force action (M/V = 0)
c) sections with highest tension stresses perpendicular to grain for pure
moment action
d) sections with highest tension stresses perpendicular to grain for ,,pure® shear
action
(M TV ﬁ%- VlMerM )
a)
{ M TV Vl M+dM )
b)
Fig. 2a,b: Schematic illustrations of distribution of tension stresses perpendicular to grain

along highest stressed sections at the hole periphery for two different
moment/shear force ratios
a) small M/V ratio  b) large M/V ratio



3 Design of round holes according to draft DIN 1052

Following the design for round holes as specified in the draft of the revised semi-
probabilistic German timber design code [1] is given (the design of rectangular holes is in
principle similar). As mentioned above, the design approach represents a classical sirength
of materials approach. Hereby the design tension force perpendicular to grain at the hole
periphery, Fig04, is compared to the design value of the resistance Rygog (Rygog not
specified explicitly)

Ft,gﬂ,d — Ft,90,d < 1 (la)

RI.()D,G O’S 1(,9() b fl,‘JO,d -

where (in case of round holes)
ligo = 0,353 hg+0,5 h (2)

is the distribution length of the assumed triangular stress distribution perpendicular to
grain, b is beam width and f,¢04 is the design tension strength perpendicular to grain (see
also Fig. 3). Rewritten as the ratio of a design stress oo0q vs. design strength, eq. (1a)
reads

Il‘)Od
(s) = 1b,3
1,90,d 0,5 11’90 ] ( )

G904
—0 <1 where

ft.‘)O.d

The design value of the tension force is composed of two additive parts bound to the
separate actions of the shear force and the bending moment

Fio0a = Fivie + Fimd Gy

where' (in case of round holes)

vV, (0,7h 0,7h, )
Ft.V,d: d i d)|:3___( hzd)}zvdn, (5)
Fiua = O,OOS%A (0)

T

and Vg, My absolute values of design shear force and moment at the hole edge (= hole
center = d/2); sign of £ d/2 to be chosen such as to give unfavourable
results

and

by = min {he + 0,15 hy, hy + 0,15 hg}? )

! Subsequent eq. (5) is a corrected equation according to the latest draft revision

* DIN notations hy, and h,, were changed to EC 3 notations h,, and hy

3



“ b - planes of failure
bound to shear force V

Fig. 3: Geometry notations " of a round hole in glulam beam according to DIN 1052
and schematic illustration of the derivation of the tension force Fv bound to
shear force V 1 notations By, hy chosen according to EC 5

Further, the maximum/minimum restrictions
hg £ 0,4 h and hyepyy 20,25 h

apply.

Some comments to the background and limits of the specified equations seem appropriate

(in the following for sake of simplicity the subscript d is omitted, i.e. nominal resp.

characteristic values are regarded):

= Tension force F,v bound to the shear force V, specified in eq. (5), represents the
resultant of the shear stresses Ty, which can not be transferred in the hole area (see
Fig. 3)

0,5d cosp

Fy=b [t dy (8)
¢

The integration boundary y = ¢ = 0,5 d cos¢ defines the plane with the highest siresses
perpendicular to grain and thus at ultimate load the plane of failure. The offset of ¢
from mid-hole depends i.a. to some extent on the stiffness ratios. In an approximation ¢

1s defined by ¢ = 45°, thus y=0,5d/ V2. By integration of the stresses perpendicular
to grain (resulting from FE analysis) it can be shown that eqgs. (8) and (5) deliver the
correct stress resuitant (evident from principle of force equilibriumy).

» Tension force Fyy bound to the bending moment, specified in eq. (6), 1s not based
analytically but results from a calibration to experimental data in different literature
sources (Kolb and Epple, 1985). The performed calibration procedure can be
questioned. A finite element based determination of Fy delivers a considerably
different result (Aicher and H6fflin, 2001)



F,,, = 0,084

M d?

h3

©)

which gives, depending on the ratio d/h, pronouncedly smaller values for F,u.

* From a continuum analysis point of view it can be stated that the distribution length of
the assumed triangular stress distribution perpendicular to grain, given by eq. (2), is foo
long. This is illustrated exemplarily in Figs. 4a, b and Tab. 1. The graphs show the
distribution of tension stress perpendicular to grain for two ratios of hole to depth d/h =
0,2 and 0,4 for a beam with depth of 900 mm according to finite element analysis and
according to the given DIN design approach. In detail, the comparison of the stress

Fig. 4a, b:

{N/fmm?
2 :
* |h =900
1 | | 5 b=120
16 44— ,,,,,,,,,,,,,,,, .................... .................. dth =0,2]--

 Mv=25m | 5
12 P V0 V. VO ................ .................. ............ R ,,,,,,,,,,,,,,,,,
L MV =5m FE distribution i

: : | DIN 1052 distribution
0.4 4 TROR TR UUUTOR o - | 1" A1)

tension stress o, perp. to grain

0 i : i ; :
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a) stress distribution length oo [mm]
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2
- [h=900
z : : § D lb=120
(JCIE e e R S Ldh=04]

" DIN 1052 distribution
Coall MV

tension stress o, perp. to grain

0 100 200 300 400 500 600
b) stress distribution tength l gy [Mmm]

Tenston stress o, perpendicular to grain vs, stress distribution length I90 at
highest stressed section at failure state Vi according to DIN 1052 and
according to continuum analysis bound to load Vg for different hole to
depth ratios and moment/shear force ratios

ayd/h=0,2 b) d/h=10,4



holeto] moment | charact. charact. tension distribution length maximum tension
depth | shear force | shear force stress
ratio ratio force
d/h M/V Vk(DlN) Ft,90,k(DIN) Ft.90,k(FE) |L90(DIN) lt,QO(FE) Ty . max(DIN} Oy .max(FE)
- - kN kN kN mm mm N/mm? N/mm?
2.5 98.1 12.6 252 1.98
0.2 5 73.8 15.4 9.2 514 196 0.5 1.62
10 49.4 6.5 151 1.34
2.5 64.5 18.6 359 1.66
0.4 5 52.5 17.3 16.1 577 295 0.5 1.63
10 38.1 13.7 237 1.64

Table 1: Comparison of resultant characteristic tension forces perpendicular to grain
Fioox, of stress distribution length ligp and of maximum tension stress Gy max
according to DIN 1052 and FE analysis for different d/h and M/V ratios
(beam depth and width: d = 900 mm, b = 120 mm)

distribution is performed for the ultimate (= characteristic) load resp. shear force state
Vi defined by the DIN approach through egs. (1a), (4), (5) and (6) giving

f V(k}

M

Viomy = fioox 055 1o b/ {n +_Q>_Q£)§ (k)J (10)
Shear force Vi 1s evaluated for three different realistic Myy/Vq ratios of 2,5; 5 and
10 [(kNnvkN) = m]. Tension strength fioox was taken as 0,5 N/mm® for assumed
glulam strength class GL 32h. The given FE stress distributions are based on Vi)
and the respective M/V ratios. It can be seen from the graphs that the nonlinear stress
distribution according to continuum analysis shows a distinctly higher stress gradient
and a higher stress level closer to the hole periphery and in general considerably
smaller stress distribution lengths l; g9, Table 1 gives for the different regarded hole to
depth and section force ratios the characteristic shear force capacity Vipmy and the
resultant characteristic tension force perpendicular to grain, Figoxmmv), according to
DIN 1052. Further, the resultant tension force Figor: according to integration of
stresses oy along highest stressed section bound to the characteristic DIN 1052 shear
force capacity Vk(DIN)

IhGD.FE

Foom =D jcy dx (11)
G

is given. Further, the table gives the stress distribution lengths L gp and the maximum
tension stress Oymax at the hole periphery according to DIN 1052 and FE analysis.
Considerable differences between DIN 1052 and the FE analysis are revealed for all
regarded configurations. Except hereof is a rather good agreement for the characteristic
tension forces in case of hole to depth ratio d/h = 0,4,

The maximum stresses according to continuum analysis might be considered to high;
however for this judgement the actually stressed volume has to be taken into account.



4 Design of round holes according to draft EC 5

The linear fracture mechanics based strength verification for a shear force V at a hole
placed at the centre axis of the beam is conducted as for a notched beam subjected fo a
shear force of V/2 (see Fig. 5). The effect of the additional moment on the load capacity is
not considered. For a round hole, the strength verification is performed as for a notched
beam with inclination of 1:1. The design equation formally reads as an approach based on
the comparison of design shear stress 14 vs. design shear strength f, 4 reduced by some
factor ky

S| and g, =2 Ve (122, b)
k, f bh
v.d ef
Factor ky is defined by
1

11"
k\f = min kn[1+ ’\/h_*m] (13)

Ty | ne,l wzf i IhIZ
S TR |
| i ,
SRS e — P
P ! ai2
h, I |
L ) =¥

Fig. 5: Dimensions of holes in beams and respective approximations of the notched
beam design approximation; leftside: actual geometry; rightside: notched beam
approximations (after EC 5)

a) rectangular holes  b) round holes



where

1 = notch inclination

h'=h/2
x = distance from line of action to the comer
o = hesh’

B 5  for solid timber
" 165 for glulam

In case of round holes, where 1 = 1 and x = 0, factor ky reduces to

k., =min L1 (14)

Joll-a)  n"

Further, minimum/maximum restrictions

hd <04 hand hru{;'f) =025h (15)

apply.

Some comments to the background and limits of the specific equations seem appropriate:

* The design approach is based on linear elastic fracture mechanics based on total energy
release rate for an end-notched beam (Gustafsson, 1988). As fracture mechanism, a
Mode I fracture mechanics problem was assumed; hereby the material resistance is
highly determined by characteristic fracture energy Ggy in tension perpendicular to
grain. The formally shear strength based resistance side in eq. (12a) is simply the result
of an equation multiplication by £, /f, x.

* The basic analytical solution was calibrated to experimental results for the end-
notched beam case with a factor of 2/3.

» Characteristic fracture energy Gpx was eliminated from the resistance side by the
approximation that expression

k, :l ,E}“_WE_UOS (16)
3 £2,

1s approximately 5 and 6,5 for solid wood and glulam, respectively, throughout all
strength classes.



5 Comparison of load capacities according to drafts of EC 5
and DIN 1052

For a comparison of both design approaches these are evaluated for characteristic shear
force with and without consideration of a bending moment influence. The evaluation is
based on glulam strength class GL 32h with the respective strength values given in EN
1194. For the EC 5 solution, characteristic shear strength and for DIN 1052 characteristic
tension strength perpendicular to grain

fox=3,8N/mm*  and  figoy = 0,5 N/mm’
are employed. Three different beam depths being
hi=450mm, h2=2hl1=900mm and h3=3,33h]l=1500mm

are regarded; beam width is constant 120 mm. The comparison comprises round holes with
hole to depth ratios of d/h = 0,1 to 0,4 and considerably different moment to shear force
ratios (M/V =0 ... 10).

First, the computational shear force capacity without consideration of a bending moment
influence (M/V = 0) is regarded. Figure 6 shows the shear capacity depending on the hole
to depth ratio for the 3 different beam depth as resulting from the EC 5 and DIN 1052
(there M = 0 in eq. (4)) approach. A comparison of the results of the different design
approaches reveals in general considerable discrepancies. For beam depth < 1300 mm the
design equation according to EC 5 in general predicts (considerably) higher characteristic
shear force capacities whereby the differences between the two approaches (EC 5/ DIN
1052) become smaller with increasing beam depths up to about equal numbers at h~ 1300
mm. This is an immediate consequence of the different recognition of the depth effect in
the linear fracture mechanics approach (EC 5) and in the strength of materials approach
(DIN 1052), respectively. In the first case, load capacities increase proportional to

quasi Jh and in the sccond case proportional to h.

NS : . | —ECS
300 Ao R V- . S feeeas == -DIN1G52 (MV =0)

h3i= 1500

shear force capacity V, [kN]

0 T T T 7
0 0.1 0.2 0.3 0.4 0.5
hole to depth ratio d/h
Fig. 6: Characteristic shear force capacity of glulam beams with round holes without

consideration of a bending moment influence according to drafts of EC 5 and
DIN 1052 depending on the hole to depth ratio and on the beam depth
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Fig. 7: Characteristic shear force capacity of a glulam beam (depth h2 = 900 mm) with
a round hole depending on the hole to depth ratio for different moment shear
force ratios M/V according to drafts of EC 5 and DIN 1052

Quantitatively, the differences for the regarded extreme (in practice not possible) section
force ratio M/V = 0 are partly considerable. For beam depths of h1 =450 mm and h2 = 900
mm and medium to larger sized d/h ratios of 0,2 to 0,3 the EC 5 load capacities are 1,5 to
1,7 and 1,2 to 1,3 times higher as compared to the DIN 1052 solution. The quantitative
discussion is not be deepened for this artificial section force ratio as the DIN 1052 design
approach accounts for the moment contribution on the load capacity, too.

Figure 7 shows the shear force capacity for a beam of constant depth of h2 = 900 mm
depending on the hole to depth ratio d/h and on the section force ratio M/V. In detail the
parametric dependency of the DIN solution on the section force ratic M/V in the realistic
range of M/V = ( to 10 [m] is given. Ratios M/V of about 2,5 [m] relate to holes very close
to the supports, the larger ratios increasingly mirror constructions with holes closer to mid-
span. It can be taken from the graph that the additional incorporation of the bending
moment influence results in a tremendous reduction of the load (shear force) capacity of
the beam according to DIN 1052 as compared to the EC 5 approach. For practically typical
M/V ratios in the range of 2,5 to S, throughout all regarded hole to depth ratios of 0,1 to
0,4, EC 5 predicts , in a rough average, a 2 times higher load capacity as compared to DIN
1052. For M/V = 10 and d/h = 0,1 the difference of EC 5 vs. DIN 1052 is more than 400%.

6 Comparison of test results vs, design approaches

In order to verify/calibrate the presented designs and a new alternative approach for glulam
beams with holes first tests in the frame of a research project were performed; the existing
data base (i.a. Kolb and Frech, 1977; Pentalla, 1980; Johanesson, 1983) is re-evaluated,
too. Following, exclusively the results of two new test series at Otto-Graf-Institute with
significantly different beam sizes (hl = 450 mm and h2 = 900 mm) and hole to depth ratios
of d/h = 0,2 and 0,4 are regarded. The tests with single span beams with very small M/V
ratios (0,675 m and 1,35 m) were performed with homogeneously built-up glulam beams
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of strength class GL 32h. In each test series four beams were tested. Table 2 specifies the
investigated beam configurations. The test results concerning the mean (*+ standard
deviation), minimum and characteristic shear force capacities obtained in both test series
are given in table 3.

test beam dimensions hole to MV
series depth width hole depth ratio| ratio
diameter
h b d d/h
mm mm mm - -
h1_0,4 450 120 180 0.4 0.675
h2_0,2 800 120 180 0.2 1.35
Table 2: Investigated configurations of glulam beams with holes
test shear force capacity V in [kN]
series
mean & std. minimum | 5% fractile
h1_0,4 | 4855+ 7.33 38.25 36.90
h2_0,2 | 96.94 = 13.17 81.90 74.45
Table 3: Compilation of test results of two test

series with different glulam beam
sizes and hole to depth ratios

Figures 8a, b show the test results in comparison to the characteristic shear force capacities
predicted by both design approaches. It can be seen that in case of test series h1 0,4 the
estimated 5% fractile of the test results coincides with the DIN 1052 solution whereas EC
5 gives a highly unconservative overestimation by a factor of about 2. In case of test series
h2_0,2 both design approaches forward a considerable overestimation of the experimental
5% fractile; the characteristic load capacities according to DIN 1052 and EC 5 are 1,6 and
2,4 times higher, respectively, compared to the test results.

Disregarding the very small experimental basis for final conclusions the following can be
stated:

» The DIN 1052 strength of materials approach seems to give good load capacity
predictions for beams with rather small depth (verified for a large hole to depth ratio of
d/h=10,4). For medium/large beam depths a considerable (unconservative) over-
estimation of the test results was obtained.

* The EC 5 approach is throughout highly on the unconservative side, overestimating
the experimental results by a factor of 2 and more.
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Fig. 8a,b: Comparison of experimental and calculated (EC 5, DIN 1052) mean and
lulam beams with round holes

characteristic load capacities of different sized g
of different hole to depth ratios
a) test series h1_0,4  b) test series h2 0,2

7 Proposal for design equation changes

Any scalar changes to the DIN approach improving the agreement with the test results for
with small dimensions. The
approach, method inherent, does not reflect the experimentally obvious size effect of the
evaluations of the size effect

large beams produce a less good agreement for beams

fracture mechanism correctly, what is inline with former
problem (Aicher et al., 1995).

Looking at the reasons for the extreme load capacity overestimation by the EC 5 approach

{compare chap. 4) at least two points are important:
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» Factor k, according to eq. (16) depends on (characteristic) fracture energy Ggx in
tension perpendicular to grain. For the mean value of Gt the relationship

Gr= 0,65 p

(17)

was found in (Larsen and Gustafsson, 1990; Larsen et al.,, 1992); For derivation of a
characteristic value it was assumed that the ratio of characteristic to mean fracture

& shear force capacity V, [kN]

shear force capacity V| [kN]

Fig. 9a, b:

: ‘: : R = 450 m
80 Lo N . DIN 1052
! mean test series
5% fractile h1_ 04
0 i i i !
0 0.1 0.2 0.3 0.4 0.5
hole to depth ratio d/h
240 .
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h2_0.2 | 5% fractile : g
0 ; ; : :
0 0.1 0.2 0.3 04 0.5

hole to depth ratio d/h

Comparison of mean and characteristic load capacities for glulam beams with
a round hole depending on the hole to depth ratio according to draft of DIN
1052 and a slightly modified EC 5 draft equation (now: k, = 2.9) vs. some

test results
a) test series hl 0,4  b) test series h2_ 0,2
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energy corresponds to the ratio of characteristic to mean density, the latter taken to be
0,83, so:

pk/pmean =0.83 = Gf,k/Gf,mean (18)

The mean value for the fracture energy according to eq. (17) represents a good
approximation for European spruce, however eq. (18) may be considered to forward a
pronounced overestimation of the 5% fractile of the Gy value. In a different
investigation on fracture energy perpendicular to grain of European spruce the mean
level relationship Gr= 0,62 p was found (Aicher, 1994). However for the ratio of
characteristic vs. mean value Gg/Ggmean @ considerably smaller value of about 0,65 as
compared to 0,83 in eq. (18) was obtained.

» There is no widely known theoretical/experimental evidence that the experimental
calibration factor of 2/3 applied to the theoretical end-notched beam solution applies
similarly to beams with round holes, too.

Assuming for the time being approximate validity of the linear fracture mechanics based
EC 5 approach, a scalar modification of eqs. (13) and (14), justified partly by above
arguments, should give a better agreement between tests and the design equation.

Figures 9a, b repeat the graphs shown in Figs. 8a, b, now however with a modified factor
ky, = 2,9 as compared to k;, = 6,5 in eq. {13). It can be seen that now a very good agreement
between the calculated and experimental characteristic values is obtained for the
imvestigated test configurations defined by very small M/V ratios.

In order to account more differentiated for the influence of the moment to shear force ratio
and for the size effect, a Weibull theory based design model is currently developed.
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Abstract

It is proposed that the present standard EN 594 is revised by using, as the main alternative,
a test method that evaluates the strength and stiffness of the shear wall in a pure shearing
mode. This mode will render boundary and loading conditions corresponding to a fully
anchored shear wall. This pure shear mode is introduced in a rational way in the wall by
applying a diagonal tensile load at the top corner of the wall. This method will render basic
test results that have general applicability as far as the actual sheathing and fastener
materials are concerned. Different materials can then easily be compared. The necessary
adjustment of the design value for shear walls applied in a specific construction with
certain boundary and loading conditions is then proposed to be made ecither by
supplementary testing or by using theoretical reduction factors that depend on these
conditions and that can be obtained by analytical models for partially anchored shear walls.

The mechanical properties of the sheathing-to-timber joints have a major influence on the
stiffness and strength of shear walls. Therefore, the racking test standard would need to be
supplemented by a relevant method for testing of the joint characteristics. The present
standard for load bearing nailed joints is not appropriate. A revised test standard is needed
that incorporate testing of the parameters of special interest, such as edge distance of the
fasteners and loading direction vis-a-vis the edge of the sheet. By such a test standard for
joints, design values for shear walls can be evaluated using general calculation models and
the results can be compared to full-scale tests.

By realising this proposal we open up for use of advanced methods in design of shear walls.

1 Introduction

1.1  Background
1.1.1  General

For the horizontal stability of multi-storey buildings, diaphragm action in the walls is of
vital importance. Shear walls and diaphragms are the main structural elements used to
resist the forces of wind and seismic loads. In wooden houses, such wall panels usually
comprise of wood-based sheets nailed on a timber framework. Roof and floor diaphragms
distribute lateral loads to the shear walls, which in turn transfer the loads to the
foundations. These sheathed wood shear walls should be designed and optimised with
respect to their overall functions, especially with regard to the joints, different kinds of
restraining devices against uplift and various strength enhancing details.



Important factors that have great influence on the load-carrying capacity and the structural
performance are:

(a} Fastener characteristics — both for sheathing-to-timber connections and framing joints
— including the effect of different load-grain directions and edge distances;

(b) Boundary conditions ~ both for internal components and external boundaries of the
shear wall — fully or partially anchored leading stud and/or bottom rail, characteristics
of the inter-component connections to transverse walls and floors, and the flexural and
shear stiffness of floors;

(c) Loading conditions — both with respect to the magnitude and distribution {depending
on the rigidity of the roof and floor structures) of the dead weight and other permanent
loads; and

(d) Sheathing design — fully or partially sheathed segments.

The designations, fully and partially anchored shear walls, refer to walls where the vertical
stud on the tension side of the wall is fully or partially anchored to the substrate,
respectively. The bottom rail may be anchored or not.

The terms, fully and partially sheathed shear walls, refer to walls where the sheet in each
segment covers fully the frame of that segment or where the sheet in at least one segment
only partially covers the frame of that segment, respectively. Each sheet is always fastened
on framing members along the whole perimeter, usually also along intermediate studs.

Different testing standards diverge when it comes to the type and degree of anchoring of or
overturning restraint for the shear wall.

1.1.2 American standards

The former American Society of Testing and Materials (now ASTM International) has
worked out the standard procedure, E 72 “Standard Test Method of Constructing Strength
Tests of Panels for Building Construction”, for determining racking performance of shear
walls [1]. This test procedure uses steel hold-down rods to resist over-turning forces. A
‘stop’ is placed at the end of the wall to prevent lateral slipping. The main purpose of this
test was to compare the performance of sheathing types. The test is considered to be a
monotonic test since the load is only one directional and each loading stage is applied
separately. The procedure stipulates a steel tie-down rod tying the top plate to a rigid base
to prevent uplift at one end of the wall where the load is applied {2, 3].

Due to criticism of ASTM E 72 because of the use of the rigid hold-down mechanism,
ASTM ES564 “Standard Practice for Static Load Test for Shear Resistance of Framed Walls
for Buildings” was developed {4]. ASTM E 564 uses tie-down anchorage to attach the end
studs to the rigid base and does not include a ‘stop’ to prevent lateral slipping [2, 3].

For example, Price & Gromala (1980) used ASTM E 72 to compare ultimate strength and
stiffness of panels sheathed with different structural sheets [5]. The most common
monotonic failure mode was bending of the nail shank and withdrawal from the framing
material. Wolfe (1983) used ASTM E 564 to evaluate the racking performance of shear
walls [6]. Griffiths (1984) pointed out that the tie-down mechanisms according to ASTM
E72 over restrain the panel, which result in unrealistic failure values [7]. Dolan (1989)
found that the overturning anchor connection fastening the end studs of the test walls to the
foundation greatly enhanced wall performance. The anchor prevented the walls from
rotating as a rigid body and averted separation from the bottom plate [8].



1.1.3  European standards

Griffiths (1984) summarized the results of monotonic shear wall tests under different
conditions [7]. As mentioned above, he found ASTM E 72 unsuitable for racking tests
because it over restrains the panel giving unrealistic failures. Therefore, the Princes
Risborough Laboratories in England introduced a different monotonic testing procedure.
Rather than restraining the wall panels from uplift using tie-down anchors, the English
method incorporates vertical load applied to the panels using jacks. Stiffness and ultimate
strength tests of walls were conducted at different vertical load levels. Griffiths pointed out
that a zero vertical load level represented a ‘lower bound case’ accounting for light-weight
structures subjected to ‘hurricane type uplift conditions’. In this test method the bottom rail
of the panel is bolted to the test rig. The lack of hold-downs for the studs will result in a
lower racking capacity for the wall panel [2, 3].

Most walls Griffiths tested sustained 90 percent of the maximum load over a reasonably
targe displacement. He indicated that the modes of failure vary with board types, nail size,
vertical loading and frame timber.

This English method is the basis for the European test standard EN 594 “Racking strength
and stiffness of timber frame wall panels”™ [9].

1.1.4  Other standards

Australian testing organizations, for example, do not require any uplift restraints, Reardon
(1980) [10]. However, Stewart (1987) concluded from his shear wall tests that anchorage
connections have a large influence on capacity and stiffness of shear walls [11].

1.2  Eurocode 5

In Eurocode 5, 2001, two methods are presented in order to determine the racking strength

of cantilevered wall diaphragms [12]:

(1) Calculation according to a simplified procedure based on a lower limit value on the
plastic capacity (equals approximately the elastic capacity value) of fully anchored
shear walls (i.e. fully restrained studs and bottom rail); and

(2) Determining the racking strength by testing of prototype structures (European Standard
EN 594 “Timber structures ~ Test methods — Racking strength and stiffness of timber
frame wall panels”, December 1995 [9]).

The engineered design method (1) for shear walls assumes that the shear wall segment acts
as a cantilevered ‘I-beam’ (the leading and trailing studs act as flanges and the sheet as
web) and the force couple at the ends of the wall equals the tilting moment. The individual
segment is Tully restrained against these overturning forces. The overturning anchors or tie-
down connections, fastening the end studs of shear walls to the foundation, prevent the
walls from rotating as a rigid body and restrain the tension studs against uplift from the
bottom plate. The load-slip characteristics of the sheathing-to-timber connections are
assumed to govern the wall performance in the ultimate limit state.

Testing according to the test standard (2) is an alternative method for determining the
racking resistance of wall diaphragms. However, the shear wall according to this standard
(which is supposed to imitate the conditions in practice} will only be partially anchored
depending on the value of the applied vertical loads on the studs (that work similar to a tie-
down device) and the spreading of holding down bolts through the bottom rail to the base
of the test rig.



If the stud on the tension side of the wall panel is not directly anchored to the base, this
stud will normally be subjected to substantial vertical displacement (at least in a testing
situation). Consequently, the structural behaviour will deviate considerably from what is
assumed in the calculation procedure (1). This means that the sheathing-to-timber joints
located along the bottom rail on the tension side of the test panel will be subjected to
vertical tension forces, which strive to draw the sheet apart from the bottom rail in a
perpendicular direction. This redistribution of the fastener forces will result in a lower
racking capacity for a tested wall panel according to EN 594 than for a diaphragm designed
according to the simplified theory with a fully anchored tensile stud. An additional effect is
that the tensile forces will act almost perpendicular to the edge of the sheet. The strength of
the connection is often considerably lower when the fastener forces act perpendicular to the
edge of the sheet than when they act parallel to the edge. This is especially the case when
the fasteners are located close to the edges of the sheathing and framing materials.

The end object desire would be to have a test standard for the sheathing-to-timber joints,
which are governing the response of the shear wall (the present standard EN 1380 “Timber
structures - Test methods — Load bearing nailed joints” {13] should be elaborated on). In
evaluating the characteristics of those joints it is important to include the effect of loading-
to-grain direction and edge distance in the sheathing and framing materials. Knowing the
properties of the joints, it is possible to apply a general calculation model in order to
evaluate the shear wall behaviour.

This study is part of an ongoing Nordic project, dealing with the design of wood-based
diaphragm structures, especially with respect to shear walls that are incompletely anchored
to the substrate.

1.3  Aim and Scope

The main objective of this paper is to discuss appropriate test methods for racking
performance of wood-framed shear walls with various loading and boundary conditions.
The aim is to provide a basis for a possible improvement of the present test standard in
order to obtain consistency between test procedures, calculation methods and actual
behaviour of shear walls.

The different American and European test standards are discussed. The influence of full or
partial anchoring of the leading or tensile studs and bottom rail is at the focus of the study.
A testing program has been conducted for vartous shear wall configurations in order to
evaluate these effects. This program is not presented here in any detail. A plastic design
method has been developed to be able to account for these effects.

A revised testing standard is proposed that will provide results for the racking strength and
stiffness corresponding to a fully anchored shear wall. The results reflect the maximum
racking load-carrying capacity and stiffness of the actual sheathing materials and fasteners.
The influence of the actual boundary and loading conditions is proposed to be account for
separately by testing or by calculation.

2 Models for simplified design of shear walls
2.1  General

Presently there exist two simplified methods, an elastic and a plastic one, for the design of
fully anchored shear walls [14]. The methods are based on linear elastic or rigidly plastic
characteristics of the sheathing-to-timber joints, respectively.
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A new simplified method for design of incompletely anchored but fully sheathed wall
diaphragms has been presented, Killsner et al. (2001) [15], and a corresponding one for
partially anchored and partially sheathed shear walls will be presented in a companion
paper, Killsner et al. (2002) [16]. The method is based on a plastic lower bound value of
the load-carrying capacity of the shear wall.

The horizontal load-carrying capacity, H, can in general terms be written as

H=ng o5 f,b oy

where b = width of a sheet or shear wall unit, n, .= effective number of sheet segments or
shear wall units of width b, a number that depends on the actual boundary and loading
conditions (n.p b = effective length of the shear wall that contribute to the horizontal load
transfer), and f, = plastic capacity of the sheathing-to-timber joints per unit length of
framing member, i.¢,
Fy
fp=t @)

where F, = fully plastic capacity of a individual sheathing-to-timber joint, and s = fastener
spacing along the top rail.

The full or actual number of sheet segments corresponds to the (maximum) horizontal
load-carrying capacity of a shear wall fully anchored with respect to the leading stud and
bottom rail, i.e.

Hpgr=ng - fpb (3

where n; = number of sheet segments or shear wall units.

2.2 Fully anchored shear walls

The elastic and plastic models are based on the assumptions that the shear wall is fully
anchored to the substrate, the frame members are rigid and hinged to each other, the sheet
is rigid, the load-displacement relationships of the sheathing-to-timber joints are linear-
elastic unti] failure (f,) or fully plastic (f,), respectively, and the displacements are small
compared with the width (b) and height (%) of the sheet segment or shear wall unit.

2.3 Partially anchored shear walls

Using the new simplified method for design of incompletely anchored wall diaphragms, the
effective number of sheet segments that contribute to the horizontal load-carrying capacity
can be derived as a function of the boundary and loading conditions,

For the boundary and loading conditions shown in Figure 1, the effective number of sheet
segments versus the relative vertical load acting on the studs is illustrated in Figure 2 (for a
shear wall with four sheet segments, n; = 4). The (maximum) relative value Vif,h = 1
corresponds to a vertical load that causes the full plastic capacity of the sheathing-to-timber
joints to occur along the whole length of the stud, which the vertical load is acting on.



Hi pob y ; /
Ve =215 ; ] v v Vv v Vv Vv Vv ¥V y
P T N R
H=ngfpb
] h
/vaévvvvﬁv _ v iy |y iy v iy lyly| g
) t ? T f t ) ) 1 d
7 _{___{f/ T e S SR IATEY
‘ v ‘ vyyy * fp ' X
@ q{ Hyerb=ngb 1‘ ® Iy L Hs,ofrb ?
i
vV Vv v v v Vv Vv Vv Vv 1
P A A A ) no |
# : — —>r o
‘ h h
VA v v v v v v o e e/ A AEAEEEE SRS REEE2S
el S 7TTTT T T T T I
© . gt A @  LYXEy e )
! s.eff : o Ty o b H
I ] 1

Figure 1. Shear walls on rigid foundation with different boundary and loading conditions:
(a) Fully anchored bottom rail — diagonal load that corresponds to a fully
anchored leading stud; (b) Fully anchored bottom rail ~ vertical loads on all
studs; (c) Not anchored bottom rail — vertical loads on all studs; and (d) Fully
anchored bottom rail — vertical load on leading stud. The dashed arrows are
reaction forces relative to the bottom rail.

(a)

Hs.eff = H/ fpb
r

0 0.2 0.4 0.6 0.8 1
Vifoh

Figure 2. Effective number of sheet segments or shear wall units, 72, ., contributing to the
horizontal load-carrying capacity, H, versus the relative vertical load for the
different boundary and loading conditions according to Figure 1. The curves are
valid for shear walls of 4 sheet segments (n, = 4). Curve (b) is only approximate.
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3 Standards for prototype testing of shear walls

3.1  Fully anchored shear walls
3.1.1 American standard ASTM E 72

The American test standard, E 72 “Standard Test Methods of Conducting Strength Tests of
Panels for Building Construction” {1], specifies among other things the test method to be
used in evaluation of the racking resistance of sheathing materials on a standard wood
frame. The test specimen shall be 2.4 by 2.4 m and the framing shall be constructed in a
specified way.

The test panel shall be attached to a timber or steel plate that is in turn attached rigidly to
the base of the loading frame, Figure 3. Means shall be provided to bolt or otherwise attach
the sole plate of the panel firmly to this member. A hold-down shall be provided as shown
in Figure 3.

Load shall be applied to the specimen through a timber member firmly bolted to the upper
plate of the panel. Lateral guides shall be provided so that the specimen will deflect in a
plane.

H

—t h_

2400

T T T T
A7V i
! 2400 |
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Figure 3. Details of test panels and requirements for test apparatus.

3.2 Partially anchored shear walls

3.2.1 European standard EN 594

The present test standard, EN 594 “Racking strength and stiffness of timber frame wall
panels” [9], specifies the test method to be used in determining the racking strength and
stiffness of timber frame wall panels. The test method is intended to provide (i)
comparative performance values for the materials used in the manufacture of the panels
and (11} datum information for use in structural design. The requirements for test panels and
test apparatus are as given in Figure 4.

The test method measures the resistance to racking load of wall panels, which can deform
both vertically and horizontally in the plane of the wall panel.

In this test method, the bottom rail of the wall panel is bolted to the test rig and uplift is
resisted by the sheathing fixings and also by the vertical loads on the top rail of the wall
panel. Normally it is sufficient to test the maximum and minimum conditions of vertical
load appropriate to the design of the wall panel. Due to incomplete anchoring and/or,



normally, small vertical loads, these conditions render only partially shearing action in the
wall panel.
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Figure 4. Details of test panels and requirements for test apparatus.

The racking load capacity of the wall panel is defined as the maximum value of the load-
slip curve (panel failure) or when the wall panel attains a deformation of 100 mm,
whichever first occurs,

The test results can only be used to determine the racking load for the wall panel with the
specific design, the anchoring and loading conditions at hand.

3.2.2 American standard ASTM E 564

The American test standard, E 564 “Standard Practice for Static Load Test for Shear
Resistance of Framed Walls for Buildings” [4], specifies a basis for evaluation of the shear
stiffness and strength of a typical section of a framed shear wall, supported on a rigid
foundation. Test wall size will vary with the specific objectives of the test. Tests conducted
to assess the structural performance of actual building construction shall have dimensions
commensurate with those of the shear walls being simulated.

The apparatus shall be assembled in a similar manner as shown in Figure 4, Provisions
shall be made to resist rigid-body rotation in the plane of the wall where this reflects the
use of the assembly in actual building constructions. This shall be done by application of
relevant gravity or other loadings simultaneously with the racking loads. The bottom of the
assembly shall be attached to the test base with anchorage connections simulating those
that will be used in service. Load distribution along the top edge of the wall shall simulate
floor or roof members that will be used in the actual building construction. The wall test
assembly shall be laterally supported along its top.

4 Testing of shear walls with various anchoring and loading
conditions
4.1 General

Strength and stiffness of sheathed wood shear walls can be tested in several ways. There
are different schools concerning what type of testing is the most expedient one. Two
extreme conditions are at hand;



(1) Pure shearing mode of behaviour of the wall panel, which requires that no uplift from
the bottom plate is taking place.

This mode will make possible the use of the full capacity of the shear wall. There are

three ways to achieve this condition of pure shear:

(i) the racking load is applied diagonally;

(i1) the racking load is applied horizontally together with a load applied vertically on
the leading stud and with a magnitude that is greater than or at least equal to what
corresponds to the tilting moment (it is implicit that this vertical load must not
induce any other type of failure mode); or

(iil) the racking load is applied horizontally and the leading stud is rigidly tied down to
the substrate;

(These conditions apply strictly only to a wall segment comprised of a sheet attached

to a frame only along its perimeter.)

(2) Pure tilting of the wall panel, which imply that it freely separates from the bottom plate
and rotates around the lower corner at the trailing stud.
This mode will render minimum utilization of the load-bearing capacity of the wall
panel because of the total lack of anchoring of the wall panel to the substrate (implying
that the self-weight of the wall panel is neglected). In case of pure tilting, the racking
load is applied horizontally only.

The real behaviour of shear walls in practice be somewhere in between those extreme
cases, depending on the anchoring of studs and bottom rail, inter-component connections
between and flexibility of the surrounding walls and floors, and vertical loads from storeys
or roof above the shear wall.

4.2 Boundary and loading conditions

The main kinds of boundary and loading conditions that represent various designs of shear
walls in practise and in laboratory and that correspond to fully anchored leading stud and
bottom rail are illustrated in Figure Sa & Sh, and 5c, respectively.
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Figure 5. (a) Boundary condition corresponding to full anchoring of leading or tensile
stud; (b) Loading condition - diagonal load or its horizontal and vertical
components at leading stud and top rail corresponding to a fully anchored
leading stud; and (¢) Boundary condition corresponding to bottom rail
continuously anchored to the rigid foundation;

The diagonal load case (b) in Figure 5 corresponds to a fully anchored leading stud
according to the boundary condition case (a). The vertical component of the diagonal load
will hold down the leading stud so it will act as fully anchored.
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Thus, applying a diagonal load is a simple and rational way to imitate a fully anchored
shear wall. This kind of test method is proposed to form the basis for a standard for
prototype testing of shear walls.

4.3 Testing program
4.3.1 Background

Racking tests of shear walls have been conducted in order to evaluate the effect of different
kinds of boundary and loading conditions. All wall tests consist of four segments of sheets
fastened to a timber frame. The different boundary and loading conditions for the shear
wall configurations are the ones shown in Figure 1 and others.

The dimension of framing members is 45 x 120 mm, the sheets consist of 8.0 mm hard
fibreboard (Masonite AB, Sweden), and the sheathing-to-timber connectors is composed of
annular ringed shank nails of dimension 50 x 2.1 mm (Nordisk Kartro AB).

A view of the set-up for tests where the racking load is applied diagonally in the upper
corner of the shear wall, a diagonal tensile load as shown in Figure 6.

Figure 6. Racking load is applied as a diagonal tensile load.

4.3.2 Test results
For illustration purposes a few comments concerning the test results are given here.

For a fully anchored shear wall according to Figure la, the failure mode at the bottom of
the loaded end is shown in Figure 7a. As is evident from the figure, no uplift of the leading
stud occurred. The first failure occurred for a racking load of 51.5 kN at a displacement of
40 mm. Maximum load is 52.3 kN at a displacement of 43 mm. The plastic bending
capacity of the sheathing-to-timber joints was reached and the final failure occurred after
withdrawal of the nails out of the bottom rail. The first failure occurred when the
sheathing-to-timber joint in the corner or next to the corner in the bottom rail failed. The
final failure occurred when the sheathing-to-timber joints in a large part of the comer
failed.

It was observed during the testing that it is hard to apply the racking load exactly in the
corner. From other tests it has also been observed that crushing of wood takes place to a
large extent at the point of application of the diagonal load and at the framing joint between
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the trailing stud and the bottom rail. This is true especially for long shear walls and/or short
fastener spacing when very high racking loads are attained.

(a) (b)

Figure 7. (a) Failure of the sheathing-to-timber joints for a shear wall with boundary and
loading conditions according to Figure la; and (b} Uplift of the leading stud
and failure of the sheathing-to-timber joints for a shear wall with boundary and
loading conditions according to Figure 1b and with V =0.

For a partially anchored shear wall according to Figure 1b but with no vertical loads, the
failure mode at the bottom of the loaded end is shown in Figure 7b. As is evident from the
figure, considerable uplift of the leading stud took place. The first failure occurred for a
racking load of 33.1 kN at a displacement of 17 mm. Maximum load is 36.6 kN at a
displacement of 22 mm. The plastic bending capacity of the sheathing-to-timber joints was
reached and the final failure occurred after withdrawal of the nails out of the bottom rail.
The first failure started at the comer. The failure of the sheathing-to-timber joints occurred
only in the bottom rail and not along the leading stud.

It is evident that the effect of uplift of the leading stud is considerable with respect to the
horizontal load-carrying capacity of the shear wall. The reduction in this case with respect
to the boundary and loading conditions at hand compared to the fully anchored case is
36.6/52.3 = (.700.

This test result can only be used in applications for shear walls with these particular
boundary and loading conditions. However, if use is made of the plastic theory for the
boundary and loading conditions at hand compared to the fully anchored case, the
reduction is given by 2.47/4 = 0.618 according to Figure 2. By applying the general test
result for a fully anchored shear wall and this theoretical reduction factor, the horizontal
load-carrying capacity for this particular case would differ only 13 % on the safe side
compared to the test results for a partially anchored shear wall.

5 Conclusions

The design principles for shear walls given in Eurocode 5 are not satisfactory. There are
shortcomings with respect to calculation of both stiffness and strength. It has been
demonstrated that the structural behaviour of shear walls is very sensitive to wall geometry,
boundary conditions and load configuration. The present European standard EN 594 for
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testing of shear walls recommends a test set-up that is very sensitive to the magnitude of
the applied vertical load. Therefore, the test results obtained by this test standard are not
unequivocally and generally applicable.

It is proposed that the present standard EN 594 is revised by using, as the main alternative,
a test method that evaluates the strength and stiffness of the shear wall in a pure shearing
mode. This mode will render boundary and loading conditions corresponding to a fully
anchored shear wall. This pure shear mode is introduced in a rational way in the wall by
applying a diagonal tensile load at the top corner of the wall. The vertical component of the
diagonal load will hold down the leading stud so it will act as fully anchored. It is
recommended that the bottom rail be anchored continuously to the rigid test base.

The proposed test method will render basic test results that have general applicability as far
as the actual sheathing and fastener materials are concerned. Different materials can then
easily be compared. The necessary adjustment of the design value for shear walls applied in
a speciflic construction with certain boundary and loading conditions is then proposed to be
made either by supplementary testing or by using theoretical reduction factors that depend
on these conditions and that can be obtained by analytical models for partially anchored
shear walls.

The mechanical properties of the sheathing-to-timber joints have a major influence on the
stiffness and strength of shear walls. Therefore, the racking test standard would need to be
supplemented by a relevant method for testing of the joint characteristics, The present
standard for load bearing nailed joints is not appropriate. A new test standard is needed that
incorporate testing of the parameters of special interest, such as edge distance of the
fasteners and loading direction vis-a-vis the edge of the sheet.

By such a test standard for joints, design values for shear walls can be evaluated using
general calculation models and the results can be compared to full-scale tests.

Proposal:

1) A new or revised test standard for determining basic stiffness and strength properties of
sheathing-to-timber joints should be developed. Influence of edge distance and force
direction should be included in this standard.

2) The main load configuration in test standard EN 594 should be changed to pure shear.
This load configuration is more neutral with respect to different boundary conditions
and could serve as a reference value for comparison of test resuits.

3) EN 594 should also include rules for testing of other load configurations that may occur
in practice (e.g. the present main alternative).

By realising this proposal we open up for use of advanced methods in design of shear
walls.
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Abstract

Design of shear walls has been a topic of major discussions during the Eurocode 5 work.
The main problem has been that shear walls are fastened to the substrate in different ways
in different countries and that this fact must be reflected in the code.

At the CIB-W18 meeting in Venice 2001, a simplified plastic model for design of partially
anchored wood-framed shear walls in the ultimate limit state was presented. The method
covers static loads and can be applied when mechanical fasteners with plastic
characteristics are used.

The main focus of the present paper is to extend this plastic model to design of partially
anchored shear walls with openings. The method is applied to a few typical wall
configurations with openings.

A few introductory tests of shear walls with openings have been conducted where the
bottom rail was completely fixed to the substrate. The test results indicate that the
proposed basic theory should be somewhat modified in order to obtain good agreement
between measured and calculated load-carrying capacity.

1 Introduction

1.1  Background

Design of shear walls has been a topic of major discussions during the Eurocode 5 work.
The European test standard EN 594 has often been criticised for giving very conservative
test results. The main problem has been that shear walls are fastened to the substrate in
different ways in different countries and that this fact must be reflected in the code.

Different methods suitable for calculation by hand have been presented by Killsner et al
(1995). Andreasson (2000) has demonstrated the importance of considering the three-
dimensional interaction in stabilisation of multi-storey timber frame buildings.

At the previous CIB-W18 meeting, Kéllsner et al (2001) presented a plastic lower bound
method for design of shear walls in the ultimate limit state. The advantage of this model is



that it can be applied on shear walls that are completely as well as incompletely anchored
to the substrate.

1.2 Objective

The objective of this paper is to extend the plastic lower bound model for design of
partially anchored wood-framed shear walls presented by Killsner et al (2001) to include
also the mfluence of openings in walls.

The purpose of this paper is not to present the final version of the model but rather to give
some basic principles that can be discussed.

1.3 Limitations

The simplified model can only be applied on shear walls where the sheet material is fixed
by mechanical fasteners to the frame members and where these sheathing-to-timber joints
show plastic behaviour.

The model covers only static loads in the ultimate limit statc. The model can not be used
for determination of deformations in the serviceability limit state.

In some cases there are risks of brittle failure modes in the shear walls. An example of such
a failure mode is when cracks occur in the frame members due to small edge distances of
the fasteners. The influence of such failure modes is not treated.

In connection with openings in shear walls, high concentrated contact forces between
adjacent sheets may give raise to local buckling failures in the sheets. These failure modes
are not dealt with in this paper.

2 Basic assumptions

For design of partially anchored shear walls a plastic lower bound method is proposed.
This means that a force distribution is chosen that fulfiis the conditions of force and
moment equilibrium for each timber member and sheet. The basic assumptions are
identical to those given by Kéllsner et al (2001) and are as follows:

- the sheathing-to-timber joints, referring to the vertical studs and the top rail, are
assumed to transfer shear forces only parallel to the timber members

- the sheathing-to-timber joints, referring to the bottom rail, are assumed to transfer
forces both parallel and perpendicular to the bottom rail

- the framing joints are not assumed to transfer any tensile or shear forces
- compressive forces can be transferred via contact between adjacent sheets.

In order to obtain simple expressions for the racking resistance of the shear walls, the
fasteners are assumed to be continuously distributed along the timber members. The load-
carrying capacity of the sheathing-to-timber joints is consequently given in force per unit
length. In all the examples presented below, it is assumed that the fastener spacing around
the perimeter of the sheets is constant.



3  Fully anchored bottom rail — no vertical loads

3.1 Sheets of different depths. Low sheet on the leeward side.

In order to understand the structural behaviour of shear walls with openings, a fundamental
wall configuration consisting of two sheets according to Figure 1 will first be studied. The
bottom rail is assumed to be fully anchored to the substrate. # and & denote the depth and
the width of the full format sheets respectively. The depth of the lower sheet is denoted by
h; and the length of the wall is denoted by / (=2b). The leading stud is assumed to be
completely free from the bottom rail. The forces acting on the wall in the ultimate limit
state are assumed to be distributed according to Figure 1. The forces acting along the lower
part of the wall are shown in a section immediately above the bottom rail and represent the
sheathing-to-timber joints. It is assumed that the plastic capacity per unit length of these
joints £, has been attained. The factor y opens for the possibility of using reduced strength
properties when the fastener forces act perpendicular to the sheet edges. If nothing else is
said, it is assumed that g = 1 in this paper. Further, it is assumed that the plastic shear
capacity of the sheathing-to-timber joints between the two sheets has not been attained.

The notation 7, is used to indicate that this length of the wall is fully effective for
horizontal load transfer.
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Figure 1: Forces acting on a shear wall in the case of a low sheet on the leeward side
(hr= k).
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Moment equilibrium around the lower right corner of the wall diaphragm gives

I+,
Hh=uf,d~1,)C ") M
Force equilibrium in horizontal direction gives
H=f,ly ()
By introducing the notation
!
=" 3
i (3)
and using equations (1) and (2) the effective wall length can be calculated as
Ly =1(151+(1 """ )? *1] (4
ap QL

Force equilibrium in the vertical direction gives
R=uf,(I-14) (5)

By studying the vertical force equilibrium of the left sheet, the shear force Vy; between the
two sheets 1s obtained as

Vi=nf,b (6)
This force must of course be lower than the plastic capacity f,h.

The assumed external force distribution for the shear wall configuration in Figure 1 is
identical to the one used by Killsner et al (2001) for a wall configuration consisting of one
or several sheets of full format forming a row of sheets. In order to fulfil the moment of
equilibrium of the two sheets a contact force must be transferred between them. The
position of this contact force defined by the distance 4, can be calculated by studying the
moment of equilibrium of the left sheet in Figure 1. A moment equation around the lower
right corner gives

2

b._
H(h~h)=puf, > ()
By inserting equation (2) into equation (7), the position of the contact force is obtained as
ho=h L0 8)
21,

This means that the depth 4, of the right sheet in Figure 1 must be larger than or equal to A,
in order to attain the full plastic capacity f, of the sheathing-to-timber joints along the
bottom rail. For #/b = 2 and 1= 1 the distance A, is calculated from equation (8) to 0,698 A.
It is observed that in the case of two sheets of full format connected by a common top rail,
the distance %, represents the position of the resultant horizontal force corresponding to the
contact force between the two sheets and the force in the top rail.

In the derivation of the equations above it was demonstrated that the depth A; of the low
sheet had to be at least equal to A, Now a wall configuration according to Figure 2 in
which the depth /4 is less than k. will be studied. In this case the full plastic capacity f, of
the sheathing-to-timber joints along the bottom rail of the low sheet can not be attained.



The maximum racking capacity & of this wall configuration will be obtained if the left
sheet is assumed only to transfer vertical force components to the bottom rail.
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Figure 2: Forces acting on a shear wall in the case of a low sheet on the leeward side
(; < 2/3 h).

A moment equation with respect to the left sheet around the lower right corner gives

bZ
=uf — 9
A Sn—h) ®
Moment equilibrium for the right sheet gives
h bh,
VieLtH= e 10
Py (10)
A vertical equilibrium equation for the stud furthest to the right gives
_ bh
R, =V,=puf, ——— 11
1= /v.fpz(h_hl) (11}
Force equilibrium in vertical direction with respect to the entire shear wall gives
2h—3h,
Ri=pufb-R, = R 12
1 ﬂ]fp ;.f:n 2(] ---h,,) ( )



From equation (12) it is obvious that the reaction force R; will only be positive if the depth
of the sheet #; <2/3 h. This means that for depths A, in the range between 2/3 & and #, there
must be a force distribution according to Figure 3.
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Figure 3: Forces acting on 2 shear wall in the case of a low sheet on the leeward side
230 < hy < h,).
A moment equation with respect to the left sheet around the lower right corner gives
bZ
H = [ f, e 13
“ys R (13)

The load-carrying capacity H in equation (13) is the same as in equation (9) since the force
distribution on the left sheet has not been changed. Vertical force equilibrium for the left
sheet gives

Vi=urt,b (14)

Moment equilibrium of the entire shear wall around the lower right corner can be
expressed as

2b+ b,

Hh=uf,(2b-b,) (15)

Insertion of equation (13} into equation (15) gives
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3h-4h,

b =b 16
b (16)
Vertical force equilibrium for the entire shear wall gives
R=puf,2b-b)= ,ufpb{Z— “’:‘:'L’f } (17
Ay

In Figure 4 the horizontal racking capacity H of the shear wall is shown as function of the
depth /; for the case when A/b = 2 and g = 1. The relationship is given by equation (9} and
(13) when & < h, and by equation (2) when 4 = A_. An interesting observation is that when
the depth /; approaches zero the capacity H approaches 0,25. This value is close to the
value 0,24 obtained for a shear wall consisting of a single sheet of full format, see Kéllsner
et al. (2001). It can of course be questioned if it is reasonable to adopt the proposed model
for very small values of the depth 4. On the other hand we must be aware of that it is a
plastic lower bound method and that the limit value (0,25 for A/h = 0) does not deviate
much from the one found for a wall built up of only one sheet of full format (0,24).
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Figure 4: Relationship between load-carrying capacity H and depth /; in the case of a
low sheet on the leeward side (/b =2 and p=1}.

3.2 Sheets of different depths. Low sheet on the windward side.

In section 3.1 a shear wall consisting of two sheets of different depths was studied for the
load case when the low sheet was placed on the leeward side. In this section the same wall
configuration will be studied but with the low sheet on the windward side. The same kind
of notations as was used in previous section will be used here. First the wall configuration
according to Figure 5 will be studied, where the plastic fastener capacity of the sheathing-
to-timber joints along the entire bottom rail has been attained. By studying the force
equilibrium of the low sheet, the shear force I} is obtained as

1
V=S ut (18)

To ensure that the shear force V; always is smaller than or equal to the plastic shear

capacity f,/i along the vertical sides of the low sheet, the condition s, 2 0,5 pb must always
be fulfilled.



H

h

h

I i ==
fR, #, b I

’ b'bcy‘ by
e

) b ) b
a - -
H
-+ .
H
j‘ H ‘ * VI* ? Vi *
* o p, Oy g~
! T 2 /-l’_}?) ,llj;, fp
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The effective width b.is obtained by studying the moment equilibrium of the full format
sheet (cf. Killsner et al 2001). A moment equation around the fower right corner of the
sheet gives

b+b,
Hh=Vib = uf,(b—by)~ . (19)
Force equilibrium in horizontal direction gives
H=fhb, (20)
The vertical load V; can be expressed by the factor f; defined as
v
=—L 21
Vi I 21
By introducing the notation
b

o, == 22

= (22)

and using equations (19)-(21) the effective sheet width is obtained as



by =b \/IJ{ ! ) p 261 (23)
' ag) o o

Force equilibrium in vertical direction gives

35
Ry=uf, (Eﬂ Dy ) (24)

If the depth of the low sheet is fairly small the condition & = 0,5 ub will not be fulfilled
and a force distribution according to Figure 6 is reasonable to assume. The distributed
force facting along the lower side of the low sheet is in this case always less than or equal
{o the plastic capacity zf,. Assuming that the plastic shear flow f, is attained along the
vertical sides of the low sheet, the shear force V; is obtained as

Vi=fh (25)
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Figure 6: Forces acting on a shear wall in the case of a low sheet on the windward side
(hy < 0,5 ub).

Considering this new relationship, the effective width b,y can be calculated from equation
(23). Vertical force equilibrium gives

Ry = f, (B + p(b—b)) (26)



According to one of the basic assumptions in section 2 it is assumed that the sheathing-to-
timber joints along the vertical studs do not transfer any forces perpendicular to the timber
members. The test results presented in section 4 indicate that this assumption may lead to
too low racking capacities and that there are cases when it is reasonable to consider this
type of forces. First a shear wall, with the forces distributed according to Figure 7, will be
studied.
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Figure 7: Forces acting on a shear wall in the case of a low sheet on the windward
side. Tensile forces perpendicular to the vertical timber stud (; < 5 and p=1).

It is assumed that the plastic shear flow £, has been attained along the right side of the low
sheet. In order to obtain not too complicated equations, it is assumed that the factor s is
equal to unity. To fulfil the horizontal and vertical force equilibrium of the fow sheet these
assumptions lead to the condition that the depth A must be less or equal to the width 5.
Considering the moment equilibrium of the small sheet around its lower right corner gives

b, h+b,
-f;'?b,\' ?‘ = fu (h.f _br) ! 2 . (27)

From equation (27) the distance b, is calculated as

10



b=t (28)

X \/5

Horizontal force equilibrium of the small sheet gives
H=f,0-0) (29)

Moment equilibrium of the entire shear wall around its lower right corner gives

b+by b,
Hh=f (b=b, ) St /b (b+ mzvzu) (30)
Horizontal force equilibrium gives
H=H+fb, G
By introducing the notations
b b—‘
V= f b —2 (32)
b
and
174
= 33
I 7 (33)
and inserting equation (31) into equation (30}, the effective width b; . 1s obtained as
2

b?e/f:b I+ i +£Mﬁmi (34)

o a.‘f a.? a.‘f\f;'}b a.\'

The racking capacity of the shear wall is obtained by inserting equation (34) into equation
3.

If the depth #; is larger than the width b, it is reasonable to assume that the forces acting on
the low sheet are distributed according to Figure 8.
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Figure 8: Forces acting on a shear wall in the case of a low sheet on the windward
side. Tensile forces perpendicular to the vertical timber stud (/=5 and x=1).
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For this wall configuration the following equations can be derived

1 1 7 2
b x—2—(b+h,)—§\f(b+h,)'—2b' (35)

Vi=F1,(b=b ) (36)
1
SBb=b,)
ve2__ Ty 37)
b
v
- — ”8
a G5
1Y 28 256, 1
by =0 \/14{—} +—ﬂ——ﬂ—— (39)
" a-\' a.\' a&‘ b aX
H=1,0 5 +0 ) (40)

In Figure 9 the relationship between the racking capacity / and the depth A is shown for
the different assumed force distributions. The bold line represents the force distributions
according to the basic theory shown in Figure 5 and 6. The thin line represents the force
distributions according to the more advanced theory in Figure 7 and 8. It is clearly
demonstrated that for /4, larger than 5/2, the racking capacity H will increase considerably
il tensile forces are accepted perpendicular to the vertical studs.

1.0

—— Advanced theory

—Basic theory

0 02 04 06 0.8 1
h/h

Figure 9: Relationship between load-carrying capacity H and depth /; in the case of a
low sheet on the windward side (i/b=2 and u=1).

3.3 Wall with window opening on the leeward side

The shear wall configuration according to Figure 10 can be handled in the same way as the
wall in section 3.1 consisting of two sheets of different depths. Due to the basic
assumpiions in section 2, the sheet above the window opening will not contribute to any
additional shear capacity.
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Figure 10: Shear wall with window opening on the leeward side.

3.4 Wall with window opening on the windward side

A shear wall with a window opening on the leeward side will now be studied. The forces
acing on the wall are assumed to be distributed according to Figure 11. In this case it is
assumed that the plastic capacity of the sheathing-to-timber joints along the bottom rail has
been attained. Further, it is assumed that the plastic capacity of the sheathing-to-timber
joints in the small sheet above the window opening has been attained along the top rail.
Consequently the force #, is obtained as

H,=fb (41)
Moment equilibrium for the sheet above the window opening gives

V. =, = f b @)
2

Vertical force equilibrium of the sheet below the window opening gives

1 .
v, = E'Llf”b (43)

It must here be controlled that the force V), not is larger than the force V). If this is not the
case, plastic shear flow between the top rail and the small sheet cannot be assumed.
Horizontal force equilibrium of the shear wall gives

Ho= fb, (44)

A moment equation for the body consisting of the small sheet and the full format sheet
around the lower right corner gives

b+ b(.,”

Hh=V,2b=Vb = uf, (b ~by)—* (45)
By introducing the notations
V=2V +V, (46)

and
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and inserting the equations (42)-(44) in equation (45), the effective width b,y can be
expressed as

by =b \/1+( ! J+2ﬁ _! (48)
o, ap au

H h

12 (47)

/1

h

YYYYiY vy yr e

7 R
fRi ,u_]; [ 2
b-b, . b(,_!f
| b Ch
;- —at -
i, H-H
- -
< 2 A
- —
H

; H it 2 br,
L ¥ ity e

ul, af,

Figure 11: Forces acting on a shear wall in the case of a window opening on the
windward side (/; 2 0,5 b and V; = V).

In Figure 12 the racking capacity H of the shear wall is shown as function of the depth A,
for the case when A = 0,5 ub , h/b =2 and u = 1. The left part of the bold curve
represents the basic theory according to equation (48). The breakpoint on the curve
represents the case when the force V; is equal to the force V. For this value of the depth 4,
the force distribution along the bottom rail is identical to the case when a shear wall is built
up of two sheets of full format (J/,b = 0,83 according to Killsner et al. 2001).
Consequently, for A, values larger than this value, the window opening has no influence on
the racking capacity H of the wall. The thin curve shows the resulis of a more advanced
calculation where transfer of tensile forces between the two sheets via the vertical stud has
been accepted. This corresponds to the procedure presented at the end of section 3.2.
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Figure 12: Relationship between load-carrying capacity H and depth /&, in the case of
a window opening on the windward side (f; 20,5 b , hib=2 , u=1).

3.5 Wall with window opening between two sheets of full format

In this section a wall configuration consisting of a window opening between two sheets of
full format is studied. This type of structure can be analysed in two stages. First the left
sheet including the influence of the window opening is analysed (see section 3.3). Then the
right sheet including the influence of the window opening is analysed (see section 3.4),
considering the forces introduced during the first stage. The results of such an calculation
1s shown in Figure 13 where the load carrying capacity H is given as a function of the
depth A,. In this case it has been assumed that /b =2 , u=1and h/h=0,375.

1.5

1.0

H/f b

0.5

0.0

00 02 04 06 08 10
hy/h

Figure 13: Relationship between load-carrying capacity H and depth /2, in the case of
a window opening between two sheets of full format (h/b=2 , =1, hyfh =0375).
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4  Experimental work

The results of some introductory tests of shear walls without openings were reported by
Kalisner et al (2001). In those tests the influence of different kinds of anchorage and load
configurations were investigated.

In this paper the results of a few tests of shear walls with openings will be reported. As in
the previous tests, hard fibreboard of thickness 8 mm was used. The size of the sheets was
1200 x 2400 mm and the dimension of the timber members was 45 x 120 mm. For the
sheathing-to-timber connections, annular ringed shank nails of dimension 50 x 2,1 mm
were used. The distances between the fasteners were 100 mm along the perimeter of the
sheets and 200 mm along the vertical centre lines of the sheets. The nominal edge distance
was 11,25 mm along the vertical studs and 22,5 mm along the bottom and top rails. For
each framing joint two annular ringed shank nails of dimension 90 x 3,1 mm were used.
These nails were applied in the grain direction of the vertical studs. More information
about the test specimens and the testing procedure can be found in Kéllsner et al (2001).

A specification of shear walls tested is shown in Table 1. The depths of the sheets above
and below the window openings were 300 and 900 mm respectively. The bottom rail was
completely fixed to the substrate.

Table 1: Specification of shear walls tested

Test wall Load configuration Anchored bottom rail | Vertical loads {kN]
1 = Yes
.
2 —_ Yes
3 ) S— Yes
4 S Yes
5 PR SN Yes 12,9 (0,50 /,1)

Measured and calculated load-carrying capacities of shear walls fested are shown in
Table 2. Test specimen 1 served as a reference test for the other tests. The load was in this
case applied in the diagonal direction of the wall diaphragm but the horizontal load
component is given in the table. The plastic shear flow is obtained as f,= 51,7/4,8 =
10,8 kN/m. Calculated capacities are given using both the basic and the more advanced
theory. In the basic theory it is assumed that there can only be transferred force
components between the vertical studs and the sheets in the length direction of the studs. In
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the more advanced theory, it is assumed that force components can also be transferred
perpendicularly to the length direction of the studs.

The ratios between measured and calculated load-carrying capacity are shown in the last
two columns of Table 2. For the basic theory these ratios are in the range between 1,31 and
1,39. For the advanced theory these ratios are lower. A comparison with the results found
for shear walls without openings (Kéllsner et al 2001) indicates that the load-carrying
capacity of shear walls with openings are somewhat underestimated by the basic theory.
The advanced theory seems to predict the strength of shear walls with openings better than
the basic theory.

Table 2: Measured and calculated load-carrying capacities.

Test wall L.oad-carrying capacity H,oie
H o siatent
Measured Basic theory Advanced theory Basic | Advanced
[N} [kN] [kN] theory theory
1 51,7 (4,00 1,0) 1,00 (ref.)
2 7,58 5,80 (0,449 f,b)| 7,20(0,557 f,b)| 131 1,05
3 11,53 835 (0,646 f,b}| 9,84(0,761 f,b)| 1.38 1,17
4 20,20 14,58 (1,128 £, ) 1,39
3 33,94

5 Conclusion

A simplified plastic model for design of incompletely anchored wood-framed shear walls
has been presented. The model can be used if the sheet material is fixed by mechanical
fasteners and if these sheathing-to-timber joints show plastic behaviour., The model can
only be applied on static loads in the ultimate limit state.

A few introductory tests of shear walls with openings have been conducted where the
bottom rail was completely fixed to the substrate. The test results indicate that the
proposed basic theory should be somewhat modified in order to obtain good agreement
between measured and calculated load-carrying capacity.

6 Future work

The design method has so far only been checked against some introductory experiments.
The intention is to repeat these experiments with specimens that have been manufactured
under more controlled conditions and with other sheet materials.

The influence of vertical loads around window openings should be further investigated.

There is a need to develop diagrams and tables that can facilitate a structural design.
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Evaluation and estimation of the performance of

the shear walls in humid climate

Shiro NAKAJIMA
Building Research Institute, JAPAN

1 Abstract

The effect of the moisture content of the lumbers and the sheathing materials on the
performance of the plywood or OSB sheathed shear walls was reported in the last paper
(Nakajima 2001). And the effect of the moisture content on the panel shear properties of
the sheathing materials and the performance of the nail joints was also reported.
Additional test data for the nail joints were collected to evaluate the effect of the humid
climate on the lateral resistance .of the joints. Lateral nail tests were conducted for all
possible combination of the surface grain direction of the wood pieces and the sheathing
materials and the loading direction.

The strength reduction of the shear walls due to the high moisture content of the
composing materials was predicted by analyzing the characteristics of the nail joints and
the sheathing panels under the humid condition. A numerical calculation was conducted
to -predict the strength reduction of the shear walls. The results of the analysis were
compared to the test results,

In most cases the lateral nail resistance of the nail joints was reduced in the humid climate
and the reduction level depended on the type of the sheathing materials and also the
direction of the load and the assembly of the studs and sheathing panels. And the yield
and ultimate strength of the nail joints were affected by the failure mode of the nail joints.

At least for the plywood sheathed shear walls the test results of the lacking test and the
lateral nail resistance test indicated that the yield strength reduction of the shear walls due
to the humid climate can be roughly predicted by looking though the strength reduction of
the nail joints conditioned in the same humid climate.

The yield strength reduction of the shear walls caused by the humid climate was well
predicted by the simplified model. This simplified model can be a good predictor to
evaluate the effect of the moisture contents on the yield strength of the shear walls.

2 Introduction

The moisture contents of wooden materials and components affect on the strength and
stiffness properties of the joints and the shear walls of wooden structures. In most cases
the strength and stiffness properties of the joints and the shear walls are evaluated from the



test resuits of the test pieces that are conditioned in the standard condition, temperature
20°C and relative humidity 65%. Wooden structures are actually used in various
conditions and the performance of the joints and the shear walls of these structures should
be properly evaluated according to the conditions in which they are used. As it is quite
difficult to conduct full size shear wall tests in various conditions it is quite necessary to
develop an appropriate method to estimate the performance of the shear walls from the
performance data of the materials and the joints.

In Japan the service classes are stipulated in the Enforcement Order No.1446 that was
revised in June 2001. In this Enforcement Order three service classes were stipulated.

The three service classes represented the climates “constantly wet”, “intermittently wet”
and “dry”.

The climate “constantly wet” corresponds to the environments in which structural
members are directly exposed to the outside or could be perpetually exposed to moisture.
The representative temperature and relative humidity for this service class are 20°C and
95%. The climate “intermittently wet” corresponds to the environments in which
structural members are indirectly exposed to the outside or could be intermittently exposed
to moisture as sheathing materials of exterior wall, roof or floor. The representative
temperature and relative humidity for this service class are 20°C and 85%. The climate
“dry” corresponds to the environments other than those above-mentioned. The
representative temperature and relative humidity for this service class are 20°C and 65%.

The allowable shear strengths of the shear walls constructed by the 2X4-construction
system were decided by analyzing the test data of the series of shear wall tests conducted
in 1972 (Building Research Institute 1975). In the process of calculating the allowable
shear strengths of the shear walls, the strength modification factors were multiplied to the
shear strength to give safety factors for the durability issues of the sheathing materials
against water. ‘Table 1 shows the values of these strength modification factors. Most of
these values were derived from the test results of the lateral nail resistance test of the nailed
joints. The strength reductions of the nailed joints after experiencing three cycles of wet
and dry procedures were mainly considered when deciding the values for the modification
factor. The modification factors were not directly derived from the test data of the shear
walls.

Table 1 The shear strength modification factors for sheathed shear walls.

Sheathing Type Modification factor
Plywood 9mm in thickness 1.00
Plywood 7.5mm in thickness 1.00
Insulation board 12mm in thickness 0.75
Particleboard 12mm in thickness 0.85
Hard board Smm in thickness 0.65
Hard board 7mm in thickness 0.90
Hard cement particle board 12mm in thickness 0.75
Gypsum board 12mm in thickness 0.75

As there are limitations in the capacity of the testing facilities in most cases it is difficult to
condition full size shear walls in a certain climate. And of course it is quite difficult to
conduct a full size shear wall test in a chamber controlled to a certain temperature and
humidity. For these reasons the durability of the shear walls against humidity should be
evaluated from the durability of the composing materials and joints. The object of this



research is to evaluate the performance of the nail joints and to predict the effect of the
moisture contents on the performance of the shear walls by modeling the shear walls and
analyzing the characteristics of the nail joints and the sheathing panels.

3 Previous test results

Shear walls sheathed with plywood or OSB were constructed by the 2X4-construction
system and tested in two climates, temperature 20°C & relative humidity 65% and
temperature 20°C & relative humidity 90% to clarify the effect of the moisture contents on
the racking strength and stiffness of the shear walls. The lateral nail tests were also
conducted in these two climates. The following results were derived:

(1) In the humid climate the yield strength, the ultimate strength and the initial stiffness of
the plywood sheathed shear walls were reduced to 85%, 87% and 79% respectively.

(2) In the humid climate the yield and the ultimate strength of the OSB sheathed shear
walls were reduced to 90% and 91% respectively. And the initial stiffness of the OSB
sheathed shear walls increase 5% after conditioned in the climate of 20°C and 90%
R.H.

(3) The reduction of the panel shear modulus of rigidity due to the wet condition was 24%
for plywood and 43% for OSB and the reduction of the panel shear strength was 24%
for plywood and 23% for OSB. Both sheathing materials particularly OSB becomes
more ductile when it is in a wet condition.

(4) The lateral nail resistance of the nail joints measured in the humid climate was almost
10% higher than that measured in the normal climate.

As the lateral nail resistance of the nail joints was not reduced in the humid climate
additional tests were conducted to re-evaluate the performance of the nail joints under the
humid climate.

4 Reverse-cyclic test of nail joints

4.1  Test specimens

Eight different types of nail joints were tested to re-evaluate the performance of the nail
joints. Plywood and OSB panels were connected to the studs (204 lumbers) by the
common nails 50mm in length (CN50). Considering the surface grain direction of the
lumbers and the sheathing materials and also the loading direction four different types of
test specimens were prepared. Figure 1 and figure 2 show the size and shape of the test
specimens. The details of the specification of the test specimens are as follows:

Joint A: Joint A represents the nail joints located at the vertical frames. The surface
grain directions of the framing members and the sheathing materials are parallel
to each other and the loading direction is parallel to both the surface grain
direction of the framing members and the sheathing materials.

Joint B: Joint B represents the nail joints located at the top and bottom plates. The
surface grain directions of the framing members and the sheathing materials are
perpendicular to each other and the loading direction is parallel to the surface
grain direction of the framing members.
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Figure 1 Test specimens, joint A and joint B.

Joint C:  Joint C represents the nail joints located at the top and bottom plates. The
surface grain directions of the framing members and the sheathing materials are
perpendicular to each other and the loading direction is parallel to the surface
grain direction of the sheathing materials.

Joint D: Joint D represents the nail joints located at the vertical frames. The surface
grain directions of the framing members and the sheathing materials are parallel
to each other and the loading direction is perpendicular to both the surface grain
direction of the framing members and the sheathing materials.

Twenty test specimens were prepared for all types of nail joints. The test specimens were
conditioned in a chamber after being assembled. Half of the test specimens were
conditioned to constant mass in the climate of temperature 20°C and relative humidity 65%
and half of them were conditioned in the climate of temperature 20°C and relative humidity
90%.
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Figure 2 Test specimens, joint C and joint D.



4.2  Testing methods

Both ends of the studs (204 lumbers) were connected to the testing equipment and the
reverse-cyclic load was applied to the test specimens, The loading schedule followed the
ISO/DIS 16670 protocol. The slip between the sheathing materials and the studs were
measured. Photo 1 shows the testing equipment and the testing setups.

5 Test results

5.1  Plywood nailed joints

The yield strength (Py), the yield deformation (Dy), the ultimate strength (P,), the ultimate
deformation (D,), the initial stiffness (K) and the typical failure mode of the “plywood -
lumber” nailed joints are summarized in table 2. And the bi-linier lines of the envelope
curve derived from the first reversed cycles are shown in figure 3.

The yield strength reduction caused by the humid conditioning of the nail joints are
summarized as follows:

(1) When the loading direction was parallel to both the surface grain directions of the
lumber pieces and the sheathing materials the yield strength was reduced to 84% by the
humid condition.

(2) When the surface grain directions of the lumber pieces and the sheathing materials
were perpendicular to each other and the loading direction was parallel to the surface grain
directions of the lumber pieces the yield strength was reduced to 85 % by the humid
condition.

(3) When the loading direction was perpendicular to both the surface grain directions of the
lumber pieces and the sheathing materials the yield strength was reduced to 84% by the
humid condition.

(4) When the surface grain directions of the lumber pieces and the sheathing materials

were perpendicular to each other and the loading direction was parallel to the surface grain
directions of the sheathing materials there was no reduction in the yield strength.

The failure mode of the joints seems to affect on the yield and ultimate strength of the nail
joints. The dominant failure mode of the nail joint C was nail fatigue in the humid

nt A and joint B. (b) Testing setup for joint C and joint D.

(a) Testing setup for joi
Photo 1 Testing equipment and the testing setups.



climate. And this failure mode was different from the dominant failure modes of the
other nail joints. The dominant failure mode of the other three types of nail joints was
punching out.

The reduction of the initial stiffness of the nail joints due to the humid condition ranged
from 0.56 to 1.04. The reduction of the initial stiffness was not affected by the failure
mode of the nail joints.

The reduction of the yield strength and the ultimate strength due to the humid condition of
the plywood sheathed shear walls were 15% and 13% respectively (Nakajima 2001). The
test results of the lacking test of shear walls and the lateral nail resistance test of the nail
joints indicates that the yield strength reduction of the shear walls can be roughly predicted
by looking though the strength reduction of the nail joints conditioned in the same humid
climate.

5.2 OSB nailed joints

The yield shear strength (P,), the yield shear deformation (D)), the ultimate shear strength
(P.), the ultimate shear deformation (D)), the initial stiffness (X) and the dominant failure
mode of the OSB to lumber nailed joints are summarized in table 3.  And the bi-linier
lines of the envelope curve derived from the first reversed cycles are shown in figure 4.

When the load was applied perpendicular to the surface grain of the 204 lumber pieces and
parallel to the surface grain of the OSB panels the yield shear strength was reduced to 67%
by the humid condition., And the reduction of the yield shear strength due to the humid
condition was not observed when the load was applied parallel to the surface grain of the
204 lumber pieces or when the load was applied perpendicular to both the surface grain of
the 204 lumber picces and the surface grain of the OSB panels. In this case the yield
shear strength in the humid condition was 5% to 15% higher than those measured in the
normal condition.

This test results differs from the test results obtained from the lateral nail test of the
plywood to lumber nail joints. This difference was probably caused by the characteristics
of the two sheathing materials, plywood and OSB, under the humid climate. As
mentioned in the previous paper (Nakajima 2001) similar test results were reported by
Arima et.al. in 1972 (Arima ct.al. 1975). It was reported that the lateral nail resistance of
the particleboard increased almost 10% after immerged in the water at normal temperature
for 24 hours.

The effect of the humid climate on the lateral nail resistance of the nail joints depended on
types of the sheathing materials and also the direction of the load and the assembly of the
studs and sheathing panels.



Table 2 Summary of test results of the reverse-cyclic test of plywood nail joints.

Humidity of the

Type Gflllze condifoning Dy K Pu Du Pominant 2
test specimen oom’ (kN)  (mm) (&N/mm)} (kN) (mm) failure mode
65% R.H. 0.51 0.68 0.82 079 14.09 P6, Wi2, N22
Joint A 90% R.H. 0.43 0.61 0.85 0.69 10.97 P40, WO, NO
Reduction ratio 0.84 0.90 1.04 0.58 0.78 -
65% R.H. 0.54 0.64 0.94 0.86 12.68 P24, W10,N2
Joint B 90% R.H. 0.46 0.96 0.53 0.75 12.68 P40, W0, NO
Reduction ratio 0.85 1.50 0.56 0.88 1.00 -
65% R.H. 0.51 0.73 0.73 0.78 1224 P13, W27, NO
Joint C 90% R.H. 0.51 1.07 0.52 0.78 1435 P7, W12, N21
Reduction ratio 1.01 1.45 0.72 1.00 117 -
65% R.H. 0.53 0.80 0.72 0.80 1227 PO, W23, N17
Joint D 90% R.H. 0.45 0.95 0.56 0.70 1233 P39, W(, N1
Reduction ratio 0.84 1.18 0.78 0.87 0.93

Note 1: The temperature of the conditioning room is 20°C.

Note 2: Failure mode “P”, “W” and “N” represent “punching out
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Table 3 Summary of test results of the reverse-cyclic test of OSB nail joints.

Humidity of the

Type of the s Dy K Pu Du Dominant
fest specimen conrggxlg:]l)mg (kN)  (mm) (kN/mm) (kN) (mm) failure mode”
65% R.H. 0.57 0.47 1.29 0.86 13.74 P12, W27,N1
JointA  90% R.H. 0.59 0.57 1.15 0.90 13.63 P39, W1,NO
Reduction ratio 1.05 1.23 0.89 1.04 0.99
65% R.H. 0.54 0.54 1.07 0.83 14,40 P4, W31,N5
Joint B 90% R.H. 0.62 0.59 1.17 0.95 13.88 P37, W3,NO
Reductionratio 115 110 109 115  0.96
65% R.H. 0.59 0.73 0.99 0.88 12.15 P1, W39, NO
Joint C 90% R.H. 0.57 0.69 1.04 0.86 13.30 P10, W11, N19
Reduction ratio 0.67 0.96 1.05 0.98 1.09 -
65% R.H. 0.57 0.67 0.90 0.84 1215 P2, W33, N5
Joint D 90% R.H. 0.60 0.62 1.07 0.91 12.61 P23, W7,N10
Reduction ratio 1.0s 091 118 108  1.04 -

Note 1: The temperature of the conditioning room is 20°C.
Note 2: Failure mode “P”, “W” and “N” represent “punching out”, “nail withdrawal” and
“nail failure” respectively and the figures beside the alphabet represent the amount
of the nails.
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6 Prediction of the yield strength of the shear walls

6.1  Simple numerical estimation model

There are some models and calculation methods (for example Tuomi 1978) that can predict
the strength properties of the shear walls by the characteristics values of the nail joints.
To predict the reduction of the yield shear strength of the shear walls under the humid
climate the simple structural model proposed by Hirai (Hirai et.al. 1999) was referred.
The shear wall shown in figure 5 was modeled as shown in figure 6.

The model is a simplified model and the true shear deformation of the shear walls are
assumed to be the summation of the shear deformation caused by the slip of the nail joints
and the shear deformation of the sheathing panels. When a horizontal load P is applied at
the top of the shear wall the true shear deformation of the shear wall 4 can be calculated by
summing the shear deformation of the sheathing panels 4 and the shear deformation
caused by the slip of the nailed joints 4,.

Y=Yty (1)
where ,
ds represents the shear deformation of the sheathing panels, and
a represents the shear deformation caused by the slip of the nailed joints.

When the load and deformation are in linear the shear deformation of the shear wall @ and
the load P can be easily calculated by a simple numerical calculation. Equation 2 shows
the relationship between the load applied at the top of the shear wall and the shear
deformation of the shear wall caused by the slip of the nail joints.

h n A n "
P=—t1%k; R +3k; R by, - (2)
2\ =1
where,
ke is the slip modulus of the nail joints at the horizontal framing members,
ki is the slip modulus of the nail joints at the vertical framing members,
and,
1
: 273
R, = 17 1+ A7 1—M —-(3)
1+A° n-1
t
L [ (1 2G-DY)?
R = A+l -t ---(4
T1e A { ( m -1 “
- e

The slip of the nails nailed to the horizontal framing members s; and the slip of the nails
nailed to the vertical framing members s; are given as shown in equation 6. The slip
modulus of the nail joints located at the horizontal framing members kg and the slip
modulus of the nail joints located at the vertical framing members k; can be derived from
the test results of lateral nail tests of the nail joints. Thus equation 2 gives the load £ that
can deform the shear wall to a certain shear deformation &,, the shear deformation caused
by the slip of the nail joints.

h h' "
s, = ——";j” "R, s;= —-———‘; * R, ---(6)
Equation 7 gives the shear deformation of the sheathing panels d; caused by the load P



applied at the top of the shear wall.

P
= (7
V=G Q)
where,
G is the panel shear modulus of rigidity, and
t is the thickness of the panel.

Equation 1, 2 and 7 gives the total shear deformation of the shear wall and the load P
carried by the shear wall,
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Figure 5  Size and assembly of the shear walls. Figure 6 Modeling of the
nailed shear walls,

0.2 Results and discussion

The length of the shear wall /, was 948mm and the height /4, was 2450mm. And the
number of the nail joints located at the vertical framing member m was 25 and the number
of the nail joints located at the horizontal framing member # was 11.  The slip modulus of
the nail joints located at the horizontal framing members k;, the slip modulus of the nail
joints located at the vertical framing members k,; at a certain displacement level can be
derived from the load-slip curve of the nail joints. And to simplify the calculation the
actual load-slip curves were express by certain functions.

The panel-shear modulus of rigidity of the sheathing panels is summarized in table 4.
Using these values the shear deformation of the shear wall under a certain load was
calculated. The results of the calculation are summarized in table 5.

Table 4 The panel shear modulus of rigidity of the sheathing panels.

Climate: (1) 20°C, 65% (2) 20°C, 90%
Sheathing material: Plywood 0SB Plywood OSB
Panel shear modulus of rigidity 460 1650 350 940

(Mpa)
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Table 5 The predicted and actual yield strength of the shear walls.

Humidity of the Yield strength of the shear wall Py (kIN)
Wall type conditioning Calculated Measured
Pyc{Pym
room (Pyc) (Pym)
sheathed shear 90% R.H. 5.09 4.85 1.05
wall Reduction ratio 0.84 0.85
OSB sheathed 65% R.H, 5.51 5.95 0.93
sheathed gh R 1. 493 5.36 0.92
shear wall -
Reduction ratio 0.89 0.90

The reduction of the yield strength of the shear walls caused by the humid climate was well
predicted for both plywood sheathed shear walls and OSB sheathed shear walls. The
simplified model can be a good predictor to evaluate the effect of the moisture contents on
the yield strength of the shear walls. Even though detail analytical models should be
proposed to predict the performance of the shear walls precisely and to predict the
non-linear characteristics of the shear walls.

7 Conclusion

In most case the lateral nail resistance of the nail joints was reduced in the humid climate
and the reduction level depended on the type of the sheathing materials and also the
direction of the load and the assembly of the studs and sheathing panels. And the failure
mode of the joints to also affected on the yield and ultimate strength of the nail joints.

And at least for the plywood sheathed shear walls the test results of the lacking test and the
lateral nail resistance test indicated that the yield strength reduction of the shear walls due
to the humid climate can be roughly predicted by looking though the strength reduction of
the nail joints conditioned in the same humid climate,

The yield strength reduction of the shear walls caused by the humid climate was well
predicted by the simplified model. This simplified model can be a good predictor to
evaluate the effect of the moisture contents on the yield strength of the shear walls,
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Influence of Vertical Load on Lateral Resistance of

Timber-Framed Walls
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Abstract

Laboratory tests are the most reliable source of information about the actual response of the
load-carrying walls loaded with combined vertical and horizontal load. The laboratory
device, which enables testing of cantilever walls, was developed at the University of
Ljubljana. Fourteen cyclic shear tests were carried out on full-scale double panel units with
different timber framing (corner connectors, extra vertical stud along the vertical edge of
cach unit) and OSB sheathing plate. They were preloaded with different vertical loads. The
rescarch was focused on hysteretic behavior of sheathing to framing connections, lateral
resistance of timber-framed panels, and mathematical modelling of their response to
combined vertical and varied horizontal load.

The behavior of timber-framed walls was governed by the non-linear response of
connectors and anchors. The influence of vertical load on cyclic horizontally loaded panels
was studied in details. It was found out that the magnitude of vertical load has strong effect
on lateral resistance of the wall. At small magnitudes of horizontal load the anchorage
system increases the racking resistance of the wall. Fully anchored timber-framed shear
walis with tie-downs at the leading stud have higher lateral resistance and load carrying
capacity than partially anchored walls. At higher magnitudes of vertical load, the anchorage
system coes not have much influence on lateral resistance of a shear wall.

1 Introduction

There is general lack of information about the behavior of timber frame structures in
comparison to the behavior of structures constructed of other types of materials. The main
characteristic of this kind of timber structures is a large number of connections with non-
linear inelastic behavior when subjected even to low intensity loads where dissipation of
energy is significani. The dynamic response of these structures can be calculated only if
sufficient amount of experimentally obtained data is available. Therefore, the experimental
research is needed to obtain knowledge about the behavior of joints, elements and panels
exposed 1o cyclic loading. Research is also needed to study the development of reliable and
efficient mathematical models of timber frame structures.

The timber frame constructions are often considered to have higher earthquake resistance
than structures constructed of other materials. The reason for this reputation is their
relatively low mass. These systems are often designed without paying enough attention to
seismic action impact. However, insufficient knowledge on interaction between wood
frames and sheathing and the role of fasteners often result in poor design of such kind of
structures. The panel geometry data and the mechanical properties of the used materials are
not sufficient for the evaluation of the lateral resistance of timber-framed walls. Reliable



information on the actual response of the basic foad-carrying element exposed to combined
vertical and horizontal loading can be obtained only from laboratory tests. Special attention
should be paid to the non-linear behaviour of the mechanical connections between the
wood elements, because they govern the response of the entire timber structure. The results
of investigations and testing of different structural complexes and connections in various
testing laboratories are also difficult to compare because of the diversity of the system of
composite elements and the performance of tests with variable boundary conditions.

The aim of extensive experimental research of timber frame wall panels that has been
carried out at the University of Liubljana is to obtain information on seismic resistance of
different timber structural elements used by Slovenian manufactures of so called
prefabricated timber houses. Based on these results, the mathematical model for seismic
time-history analyses was developed, validated and verified.

Evaluation of the influence of vertical dead load on structurail walls behaviour is an
important part of the design of structures exposed to carthquake excitation and wind load.
The evaluation results enable the appropriate design of a builiding anchorage system. The
prevention of uplifting of wall segments using anchorage system is correlated with the
magnitude of vertical load. Both anchorage and magnitude of vertical dead load influence
significantly the horizontal load-carrying capacity of the timber-framed shear walls.

2 Experimental research of timber-framed walls

Series of double timber panels were tested. The specimens were loaded with constant
vertical and cyclic horizontal load as well as with constant vertical and monotonic
horizontal load according to EN 594. The influence of anchors and different frame
connectors as well as the influence of different magnitudes of vertical load were studied.
The universal set-up (Fig. 1) was developed in the scope of research of the mechanical
properties of panels and walls as structural elements in timber frame buildings with flexible
horizontal diaphragms.

2.1  The set-up for testing of cantilever panels

The construction of set-up enables shear testing of panels exposed to constant verical load
withouth influencing movement and rotation of free edge of specimen. The horizontal load
is applied by gradual imposition of displacements along the {ree edge of specimen. Taking
into account the limits of the available funds, the simple device based on principle of
balance and lever was constructed. The set-up facilitates the testing of specimens in the
form of cantilever panels turned upside-down and supported along the upper edge by the
steel frame structure. The bottom (free) edge of the tested panel is supported by hinged and
horizontally movable mechanism, which allows its free horizontal movement and rotation
during the test.

The test set-up for combined constant vertical and displacement-controlled horizontal
loading is composed of five major parts, marked in Figure 1 by numbers 1 to 5. The pair of
lever beams (1) follows the vertical deformation of a specimen, while constant vertical load
provided by counterbalance acts on the specimen. The horizontal load is applied along the
lower horizontal edge of the specimen by a single displacement-controlled actuator (5) that
moves the roller beam (3). The beam rolls along the supporting beam (2) that is hinged
between the pair of leaver beams. The specimen is tested as cantilever panel turned upside-
down and supported along the upper edge by the steel frame (4).
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During the testing, the lower edge of the panel is supported by hinged (2) and horizontally
movable mechanism (3), which allows its free horizontal movement and rotation. The set-
up is calibrated for vertical and horizontal load.

2.2 Description of panels and testing procedures

The timber-framed panels were tested to obtain data on the lateral behaviour of the
Canadian platformt construction system for residential buildings that has recently come to
Slovenian market. The basic structural wall elements were constructed of the Canadian
OSB3 single face sheathing and Spruce-Pine-Fir (S-P-F) framing wood elements. The OSB
sheaths were 1.22m long, 2.44m high and 12.7mm thick with material density of 620kg/m’.
The basic frame was constructed of four evenly spaced vertical studs and two horizontal
studs (top and bottom rail) with rectangular cross-section measuring 38 by 138 mm and
material density of 450kg/m® (wood strength class C27 according to EN 338). In each joint
the studs were fastened together by three 90mm long helically threaded nails with a
diameter of 3.3mm and tensile strength above 600MPa. The total length and height of the
frame was equal to the corresponding dimensions of OSB sheathing. The OSB plate was
fastened to frame by 75mm long annularly threaded nails with a diameter of 2.8mm. They
were distributed evenly along peripheral and inner studs with nailing density of 100mm.

Two different types of basic panels were developed from the above-described one (Tabie
1). The first type of panel (marked with 2e¢) had additionally strengthened peripheral frame
joints where BMF steel angle (2,5/60/90mm) with a rib was fixed by twelve 40mm long
annularly threaded BMF nails of 4.0mm diameter. The second type of panel (2ev) was
strengthened by an additional vertical stud positioned along the inner side of the external
vertical edge of frame, The internal vertical edge of frame is considered the one that is
connected together with another panel unit to form a double unit specimen. The additional
vertical stud was fastened to primary vertical stud in the same way as the inner studs when
they were connected together to form specimens described in the next paragraph. The OSB
plate was fastened to the additional stud in the same way as the other studs.

The tested specimens were composed of the two above described wall panels. They were
connected along the inner peripheral vertical frame studs by helically threaded nails (3.3/90
mm) with each side density of 300 mm. The nails were threaded inclined to vertical axis of
stud in approximate angle of 75°. The additional connection of basic panels was obtained
by horizontal boundary studs (head binder and timber packer) fastened to panels along the
upper and fower horizontal edges of the frames. The boundary studs were of the same
cross-section dimensions and material as the frame studs. Each horizontal edging stud of
frame (top and bottom rail) was fastened to additional boundary stud with eight nails
threaded inclined to vertical in approximate angle of 15°, The head binder and the timber
packer were fastened to test the set-up with sixteen metric type M8 bolts. The specimens
were anchored only through bottom rail to the set-up with two metric type M14 bolts
positioned 150 mm from the corners of the specimen. The square steel plate washers, 5 mm
thick and 50 mm in square, were used under the bottom plate bolts.

The panels were tested by monotonic load in accordance to EN 594 and by cyclic load with
increasing reversed cycles (Fig. 3). At every step, the cyclic amplitude was repeated three
times. The herein presented test results are those of the walls strengthened in two different
ways and loaded with quasi-static cyclic horizontal load and three different magnitudes of
vertical load (Table 1). The magnitudes of vertical load were calculated from the example
of the five-story building with a 100 m?* of floor area.
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Figure 2: Experimental shear test of Figure 3: The guasi-static cyclic
timber-framed wall. loading protocol

To obtain the basic properties of wall panels exposed to the seismic action the quasi-static
cyclic loading protocol is more appropriate than the monotonous loading protocol defined
in EN 594 The shapes of histeresis loops and peak load degradation after reversed cycles
within the same amplitude and energy dissipation are the main data obtained from cyclic
tests that enables the evaluation of seismic resistance of timber structures.

2.3 Evaluation of cyclic test results

The behaviour mechanisms of walls are different because of different configuration and
detailing of panels as well as because of different magnitudes of vertical loading. In the
majority of cases, the failure of wall panels developed due to the failure of anchored
corners. The failure propagates through the contact between framing and sheathing as well
as the contact between frame studs locally in the corner of the panel. Because of the high
in-plane stiffness of sheathing plate, the exterior vertical frame stud is usually deformed
out-of-plane, which can lead to instability and thus collapse of entire wooden frame.
Hysteresis responses of two types of specimens tested by cyclic loading and loaded with
three different vertical loads of 10 kN, 51 kN and 84 kN are presented in Table 1. These
loads represent vertical loads on walls positioned in the fifth, third and first story,
respectively.

The sequentially phased displacement procedure [7] introduced the concept of the First
Major Event (FME). FME is defined as the first significant limit state that occurs during
the cyclic test with repeated load reversals to predefined displacements. This limit can be
observed as an event that signifies the demarcation between two behaviour states. For
instance, FME occurs when the shear load capacity drops noticeably from the initial one
due to the recycling of the load to the same wall displacement increment. The transition of
the specimen behaviour from elastic to inelastic response is FME called the Yield Limit
State. There is a number of different concepts for YLS evaluations or determinations. Often
YLS is defined as the point of intersection of secants or/and tangents on the skeleton curve
of hysteretic response of timber-framed walls. In our case, because of big step between
displacement amplitudes, YLS was defined as the point of intersection between two lines.
The lines are the secant of the skeleton curve defined by points at 0.1F,,,, (10% of maximal
horizontal load capacity} and 0.4, and tangent on the upper part of the envelope, which
is parallel to the secant through the skeleton curve at 0.45,,. and 0.9F,,., (Fig. 4).



Table 1: The hysteresis response of the tested timber-framed walls.
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The skeleton curves of hysteresis response of specimens presented in Table 1 are compared
in the diagram presented in Figure 4. It is obvious that the magnitude of vertical load had a
major influence on the all over shear response of the tested panels. On the contrary, the
type of strengthening does not influence very much on the shear strength of the panels.
Some differences can be observed at YL.S and at maximal horizontal load capacity in cases
of low and high magnitudes of vertical loads. At medium magnitude of vertical load (51
kN), there is only slight difference between the types of strengthening. The panels with
corner sirengthening of frame have higher ductility than those with additional vertical
studs. The corner connectors provide additional anchorage of frame studs, which results in
higher lateral resistance of the wall at lower magnitudes of vertical load. In the case of
higher vertical load the panels with additional studs experience transition into inelastic
response at higher magnitude of shear force. The horizontal load capacity of specified basic
configuration of the timber frame wall was also calculated according te Eurocode 5
{Section 3) and compared with actual response of the tested specimens (I'ig. 4).
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The values of YLS (X,, F, and &) and the maximal horizontal load capacity (F,,,) at the
corresponding displacement () presented in Table 2 are the average values of two
tests. Because the resuits of two tests were within the scatter of 5%, the third test was not
performed.

Table 2: Mechanical properties of timber-framed walls with configuration 2ev and 2ec
preloaded with vertical load of 10 kN, 51 kN in 84 kN.

Type of timber | Uniform vertical K, O Iy Fon Otimax
frame wall load per meter [KN/mm] | [mm] [kN] (kN [1mm]
2ev/10 4.0 kN/m 2,23 3,1 6,9 13,6 32,9
2ec/10 4.0 kN/m 0,97 9.4 9,1 16,3 32.8
2ev/51 20.9 kN/m 1,71 9,2 15,7 29,7 51,0
2ec/51 20.9 kN/m 1,51 10,2 15,4 29,0 49,8
2ev/84 34.4 kKN/m 1,99 9,6 19,1 38,2 48,3
2ec/84 34.4 kN/m 1,94 9,0 17,5 35,6 49,1

The Jateral resistance of the timber frame wall is significantly affected by the magnitude of
vertical load (Fig. 5). In the case of low vertical load, the anchorage system increases the
racking resistance of the wall. Fully anchored timber-framed shear walls with tie-downs at
the leading stud have higher lateral resistance and load carrying capacity than partially
anchored walls. At the magnitudes of vertical load above 50 kN or 20 kN per meter length
of the wall the anchorage system does not have very important influence on lateral
resistance of the shear wall. In this case, the failure mode is not governed by up-lifting of
leading stud with cutting and pulling through the nails at the corner of the OSB plate.
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3 Racking strength of the wall calculated according to ECS

Section 5.4.3 of Eurocode 5 states that racking strength shall be determined by an
analytical method according to EC5 or by test method according to EN 594, The test
method is more suitable for the evaluation of lateral resistance of specific panel
configurations than analytical method, because it does not take into account the versatility
of the construction details. The test provides data on the entire response of the structural
element, while the calculation supplys only the shear strength of a panel. The results of the
calculation according to ECS are very sensitive to the values of basic input parameters that
should be experimentally evaluated for every type and configuration of fasteners. The
caleulation can be based on the empirical equations given in ECS or on the data obtained
by experiments according to EN 409 and EN 383. The calculation method for the
evaluation of racking strength is approximate and does not take into account the vertical
toad and properties of details (anchoring of different types, fastening). The calculated
strength of panel is governed only by bearing capacity of edge nails that are distributed
along the bottom rail of the timber frame. The calculated resistance of 15.6 kN without
taking into account the safety factors was in the range of the resistance obtained by the
testing of panels, where vertical loading was 10 kN (Fig. 5). The resistance of pancls
loaded with higher vertical loading was much higher because of "pre-stressing effect”
caused by induced vertical axial load.

4 Mathematical modelling

4.1 Non-linear spring element for mechanical connections

The new non-linear spring element in DRAIN-2DX was developed at the University of
Ljubljana and is named “ULS” element (Universal Longitudinal Spring). Experimentally
supported development started in 1980’s by Zarnié¢. The element is based on significantly



modified hysteresis rules that were originally proposed by the authors of IDARC program
(Park et at., 1987) and own skeleton curve. ULS element is included in the DRAIN-2DX
program (Prakash and Powel, 1993) as a longitudinal inelastic spring element. This
element is suitable for mathematical modelling of inelastic behaviour of structural
connectors and for structural struts as well as for the simulation of displacement responses
of different entire timber frame wall compositions.

force
<

T R (5

~ displaccment

v hardening
i ductility
o descending stiffness
[3 stifthess degradation
v . v slipping or pinching effect
Figure 6. ULS model with trilinear part and descending curves controlled
separately in the compression and tension zone by 10 paramefers.

The trilinear skeleton curve governs the non-linear spring responses, while the shapes of
hysteresis loops are influenced by three additional parameters. The trilinear envelope (Fig.
G) is defined as non-symmetric by three points — crack, yield and rupture point — separately
in tension and in compression. The additional characteristic of the envelope is its strength
deterioration after the deformation defined by rupture point. The independent parameters,
relevant for our case, define: degrading reversal stiffness of spring, deteriorating of
stiffness due to damage propagation, and pinching effect due to the slip of connectors.
Non-linear inelastic behaviour of the mechanical connections between the wood elements
dictates the response of the entire timber structure. The basic parameters, which are needed
for modelling the behaviour of the structure subjected to earthquake loading, can be
defined only by experimental research of the typical connections. For fitting the parameters
of hysteretic rules and skeleton curve of ULS element, the experimental data of sheathing
to framing connection obtained by cyclic tests with loading in both grain directions of
woodframe are needed. Both parallel and perpendicular framing member grain orientations
were modelled separately. Therefore, the nail behaviour is represented by two non-liner
longitudinal springs (Fig. 7), which act independently in two directions.

4.2  Mathematical model of timber-framed walls and whole structure

The mathematical model of timber-framed panels represents the assemblage made of OSB
sheathing connected to wooden frame by the same number and distribution of nails as in
the prototype structural element (Fig. 7). The contribution of intermediate studs was
assumed to be of less significance to lateral resistance than the influence of boundary studs.
Therefore, the mathematical model includes only boundary nailing. In mathematical model,
each nail 1s represented by two longitudinal non-linear spring elements.

9
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Figure 7. Two-stage mathematical model of timber frame struciures.

The first spring element simulates the behaviour of a nail parallel to the grain of wood
connection, while the second one represents its behaviour perpendicular to the grain of
wood connection. The studs at the edges of sheathing segments were fully anchored by tie-
downs. The initial stiffness of the tie-down should be estimated, measured, or governed by
deformability of the used number of nails Joaded in parallel to the grain of wood member.
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Figure 8 Comparison between experimentally obiained and calculated hysteresis response
of the wall with 2ec configuration at 51 kN of vertical load for the same cyclic excitation.

The scheme of the mathematical model of timber-framed structures is presented in Figure
7. The main advantage of the macro modelling approach in comparison to FEM modelling
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is in better matching of the real non-linear behaviour of fasteners and in shorter time
needed for the simulation of the response of real structural systems. The herein proposed
approach is a two-stage approach based on the behaviour of the mechanical connections. At
the first level of structural analysis, each wall of system is analysed knowing the behaviour
of the frame to sheeting mechanical connection. The second level of the analysis is based
on the calculated response of the single walls obtained from the first stage of analysys. The
walls are represented with equivalent strut models that compose the model of entire
structural system of the timber building.

In Figure § the calculated hysteresis response is compared with the response obtained from
testing panel with 2Zec configuration preloaded with vertical load of 51 kN. Good matching
even in the shape of hysteresis loops confirms the quality of the mathematical model.

The quality of the mathematical model can be judged also on the energy dissipation
calculated from the histeresis loops (Fig. 9). Model is not able to simulate the dissipation of
hysteric energy until the yielding point is reached. After reaching YL.S, the mathematical
model starts to dissipate energy with the same intensity as the tested wall. This is reflected
in constant difference within the dissipated energy form the beginning until the failure. It is
well known that all kinds of dowel type connections between the mechanical fastener and
the wood medium have a characteristic non-linear behaviour from the start of loading at
very small deformation because of the embedding of the connector into the wood medium.
Taking into account this phenomenon is almost impossible within a mathematical model.

The influence of vertical load to shear response of panels is demonstrated by using a
calculation (Fig. 10} in the similar way as by testing of panels. The calculated and
measured responses differ to certain extend in the cases of lower vertical foad because of
the influence of different anchorage system used in the mathematical model. The
mathematical model assumes full anchorage, while the tested walils were partially
anchored. From the difference evaluated from graphs (Fig. 5 and 10) it can be concluded
that the tie-downs at external studs of panels could at the vertical load of 10 kN increase
the horizontal load carrying capacity by more than 50 %.

- _ = :
¥ 8 . =
. 2 30
> 2 :
g §
c &
a 4 - =
2 o test o 10 e -l —wee Frjax (calculated) -
oy L : ] ;
a f —caiculation . . § ; L i Fy (calculated)
o] 500 1000 1500 2000 2500 3000 2500 o 20 40 80 80 100
Time fsec] Vertical load on the watil (kN]
Figure 9: Comparison between Figure 10: Influence of vertical load on
experimentally obtained and ealculated caleylated load carrying capacity of fully
energy dissipation of the tested wall. anchored timber frame wall.

The developed mathematical model was also verified by blind prediction of dynamic
response of a wood framed residental building at International Benchmark Workshop in
June 2001 in San Diego. The two-story house was tested on uniaxial seismic simulation
system at the University of California, San Diego, in the scope of CUREE-Caltech
Woodframe Project. The calculated dynamic response shows good agrement with the
measured one [4, 1 and 2], which proves the model's efficiency.
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5 Conclusions

The main conclusions derived from herein presented experimental research are that the
shear tests on cantilever timber-framed walls are very sensitive to boundary conditions and
the maganitude of vertical load. Very important is also the way of applying loading on the
test specimens. The tests results show that moderate additional investment in slight
variation of panel composition (anchors, tie-downs) can significantly upgrade the shear
resistance of the wall at the same magnitude of vertical load. Due to weak connections of
{raming elements and unsuitable anchoring, the magnitude of vertical load has a beneficial
influence on racking strength of the wall. The bearing wall preloaded with lower vertical
load should be fully anchored with the tie-downs on the exterior studs of the frame.

The proposed non-linear spring element is capable to simulate the behaviour of all kinds of
connectors and anchors with typical characteristics of hysteresis loops. The simulation of
inelastic behaviour of nailed connection is of cruecial importance for suceessful prediction
of the behaviour of timber frame walls and timber structures on seismic excitation. The
presented mathematical model is also suitable for modelling the response of largely
fenestrated panels. The whole layout of openings can be taken into account with real
distribution and dimension of OSB sheathing including the sheathing beneath the windows
as well as sheathing and glued faminated timber beams above the openings. The
comparison of calculated and experimentally obtained response of the tested timber frame
wall shows excellent agreement even in the shape of hysteresis loops. For accurate analysis
it is important to calibrate the mathematical model parameters for mechanical connectors
with experimentally obtained results.
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1 Introduction

Timber-concrete composite floors are light solutions to comply with design criteria: stiffness,
load capacity, fire barrier and resistance, phonic isolation, comfort toward vibrations... Most
of these characteristics are particularly important in seismic zone. A lot of mechanical
functions have to be assumed by a floor in a structure undergoing severe vertical and
horizontal loading. Obviously, bending strength is the first function of a floor. Nevertheless,
diaphragm function and connection with vertical structure is also extremely important. The
total or semi-rigid connection of to layers provides a large strength for floor elements in
bending. This connection also undergoes shear forces in order to transfer horizontal loading
(wind, buckling effects, seismic actions...) from beams to diaphragm and from diaphragm or
beams to vertical structures. Figure 1 gives an illustration of different configurations for a
composite floor.

Figure 1. illustration of a composite floor integration in different vertical structures

The a) configuration corresponds to a reinforced diaphragm layer directly connected with
concrete wall. In this case, horizontal loads can be transfer by usual RC system and connected
beams are essentially used for bending function. For b) structure and loading in x direction,
horizontal forces are equally distributed on the different portai frames. For Y axis loading
direction, ¢) configuration induces layer interface forces perpendicular to the beam. The
integration of a longitudinal beam as in ) illustration allows to reduce these perpendicular

-1 -



forces. A complete side-line of connected beams as anchoring flat may be more efficient.
Nevertheless, with torsion displacement modes the perpendicular to beam forces can not be
totatly suppressed.

The types of behaviour are often different among Service Limit States and Ultimate Limit
States. The concreting technology is quite important on the global characteristics of a timber-
concrete element. The possible semi rigidity for one connection can be differently integrated
in global behaviour. The number of points of connection or its continuity can induce various
types of global mechanical response. For a composite floor, it is important to have a global
approach, without a unique limitation to a regular bending problem.

This paper deals with stiffness, strength and ductility experimentally observed on increasing
sizes of shear specimens as well as on full scale floor in bending.

2 Sylvabat system and experimental programme

The technology analysed here is based on a mechanical connection realized by steel tube,
circular hollow section, between reinforced concrete layer and glulam beams. One part of the
tube 1s mserted in timber component by drilling, the other part is sealed during concreting in
the slab. This technical solution, Sylvabat system, can be used as well as for new construction
or for refurbishment. Figure 2 presents two examples of recent realizations with this
technique.

Figure 2 : examples of Syylvabat system realisations:
a) refurbishment of Esquirol hospital in Paris region (630m3,
b) construction of a secondary school in the Alps (1760 m 3

Standard CEN,EN 12512 [2] is used to perform the static tests, amplitudes of cyclic loading
signal are determined from it. Indeed, this standard is relative to experimentations on timber
elements. In our case, the mixed building technology with the presence of a thin concrete slab,
brought us to increase the number of cycles, in each sequence of a constant amplitude of the
controlled signal, from 3 to 20 better to exhibit possible concrete damage in the connecting
zone. Increment of amplitude of loads are determined in comparison to ultimate displacement
as proposed in ISO standard [4]. Loading histories are recapitulated in figure 3.



Sequence 1 2 |3 (4 5 |6 |7 |8 9
Nb Cycles | 1 9 111 1 120 |20 |20 20

“Amplitude 1,25%2,5%( 5% |7.5% {1 0%[20%40%B0% [+ 20%,

"

Failure 40

T YN X
iR

<690 t(s)

Figure 3. static and growing cyclic loading

Three scales of shear specimens are tested with 1, 2 and 4 or 8 connectors. These different
scales of specimens allow us to obtain information about interaction effects and distribution of
load between connectors. For each configuration, every test is repeated three times to estimate
the variability of the behaviour. The constitution of the simplest specimens is summarized in
table 1.

Code name 1-a 1-b 1-d

Timber type GL26h GL26h C24

L {mm) 600 600 600

specimen b {(mm) 110 110 90
h (mm) 270 270 220

ha (mm) 40 70 40

Connector B (mm) 55 5 55

Table 1: shear specimen configuration and dimension

Connectors with a diameter of 70mm are used for 2 and 4 connector specimens. Finally fests
carried out on 27 m? floors give global in formation in order to calibrate the integration of
basic single connector behaviour, interaction effect on global response of the whole structure.

The characteristics of the materials are the following ones :
Concrete slab: concrete B25 (fc28=25MPa) , with a reinforcing steel mesh,
Timber beam: GL2GH, d =465 kg / m” and solid wood, C24, d = 438 kg /m’
Connections: steel Tube 8235, thickness=2 mm.

3 Basic scale: one connector

3.1 Experimental set up

Tests are carried out on specific test vertical portal frame. Controlled displacement signal is
applied on the extremities of the timber beam (fig. 4), it is applied with an hydraulic jack
“Instron” and controlled by an electronic system “S56”. The forces induced by this
displacement are recorded by a force sensor “Z12 HBM?”. The slab is supported on each side
by a trimmer beam. This beam 1s pin connected on two force sensors “H2 HBM”. H2 and Z12
sensors allow us to compare the loads applied on the beam and the slab, and so, to have an
estimation of the friction on lateral, back and front simply support (less than five percent of
the applied load in our tests, with a validation for each test) [5]. The slip between timber and
concrete elements is measured by two symmetrical LVDT sensors fixed on both sides of the
timber beam. Difference between the two sensors allows to make sure of the weak importance
of a rotation around the tube axis. Specimens are placed with a gap of some mm
perpendicularly to the plan of connection but without gap in the direction of the load.
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Therefore the preloading phase is integrated into the phase of implementation ; it is limited to
30 % of the estimated static strength.

Loading s!eeip!afe

‘>2>(~ W

Connector™
position

Concrete

Timberbeam

S!e[[ support
chc

Ia oo ani ;’01 ce

Figure 4. Shear specimen and experimental set up

3.2 Static loads results

Static loads results are illustrated on figure 5. Rigidity, strength and static ductility are
presented in the table 2 [6]. These figure and table show the good homogeneity of the results
obtained for each configuration; the biggest homogeneity is observed for specimens with the
glulam beams. The little more important dispersion of results with solid timber beam
component can be attributed to the biggest dispersion of the characteristics of the solid wood
itself. Specimens undergoing longitudinal loading, in the various configurations of
connection, present a good static ductility.
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Figure 5: Static behaviour for basic tests longitudinally and transversally loaded

K (kKN/mm}) Fmax (kN) Ductility
1-a-L 39,5 61 11
Longitudinal shear 1-b-L 38,5 75 8
1-d-L 28,2 60 410 10
I-a-T 28 21,7 i
Transverse shear 1-b-T 40 27,0 1
1-d-T 23,5 16,2 1

Table 2: basic specimen shear tests, strength, stiffness and ductility

4.



The connectors with a diameter of 70mm and an anchorage of 70mm bring a wider linear
elastic domain, buf not a biggest static ductility. Strength in transverse shear of this type of
connection is about 30% of the longitudinal one, failure is brittle and experimental results
obtained after this first failure correspond to the behaviour of a half-beam in three point
transverse bending (tow points for the applied load and the connector as support).

3.3

Cyclic results are presented on figure 6. On this figure, curves in wide lines correspond to
static envelop curves; cyclic curves well join the static domain. The strength diminution
during a sequence of 20 cycles remains very weak until 40 % of the static strength, After this
threshold, until yield strength, the diminution does not exceed 20 %, even with 20 cycles per
sequence. Observations made for static results can be duplicated for cyclic results.
Differences between static and cyclic results appear on the shape and the location of the
collapse. Indeed, the observation after testing of the static specimens indicates an embedding
of the wood, a plastic hinge with shear in the connector and cracks in concrete in joint zone.
In contrast, after cyclic loading, the specimens show preferentially a large damage of concrete
in embedment, without significant embedding in wood or deformation of the connector.

Cyclic resuits
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Figure 6. cyclic behaviour for basic tests longitudinally and laterally loaded

Seismic results

34

In order to complete these static and cyclic results, static and seismic type loads are applied on
single connected specimens close to 1-b type with concrete throughout the tube, including in
the thickness of the beam. Loading and behaviour are presented on figure 7. The three signals
of loading are deduced from Kobe earthquake. Between the first and the second loading, the
duration of the load is modified. Between the second and the third loading, the amplitude of
the required displacement is modified. The widest curves on right graphics correspond to the
static relationship between displacement and load. The fine lines indicate the seismic
behaviour. Together, the different seismic behaviours are in a good accuracy. The seismic
loads are Slightly greater than those of static skeleton curve (wide lines). First and second
loadings are particularly severe and for the end of loading a large gap in the connection can be
observed. After the third loading, only little damage of the specimen can be detected. A good
ductility 1s also observed during these specific loadings.
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Figure 7: Seismic behaviour of a single connected shear specimen

Left: time(s)-displacement(mm) loading - Right: slip(mm)-load (kN} curve

4 Multi connected shear specimens

The dimensions of these specimens are the same as basic ones, except the length. Tests

reported here correspond to specimens with:
- two connectors (1-c¢) placed at minimal distance indicated in the technical approval [7] of the

process (de/c=200 num), L=900mm, D=70mm, ha=70mm,
- four connectors (2-a) de/c=250mm, L=1200mm, D=70mm, ha=40mm,
- eight connectors placed in staggered rows (2-b), de/c=170/80mm, L=1200mm,
D=50mim,ha=40mm

Stiffness, strength and ductility are given in table 3. Stiffness, resistance per connector and
ductility seem to be quite dependant to the number of connectors and to the distance between

these connectors.

Multi-connected specimens Equivalent single connected specimens
SERIES | K , (kN/fmm) |Fumax, (kN)| SD | Ky (kN/mm) | Fumax; (kN) SD
1-¢c | 94=24K, | 116=15F,| 6,1 38,5 75 8
2—-a [ 170=4,4K, 259=35F;| 6,3 38,5 75 8
2—-b [218=55K, 283 =4,6.F, 5 39,5 61 11

Table 3 — stiffness, strength and static ductility of multi connected specimens




5 Floors in bending

Tests on two types of connected floors have been carried out. The two diameters of
connectors have been used. Here is only presented the test and the results relative to the third
floor with 70 mm diameter connectors and an alternated loading. Constitution of the floor,
dimension and position of the beams are given on figure 8. On this figure, experimental set up
for a three point bending is also describe. Realization of the floor before and after concreting
is iliustrated on figure 9. Steel frame specially designed to apply ascendant and descending
loading, equipment used to record displacements and forces are also shown on this figure.
Design of the floor with four beams and usual conerete slab is able to take info account and to
exhibit influence of the effective compressed concrete zone due shear lag. Configuration of
the loading induces linear bending moment and constant vertical load effect and so, a biggest
zone for transfer of connecting forces.

4,50

&
3

Concrete slab B25
Thickness: 7em

F 282.6.cm b

IPE 400

HEA 200

Hydraulic jack 400 kN

Load cells
Displacement LVDT

e Slip LVDT
Figure 9: framework, connection, loading apparatus and measurement equipment
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A same evolution of number of cycles and amplitude of displacement of each sequence 1s
defined for cyclic loading. Nevertheless, asymmetric signal is assumed between downward
and upward controlled displacement loading. All these actions are applied on concrete layer,
directly on the upper face, or on the lower face between the timber beams. Vertical
displacements are recorded in different points on a half part of the floor. mid span deflection
is illustrated on figure 10. Interesting stiffhess, strength, and lower cyclic damage can be
observed. However, global ductility is very low; collapse is not induced by connecting failure.
Collapse appears in bending in one or two timber beams. Maximum of bending moment is
close to 340 m.kN, After this failure, the floor still undergoes a moment about 180 mkN,
equivalent to a deflection of 1/300 before the first failure.

360 .

/
300 il : -

240

380
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Figure 10: floor Nb. 3, Bending moment (m.kN) versus central displacement (mm)
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Figure 11: floor Nb. 3, Bending moment (m.kN) versus slip between layers (mm)

Displacements between timber beams and concrete layer are measured on the ends of the
floor; they are presented on figure 11. For a deflexion corresponding to /300, the slip between
the two component is 0,7 mm. The failure appears for a value of slip of 1,1 mm. This value
increase only to 1,6 mm during the next loops.



6 Analysis and conclusion

Results of test carried out on the floors and shear specimens are compared with modelling
proposed by Eurocode 5- part 1.1 (Annex B — Informative- Mechanically jointed beams) [1],
[3]. Values parameter used for the modelling are the following:

Concrete MOE (E.): 30 Gpa,

Timber MOE (Eqnoy/): 12 et 11,7 Gpa,

Stiffness connection: 38,5 kN/mum for D=70mm, 39,5 kN/mm for D=50mm.

Effective part of concrete slab taken into account with a timber beam is defined as:
bﬂ’ﬂz min (b, +L/5 ; b) x (Eﬂ,moy/E()

Results of annex B modelling applied fo our floors in these conditions for bending moment of
200 m.kN are presented in table 4. Experimental values of deflection and slip are also given
for the same moment in this table.

Forces in
Uexp (MM) | Gexp (MM) | ber (MM) | U (MM} | Gin {mm) conncetors
(kN)
P1,P3 22 0,6 480 20 0,644 25,8
P2 25 0,56 468 19 0,547 21,1

Table 4 — Experimental modelling results for floors in bending

Study of the local behaviour of Sylvabat system connection exhibits different failure modes
according to the loading signal (static or cyclic). The full scale floor shows another
dominating mode of failure. In this case, the failure is due to timber beams in bending. Bnttle
behaviour in tension of timber and limited capacity of deflection give some explication of this
observation.

Strength variation of concrete layer does not appear to be an important element in the strength
of the composite floor. In fact, the three floors reach equivalent levels of resistance
~340 m.kN) {8]. Evolutions of distance between the connectors along the span proposed in
annex B correspond to larger distances than in the actual technical approval and seems to be
enough to obtain the observed strength (600 mm for a diameter of 70mm in middie span zone
and 300 mm close to support). With regard to the two components without connection,
Sylvabat system presents a gain of efficiency from 2,5 to 3,5. This ratio is about 0,75 to 0,85
by considering stiff interfaces. The previous variations depend on the definition of the shear
lag effect. Complementary studies have to precise this point.

Beyond the validation of the cyclic behaviour of Sylvabat floor (designed for static action), its
realization in seismic zone requires definition of specific details in connection with vertical
structures in order to transfer horizontal forces.
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1. Introduction

This paper is about the design of timber-concrete structures with semi-rigid connections -beams in
particular-, according to the provisions given by Eurocode 5 (EC5). In fact the new pre-version of this
Standard (prEN 1995-1-1, final draft, April 2002 [1}) has introduced some changes in the way of
evaluating the long-term effects of sustained loads, which allows for some modification of the
currently employed design procedure for this kind of composite beams (presently ENV 1995-Part 1-1
[2] and ENV 1995-Part 2 3]).

Therefore the scope of this paper is the long-term performance of timber-concrete composites, aiming
to propose a simplified procedure for its evaluation.

2. Basics of design

The deformability of the semi-rigid connection system play a very important role on the structural
response of mechanically jointed structures. EC5 takes it into account by using the formulas for
timber-to-timber composite beams with semi-rigid joints firstly proposed by K. Mohler [4] (see
Appendix).

Strictly speaking, these formulas are rigorous only for linear-elastic materials. Concrete and timber are
therefore regarded as linear-elastic, and their average Young’s moduli Lo, (1) and Iy meq are evaluated
according to provisions given by Burocode 2-Part 1-1 [5] and EC5-1-1 related product-standards
respectively’.

The connection system is usually characterized by a load-slip non-linear constitutive law, but in order
to apply the elastic formulas it is also considered as linear-elastic. The slip moduli X, and K, are
therefore secant slip moduli that are employed respectively for serviceability and uftimate limit state
verifications. They should be evaluated by experimental tests (i.e. ISO-EN 26891), however EC5-1-1

Since concrete is an aping material, its Young's modulus increases in time and is a function of the instant t {Fe (1)) at which the load is applied, according
1o the formulas given by [61. Nevertheless, for the sake of simplicity, this dependency of e concrete Young’s modulus on the time, is not considered by
Furocode 2.



provides some approximate formulas for timber-to-timber connection systems that are extended to
timber-concrete connection systems by simply doubling these values. In addition, it states that a
value X, = 2/3K,, is admissible for design calculations.

sar

Both ultimate and serviceability limit states have to be checked at short-term and long-term.

3. Evaluation

Let EF be a generic effect (stress, displacement) produced by the load combination 7, and F,, F, be
the load combinations for ultimate and serviceability limit state. The value of EF can be calculated
using the formulas provided by EC5. Cereris paribus, this value depends on the load applied on the
beam, and on the Young’s and slip moduli of the component materials:

EF: = EFS (Ecm » Eo.mean :Kser) Eﬁ:‘ = EF" (Ecm (rO ): Eo,mem: » Ku ) (1) (2)

The quantities £ and £™ would be different even if the same load combination was applied, being
K.ﬂ?ﬂ' :f-' Kll N

The problem is complicated by the rheological phenomena that occur in all the component materials.
Concrete, timber and connection system are characterized by important creep phenomena, and the
moisture content affects the behaviour of both timber and connection. For the concrete, EC2-1-1
provides some formulas and tables for evaluating the creep coefficient o(t,1,}, ¢ and 1, being the final
and loading instant respectively. EC5-1-1 tables the values of the creep coefficients &, for both timber

and connection. The creep phenomenon produces two types of effect on the composite beam:

- increment in time of strains and displacements;

_ different distribution in time of stresses and internal forces in the component materials, because of
the different creep properties.

Consequently the creep affects both the ultimate and serviceability limit states, and should not be
neglected. Thus, the composite beam has to be checked with regard to:

- the initial state (short-term verifications), i.e. immediately after the construction (instant 7, ): the
loads are applied instantaneously, and there is no creep effect;

- the final state (Jong-term verifications), i.e. at the end of the technical life (instant t): the rheological
phenomena affect the behaviour of the beam.

The short-term verifications can be performed according to the aforementioned procedure, based on
Young’s modulus values, while for the long-term verifications, the effective modulus method can be
employed [1,2,3,5], i.e.

E, (t;) Ey K
E —_ em V0 E - anean K = 3 4 5
e, fin ] + d)(t, to) 1, firt 1+ kd‘vf’l Jin 1+ kdcf!f ( ) ( ) ( )

In the case of timber-concrete composite structures, being the concrete more viscous than timber in
most cases, concrete stresses tend to decrease in time while stresses on timber tend to increase.
Therefore the long-term situation is the most demanding for timber. For this reason short term
performance is not considered in this paper.

The long-term calculation procedure is described in the following Sections with regard to the old
(ENV, 1993) and the new version (prEN 2002) of Eurocode 5.



4. Design procedure according to ENV version
In the ENVversion of ECS, in force at present time, the creep coefficient ,, is tabled as a function of

the service class, which accounts for the moisture content of timber, and of the load duration class.
Since loads with different duration classes may exist in the same combination, different values of
kqs should be used. For serviceability and ultimate fimit states, the design Joad combinations are

respectively:
Feo= ZGI:,_; T +Z‘§"1,ka,1 Fyu = ZVG,J'GA-,_; +Yon s + z"/g,.-\l’o,sgk,f (6) (7

Jzl £l gzt il

where G denotes the permanent and ¢ the variable actions, characterized by different values of creep
coefficients, and v, vy are coefficients tabled in Eurocode 0 [8].

Long-term verifications

Serviceability limit state
The long-term maximum vertical displacement « ,, can be calculated by superposing the effects of the

different loads:

=gt G, . Cr,
uﬁn - Hﬁdn - Zuﬁ:lj +Hﬂf:] +Z\yi,fuﬂfl (8)
gzl irl

Each contribute «7, is evaluated using the effective moduli of the materials [7];
u:::;‘n = HF (Ec,_ﬁm J';s!,ﬁrw Ksor,ﬁn) (9)

that are given by Eqs. (3) to (5), adopting the creep coefficients calculated according to the load
duration class.

Ultimate limit state
The ultimate limit state at the final stage can be checked using the formulas given by ECS5 to evaluate
o, Stresses, replacing the Young's moduli of the materials with the effective moduli £,

‘n‘ " F‘ ir -
U'ﬁn "._."Jﬁ:';' =g " (Ec,ﬁmEr,ﬁmAu,ﬁn) (10)

where the load combination 7, is given by Eq. (7). Because of the different values of k,,, for the loads
G and O, the effective moduli are calculated as average values of the #,, coefficients weighted
according to the loads [7]:
. E G 0,
Ey = : Lt = (11)
é ZGM + ZQF{J {; kg, ; 1+ ‘F"def,gh,}

J=l iz

where £ is the Young’s modulus of concrete, timber or the slip modulus of connection. The Eq. (11)
applies for both timber and connection (the creep coefficients are assumed equal for both materials),
and also for concrete, as long as the creep coefficients k,, are substituted with #(1.t,), according to the

corresponding load duration class. While correct this procedure lacks of physical sense, somehow.



5. Design procedure according to prEN version
In prEN version of Eurocode 5 (2002) while the load combination for ultimate limit state design has
been retained unalterated, the load combination for the serviceability limit state has been changed as
anticipated in [9]. In fact, according to Eurocode, Basis of structural design [8], three combinations -
characteristic, frequent and quasi-permanent - are now considered:”

Far =2Gk,j +0p1 "‘ZWo,ka,s Far 22@:,;‘ +¥ O +Z\P2,iQk,i Fap :ZGk,j "‘Z%,;Qk,i (12)(13) (14)

FES] il Jz1 i»l J=1 iz
In particular the characteristic ¥,, and the quasi-permanent Fy, load combinations are employed

respectively for evaluating the effects of instantaneous and sustained loads.2

Only one value per material is now provided for ks , i.e. the permanent value. In case of other
duration loads the relevant ku; is simply calculated as w. K ef perm, Dasically re-introducing the load-
duration based k. values of ENV version. Therefore, basically nothing has changed. In fact in order
to caleulate the final deformation each load contribute is calculated using the effective modulus. In
order to calculate the stress state at long-term, the effective moduli are again used and calculated on
the basis of the weighted kg coefficients according to the loads.

The creep coefficient of connection &, , is now assumed to be twice the timber one, in order to take

into account the actual higher creep deformation of joints.
Other difference between ENV and prEN is the way of evaluating the mean value of connection
stiffness X, (ENV formulas refer to characteristic timber density px while prEN refer to mean value

of density py, : actual difference is very small indeed).
Tn conclusion the actual differences between ENV and prEN calculation procedure are very limited.

6. Simplified procedure
An alternative procedure, which allows to avoid the weighting kar factors, is hereby described and
proposed.

Long-term verifications

Serviceability limit state

The creep effects are due only to the quasi-permanent part of the load 7, considered as acting on the
structure for the whole technical fife. The long-term maximum vertical displacement can be calculated
by superposing to the long-term displacement due to the quasi-permanent part of the load, and the
instantaneous displacement due to the difference between the rare and the quasi-permanent
combinations applied at the end of the technical life +:

z FypFpy _ Py Fy~F,
uﬁn =uﬁTIP U =Y dP(E(:,ﬁmEt,ﬁmKser,ﬁu)“l"u ! dF( ‘cm(t)’EO,memr’Kser) (15)

I inst

with £, .., E.., and X, given by Egs. (3) to (5). The load combination F,, is given by Eq. (14),
and F,;, -F, by

“The combinations of actions o be taken into account ir: the relevant design situations should be appropriate for the serviceabity requirements and
performance criteria being verified”.



Fop=Fap= @ _‘~|’2,1)' Ok ‘*’Z(‘I’o,a‘ - ‘Ifz,x)‘Qk,f (16)
(&
Ultimate limit state
Only the quasi-permanent part F,, of the ultimate limit state combination F,, has to be considered as

acting during the whole technical life of the structure. The effects due to the load F,, can be
evaluated using the effective moduli £,,. The difference between the ultimate and the quasi-permanent

load combination is instead applied instantaneously: thus for this part of load the Young’s moduli at
the instant / have to be employed. In symbols, the following equation can be written:

Sﬁn = Spdlp + S'F““FM = SFd‘P (Ec.ﬁrr’ Er,ﬂu’Ke‘cr,ﬁn)-'- SF‘LH“FE'F (Ec‘m (f)’ Eo,mcm:s Ku) (17)

I inst

with 7, , given by Eq. (14) and 7, ~F, , by

Fd,u - jd.p = Z(YGJ - 1)'Gk“i "‘“('YQ,I _\\Uz,l)' Qk.l +Z(VQ,£‘§’0.:‘ - Wl.i)'Qk.: (18)

Szl 1=

7. Numerical examples

Two different timber-concrete composite beams, the cross sections of which are represented in Figure
1, have been used as an example. The beam denoted as “GL”, 8 meters span, is typical of new
structures and is made by two high glued-laminated timber beams and a concrete slab cast above a
corrugated steel sheet. The beam denoted as “S”, 4 meters span, is typical of restoration of ancient

timber floors, and it is made by a solid timber beam.
steel mesh $6 size 36x30 em
concrete siab
e

‘ L = 5, [) 4 conerete slab
----------------------------------------------- 10.0 &
I ! 40 | B
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275125 —-700 12.5-27.5-~

Figure 1: Cross section of the “GL", long span, and “S”, short span, composile beams - Measures in cm

Geometrical and mechanical properties

The geometrical properties of the two composite beams are summarised in Table 1. Both the beams
are one-span simply supported and uniformly loaded. The spacing of the fasteners varies between a
minimum and a maximum value, s, and s, respectively. According to ECS5, an effective value of

max
fastener spacing s, can be used into the elastic formulas:

Sy = 0,758y, +0.255 {19

min max



Table 1: Geometrical properties and loads on the two beams

Symbol | Meaning Measure | GL Beam | S Beam

b, Slab width cm 150 50

h, Slab height cm 10 4

b, Timber beam width cm 2x12.5 15

h, Timber beam height cm 50 20

/ Length of the beam cm 800 400

Snin Minimuin connector spacing cm 15 8

S Maximum connector spacing cm 45 24

Sy Effective connector spacing cm 11,25 12

d Diameter of the connector mm i8 10

G, Permanent load kN/m 3.3 0.70

0O, Variable (medium or long term) | kN/m 16 4.15
load

¥, Factor for quasi-permanent valuc of 0.6 0.6
a variable long term action

¥, Factor for quasi-permanent value of 03 0.3
a variable medium term action

The same kind of concrete and steel has been used for the two beams: concrete strength class C25/30
according to Eurocode 2 , steel bars for reinforced concrete are used for the fasteners. The timber
classes are: glued-laminated timber, strength class GL24h according to prEN 1194 [10], for the “GL”
beam; solid timber, strength class C22 according to EN 338 [11], for the “S” beam. T he service

classes are the 3™ and the 1* for both beams “GL” and “S”.

The mechanical properties can be evaluated according to the formulas given by Eurocodes and

summarized in [7].

Table 2: Mechanical properties of the timber used for the two beams

Symbol Meaning Measure | GL Beam S Beam
B mean Medium Young's modulus N/mm® | 11600 10000
P Characteristic density kg/m’ 380 340
P Medium density kg/m® | 450 410
Service class 3 Service class 1
Kaet G, Creep coefficient for 2 0.6
permanent load (ENV and
prEN)
Kot 0, Creep coefficient for long | 1.5 0.5
term load (ENV)
et 0,1 Creep coefficient for 0.75 0.25
medium term load (ENV)
Kt 00 Creep coefficient for long | Wak,yp =12 Walksor .= 0.36
term load (prEN)
K0, Creep coefficient for | Wakyyg,, = 0.6 Po kg, = 0.18




[ medium load (EN) |

Table 3: Mechanical properties of the CORCFeLe used for the two beams

Symbol Meaning Measure | GL Beam | S Beam
E_(t) Medium Young's modulus at instant £, N/mm® | 30000 30000
E_ ) Medium Young’s modulus at instant ¢ N/mm?® | 30000 30000
Service class 3 | Service class 1
o{t,5,) Assumed Creep coefficient for permanent | 2.20 2.25
load
&(r,1,) Assumed Creep cocfficient for long term | 1.85 1.90
load
$(t.1,) Assumed Creep coefficient for medium term | 1.30 1.35
load
Table 4: Mechanical properties of the fasteners wsed for the two beams
Symbol Meaning Measure | GL Beam | S Beam
K oo PEd Slip modulus (ENV)’ N/mm | 13330 6270
ser 47 20
K = 2 X Slip modulus (ENV) N/mm 8890 4180
w 3 ser
© Prl{,s d Slip modulus (prEN) N/mum 13740 6640
ser <" 25
¥ o= 2 I Slip modulus (prEN) N/mm 9169 4430
" 3 S0F
Service class 3 Service class 1
kaerGp.r Creep coefficient for 2 0.6
permanent load (ENV)
Kaer,6,.1 Creep coefficient for 4 1.2
permanent Joad (prEN)*
Kof 00 1 Creep coefficient forlong | 1.5 0.5
term load (ENV)
Kaer ot Creep cocfficient for 0.75 0.25
medium term load (ENV)
Kaef 041 Creep coefficient for long | 2Wak i = 2.4 2¥2 ke por i, .= 0.72
term load (prEN)
Raer.0,.f Creep coefficient for Mok, = 1.2 ¥y kg, = 0.36
medinm load (prEN) ‘

3 The slip madulus of connection for the serviceability limit state K sor 18 evaluated doubling the corresponding value cbtained for timber-timber

cormections, which is calcutated as a funetion of the characteristic or medium density of timber in the ENV and prEN versions of EC3, respectively.
“T'he creep coefficients are assumed equal or twice the corresponding values adopted for timber, in the EN'V,and prEN, respectively.



8. Computation

Env and prlEN

The results are reported in Table 5. They have been obtained from Egs. (42) to (57) as reported in
Appendix, where:

1) for the serviceability limit state, the long-term solutions #% and #%, due to the loads G, and @, have

been superposed. These solutions have been calculated by adopting the effective moduli:

En = rc,ﬁn ](:r = E'l.ﬁn K= Kscr,ﬁu (20) (21) (22)

evaluated according to Egs. (3) to (5), assuming the creep coefficients corresponding to the duration
class of the loads G, and O,;

2) for the ultimate limit state, the long-term solution has been evaluated by adopting the effective
weighted moduli given by Eq. (11) under the load combination 7,

k= Ec,ﬁn Er = E:I,ﬁJ) K= Ku,ﬁn F(i,u = YGGA' +YQQ.‘: (23) (24) (25) (26)

&

Proposed procedure
The resulis are reported in Table 5 as well. They have been obtained from from the same Eqs. (42) to
(57).

For the serviceability limit state, two elastic solutions have been superposed:

1) the long-term solution u ;7 due to the load combination #,,, obtained using the effective moduli:

E=E ., K=K 27y (28) (29)

L ser, fin

E =E,
evaluated according to Egs. (3) to (5);
2) the short-term solution /%" due to the load combination ¥, ~F;,, obtained using the elastic
moduli;

E =1, (1) E, = Eq poan K=K, (30) (31) (32)

The load combinations are given by Eqs. (14) and (16):
Fd_.,u = Gy + WU Fd,r '“F;:',p = (I“Wz)Q:.— (33) (34)

For the ultimate limit state, two elastic solutions have been superposed:
1) the long-term solution S} due to the load combination F,,, obtained using the effective moduli:

i

Ec = ‘Ec,ﬁn ]L‘.' = ‘Ef,ﬁu K= K'ser,ﬁn (3 5) (3 6) (37)

evaluated according to Eqs. (3) to (5);
2) the short-term solution S5+ due to the load combination F,, -1, obtained using the elastic

inst

moduli:
E =1 (1) I, = F K=K (38) (39) (40)

i
G, mean i

The load combination 7, - F, , is given by Eq. (18):



w1, = {vs ~1)G, "‘(YQ - WE)QA- (41)

9. Comparisons
From a designer point of view the differences among the three calculation procedures, as exposed in
Table 5, are negligible. Therefore the here discussed “different” calculation procedures are in fact
equivalent each other.
However, the method proposed by the Authors seems to be more appealing: in fact at the ultimate
limit state verifications there is no need to use the effective weighted moduli £,, given by Eq. (11), 1.e

a procedure that lacks of a clear physical sense. In addition only one kur value (Kaerperm) needs to be
used.

10. Conclusions

The Eurocode 5 available calculation procedures for long-term performance of timber-concrete
composite beams lead to similar results (ENV 1993 and prEN 2002 versions).

The Authors propose an alternative procedure based on the superposition of two simple solutions:

- the long-term solution under the quasi-permanent load combination,

- the short-term solution under the difference between the rare or the ultimate limit state combination
and the quasi-permanent one, for the serviceability and ultimate limit states respectively,

These solutions are obtained using the elastic formulas for composite beams with semi-rigid
connections, ad employing the effective and the Young’s moduli of the materials at Jong and short-
term combination respectively.
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Serviceability Limit State

ENV PrEN proposed
Long span Service class  Mid-span Mid-span Mid-span
GL beam deflection at final deflection at final deflection at final
fime (in mny) time (in mm} fime (in mm)
Qk medium term 1 19.36 21.16 19.01
Y, =0.3
3 27,86 29.70 28.63
Qk long term 1 22.47 24.10 22,11
LPZ ={.6
3 36.18 38.1¢6 37.43
Short span Service class  Mid-span Mid-span Mid-span
S beam deflection at final deflection at final deflection at final
time (in mmj time (in mn) time (in mm)
Qk medium term 1 11.48 11.56 1125
Yy=023
3 16.51 17.16 16.79
Qk long term 1 13.37 13.32 13.67
¥,=06
3 21.73 22,47 22,13
Ultimate Limit State
ENV PrEN proposed
Long span Service class Maximum  timber Maximum timber Maximum  fimber
GL beam tension stress at temsion stress af ftension stress at
finaltime (in MPa}  finaltime (in MPa) final time (in MPa)
Qk medium term 1 13,61 14,05 13.61
‘{’2 ={}.3
3 13,27 12.72 13.53
Qk long term 1 13,64 14.31 13.98
\Pz = (.6
3 13.15 14.32 13.86
Short span Service class Maximum  timber Maximum timber Maximum  timber
S beam fension stress af tensionm stress at tension stress at
final time(in MPa) final time(in MPa) final time (in MPa)
Qk medium term 1 10.21 10.50 10.22
‘Pz =03
3 9.99 92.91 14.20
Qk iong term 1 10.22 10.67 16.45
‘Pz = 0.6
3 2.92 10.72 10.42

Table 5 numerical resuits summary according to different methods of calculation



Appendix : The design elastic formulas
The design elastic formulas for mechanically jointed composite beams are reported here below:

i

(ED, =E 1 +E], +y EAal+v,EAal Yy = e ¥, =1(42) (43)
nEAS,
} TR A
kI
(344)
3 3
A =bh I :%fc_ A =hh, 7 =% (45) (46)  (47)
(48)
a, =—YEAH g =oAL H=h/2+va+h(2 (49) (50) (51)
v E A +1.E4 Y EA 1, EA
_ SsE _ v EaM®x) _ v EaMx) 59) (53) (54
“= 384(E[)ef (TL.(X) - (E])e]_ 6’(x) - (Ej)vf ( ) ( ) ( )
1 FaM{x) _ . , Fx) vy B Aa,5(x)
()=~ —2 = =152 peg = Ll BN iy (55 56
Omi(¥) =5 @, with  i=ct T, (x)=1 1 (x) &, (x)y (85)  (56)
(57)
where:

the superscripts ¢ and ¢ refer to concrete and timber, respectively,

Eand K are the Young’s and slip modulus;

Aand 7 are the area and the inertia moment of the cross section,

(£1),is the effective flexural stiffness of the composite beam, evaluated neglecting the reinforcement

into the slab;

a is a possible gap between concrete salb and timber element;

u is the mid-span vertical displacement;

F, is the design load combination, uniformly distributed along the beam,

s, and o, are the normal stresses due to the normal force into the concrete and timber, respectively;

s and o are the maximum normal stresses due to the bending moment into the concrete and

e me
timber, respectively;

T, . 15 the maximum shear stress into the timber, evaluated neglecting the presence of the concrete
slab;

F is the shear force in the connection system;

s is the spacing between the connectors;

v and M are the shear force and bending moment;

x is the abscissa along the beam axis.
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1. Intreduction

Eurocode 8 is the European code for “Design of structures for earthquake resistance”. Part 1
includes “General rules, seismic actions and rules for buildings”. Chapter 5 of Part 1 is devoted to
specific rules for concrete buildings, chapter 6 is for steel buildings, chapter 7 for steel-concrete
composite buildings, chapter 8 for timber buildings, and finally chapter © is for masonry buildings.
The final draft (prEN 1998-1) [1] is dated May 2002 and it is now ready to undergo the procedure
to be accepted as an EN standard, This version of the code supersedes the previous 1994 version
(ENV 1998-1) [2,3]. The intention of this paper is to highlight the major differences between the
two versions and their consequences on timber buildings design. Finally a four storey building
design example is provided to non-European Colleagues for possible inter-codes comparisons.

2. General

Eurocode 8 approach to the design of structures in seismic regions does not differ from other Limit
States Design format codes. The so-called "service" earthquake, "moderate” but not "likely",
without important deformations and without any damage to the structural elements, has a Peak
Ground Acceleration (PGA) with an average return period of 50 years. The "ultimate” earthquake,
"severe" but "accidental”, even with severe damages to structural elements but without the total ruin
of the building, has a return period of 475 years.

Because timber elements exhibit a generally elastic behaviour under alternate loading, with brittle
failure primarily due to natural defects like knots, plasticity and capacity to dissipate energy are
taken into account in the connections between the various structural elements provided that they are
"semi-rigid" (as most mechanical ones are {4]).

Therefore in Eurocode 8 structures are classified into categories taking into account their plastic
behaviour and their ability to dissipate energy. The bigger these features are, the higher is the
possibility to resist a stronger earthquake. In principle the earthquake design base shear £ is

definitively written in the following way.

MRT,. V)4, _
q d (1)

where M is the mass of the structure; R(7,,v) is the amplification factor of the PGA according to the
site seismology nature, depending on the fundamental period of vibration 7, of the structure; v is
the viscous damping in the elastic field. 4, is the design PGA depending on the seismicity of the
site. As a rule 4, values are reported in the National codes of single European Countries and they



definitely represent the level of seismicity of the site (e.g. in ltaly there are three zones with 4, =
0.35g, A, = 0.25g and 4, = 0.15g from highest to lowest seismic intensity, respectively).

Finally gq is the design Action Reduction Factor (ARF), i.e. "simply the factor to be used in
calculating design inertia forces so that a structure designed linearly elastic using the static code
strength values can survive the design quake intensity, even if heavily damaged, but without its
ruin" 5],

3. PrEN 1998-1 final draft
3.1 Design base shear
In the PrEN 1998-1 final draft the design base shear, now called Fy, is evaluated as:

Fo=84 o) W (3)

Where:
S4 () is the ordinate of the design spectrum

W is the total weight of the building

S, value is evaluated from the a set of equations (see Appendix), depending on the fundamental
period of the building 7). For timber houses usual range of 75 values, the equation to be used is

normally this one:
S,=als 23 4)
q

Where:

o is the design peak ground acceleration value/acceleration of gravity &,

S is the soil parameter factor (>1) depending on 1,

¢ is the behaviour factor (ARY)
Substantially equation (4) is the very same as the equation (1) being the 2.5 S factor corresponding

to the amplification factor R(Z,,v) .

3.2 Amplification factor
In the prEN version a larger number of soil conditions are considered (A to E) instead of (AtoC)

E According to this definition, one way for determining the suitability of a chosen ARF value is to design the structure
using the ARF according to the code. Then using a suitable non-linear analysis programme capable of following the
displacement history of the building under a quake in the time domain, the PGAy that the building will survive without
exceeding a failure limit can be determined (for example based on a maximum inter-storey drift, or a rupture in joints or
in timber elements). Finally, this PGA,, can be compared against PGAgode prescribed by the code: if

PGAH > PGACOdé' (2)

the previously chosen design ARF value is good enough [6].

Please note that in this case a definition of yielding limit is not needed, but only the definition of ultimate limit is
necessary. This allows us to get rid of the definition of yielding limit, but, on the other hand the value of ARF becomes
strictly code dependent this time. Actually consider the following:

if the design code values are artificially low, the structure will be over-designed and consequently it will resist a greater
PGA resulting in a greater margin between PGAy, and PGAgode;

if the calculated fundamental period of the structure, Ty is too conservative, once again this will result in over-design
and greater values of PGAy will be found,

There is nothing wrong with that but this leads to the conclusion that with the same structural type, ARF can be
different in different countries.



as in ENV. In addition, two different types of quakes: Type 1 (Magnitudo Mg>5.5), and Type 2
(M;<5.5) are considered for each soil condition [7].

In Figures 1 and 2 amplification factors according to different quake nature and soil conditions are
shown in comparison with class B soil, ENV spectrum.

Spectra Type 1
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Figure 1: Amplification factors R(T,,5%) according to near fault quake nature (M;>5.5) and soil conditions are shown
in comparison with class B soil, ENV spectrum (black line).
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Figure 2: Amplification factors R(T5%) according to quake nature (M,< 5.5) and soil conditions are shown in
comparison with class B soil, ENV spectrum (black line).

It can be said that an amplification factor maximum value of 2.5 was anticipated in ENV version,



while in prEN version the amplification factor can reach up to 4.5 (1.8 times higher, in the worst

case).

3.3 Behaviour factor
In order to take into account the so-called over-strength, q factors have been changed according to
Table 1a. For reference, ENV values are reported in table 1b.

Type DCL Structures having q=1.5 Cantilevers; beams; arches with two or three pinned

low capacity to dissipate energy joints; trusses joined with connectors.

Type DCM, Structures having |q= 2,0 Glued wall panels with glued diaphragms,

medium capacity to dissipate connected with nails and bolts; trusses with doweled

energy and bolted joints; mixed structures consisting of
timber framing (resisting the horizontal forces) and
non-load-bearing infill.

“ q=2.5 Hyperstatic portal frames with doweled and bolted
joints

Type DCH, Structures having |q=3.0 Nailed wall panels with glued diaphragms,

high capacity to dissipate connected with nails and bolts, trusses with nailed

energy joints

« q=4.0 Hyperstatic portal frames with doweled and bolted
joints

« q=5.0 Nailed wall panels with nailed diaphragms,
connected with nails and bolts.

Table 1a: q factors according to priEN version

Type A q =1 | Without or with only a few joints with mechanical fasteners beyond the

Non- dissipative zones (e.g. arches with hinged joints, cantilever structures with

dissipative rigid connections at the base, buildings with wall-diaphragms resisting the

structures horizontal forces without mechanical fasteners for both interconnection and
between sheathing and timber framing

Type B With few but effective dissipative zones, structures with semi-rigidly fixed-

Low- q=1.5 based columns.

dissipative

structures

Type C q = 2 |Frames or beam-column structures with semi-rigid joints between all members.

Medium- Connections with foundations may be semi-rigid as well as hinged; braced

dissipative frame structures with mechanical fasteners in the joints of the frame and/or the

structures connections of the bracing system; buildings with vertical diaphragms resisting
the horizontal forces, where sheathing is glued to the framing. Diaphragms are
interconnected by mechanical; mixed structures consisting of timber framing
(resisting the horizontal forces) and non-foad-bearing infillment.

Type D q=3 Buildings with vertical diaphragms resisting the horizontal forces, where

Well- sheathing is fixed to the framing by mechanical fasteners a well as the

dissipative interconnection of the wall-elements (horizontal diaphragms may be glued or

structures nailed).

Table 1b: q factors according fo ENV version

Comparing Table 1a and Table 1b it is possible to say that an average increase of 1.5 times has
been set up for q factors.




3.4 ym factors

In the ENV version the mechanical connections loss of strength due to differences from static to
cyclic behaviour, was taken into account by using the partial safety factor for fundamental load
combination, i.¢. v, =1.3, instead of the classical y,,=1 for accidental load combination. On the

contrary, for non-dissipative structures

v =1 was retained.

m

In the EN version this point has been reversed: in case of non-dissipative structures the fear of

brittle failure has been privileged and the safety coefficient increased, i.e. v, =1.3, while in the case
of dissipative structures, the cyclic impairment of strength [4] has been considered limited and the
safety coefficient for accidental load combination is used, 1.e. y,=1.

Structural Y™ Structural ™
rEN
ENV prEN | P
A 1.0 DCL 1.3
C 13 DCM 1.0
D 13 DCH 1.0

Table 2: yaqs factors, ENV version versus prLN version.

4. Comparisons between ENV version and prEN version

The R(1,, V)LM— factor well detects the differences in the design base shear evaluation: in table 3
q

results for the worst possible soil and quake type combination are shown.

A 2510 2.50 DCL asl3_ 3.90 +56%
1.5
B ,sl3_ | 1.63 | DoM 10 1.80 +10%
' 2.5
¢ 251_;_ - 1.08 DCH 4.51_-59 _ 0.90 -17%
ENV ENV ENV prEN prEN prEN difference %

Table 3: the R(T;,,v) 4% factor according to structural types (ENV versus EN).
q

In conclusion: for “dissipative” design a moderate variation of the design base shear, plus or minus,
can be anticipated. On the contrary a large increase must be expected for “non-dissipative” design. 2

5. Example: a four-storey timber house, calculation of the seismic load according
to prEN version.

Input values:
Ground acceleration 0.35 g,
Subsoil class B

2 Nevertheless this should not alarm when in case of large roof structures where the snow will remain the dimensioning
load condition [8].




Floor dead load 1 KN/m®  (the weight of the walls is assumed to be included in this figure)
Roof dead load 0.75 KN/m®
Live load g = 2.0 KN/m’

Importance factor yiy = 1.0 (residence)

Building braced with shear walls of plywood sheathing and mechanical fasteners,
q=350.
Building area: 288 m*

7000 . 4000 . 7600
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3500 2500 2500 3500
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Apartment A Corridor Apariment B
K
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Apartmeni C Apartment D 8500
¥
d
e ;

Figure 3: A schematic diagram of the shear walls in the first storey of the building (measures in
mm).

The seismic load is determined considering the vertical loads present in the different storeys of the
building. This load is calculated using eq. A5, see Appendix:

Z Gi.j + z Wi Qu (AS)
Gy, is the characteristic dead load and wgQyi is the probable live load during a seismic event.
Combination coefficient: ¥, = @y,

a1 is 0.3 (the quasi-permanent value of the live load (EC1 and EC5),
o is 0.5 except for the top storey for which it is 1.0 (EC8)

Storey Gy Qui Vi 0] Wix G+ yurQu
Roof 0.75 0.75
Storey 4 1.0 2.0 0.3 1 0.30 1.60
Storeys 2 and 3 1.0 2.0 0.3 0.5 0.15 1.30
Storey 1 Loads transferred directly to the foundations

Table 4. Combining the loads in the different storeys.



Following the table above, the total vertical load is:

3G+ > W0, = 0.75 + 1.60 + 1.30 + 1.30 = 4.95 KN/m’

Building height H:12m
Building fundamental peried T

H:=12 5:i=1.2 Ty, =015 T,:=05s Tq:=2s

o =0.35 0250
3
" a
T =0.05H s
Tg=0322s
T
S4(T )= fas 1+_~(3:'§-1) i T<Ty
Tb q
0522 6 T<T <T,
q
T
a-S-g—'é-/-—c if T «T<Ty
q \’1‘
T, T
082228 Qi et
o] T2
0.6 1 1
S 4(T o) =0.21
0.4 .
5 4(T) \
g2 ]
N
[ B I e
0 0 1 2 3
T

Vertical load , W = T (G+y; Q) X building area
W =(0.75+ 1.6+ 1.3+ 1.3)-288
W=142610 KN

Base shear load
Fbi=W-S d(T 0) Importance factor = 1.0
Comparison to the wind load below

Fb=2994 KN Quing = 20 X 12 x 0.7 KN/m 2 = 168 KN



The base shear force is distributed in elevation according to eq. A3 :

z,W,

ZzipVi
”

£, =8, (A3)

Fy is the base shear force
The shear force acting on

the shear walls of each
storey

Froof

<
Froof+ F4

<

i |,

Froof+ F4+F3

Froof+ F4+F3+F2

The force distribution
according to eq. A3

<

“

Fo = FroortF4tFstF,

Fy = F2tF3+F4tF oot

<

2/3xH

Storey, | Height of The load on F;, shear force in the | Cumulative shear force acting on
i storey from each floor storey level the shear walls at the different
ground z; (Table 4) zW, storey levels
W, F =F —ZIZ—;’V 4
Xy F=3F
[m] [KN] [KN] [KN]
Roof 12 0.75x288 = 216 77 T
4 9 1.6x288 = 461 123 200
3 6 1.3x288 = 375 67 267
2 3 1.3x288 =375 33 300

Table 5. The design shear forces in the different storeys

2 ziW;=10116 KNm ;
Fp =300 KN

The shear walls will be composed of 9-mm-thick plywood panels connected with threaded nails
28x60 k70. In this case the shear wall capacity per length (from Table 6) is Fyq = 9.59 KN/m.




This means that the lengths of shear walls needed in the different storeys are:

first storey at least 300/8.99 = 34 m
second storey at least 267/89% = 30 m
third storey at least 200/8.99 = 23 m
fourth storey at least 77/8.99 = 9 m

The sheathing panel is nailed along all edges to the timber frame at spacing 70 mm and to the
middle of the panel at spacing 300 mm.

The total length of shear walls in X-direction
- internal walls 18mx2-3x1.2m(doors)= 324m
- external walls B35m+25m+25m+35mx2= 24 m
total 564 m

The total length of shear walls in Y-direction
- internal walls 17 m x 4 -4 % 1.2 (doors) = 632m
- external walls B5m+25m+25m+35mx2= 24m
total_ 872 m

As seen from above, there are more than enough possibilities to place shear walls in the house and
more openings in the shear walls may be designed.

It is advantageous to use the walls between apartments and corridors as shear walls with panelling
on both sides of the wall. In this example, the shear walls are situated symmetrically to avoid a
torsion effect (for simplicity). In practice, gypsum boards could also be used as an additional
reinforcement for the shear walls. EC5 allows the use of two different panels in shear walls, but
only 50% of the capacity of the weaker gypsum panel could be included.

The complete design can be found in [9] along with some detailing.

Panel Nail (helically threaded) Screw
Spruce plywoed 9 [mm] 25x45 28x69 d=3.5 d=4.5
Fastener spacing [mm]
150 3,59 4,20 582 7,72
100 5,38 6,29 8,73 11,57
70 7.69 8,99 12,47 16,54
50 10,77 12,59 17.45 23,15
Spruce plywood 12 [mm] 25x45 28x60 d=35 d=4.5
Fastener spacing [mm]
150 4,03 4.62 6,19 8,01
100 6,04 6,94 9,29 12,02
70 8,04 9,91 13,27 17,17
50 12,09 13,87 18,57 24,04

Table 6: Shear design capacity with different panels and fasteners [KN/m] in seismic design, note
the following: 1) kuoa = 1.1, 5y = 1.0, 2) values are for only one panel on one side, 3) the fastener
spacing is constant all around the panel, in the inner part the spacing may be up 1o double

{and < 300 mm).

4. Conclusions

Eurocode 8 is a seismic design code that considers the same design philosophy for all building
materials. In particular the designer of timber structures is allowed to perform a global elastic
analysis . Eurocode 8 presents few relatively simple and conservative design rules, wich are easy to



apply, for the most important structural forms, classified according to their ductility and energy
dissipation level. Last version of the code (prEN, 2002) leaves basically untouched the design of
dissipative structures while increases the demand for non-dissipative designed structures.
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Appendix: A summary of the evaluation of the seismic load according to
Eurocode 8

The seismic design of a building starts with an evaluation of the regularity of the building in both layout and elevation,
Generally regularity increases the seismic resistance of the butlding. Usually timber residential buildings are regular in
plan and in height.
The initial values are given, the subsoil class according to the ground conditions and the peak ground acceleration
value, a,, according to the site seismicity.
It should be noted that for a different country, the authorities may enforce values or parameters different from the ones
given in EC8, which are so-called boxed values. The values given in this Appendix are the ones recommended by EC3.
Such information is given in the national application documients.
Base shear force
The base shear force acts in both principal directions of the building.

F,=S¢(To}) W2 (AD)

Where Ty is the fundamental period of the building

S. 1s the ordinate of the design spectrum

W is the total weight of the building

% is a correction factor, having a value of 0,85 if To<Tc or 1,0 otherwise.
Fundamental period
To estimate the fundamental period, To, of the building, EC8 has a simple procedure:

To = 0.05 H*"* (A2)

Where the building height is in metres and the time in seconds.



Distribution of the base shear force in elevation
If the floor Toads are equal in the different storeys, the base shear force is distributed in a triangular manner so that
higher forces are higher up. This is given by the equation:

_ . W
Fi = =L (AD)
’ Z; z W,
Where F; is the lateral load in storey i
F, is the base shear force
7z; is the distance of the floor from the ground
W, is the vertical lcad on the floor
Design spectium
Y o -’[‘ -5 . ' IT Al
S, =a S|1+= 12————1 ifl <1, (A4.a)
L\ q
2.5 . .
S,=a 8§52 ifT, <1, <T, (44b)
q
. 2.5 1 . .
S, =a SW[—CJ ifr. <1, <T, (44c)
g \ 1
25017 _
S, =a §5n| <L ifT, <T, (A4d)
g\ 17

According to the subsoil class, the parameler values are as in the following table.

Subsoil S Tw Te Ty S Ty T. Ty
class fs] [s] s] [s] [s] [s]
Type 1 Type 2
recommended for large carthquakes
A 1.0 0.15 0.40 2.00 1.0 0.05 0.23 1.2
B 12 0.15 0.50 2.00 1.35 0.05 0.25 1.2
C 1.15 0.20 0.60 2.00 1.5 0.10 0.25 1.2
D 1.35 0.20 0.80 2.00 1.8 0.10 0.30 1.2
E 1.4 0.15 0.50 2.00 1.6 0.05 0.25 12

Table A.1 Parameters for the spectrum equations for the different subsoil classes (EC8). The national authorities will
decide which type response spectrum will be used.

ECS8 gives the behaviour factor q values for different structural types as shown in table Ia.

If the building is non-regular in elevation the above g-values should be reduced by 20 %, but need not be lower than
1.5

To ensure the above classification of structures, the dissipative zones should be able to deform plasticatly for at least
three fully reversed cycles at a static ductility ratio 4 for type DCM structures and 6 for type DCH structures, without
more than 20 % reduction of their resistance.

These provisions will be met by all structures if

a) In doweled, bolted and nailed timber-to-timber and steel-to-timber joints, the minimum thickness of the connected
member is 10 d and the fastener diameter d does not exceed 12 mm,

b) In shear walls and diaphragms, the sheathing material is wood-based with a minimum thickness of 4 d, where the nail
diameter does not exceed 3.1 mm.

The mass in seismic design
W=3 Gyt 2 ¥nle (A5)
Gy, is the characteristic dead load and
yeQy is the probable live load during an earthquake.
Vg =@V (AG)

;s the long-term value 0.3 for live loads,
or 0.2 for snow loads (EC1 and ECS),



@ 1is 0.5 for all storeys except the top storey for which it is 1.0
(no correlation between storey loads). (FC8)

@ 18 1.0 for storage loads (EC8)
Combining loads in seismic design
The design loads needed in seismic design consist of dead loads and seismic loads. Wind loads do not need to be
considered.

E, = Zka + +ZW2:‘QA1’ (A7)
Where, v is the importance factor (y;= 1.4 hospitals, fire stations, power stations; yy = 1.2 schools, cultural buildings;
vmr = 1.0 residential and comimercial buildings; viv = 0.8 agricultural buildings),
Gy; and Q; are the characteristic values of the dead and live load,
\+; is the combination coefficient of the quasi-permanent value of the live load.
Seismic design
Ultimate limit state

Ji
E,; = f{ZG;g s Z ¥, Oy } <R, :R{T (AB)
M
The load duration class is 'instantancous’ and such k,,.; values are used. The material safety factor is = 1.0, when the
structure is energy dissipative (type DCM or DCH) and vy, = 1.3, when the structure is non-dissipative (type DCL), The
importance factor, y, in the above equation is as given for eq. A7.

Ductility
The structures and the building as a whole should be adequately ductile. The ductility should be as considered in the
design, where it is taken into account as a load reducing factor, the behaviour factor q was explained previousty.
Equilibrivumn
The building should be stable during a seismic event. The seismic load combinations should be considered when
designing for the anchorage of the building in the following two cascs:
- anchorage for overturning: upward tension at ends of shear walls,
- anchorage for sliding, base shear at the bottom of shear walls
Serviceability limit state
In order to avoid excessive damage, EC8 gives rules for the inter-storey drift during a seismic event. The design
carthquake may be one, which is more likely (lower return period), and the peak ground acceleration is lower than for
the nltimate limit state. The inter-storey drift is limited to the following values.
d/v € 0.005h , buildings having non-structural elements of
brittle or materials attached to the structure
£0.0075 h , buildings having non-structural elements fixed
in a way as not o interfere with structural

deformations
Where d; is the inter-storey drift
h is the storey height
\Y reduction factor to take into account the lower

return period of the seismic event associated
with the serviceability limit state
{recommended values are 0.4 for importance
classes I and I and 0.5 for importance classes
iII and 1V).
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N Kawai confirmed H J BlaR's observation that although the calculated results are in general larger
than test data, this was not so for certain ultimate conditions. B S Choo asked if the assumption that
the beams are rigid in the vertical plane is valid and if that could be a reason for large differences
observed between calculated and test results. N Kawai agreed that this is possible, especially for the
simplified analytical methods but does not explain the differences for the most precise analytical
approach. G Gonzalez asked how the yield values were estimated. N Kawai replied that a modified
European approach described earlier by B Duji¢ was used. M Yasumura asked for if the beams used
in the tests were of normal proportions or if they could be considered to be rigid. N Kawai confirmed
that normal sized glulam beams were used. This was followed by a general discussion relating to the
holding down straps and the corner panel size and construction.
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1 Introduction

In a simple method to confirm the structural performance of timber buildings with shear
walls against earthquake and wind forces, shear strength of each story in one direction is
assumed to be equal to the summation of those of shear walls in the same direction. And
cach shear wall is regarded to have the same shear strength as is obtained by experiments
with preventing uplift of the shear walls. However, this assumption is available at least when
the premature failure of the joints at the corners of each shear wall is prevented.

Some calculation method to predict the tensile force and some design methods to prevent
premature failure at these joints have been proposed, and one method was provided in a
Notification under the Building Standard Law of Japan in 2000.

First in this paper, these calculation methods are introduced. Next, the results of lateral
loading test on two-storey structures with wood framed shear walls, are summarized.
Finally, the calculation results by these methods are compared with the test results and
numerical analysis results, and the applicability of these design methods is discussed.

2  Design methods

There are some theories and design methods proposed in design manuals for post and beam
construction with shear walls or braces, and for wood frame construction in Japan.

2.1 Empirical design method

An empirical design method for joints at the bottom of post at shear wall end, have been
used in structural design of wooden houses with Japanese conventional (post and beam)
construction. Bquation 1 shows the calculation method to obtain the required tensile
strength considering transmitted tensile force from the shear walls on the upper floors. This
calculation method was described in a structural design manual for allowable stress design
of post and beam construction (HOWTEC 1988).

1
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where, Fy; is the tensile force at the bottom joint of shear wall number j on floor number i
against the external force for allowable stress design, L,; is required total effective wall
length on floor number J, L,; is existing effective wall length on floor number i, & is the
height of the shear wall, [;; is the length of the shear wall, £, ; is a factor considering the

effect of restraint by surrounding members, (,;; is the allowable shear strength of the shear
wall and G is the vertical load due to fixed load and superimposed load transmitted to the
joint.

Effective wall length means the value obtained by multiplying actual wall length and
multiplier, which is determined according to the allowable shear strength of the shear wall.
Therefore, the ratio L,/L,; means the ratio of external force to existing strength and is used
to obtain the shear force generated in each shear wall in linear behaviour with the
assumption that the shear stiffness is proportional to the shear strength of the shear wall.
The value of £, ; is 0.8 for shear wall that reaches the end of building, and 0.5 for others,

which was determined empirically by some experimental results.

2.2 Modification considering ultimate state

Equation (1) is applicable only in allowable stress design or for the structures with linear
behaviour. In the ultimate state, shear force of each shear wall reaches the ultimate shear
strength even if the total length of existing shear walls are far larger than required length.
Therefore, it is necessary to modify the equation for the structural design considering
ultimate state. Equation (2) gives the required tensile strength in ultimate state not only for
posts at shear wall end but for posts between shear walls,

d Q Qui f—
Fii= z —td. o el it =Gy 2
{wk

i, J

l; {
where, F,;; is the tensile force at the bottom joint of shear wall number j on floor number i
against the external force in the ultimate state, Q,;; is the ultimate shear strength of the
shear wall and others are same as equation (1).

i -1

If the ratio between the ultimate strength and the allowable strength of shear wall is almost
equal to that of joint, then equation (2) can be modified to the expression of allowable
strength, This equation is used in revised structural design manual for post and beam
construction (HOWTEC 2001), and was also used as the bases of a provision of
Notification No. 1460 in 2000 under the Building Standard Law of Japan.

2.3 Rigid frame model

In a structural calculation manual for wood frame construction (Japan 2x4 builders
association 2002), rigid frame model has been used to calculate the tensile force of joints at
the bottom of shear wall end. In the rigid frame model used in this hand calculation method,
the height of the inflection point of each post may be assumed to be a half of the post height
and the distributed moment at the post-beam joints to the beams in both direction are
assumed Lo be equal. Tensile force at the joint is calculated by summation of axial force
(which is usually positive value) due to horizontal force of the post of the rigid frame



model, axial force (which is usually negative value) due to fixed load and superimposed
load, and axial force that can be obtained by dividing the moment at post bottom by the
original wall length.

This calculation method was originally developed for allowable stress design, but is
applicable for the ultimate state with using ultimate shear strength instead of allowable shear
strength of shear walls.

2.4 Precise model with rigid beam assumption

In the revised structural manual for houses with post and beam construction (HOWTEC
2001), equations (3) and (4) are proposed as a precise method to calculate tensile or
compression force of the joints at the top and the bottom of the posts used in shear walls
(see Figure 1), based on the study by Inayama et al. (2001).

Fﬁ 17
w 2L, 2 L, Ly —nL,,
(3)
h A
Fa.2,r‘ = Fa,l,i - Q;H + g";“r“ (4)
it i

where, Fo1, is the tensile force at the bottom joint and F,,; is the tensile force at the top
joint of the post number i against the external force for allowable stress design, n is the
number of posts, O, is the allowable shear strength of the shear wall, k is the height of the
shear wall, 2.Q, is summation of horizontal force applied to upper storey, f; is the length of
the shear wall, G is the vertical load due to fixed load and superimposed load transmitted to
the upper beam, /¢, and Igr are the distance between the vertical load G and left end post
and right end post, /;; is the distance between post number 7 and left end post, Iz is the
distance between post number ¢ and right end post, L;, Lz and L;z are the summation of the
length Iz, Ir;and the product Iplg;, respectively, as;

4]
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and A, is the height of centre of external forces applied to the upper floors, which can be
calculated by equation (5).

m

2. Oh
hu — i=htl (5
o )

where, O is the shear force generated in the said storey number k, Q; is the shear force
generated in the storey number i, %; is the height of the storey number ..

Equations (3) and (4) are derived for the model as shown in figure 1, using assumptions as
follows;

- Upper beam behaves as a rigid body,



- All the joints at the top and bottom of posts are in elastic behaviour, and have the same
stiffness.

Although these equations give the tensile forces against external force of allowable stress
design, it can be applicable to obtain tensile forces in ultimate state if the ultimate strength
of shear walls are used instead of allowable strength.
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Figure 1 Precise model with rigid beam assumption (in case n = 4),

3  Experimental Results

3.1 Test method

3.1.1 Specimen

To study the applicability of the calculation and design methods mentioned above, cyclic
loading test was conducted on a two-storied frame with shear walls and openings by wood
frame construction. Figure 2 shows the configuration of the specimen.

Framing materials are 204 S-P-F (JAS 2™ Grade of A Class Framing Lumber). Structural
glulam is used for sill and loading beams in both storey. Shear walls are sheathed with
plywood (JAS Structural Plywood Class 2, CPS, ¢ = 9.5mm), which are nailed by CN50
(JIS A5508) with spacing 100mm along the edges and 200mm for other areas.

Hold-down bolts were used at the bottom of the studs at both ends in first storey (HD-S
and HD-N in figure 2) and four types of strap were used for the other connections at the
top and the bottom of studs (large straps at S-1, S-6, S-7, §-12 and $-13 to S-16, and small
straps at S-2 to S-5 and S-8 to S-11 in figure 2).
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Figure 2. Configuration of the test specimen.

3.1.2 Testing methods

Lateral loads were applied to the loading beams of both storey using oil jacks, with keeping
the ratio of the second storey displacement to the first storey displacement as 1.4, which
was determined considering distribution of seismic force for ordinary two-storey houses.
Figure 3 shows the loading protocol, in which the value of yield displacement D, was
determined by preceding one-story shear wall test. Displacement of each point was
measured by LVDT, and the strain of each strap and hold-down bolt was measured using
strain gauge.

N,\"y"v"v"v"v'%?\vhA AM | | M
i

Displacement

Figure 3 Loading protocol.

3.2 Test results

Table 1 shows the observed properties of first storey and Figure 4 shows the load-
displacement curve of both storey. Figure 5 shows the tensile force of each strap and hold-



down bolts. As the straps yielded during the test, the tensile force of strap was calculated
using relationship of tensile force and residual strain obtained by loading test of the joint.

Table 1.  Summary of test results — properties of first storey
Loadil]g Py Dy K Pmax. Ptl
direction (kN (mm)  (kN/mm) (kN) (kN) a
+ 22.40 13.09 171.2 42.00 37.85 5.06
- 24.91 13.22 188.5 44.84 39.65 5.13
Average 23.66 13.16 179.9 43.42 38.75 5.10
z
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Three values in left side in each graph are respectively the values of tensile force
of joints at Py, Pmax and Du, from up to down, when loaded in minus side, in



4  Numerical Analysis

41 Method
Figure 6 shows the analytical model, which is substituted bracing model for shear walls.

Figures 7 (1) to (4) show the stress-strain or load-displacement relationship used for the
elements, equivalent brace, large strap, small strap and hold-down bolt. These relationships
are determined to trace the preceding test results on a shear wall and joints with same
configurations.

As the executive condition of the analysis, displacement at the top of second storey is kept
to be 1.4 times of that of first storey, so that it traces the experimental condition.

ANSYS/ED® 5.7 was used as the software of this analysis.
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Figure 6.  Analytical model using equivalent braces



(1) Equivalent brace (Section area 100 mm?)  (2) Joint with large strap
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Figure 7. Stress-strain and load-displacement relationship of the model elements

4.2  Analytical results

Figure 8 shows the Load-displacement curves of first and second storeys obtained by the
analysis, compared with the test results. Figure 9 shows the tensile force of joints by
analysis at the displacement of yield strength and maximum strength of the test results, also
compared with the test results.

(1) Load-displacement curve of first storey  (2) Load-displacement curve of second storey
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Figure 8.  Load-displacement curves by the analysis, compared with the test results
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Figure 9.  Tensile force of joints by the analysis, compared with the test results

5 Comparison of test result and design methods

5.1 Calculation of tensile force of joints

To discuss the adequacy of the design method mentioned above, tensile forces of joints at
bottom corner of shear wall test specimens were calculated according those method, i.e.;

- Method 1: using empirical factor of 0.8 and 0.5 (see 2.1 and 2.2),

- Method 2: using rigid frame model (see 2.3), and

- Method 3: precise model with rigid beam assumption (see 2.4),

for the two states, yield point of first storey and ultimate state, respectively;

To apply these method to the test specimen, yield strength of a shear wall with the length of
0.91m, and the effect of suspended wall and waist-high wall were calculated according to
the structural calculation manual for wood frame construction. And the shear force
generated in shear walls in second storey were assumed to be 40% of their yield strength
when the first storey reaches yield strength, because the relative shear deformation of
second storey was controlled to be 40% of that of first storey during the loading test.

Ultimate shear strength was assumed to be 1.64 times of the yield shear strength for each
part, which is the ratio of the ultimate strength to the yield strength observed in the loading
test. No vertical load was considered in the calculation.

Figure 10 shows the calculated or assumed shear strength of each part of the specimen.

5.2 Calculation results and discussions

Tables 2 and 3 show the calculation results with the results of test and numerical analysis.



(1) Yield point of first storey (2) Ultimate state
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Figure 10.  Calculated or assumed shear strength (kN) of each part of the specimen

Table 2. Comparison of tensile force of joints (kN) at yield strength of first storey — test
results, numerical analysis results, and calculated according to three design methods

Test or Joint
Method 5-7 S-8 S-9 S-10 S-11 . §-12
Test 1.04 -0,29 -0.64 -1.38 -1.59 0.19
Analysis 0.25 0.00 1.04 0.48 0.00 0.38
Method 1 5.00 1.65 1.65 1.65 1.65 5.00
Method 2 4.70 4.70 3.13 3.13 4,70 4.70
Method 3 3.13 1.65 1.65 1.65 1.65 3.13
Test or Joint
Method HD-N S-13 S-14 S-15 S-16 HD-S
Test 1.93 0.39 0.48 6.90 1.17 1.25
Analysis 6.46 228 4.57 7.38 4.96 6.03
Method 1 17.53 5.80 5.80 8.31 8.31 17.53
Method 2 14,89 14.89 7.84 7.84 14,89 14.89
Method 3 13.79 -0.10 5.00 7.51 2.41 13.79

Table 3. Comparison of tensile force of joints (kN) at ultimate strength — test results,
numerical analysis results, and calculated according to three design methods

Test or Joint
Method S-7 S-3 S-9 S-10 S-11 S-12
Test 7.00 -0.21 1.48 -1.03 -1.25 6.18
Analysis 6.30 0.00 5.83 4.69 0.00 2.96
Method 1 20.56 6.81 6.81 6.81 6.81 20.56
Method 2 19.27 19.27 12.85 12.85 16.27 19.27
Method 3 12.85 6.82 6.82 6.82 6.82 12.85

Test or Joint
Method HD-N 5-13 S-14 S-15 S-16 HD-§
Test 16.01 7.14 17.10 44 .88 20.83 10.95
Analysis 22.38 341 8.58 14.96 11.83 18.65
Methed 1 41.11 13.62 13.62 17.73 17.73 41.11
Method 2 32.11 32.11 12.85 12.85 32.11 32.11
Method 3 29.63 18,80 9.21 13.32 22.91 29.63

As a whole, there are tendencies that the numerical analysis gives larger values than the test
results, and all design methods give still larger values than the numerical analysis especially

10



for the tensile force at hold down bolts. In the three design methods, Method 3 (precise
model with rigid beam assumption) tends to give nearer values to the analytical values.

One possible reason for the difference between the test results and calculation results
including numerical analysis, is that the resistance of nails from plywood to framing
members is not considered in the calculations.

As the reason of the difference between design methods and analysis in tensile forces of
hold down bolts, it can be pointed out that the distance of the stress centre of hold down
bolts from the centre of stud is considered only in the numerical analysis. This eccentric
setting of hold down bolts possibly decrease the tensile force generated in hold down bolts.

Method 1 gives far larger values at the end of the frame (S-7, S-12, HD-N and HD-S) than
the test results and analytical results, The empirically determined factor 0.8 seems to be too
large for wood frame construction,

Method 2 gives larger values for inner joints such as S-8, S-11, S-13 and S-16. In Method
2, neither the effect of suspended wall nor waist-high wall is considered, which seems
effective to reduce the tensile force at the joints. It seems to be the reason why Method 2
gives larger values at inner joints.

6 Conclusions

There are some design methods to calculate tensile forces of joints at the shear wall corner
were introduced. To discuss the adequacy of these design method for wood frame
construction, lateral loading test was conducted on a two-storey structure with plywood
sheathed shear walls with openings, and the tensile forces at the joints obtained by these
design methods, numerical analysis and test results were compared.

As the results, there are tendencies that numerical analysis gives larger values than the test
results, and all design methods give still larger values than the numerical analysis especially
for the tensile force at hold down bolts at the end of the frame. In the three design methods,
precise model with rigid beam assumption seems to give nearer values to the analytical
values.

There are some possible reasons for the difference, such as lack of consideration for the
effect of nails from plywood to framing members, distance between hold down bolt and
centre of stud, effect of suspended walls and waist-high walls.
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Basic and notional charring rates
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Summary

In the Fire Part of Eurocode 5 basic and notional charring rates. In order to simplify the
determination of the load bearing capacity of cross sections, a notional charring rate is
given to be used on all sides of the cross section. It is shown that the same notional
charring rate can be used also for very small or narrow cross sections with a great influence
of two-dimensional heat transfer, {or example very narrow timber joists exposed on three
sides.

The basic charring rate is strictly valid only in the case of one-dimensional heat fiux and its
use requires separate consideration of corner roundings of the char line. A criterion is
derived to define when the notional charring rate should be applied.

From the results of recent fire tests notional charring rates are derived te be applied to
heavy laminated timber plates, such as nail laminated timber decks and walls where gaps
may open between laminations due to drying in service.

1 Introduction

The Fire Part of Eurocode 5 (prEN 1995-1-2) makes a distinction between

o the basic charring rate [, which is valid for one-dimensional heat transfer as in the
case of a semi-infinite slab, or in parts of cross-sections where heat transfer is
predominantly one-dimensional, and

o the notional charring rate B, which implicitly includes effects of two-dimensional heat
transfer in the vicinity of corners and large fissures, that is the corner roundings need
not be taken into account separately.

For softwood, the basic charring rate is given as 0,65 mm/min; the notional charring rates
for glued laminated and solid timber are 0,7 and 0,8 mm/min respectively. For solid
timber, the relationship given by between the notional and basic value of charring rate 1s
given by

Py 08 ) o ()
B, 0,65

Kénig et al. (2001) have shown that this ratio is a reasonable approximation when the real
residual cross-section is replaced by a rectangular cross-section such that the section
modulus is the same. See Figure 1. For small cross sections, ¢.g. a cross section of size
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45 mm x 120 mm, the figure shows that this approximation is safe during the first 9 to 10
minutes of fire exposure. For larger times the ratio of 1,23 would be non-conservative,
however this stage is normally not reached since the timber member would fail due to
exhaustion of mechanical resistance.

| = =—EC 5 solid timber |
1,5 e £0 5 glulam .
14 + G200 x800; W
T B G 140 x 300; W
A S 100 x 200; W
Plfotl3 ® S45x120,W
1,2 $ G200 x800;1
O G 140 x 300; |
1,1 A S 100 x 200; ]
0 S45x120;1
0 10 20 30 40 56 60

Time [min]

Figure 1 — Charring rate ratios vs. time: Comparison of calculated values with
Eurocode 5 for solid (S) and glued-laminated (G) timber cross sections exposed on
four sides (from Konig et al, 2001)

The values of figure [ include that the charring depth on the narrow side is greater than the
charring depth on the wide side. For example, for the cross-section 45 mm x 120 mm, at 15
minutes the calculated charring depth is 10,4 mm while it is [4,7 mm on the narrow side,
that is it is 41 % larger on the narrow side. The reason is that heat flux is pronounced two-
dimensional.

During the discussion of prEN 1995-1-2, it was argued against a fixed value of £./f5 for
small narrow cross-sections, since tests have shown that the charring rate of the namow
edge would, after some time, increase considerably compared to the charring rate on the
wide side of the cross-section.

The concept of notional charring rates is also applied in annex C of prEN 1995-1-2 dealing
with insulated timber frame assemblies, see also Kénig (2000). Here, the use of the real
shape of the residual cross-section would imply considerable difficulties for the designer.

2 Test results by van de Haar

Van de Haar (1983) made two fire tests on loaded floor assemblies consisting of two
timber joists of dimension 59 mm x 196 mm spaced at 650 mm and a decking consisting of
19 mm plywood and 10 mm calcium silicate board on top of it. The joists were initially
unprotected and exposed to the fire on three sides. Since the loading was different, the
failure times were different: 25 minutes for floor 1 and 32 minutes for floor 2.

In Figure 2 and 3 the some of the residual cross sections recorded after the fire tests are
shown. The graphs were reproduced from the original report by recording the co-ordinates
of the border of the residual cross-section using a digitising device. In order to illustrate the
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degree of charring also the shapes of the original cross-sections are shown, however their
horizontal position in relation to the residual cross-sections is not exact.

Floor 1, t = 24,7 min
F11 Rz F1-3 . .

Figure 2 — Recorded residual cross sections at four locations of floor 1 (their
horizontal position in relation to the original cross-section is approximate)

Floor 2, t = 32 min
F1 F22  F23 . Fe4 o F25

i

Figure 3 — Recorded residual cross sections at five locations of floor 2 (their
horizontal position in relation to the original cross-section is approximate)

The residual cross-sections show considerably larger charring depths on the narrow sides
than on the wide sides. For a charring depth on the wide side equal to b/4, the difference is
between 45 and 83 %, that is about the same order of magnitude as calculated for a cross-
section of 45 mm x 120 mm with a charring depth of 23 % of the width.



The section moduli W, of the recorded residual cross-sections we calculated using the
recorded co-ordinates of the border and a computer program for the determination of cross-
sectional of arbitrary cross-sections, see Table 1. These section moduii were compared
with section moduli Wics, obtained by assuming a notional charring depth equal to 1,23
times the experimental charring depth on the wide sides of the joists. (see equation (1). The
average value of the ratio Wi/ Weces is with 1,037 slightly conservative. These values are
illustrated in Figure 4 and 5. It can be seen that the relationship (1), derived from prEN
1995-1-2, takes fairly into account increased charring of the narrow sides of smalil timber
cross-sections.

Table 1 -- Relative section moduli — comparison of test results and values calculated
according to prEN 1995-1-2

Cross- | Wi Wees | Wiesd Wics
section
Fl-1 0,406 (0414 11,020
F1-2 0,317 10,346 11,091
F1-3 0,407 10,35 0,860
Fl-4 0,481 0,452 10,940
F2-1 0,360 10,310 10,861
F2-2 0,199 10,259 11,302
F2-3 0,246 0,265 1,077
F2-4 0,281 0,312 1,110
F2-5 0,315 0,338 11,073
Average 1,037

BTest |

Relative section modulus

F1-1 ¥1-2 F1-3 F14 F21 F2-2 F2-3 F2-4 F2-5
Test

Figure 4 — Comparison of relative section moduli
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F4-1 F1-2 F1-3 #1-4 F2-1 F2-2 F2-3 F2-4 F2-5
Test

Figure 5 — Comparison of relative section moduli

3  When should the basic charring rate be used?

We can expect that some designers wish to use the concept of basic charring depth values
plus separate addition of corner roundings in order to obtain more favourable results. Basic
charring rates are valid only for one-dimensional heat transfer. As we have seen above,
rectangular cross-sections may exhibit an extensive degreec of two-dimensional heat
transfer in the vicinity of the narrow sides. Therefore an application limit should be given
in order to prevent non-conservative results.

Performing a heat transfer analysis using the thermal properties (conductivity and specific
heat) as given in prEN 1995-1-2, for a cross-section of 100 mm x 200 mm, at 30 minutes
the calculated charring depth is 20,3 mm on the wide side and 21,8 mm on the narrow side,
that is it is 7,3 % greater on the narrow side. The conditions on the narrow side are
influenced by two-dimensional heat flux to some degree, since the width of residual cross-
section of about 60 mm is less than twice the temperature profile we get in the case of one-
dimensional heat transfer when the timber is exposed on one side only. A stabic
temperature profile is developed after 20 minutes, see figure 6 showing temperature
profiles of three specimens after 5, 10 and 20 minutes according to tests made by Konig et
al. (1999). After 20 minutes, the depth de of the zone below the char layer which is
affected by increased temperature is about 40 mm and does not increase significantly.

The use of the basic charring rate is permitted only when charring is one-dimensional. For
application to rectangular cross-sections of beams and columns, from the depth of heat
affected zone can be derived minimum width 5., of the cross-section to satisfy this
requirement. For b = by heat transfer changes in the middle of the narrow side from being
one-dimensional to two-dimensional.

For a temperature profile of depth do below the char layer, the required minimum width of
the cross-section (see Figure 6) is

bmiu =2 (d + d(-)) (2)

chard
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Figure 6 — Definition of minimum width for use of basic charring rate

For simplicity, a linear increase of the depth do of the temperature affected zone is
assumed during the first twenty minutes (from 0 to 40 mm), although the increase is
somewhat greater in the beginning (see Figure 7).

300

250 Wy

200 -+

150 -1

100+ SR

Temperature [°C]

0 10 20 30 40

Distance from char front [mm]

Figure 7 — Temperature profiles for one-dimensional heat transfer at 5, 10 and 20
minutes fire exposure

For practical use, with f; = 0,65 mm/min, after 20 minutes fire exposure the charring depth
is 20 x 0,65 = 13 mm, criterion (2) can be expressed as:

b. =2d +80 [mm] for deparo 2 13 mm (3)

min char,0

and for the first twenty minutes of fire exposure as:

b. =815d for deparo < 13 mm (4

min char,0

Graphs of expressions (3) and (4) are shown in Figure 8.



For example, for 2 45 mum wide timber frame joist the concept of basic charring rate should
not be used when the charring depth on the wide side exceeds 45/8,15 = 5,5 mum, that is for
times greater than 5,5/0,65 = 8,5 minutes.

250 : ; :
200 b:min = Zidchar.o "' 80 ——
150 ,,,,,,

b min = 8,150 charo

0

Broin [mim]

C 10 20 30 4C 50 60

dchar,o [mm}

Figure 8 — Minimum width of cross section for use of basic charring rate as a
function of basic charring depth dyarp

4  Stress and nail-laminated timber plates

The fire resistance of heavy laminated timber plates used as floor and wall components is
in general high. Such laminated timber plates may be glued-laminated, stress-laminated or
nail-laminated. Also after a long time of fire exposure, considerable parts of the cross-
section are uncharred and provide sufficient load-bearing capacity in a fire situation.
Checking the load-bearing capacity of such construction, it would be natural for the
designer to use the basic charring rate, since the heat transfer conditions would be one-
dimensional. For glued-laminated heavy timber plates, that is glued-laminated beams in a
flatwise position, this would be correct. In order to minimise the risk of shrinkage due to
drying and the subsequent occurrence of fissures or gaps between the laminations, when
assembling the laminations the moisture content of the timber should be as close to the
final moisture content as possible. In Germany, it is recommended to use timber with a
moisture content of 15 % £ 3 % (Werner, 1997). In Sweden it is recommended to use dry
timber with a moisture content of not more than 12 %. The final moisture content is
normally about 8 to 9 %, in areas of cold climate it may be even lower. The order of
magnitude of drying shrinkage is about 0,2 percent per percent moisture content. A
laminated timber plate will then shrink by 1,4 % when the moisture content is reduced
from 15 to 8 %. In nail-laminated plates with 45 mm thick laminations, the mean gap width
between the laminations would be 0,6 mm. In reality, it can be expected that there is a
considerable variation of gap widths in a nail-laminated plate.

At Tritek, a series of seven fire tests was performed in order to study the effect of
imperfect contact of laminations on charring. The specimens were made of seven timber
members of size 43 mm x 97 mm glued against a sheet of 12 mm thick plywood in order to
get a tight construction, see Figure 9. The fire exposed length of the specimen was one
metre. The gap width between the wide sides of the laminations was 0, 1 or 2 millimetres;
two of the specimens were glued against the backing plywood at a moisture content of 13
percent and were tested when the moisture content had decreased to 9 percent. Due to the
shrinking of the laminations gaps opened between them with a width between 0 and 5 mm.
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Figure 9 — Specimen configuration representing a heavy laminated timber plate

The progression of the char-line in the middle member is shown as the position of the 300-
degree isotherm from temperature measurements of thermocouples 1 to 6, see Figure 10.
Since the thermocouples were located in the middle plane of the middle member, no
significant influence can be seen due the different gap widths, that is at this position the
thermal conditions can be regarded as one-dimensional,
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Figure 10 — Charring depth vs. time in middle member (thermocouples 1 to 6)

In stress-laminated plates, due to the pre-stressing of the laminations, e.g. planks of
thickness from about 25 to more than 100 mm, the sides of the laminations are in contact,
that is there is no gap between two neighbouring members. Figure 11 shows residual cross-
sections of the five inner laminations at five different positions at equal distances in
fongitudinal direction. Although there is a considerable variation of charring at different
locations, no significant corner roundings can be seen at the interfaces between two
laminations, It is reasonable to assume purely one-dimensional conditions in the design.

In Figure 12 and Figure 13 corresponding residual cross-sections are shown for two
specimens with gap widths of 1 and 2 mm respectively. We can see that charring near
corners of laminations is influenced by the gap width. There is a considerable variability
between the shape of residual cross-sections at different locations.

For each of the cross-sections of specimens with gap widths of 1 and 2 mm, an equivalent
rectangular cross-section was determined such that the section modulus remained
unchanged. This would require notional charring depth somewhat greater than the
measured minimum charring depth. The average values and 95 % confidence intervals of



the ratio of the notional charring depth and the minimum charring depth are shown in
Figure 14.
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Figure 11 — Residual cross-sections of specimen C01 without gaps after 61 minutes
fire exposure
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Figure 12 — Residual cross-sections of specimen C11 with a gap width of 1 mm after
63 minutes fire exposure
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Figure 13 — Residual cross-sections of specimen C22 with a gap width of 2 mm after
60 minutes fire exposure
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Figure 14 — Effect of corner roundings due to gap widths of one and two millimetres
between Iaminations

The ratio is decreasing with time {or with the charring depth). Only for a gap width of 2
mm and fire exposure times up to about 30 minutes, the value is greater than 1,23 (see
equation (1}). For normal gap widths of less than | mm, a notional charring rate which is
15 % greater than the basic charring rate should be used.

5 Conclusions

It has been shown that the concept of notional charring rates is a tool that can be widely
used to simplify the calculation of cross-sectional parameters by determining an equivalent
rectangular residual cross-section. This is an option in order to simplify the calculation or
when the real shape of the residual cross-section cannot be determined unless advanced
heat transfer calculations are performed.
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Creep testing wood adhesives for structural use

Bjorn Killander and Charlotte Bengtsson
SP Swedish National Testing and Research Institute, Wood Materials and Structures,
Sweden

1 Introduction and background

Lack of approval procedures for adhesives is hampering the development of wood
products. There is an urgent need for fast and reliable approval procedures for new wood
adhesive types, new gluing processes and new glued wood based products. SP is
conducting research on test procedures to determine creep properties of wood adhesives for
structural purposes. The research has been aimed at developing fast and reliable methods
for approval of structural adhesives. The work is carried out within the framework of CEN
/TCI93 / SC1/ WG4 with financial support from the Swedish Wood Association.

Existing test methods for adhesives for structural use have been developed for aminoplastic
and phenolic adhesives such as Phenol Resorcinol Formaldehyde (PRF) and Urea
Formaldehyde (UF). These adhesives show very little or no creep and hence no test
procedures for creep deformation or creep rupture testing of structural wood adhesives
have been established. New adhesives such as PolyUrethane (PU) and Emulsified Polymer
Isocyanates (EPI) show certain creep tendencies. In order to approve such adhesives, the
amount of creep must be determined and related to demands of the finished products.

As for all accelerated test methods, it is crucial that the developed test methods reflect the
expected failure modes in the climates that the glued structure will meet in practice. An
important aspect regarding creep is the glass transition temperature of the adhesive. An
accelerated test at high temperature and moisture could result in failures that never would
occur at lower temperatures. There is also the question of whether a test for wood, adhesive
or glulines is developed. The combined effects of temperature and moisture on the
adhesive as well as the wood properties will limit the possibilities to accelerate creep tests
if failure modes are to maintain unaltered.

A serious difficuity regarding accelerated creep test methods for adhesives is the question
on how to set the requirements for the tests. Without long term experience of the actual
adhesive types in real practice, we need to establish initial requirements based on
theoretical assumptions. SP suggests that such initial requirements should be based on the
load levels, climates and time spans set in Eurocode 5.

Although the developed test methods should be as fast and cheap as possible in order to
simplify the introduction of new products, it is crucial that the developed test methods
produce safe and reliable results. One important aspect is then that the limited experience
of the test methods and the lack of established requirements make it important that the test
methods produce results that can be re-evaluated when new experience is gathered.



2 Experimental work and theoretical studies

The study has been focused on two test methods based on the American standards ASTM
D 3535 and ASTM D 4680 {1,2]. The primary aims of the study have been to determine if
the two methods are capable of separating adhesives with different creep properties and to
determine the suitability of the methods for evaluation of adhesives for structural purposes.

Results from tests with the two methods have been compared to results from a reference
test method developed at SP.

In addition to the experimental work, FE analysis of the stress patterns in the test samples
used have been made by Lund University [11,12] and calculations of test ¢climates and of
requirement levels based on Eurocode 5 have been made at SP [4,5].

2.1  Adhesives in test
The research projects at SP have primarily been using six different adhesives ranging from
thermoplastic PVA to PRF with virtually no measurable creep in the glulines, see Table 1.

Table 1. Adhesives used in tests at SP.

Adhesive | Adhesive class Comment

PVA D4 |EN 204 class D4 Two component, thermoplastic,
exterior surface coated not for structural applications.

PU 1 EN 301 Type II 30 min curing one component PU
ASTM D 2559-99 Exterior use |adhesive

PU2 EN 301 Type II 3 h curing one component PU
ASTM D 2559-99 Extertor use |adhesive

EPI EN 204 class D4, Adhesive type used for structural
exterior surface coated applications in Japan, but as of today
JAS 111 not approved  for  structural

applications in Europe.

MUF  |EN301 TypeII

PRF EN 301 Typel

2.2 Test methods studied

Two of the methods studied are based on the American standards ASTM D 3535 - 92 and
ASTM D 4680 - 92, using samples subjected to compression shear at constant spring
loading [1,2]. The "European 3535" is developed by Norwegian Institute of Wood
Technology (NT1) and the "European 4680" by SP [6,7,8]. The third method developed by
SP uses test samples similar to European standard EN 302-1 subjected to constant tensile
shear load by cantilevers.

All the three test methods studied have primarily been aimed at determining the time to
failure at constant load rather than creep deformation, even though deformation has been
measured for all three methods. The rescarch project has only covered short and medium
term tests of small samples. Correlated long term creep tests of full size specimens are
recommended.



2.2.1 Description of the European 3535 test method

The European 3535 uses an identical test rig as ASTM D 3535 but smaller test samples,
see Figure 1. The test sample of European 35335 differs from the sample of ASTM D 3535
as the size has been reduced from thirty to twelve 12.5 x 50 mm glulines. The European
3535 sample is symmetrical, with plane sur{aces in both ends.

Figure 1. Test rig and sample for European 3535 test. Sample size 50 x 50 x 135 mm.

Six replicates are tested with each adhesive. Each sample is inserted into the rig, a
compression load corresponding to 3 N/mm? shear stress is applied by a universal testing
machine and the nuts on the rig are tightened to maintain spring compression.

The shear stress level used in European 3535 has been chosen by NTI after several pilot
tests at various shear stress levels [7,8]. The 3 N/mm® shear stress level was chosen in
order to result in failures within the six weeks test period to separate different adhesives,
without unacceptable deformations or failures in the wood. The 3 N/mm? shear stress level
is also in part supported by theoretical calculations [9].

After the load is applied, the rig is placed in a climatic chamber and stored for six weeks in
a sertes of climates:

Table 2. Climate series used in European 3535. The proposed sequence of test climates
has been altered after the tests at SP.

Climate Climates series used in tests at SP New proposed climate series
1 14 days at 80 °C/ 10-15 % RH 14 days at 80 °C / 10-15 % RH
2 14 days at 50 °C /75 % RH 14 days at 20 °C / 85 % RH
3 14 days at 20 °C/ §5 % RH 14 days at 50 °C /75 % RH

The rigs are removed after the six weeks period. In order to pass the test, no gluline in any
of the six samples are allowed to fail.

2.2.2  Description of the European 4680 test method

The European version of ASTM D 4680 has been developed by SP. The method follows
established principles used for determination of duration of load factors for solid wood and
wood based panels [3].




The European 4680 method is primarily a creep rupture test method although deformation
can be measured. It fairly closely resembles the American original. The most important
modifications are:
1) the two test climates used,
2) prediction of shear stress level corresponding to 10000 h failure time is based on

median time to failure at each stress level rather than on individual tested samples.

The test sample and test rig in European 4680 arc identical to the American ASTM D
4680, with the exception that the test surface of the sample is 25x25 mm instead of 1x1",
see Figure 2.

Figure 2. Test .1.'1g and sampte for Eﬁfopean 4680 test. Shear test surface 25 mm X 25 mm.

Two test climates are used: 50 °C /75 % RH and 80 °C/ dry (10-15 % RH, not controlled).
The choice of climates is based on the climates and requirements defined in Eurocode 5
and the definition of adhesives of Type I and Type Il in EN 301 [5,6].

50 °C /75 % RH is an extreme climate for timber structures. The temperature may occur in
the vicinity of the wood members in a roof structure due to absorption of heat from sun
radiation. The duration is likely to be less than 12 hours for each occasion. The
combination 50 °C / 75 % RH can normally not occur. Additional moisture is required;
conditions which might occur in for instance process industries.

80°C / dry is a climate or temperature which is not likely to occur except for in very special
application and situation and with short duration. A climate of this nature is not likely to
affect the adhesive bond line only, but also the wood itself with increased creep and
reduced strength. It is for instance a temperature that will occur during fire close to the
charring zone.

At 80 °C the test samples are loaded at 3 N/mm®. The stress levels at 50 °C /75 % RH are
chosen to be as high as possible without leading to high proportions of wood failure, as
will be described in Section 3.5.

Ten test samples are loaded at each climate and shear stress level, which gives a total of 50
samples for each adhesive tested. In addition to this, short term shear strength is
determined according to the ASTM D 905 method. Time to failure is recorded for each
sample and median time to failure is calculated at each shear stress level.



The load corresponding to 10000 h median time to failure at 50 °C /75 % RH is calculated
based on the median time to failure at each shear stress level, see Figure 3.
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Figure 3. Prediction of shear stress at 50 °C /75 % RH corresponding to 10000 h time to
failure is based on median time to failure at each load Ievel. Triangles mark
median time to failure at each shear siress level.

The two suggested requirements used in European 4680; 10000 h predicted time to failure
in 50 °C /75 % RH and 1 000 h median time to failure in 80 °C / dry at 3 N/mm? shear
stress have been set after calculations based on Eurocode 5 [4].

2.2.3 Description of the SP cantilever method

The SP cantilever method was developed at SP to be used as a reference test method to the
European 3535 and European 4680 methods. By using a cantilever system and applying
tension shear stress, a constant and fairly well defined stress is applied to the samples, see
Figure 4.

Figure 4, SP cantilever rig. EN
sample fails, the cantilever is caught by a damping device designed to carry the
weights and to reduce the impact shock to other samples.

The SP cantilever method uses the test sample described in European standard EN 302-1.
Two 10.5 mm holes are drilled in the sample and a mark is inscribed across the gluline by a
needle for measuring deformation.



Time to failure is recorded by timers attached to the damping device of each cantilever.
Deformation is measured by means of a digital camera with high resolution for selected
samples. Tests have presently only been made in the climate 20 °C/ 65 % RH.

2.3  FE calculations

Numerical finite element studies have been carried out on the three methods studied. The
studies have been focused on the sensitivity of the test methods to geometrical
imperfections of the test samples and the not centred [oad caused by the coil spring [11,12].

The FE calculations have been made with non linear material description of the behaviour
of the bond line and adhesive properties ranging from brittle to ductile adhesives. The
ongoing FE studies are made by Lund University on behalf of SP.

3  Experimental results and discussion

3.1 European 3535

The production of test samples for European 3535 requires extremely high precision in
order to guarantee that the tested glulines have equal size. Also very small variations in
positioning of the milling tools during the cutting of the samples will lead to differently
sized gluline surfaces and resulting stress variations. Such differences are serious since the
method is measuring the time to failure of the weakest tested gluline surface.

The 3535 tests performed at SP have lead to very short times to failure for PVA and PU
adhesives tested. All tested samples but one failed during the first climate, 80 °C. No
failures have been recorded in PRF, MUF or EPI adhesives.

The very short times to failure make it difficult to differentiate between adhesives with
“little creep” and "a little more creep”. However, it is obvious that the method separates
adhesives with creep tendency and adhesives with no creep tendency. The very fast failures
could also indicate that the suggested load in the test, 3 N/mm?, leads to a very severe test.

3.1.1 Comments to the European 3535 method

The European version of ASTM D 3535 differs from the American original as 1t uses a
smaller test sample, a higher shear stress load level and a longer test period comprising of
three different climates in series. The European test method is performed on beech samples
rather than the specics actually used industrially.

The modifications of the original ASTM D 3535 have in reality turned the test method
from a "creep deformation” to a "creep rupture” test method. The two separate test climates
used in ASTM D 3535 have in European 3535 been turned into a sequence of three
climates. The modifications of the test procedure makes it difficult to apply experience
gathered from the ASTM D 3535 method to the results of European 3535.

The primary advantage of the European 3535 method is that it is fairly rapid as the results
are obtained within 8 weeks after production of the test samples. The primary drawbacks
are that the method only gives a pass/fail answer and that we today lack experience from
comparative tests of the European 3535 method and long term tests of full size members.
Lacking such experience, it is difficult to set requirements for the test. Since the European
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3535 method is a pass/fail test and does not differentiate between the effects of shear stress
load and climate load, it could be difficult to re-evaluate existing test results if the test
procedure or requirements were to be modified when new experience is gathered.

3.2 European 4680

The results show that the European 4680 method is capable of separating adhesives also
with relatively similar creep tendencies.

The results of the duration of load tests at 3 N/mm” and 80 °C have been completed with
all tested adhesives. Of the six adhesive types tested, only PVA, PUI and PU2 show
failures. No failures had been recorded for PRF, MUF or EPI adhesives when the test was
terminated after 10100 h. Median time to failure for the PVA D4 samples was 46 minutes,
as compared to the suggested requirement 1000 h. Median time to failure for PU1 and PU2
was 22069 h and 1891 h respectively.

The results of tests in climate 50 °C / 75 % RH have so far been completed for PYA D4,
PUL and PU2 adhesives. The results show a large variation in time to failure between
samples at the same load level, see Figure 5.

10
9 -
. B Mn-aw o100
‘E M\\a
E 7 “‘M\m—ommmwwﬁm
3 PUT i
M
= 6 uﬁmvw—m;m%\
S N PU2
25 SO Mmoo O- ﬁ%éﬂ
8 P
£ 4 PR P —-A:geh-mm-wamW—Gu——f—m——%»----m—@——-@-
v PVA D4 =
& 3
[
&
2
1
0
0,001 0,01 0,1 1 10 100 1000 10000

Time to failure (h)

Figure 5. Predicted load corresponding to 10000 h median time to failure is calculated
from the median time to failure in the test. The figure shows results from tests
with two 1k PU adhesives and one PVA D4 adhesive.

3.2.1 Repeatability

Results from repeated tests with samples of the same adhesive glued at separate occasions
show different shear strength level but similar "slope” of the time to failure / shear stress -
regression lines, see Figures 6 and 7.
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Figure 6. Results of repeated tests with the same type of adhesive indicate that the results
are greatly influenced by variations in initial gluline shear strength. The slope
of the shear stress / time to failure regression line is relatively constant which
could indicate that the test truly reflects the creep properties of the adhesive.
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Figure 7. Results of repeated tests with two adhesives with samples glued at two
different occasions. The initial gluline strength varies between gluing occasions
but not between the two adhesive types.

The test results show that the initial shear strength of the glulines vary between different
production batches of test samples. If this is caused by variations in propertics between
different adhesive batches, different wood properties or variations in the gluing process is
not determined.

The similar "slope" of the regression curve of time to failure / load indicate that the time
dependent reduction of failure load is independent of the initial shear strength. The results
indicate that the test method measures actual creep properties of the test adhesives.



3.2.2 Variation between samples

The test results have shown a large variation in time to failure for different samples tested
at the same shear stress level. The median time to failure at each shear stress level can thus
differ considerably from the average time to failure. In the tests performed, this has had the
effect that the predicted shear stress corresponding to 10000 h failure time is reduced
significantly if the prediction is based on median time to failure (as in European 4680)
rather than all measured values (as in ASTM D 4680), see Figure 8.

10 J

%*f\; PUtcall

samples

+
*

Shear stfress level (N/mm2)
<
-

median

1

¢
0,001 0,01 0.1 1 10 100 1000 10000

Time to failure (h)

Figure 8. Predicted shear stress corresponding to 10000 h failure time will be lower if
the prediction is based on median times to failure rather than on all samples.

3.2.3 Very good adhesives cause problems

The European 4680 test procedure is based on prediction of the shear stress level
corresponding to 10000 h time to failure based on time to failure at higher shear stress
levels. If the adhesive does not show creep related failures even at these higher shear stress
levels, no data for the prediction are available. Hence a very good adhesive will not suit the
test procedure. The problem can be solved by establishing a limit for the minimum median
time to failure at each shear stress level.

3.3  SP cantilever method
Tests results are presently available from tests with PVA D4, PU1, PUZ2. The results show
great similarities with the tests made according to European 4680, see Figure 9.
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Figure 9. Results from tests of PU1, PU2 and PVA adhesive in SP cantilever rig.
Failed samples marked with filled symbols. Intact samples marked with frames.

The SP cantilever test separates adhesives in same way as 4680 in spite of the different
stress pattern, which indicates that both methods reflect the same adhesive properties.

3.4 FE calculations

The FE simulations of all three methods have shown that the mechanical behaviour n
terms of estimated bond line strength, i.e. load bearing capacity of the test sample 1s highly
dependent not only on the properties of the adhesive, but also on the specimen and loading
geometry.

The FE simulations show that the load bearing capacity of the European 3535 test sample
is seriously affected by the non centred force caused by the large diameter of the coil
spring. Significant deformations of the test sample with resulting stress concentrations and
tensile stresses will occur if the force is applied perpendicularly to the glulines, se Figure
10.

Figure 10. The deformation of eccentric loaded European 3535 specimen, load of 1250 N
at 5 mm off-centre. The deformations are magnified by a factor 10. From [11].

If, on the other hand, the force is applied parallel to the glulines, a torsion factor to the

gluline stresses is introduced. The simulations indicate that the load bearing capacity can
vary as much as 25 % depending on where along the spring periphery the force is applied.
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Also the simulations of the European 4680 method have shown that the test results are
influenced by how the force is applied to the specimen. If the surfaces where the force is
applied are non parallel or if the force is applied at a distance from the gluline, the load
bearing capacity of the sample is reduced. On the other hand, friction between the Joading
device and the sample as well as within the gluline can increase the failure foad.

The simulations of the EN 302 - 1 test sampie in the cantilever system show the test sample
deforming as the load is applied, resulting in tensile stresses perpendicularly to the gluline
in addition to the shear stresses.

3.5 Maximum shear stress in a creep test for beech wood samples
The test results from the SP cantilever method show that the wood failure proportion
increase with increased shear stress, see Figure 11.
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Figure 11. Wood failure increase as load is increased in SP cantilever tests of PU1 and
PUZ. A high wood failure proportion indicates that the wood rather than the
adhesive has failed.

The results seem to indicate that the maximum suitable shear stress level on smaller
samples tested at 20 °C is 8 - 9 N/mm”. If a higher shear stress is applied, the test will
actually test the wood rather than the adhesive.

A sample that fails with a high percentage of wood failure indicates that the adhesive
would have been able to carry the leoad for a longer period than the wood. In a short term
test, this is usually considered acceptable, the adhesive is "stronger” than the wood.
However this is not the case if the result is to be used in predicting the creep behaviour of
the adhesive. The wood failure results in a "too guick" failure at high shear stress levels,
which in turn reduces the slope of the regression line based on the median times to failure.
Hence, the predicted load corresponding to 10000 h median failure time will be too high.
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3.6  Effect of post curing

One important aspect of the suggested test procedures in European 3535 and European
4680 is if the samples are heated prior to the application of the load or not. Heating prior to
loading can have the effect that post curing adhesives would show a better test result than if
the load is applied to a cold sample. Improved performance by 1k PU adhesives has been
shown by tests at FMPA with the European 3535 method where samples that had been
treated in 80 °C passed the test and samples stored at 20 °C / 65 % RH failed [10]. The
mechanisms leading to this effect in 1K PU glulines have not yet been identified.

In the suggested test procedure for the European 3535 method, the load is applied prior to
heating. The procedure prevents post curing before the load is applied. In the suggested test
procedure of the European 4680 method, the samples are heated to the test temperature
prior to the load being applied, and thus post curing can take place. This is done in order to
guarantee that the load is not changed as the aluminium tube and steel spring are heated.

It has to be determined what procedure is best suited for a creep test at elevated
temperature. Application of the load prior to heating could lead to a test "on the safe side",
if the load after heating is the same as before heating. It could also be argued that a large
structure most likely will be subject to heat during summer and heavy constant load during
winter, resulting in post curing prior to loading.

3.7 Possibility to improve the methods

Both the methods "European 3535" and "European 4680" use coil springs to maintain the
load during the test. This has the obvious effect that the load will be reduced slightly when
the samples deform. A more serious effect is caused by the coil spring introducing the force
along its periphery. The peripheral load has the double effect that the test samples will not
be loaded symmetrically and that the stress pattern of each sample will depend on where
along the periphery the force is introduced.

The negative effect of the coil spring loading can possibly be reduced by introducing a
centred ball bearing between the spring and the sample. Such a modification could lead to
altered test procedures and requirements for the tests.

4 Conclusions and recommendations

The results have shown that both methods Eurcpean 3535 and European 4680 can
differentiate between adhesives with different creep properties. Possibly both methods can
in the future be used in approval of PU adhesives for structural purposes.

The tests with European 4680 show large variations in results of the same 1 component PU
adhesive type, both between individual test samples as well as between different batches.
Similar variations are likely to influence also results of the European 3535 test method. The
effects of such variations on the testing and approval procedure need to be evaluated.
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4.1 Conclusions regarding the European 3535 method

The European 3535 method gives a fail / pass test result within an eight weeks period after
production of test samples. The test result depends on time to failure for the weakest of 72
gluline surfaces. The complicated sample design and non centred load application makes
the method sensitive to variations in sample production and orientation of the coil springs.

Since climatic load, mechanical load and test requirements are closely linked in the test
procedure, it is difficult to re-evaluate earlier tests results as new knowledge is made
available.

As of today no tests have been made to determine proper requirement levels for the
European 3535 method. Neither has it been possible to calculate suitable requirement
levels based on Eurocode 5 due to the complexity of the test sample, the not centred load
application and the mixed climates in the test. This has had the effect that the suggested
requirements for European 3535 lack both experimental and theoretical foundation and
would, if implemented, lead to the disqualification of already established adhesive systems.

Additional comparative tests between the European 3535 method and alternative long term
duration of load tests are needed in order to establish proper requirements.

4.2  Conclusions regarding the European 4680 method

The European 4680 method follows established principles for determination of duration of
load and creep factors. The European 4680 method predicts the shear stress level
corresponding to 10000 h time to failure for samples tested at constant climate 50 °C /75
% RH. In addition to this, the method determines that the samples show acceptable time to
failure at 80 °C and 3 N/mm? shear stress level.

The method separates the effects of climate, shear stress level and time. The European
4680 method produces numerical data that can be used to pass or fail an adhesive as well as
determine and compare properties of different adhesives. The data provided by the
European 4680 method can be re-evaluated when new knowledge is made available. The
suggested test procedure and the requirements for the European 4680 method are supported
by Eurocode 5.

The test results indicate that the European 4680 method can measure creep properties of
adhesives. The method has shown a large variation in times to failure between samples
tested at the same shear stress level. This can be influenced by variations in gluline
properties, but can also be influenced by the sensitivity of the method to irregularities in
specimen geometry and application of the load from the coil spring. The test procedure
could be improved if the load would be introduced to the centre of the gluline.

The method can as it is designed today be implemented as a European test method. Further
tests incorporating comparative tests with the European 4680 method and long term
duration of load tests of full size structural members could later be used to adjust
requirements levels.
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Creep testing wood adhesives for structural use
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1 Introduction and background

Lack of approval procedures for adhesives is hampering the development of wood produets.
There is an urgent need for fast and reliable approval procedures for new wood adhesive
types, new gluing processes and new glued wood based products. SP is conducting research
on test procedures to determine creep properties of wood adhesives for structural purposes.
The research has been aimed at developing fast and reliable methods for approval of
structural adhesives. The work is carried out within the framework of CEN/ TC193 / SC1/
WG4 with financial support from the Swedish Wood Association.

Existing test methods for adhesives for structural use have been developed for aminoplastic
and phenolic adhesives such as Phenol Resorcinol Formaldehyde (PRF) and Urea
Formaldehyde (UF). These adhesives show very little or no creep and hence no test
procedures for creep deformation or creep rupture testing of structural wood adhesives
have been established. New adhesives such as PolyUrethane (PU) and Emulsified Polymer
Isocyanates (EPI) show certain creep tendencies. In order to approve such adhesives, the
amount of creep must be determined and refated to demands of the finished products.

As for all accelerated test methods, it is crucial that the developed test methods reflect the
expected failure modes in the climates that the glued structure will meet in practice. An
important aspect regarding creep is the glass transition temperature of the adhesive. An
accelerated test at high temperature and moisture could result in failures that never would
occur at lower temperatures. There is also the question of whether a test for wood, adhesive
or glulines is developed. The combined effects of temperature and moisture on the adhesive
as well as the wood properties wiil limit the possibilities to accelerate creep tests if failure
maodes are to maintain unaltered.

A serious difficulty regarding accelerated creep test methods for adhesives is the question
on how to set the requirements for the tests. Without long term experience of the actual
adhesive types in real practice, we need to establish initial requirements based on theoretical
assumptions. SP suggests that such initial requirements should be based on the load levels,
climates and time spans set in Eurocede 5.

Although the developed test methods should be as fast and cheap as possible in order to
simplify the introduction of new products, it is crucial that the developed test methods
produce safe and reliable results. One important aspect is then that the limited experience of
the test methods and the lack of established requirements make it important that the fest
methods produce results that can be re-evaluated when new experience is gathered.



2 Experimental work and theoretical studies

The study has been focused on two test methods based on the American standards ASTM
D 3535 and ASTM D 4680 [1,2]. The primary aims of the study have been to determine if
the two methods are capable of separating adhesives with different creep properties and to
determine the suitability of the methods for evaluation of adhesives for structural purposes.

Results from tests with the two methods have been compared to results from a reference
test method developed at SP.

In addition to the experimental work, FE analysis of the stress patterns in the test sampies
used have been made by Lund University [11,12] and calculations of test climates and of
requirement levels based on Eurocode 5 have been made at SP [4,5].

2.1  Adhesives in test
The research projects at SP have primarily been using six different adhesives ranging from
thermoplastic PVA to PRF with virtually no measurable creep in the glulines, see Table 1.

Table 1. Adhesives used in tests at SP.

Adhesive | Adhesive class Comment

PVA D4 [EN 204 class D4 Two component, thermoplastic,
exterior surface coated not for structural applications.

PU 1 EN 301 Type II 30 min curing one component PU
ASTM D 2559-99 Exterior use |adhesive

FPU2 LN 301 Type 11 3 h curing one component FU
ASTM D 2559-99 Exterior use |adhesive

EPI EN 204 class D4, Adhesive type used for structural
exterior surface coated applications in Japan, but as of today
JAS 111 not approved for  structural

applications in Europe.

MUF EN 301 Type II

PRF EN 301 Type ]

2.2 Test methods studied

Two of the methods studied are based on the American standards ASTM D 3535 - 92 and
ASTM D 4680 - 92, using samples subjected to compression shear at constant spring
loading [1,2]. The "European 3535" is developed by Norwegian Institute of Wood
Technology (NTT) and the "Eurcpean 4680" by SP {6,7,8]. The third method developed by
SP uses test samples similar to European standard EN 302-1 subjected to constant tensile
shear load by cantilevers.

All the three test methods studied have primarily been aimed at determining the time to
failure at constant load rather than creep deformation, even though deformation has been
measured for all three methods. The research project has only covered short and medium
tern tests of small samples. Correlated long term creep tests of full size specimens are
recommended.



2.2.1 Description of the European 3535 test method

The Eurepean 3535 uses an identical test rig as ASTM D 3535 but smaller test samples, see
Figure 1. The test sample of European 3535 differs from the sample of ASTM D 3535 as
the size has been reduced from thirty to twelve 12.5 x 50 mm glulines. The Furopean 3535
sample is symmetrical, with plane surfaces in both ends.

Figure 1. Test rig and sample for European 3535 test. Sample size 50 x 50 x 135 mm.

Six replicates are tested with each adhesive. Each sample is inserted into the rig, a
compression load corresponding to 3 N/mm? shear stress is applicd by a universal testing
machine and the nuts on the rig are tightened to maintain spring compression.

The shear stress level used in European 3535 has been chosen by NTI after several pilot
tests at various shear stress levels [7,8]. The 3 N/mm’ shear stress level was chosen in order
to result in failures within the six weeks test period to separate different adhesives, without
unacceptable deformations or faifures in the wood. The 3 N/mm? shear stress level is also in
part supported by theoretical calculations {9].

After the load is applied, the rig is placed in a climatic chamber and stored for six weeks in a
series of climates:

Table 2.  Climate series used in European 3535. The proposed sequence of test climates
has been altered after the tests at SP.

Climate Climates series used in tests at SP New proposed climate series
1 14 days at 80 °C/ 10-15 % RH 14 days at 80 °C/ 10-15 % RH
2 14 days at 50 °C /75 % RH 14 days at 20 °C/ 85 % RH
3 14 days at 20 °C /85 % RH 14 days at S0 °C /75 % RH

The rigs are removed after the six weeks period. In order to pass the test, no gluline in any
of the six samples are allowed to fail.

2.2.2 Description of the European 4680 test method

The European version of ASTM D 4680 has been developed by SP. The method follows
established principles used for determination of duration of load factors for solid wood and
wood based panels [3].




The European 4680 method is primarily a creep rupture test method although deformation
can be measured. It fairly closely resembles the American original. The most important
medifications are:
1} the two fest climates used,
2) prediction of shear stress level corresponding to 10000 h failure time is based on

median time to failure at each stress level rather than on individual tested samples.

The test sample and test rig in European 4680 are identical to the American ASTM D 4680,
with the exception that the test surface of the sample is 25x25 mm instead of Ix1", see
Figure 2.

Figure 2. Test rig and sample for European 4680 test. Shear test surface 25 mm x 25 mm.

Two test climates are used: 50 °C / 75 % RH and 80 °C / dry (10-15 % RH, not
conirolled). The choice of climates is based on the climates and requirements defined in
Eurocode § and the definition of adhesives of Type I and Type Il in EN 301 [5,6].

50 °C /75 % RH is an extreme climate for timber structures., The temperature may occur in
the vicinity of the wood members in a roof structure due to absorption of heat from sun
radiation. The duration is likely to be less than 12 hours for each occasion. The combination
50 °C /75 % RH can normally not occur. Additional moisture is required; conditions which
might occur in for instance process industries.

80°C / dry is a climate or temperature which is not likely to occur except for in very special
appiication and situation and with short duration. A climate of this nature is not likely to
affect the adhesive bond line only, but also the wood itself with increased creep and reduced
strength. It is for instance a temperature that will occur during fire close to the charring
zone.

At 80 °C the test samples are loaded at 3 N/mm®. The stress levels at 50 °C / 75 % RH are
chosen to be as high as possible without leading to high proportions of wood failure, as will
be described in Section 3.5.

Ten test samples are loaded at each climate and shear stress level, which gives a total of 50
samples for each adhesive tested. In addition to this, short term shear strength is determined
according to the ASTM D 905 method. Time to failure is recorded for each sample and
median time to failure is calculated at each shear stress level.



The load corresponding to 10000 h median time to failure at 50 °C /75 % RH is calculated
based on the median time to failure at each shear stress level, see Figure 3.
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Figure 3. Prediction of shear stress at 50 °C /75 % RH corresponding to 10000 h time to
failure is based on median time to failure at each load level. Triangles mark
median time to failure at each shear stress level.

The two suggested requirements used in European 4680; 10000 h predicted time to failure
in 50 °C /75 % RH and 1 000 h median time to failure in 80 °C / dry at 3 N/mm® shear
stress have been set after caiculations based on Eurocode 5 [4].

2.2.3  Description of the SP cantilever method

The SP cantilever method was developed at SP to be used as a reference test method to the
European 3535 and European 4680 methods. By using a cantilever system and applying
tension shear stress, a constant and fairly well defined stress is applied to the samples, see
Figure 4.

Figure 4. SP cantilever rig. EN 302 samples sflbjected fo constant tensile load. When a
sample fails, the cantilever is caught by a damping device designed to carry the
weights and to reduce the impact shock to other samples.

The SP cantilever method uses the test sample described in European standard EN 302-1.
Two 10.5 mm holes are drilled in the sample and a mark is inscribed across the gluline by a
needle for measuring deformation.



Time to failure is recorded by timers attached to the damping device of each cantilever.
Deformation is measured by means of a digital camera with high resolution for selected
samples. Tests have presently only been made in the climate 20 °C / 65 % RH.

2.3  FE calculations

Numerical finite element studies have been carried out on the three methods studied. The
studies have been focused on the sensitivity of the test methods to geometrical
imperfections of the test samples and the not centred load caused by the coil spring [11,12].

The FE calculations have been made with non linear material description of the behaviour of
the bond line and adhesive properties ranging from brittle to ductile adhesives. The ongoing
FE studies are made by Lund University on behalf of SP.

3 Experimental results and discussion

3.1 European 3535

The production of test samples for European 3535 requires extremely high precision in
order to guarantee that the tested glulines have equal size. Also very small variations in
positioning of the milling tools during the cutting of the samples will lead to differently sized
gluline surfaces and resulting stress variations. Such differences are serious since the
method is measuring the time to failure of the weakest tested gluline surface.

The 3535 tests performed at SP have lead to very short times to failure for PVA and PU
adhesives tested. All tested samples but one failed during the first climate, 80 °C. No
failures have been recorded in PRF, MUF or EPI adhesives.

The very short times to failure make it difficult to differentiate between adhesives with "little
creep” and "a little more creep”. However, it is obvious that the method separates adhesives
with creep tendency and adhesives with no creep tendency. The very fast failures could also
indicate that the suggested load in the test, 3 N/mm?, leads to a very severe test.

3.1.1 Comments to the European 3535 method

The European version of ASTM D 3535 differs from the American original as it uses a
smaller test sample, a higher shear stress load level and a longer test period comprising of
three different climates in series. The European test method is performed on beech samples
rather than the species actually used industrially.

The modifications of the original ASTM D 3535 have in reality turned the test method from
a "creep deformation” to a "creep rupture” test method. The two separate test climates used
in ASTM D 3535 have in European 3535 been turned into a sequence of three climates. The
modifications of the test procedure makes it difficult to apply experience gathered from the
ASTM D 3535 method to the results of European 3535.

The primary advantage of the European 3535 method is that it is fairly rapid as the results
are obfained within 8 weeks after production of the test samples. The primary drawbacks
are that the method only gives a pass/fail answer and that we today lack experience from
comparative tests of the European 3535 method and long term tests of full size members.
Lacking such experience, it is difficult to set requirements for the test. Since the European
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3535 method is a pass/fail test and does not differentiate between the effects of shear stress
load and climate Joad, it could be difficult to re-evaluate existing test results if the test
procedure or requirements were to be modified when new experience is gathered.

3.2 European 4680
The results show that the European 4680 method is capable of separating adhesives also
with relatively similar creep tendencies.

The results of the duration of load tests at 3 N/mm? and 80 °C have been completed with all
tested adhesives. Of the six adhesive types tested, only PVA, PU1 and PU2 show failures.
No failures had been recorded for PRF, MUF or EPI adhesives when the test was
terminated after 10100 h, Median time to failure for the PVA D4 samples was 46 minutes,
as compared to the suggested requirement 1000 h. Median time to failure for PU1 and PU2
was 2269 h and 1891 h respectively.

The results of tests in climate 50 °C / 75 % R have so far been completed for PVA D4,
PUI and PU2 adhesives. The results show a large variation in time to failure between
samples at the same load level, see Figure 5.
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Figure 5. Predicted load corresponding to 10000 h median time to failure is calculated
from the median time to failure in the test. The figure shows results from tests
with two 1k PU adhesives and one PVA D4 adhesive.

3.2.1 Repeatability

Results from repeated tests with samples of the same adhesive glued at separate occasions
show different shear strength level but similar "slope” of the time to failure / shear stress -
regression lines, see Figures 6 and 7.
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Figure 6. Results of repeated tests with the same type of adhesive indicate that the results
are greatly influenced by variations in initial gluline shear strength. The slope
of the shear stress / time to failure regression line is relatively constant which
could indicate that the test truly reflects the creep properties of the adhesive.
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Figure 7. Results of repeated tests with two adhesives with samples glued at two
different occasions. The initial gluline strength varies between gluing occasions
but not between the two adhesive types.

The test results show that the initial shear strength of the glulines vary between different
production batches of test samples. If this is caused by variations in properties between
different adhesive batches, different wood properties or variations in the gluing process is
not determined.

The similar "slope" of the regression curve of time to failure / load indicate that the time
dependent reduction of failure load is independent of the initial shear strength. The results
indicate that the test method measures actual creep properties of the test adhesives.



3.2.2 Variation between samples

The test results have shown a large variation in time to failure for different samples tested at
the same shear stress level. The median time to failure at each shear stress level can thus
differ considerably from the average time to failure. In the tests performed, this has had the
effect that the predicted shear stress corresponding to 10000 h failure time is reduced
significantly if the prediction is based on median time to failure (as in European 4680) rather
than all measured values (as in ASTM D 4680), see Figure 8.
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Figure 8. Predicted shear stress corresponding to 10000 h failure time will be lower if
the prediction is based on median times to failure rather than on all samples.

3.2.3 Very good adhesives cause problems

The European 4680 test procedure is based on prediction of the shear stress level
corresponding to 10000 h time to failure based on time to failure at higher shear stress
levels. If the adhesive does not show creep related failures even at these higher shear stress
levels, no data for the prediction are available. Hence a very good adhesive will not suit the
test procedure. The problem can be solved by establishing a limit for the minimum median
time to failure at each shear stress Jevel.

3.3 SP cantilever method
Tests results are presently available from tests with PVA D4, PUI, PU2. The results show
great similarities with the tests made according to Furopean 4680, see Figure 9,
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Figure 9. Results from tests of PU1, PU2 and PV A adhesive in SP cantilever rig.
Failed samples marked with filled symbois. Intact samples marked with frames.

The SP cantilever test separates adhesives in same way as 4680 in spite of the different
stress pattern, which indicates that both methods reflect the same adhesive properties.

3.4 FE calculations
The FE simulations of all three methods have shown that the mechanical behaviour it terms
of estimated bond line strength, i.e. load bearing capacity of the test sample is highly

dependent not only on the properties of the adhesive, but also on the specimen and loading
geometry.

The FE simulations show that the load bearing capacity of the European 3535 test sample is
seriously affected by the non centred force caused by the large diameter of the coil spring.
Significant deformations of the test sample with resulting stress concentrations and tensile
stresses will occur if the force is applied perpendicularly to the glulines, se Figure 10.
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Figure 10. The deformation of eccentric loaded European 3535 specimen, load of 1250 N
at 5 mm off-centre. The deformations are magnified by a factor 10. From [11].

If, on the other hand, the force is applied parailel to the glulines, a torsion factor to the

gluline stresses is introduced. The simulations indicate that the load bearing capacity can
vary as much as 25 % depending on where along the spring periphery the force is applied.
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Also the simulations of the European 4680 method have shown that the test results are
influenced by how the force is applied to the specimen. If the surfaces where the force is
applied are non parallel or if the force is applied at a distance from the gluline, the load
bearing capacity of the sample is reduced. On the other hand, friction between the loading
device and the sample as well as within the gluline can increase the failure load.

The simulations of the EN 302 - 1 test sample in the cantilever system show the test sample
defonming as the load is applied, resulting in tensile stresses perpendicularly to the gluline in
addition to the shear stresses.

3.5 Maximum shear stress in a creep test for beech wood samples
The test results from the SP cantilever method show that the wood failure proportion
increase with increased shear stress, see Figure 11,
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Figure 11. Wood failure increase as load is increased in SP cantilever tests of PU1 and
PUZ. A high wood failure proportion indicates that the wood rather than the
adhesive has failed.

The resuits seem to indicate that the maximum suitable shear stress level on smaller samples
tested at 20 °C is 8 - 9 N/mm®. If a higher shear stress is applied, the test will actually test
the wood rather than the adhesive,

A sample that fails with a high percentage of wood failure indicates that the adhesive would
have been able to carry the load for a longer period than the wood. In a short term test, this
is usually considered acceptable, the adhesive is "stronger” than the wood. However this is
not the case if the result is to be used in predicting the creep behaviour of the adhesive. The
wood failure results in a "too quick" failure at high shear stress levels, which in turn reduces
the slope of the regression line based on the median times to failure. Hence, the predicted
load corresponding to 10000 h median failure time will be too high.
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3.6 Effect of post curing

One important aspect of the suggested test procedures in European 3535 and European
4680 is if the samples are heated prior to the application of the load or not. Heating prior to
loading can have the effect that post curing adhesives would show a better test result than if
the load is applied fo a cold sample. Improved performance by 1k PU adhesives has been
shown by tests at FMPA with the European 3535 method where samples that had been
treated in 80 °C passed the test and samples stored at 20 °C / 65 % RH failed {10]. The
mechanisms leading to this effect in 1K PU glulines have not yet been identified.

In the suggested test procedure for the European 3535 method, the load is applied prior to
heating. The procedure prevents post curing before the load is applied. In the suggested test
procedure of the European 4680 method, the samples are heated to the test temperature
prior to the load being applied, and thus post curing can take place. This is done in order to
guarantee that the load is not changed as the aluminium tube and steel spring are heated.

It has to be determined what procedure is best suited for a creep test at elevated
temperature. Application of the load prior to heating could lead to a test "on the safe side",
if the load after heating is the same as before heating. It could also be argued that a large
structure most likely will be subject to heat during summer and heavy constant load during
winter, resulting in post curing prior to loading.

3.7 Possibility to improve the methods

Both the methods "European 3535" and "European 4680" use coil springs to maintain the
load during the test. This has the obvious effect that the load will be reduced slightly when
the samples deform. A more serious effect is caused by the coil spring introducing the force
along its periphery. The peripheral load has the double effect that the test samples will not
be loaded symmetrically and that the stress pattern of each sample will depend on where
along the periphery the force is introduced.

The negative effect of the coil spring loading can possibly be reduced by mfroducing a
centred ball bearing between the spring and the sample. Such a modification could lead to
altered test procedures and requirements for the tests,

4 Conclusions and recommendations

The results have shown that both methods European 3535 and European 4680 can
differentiate between adhesives with different creep properties. Possibly both methods can
in the future be used in approval of PU adhesives for structural purposes.

The tests with European 4680 show large variations in resuits of the same I component PU
adhesive type, both between individual test samples as well as between different batches.
Similar variations are likely to influence also results of the European 3535 test method. The
effects of such variations on the testing and approval procedure need to be evaluated.
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4.1 Conclusions regarding the European 3535 method

The European 3535 method gives a fail / pass test result within an eight weeks period after
production of test samples. The test result depends on time to failure for the weakest of 72
gluline surfaces. The complicated sample design and non centred load application makes the
method sensitive to variations in sample production and orientation of the coil springs.

Since climatic load, mechanical load and test requirements are closely linked in the test
procedure, it is difficult to re-evaluate eatlier tests results as new knowledge s made
available.

As of today no tests have been made to determine proper requirement levels for the
European 3535 method. Neither has it been possible to calculate suitable requirement levels
based on Eurocode 5 due to the complexity of the test sample, the not centred load
application and the mixed climates in the test. This has had the effect that the suggested
requirements for European 3535 lack both experimental and theoretical foundation and
would, if implemented, lead to the disqualification of already established adhesive systems.

Additional comparative tests between the European 3535 method and alternative long term
duration of load tests are needed in order to establish proper requirements.

4.2  Conclusions regarding the European 4680 method

The Buropean 4680 method follows established principles for detenmination of duration of
load and creep factors. The European 4680 method predicts the shear stress level
corresponding to 10000 h time to failure for samples tested at constant climate 50 °C/ 75
% RH. In addition to this, the method determines that the samples show acceptable time to
failure at 80 °C and 3 N/mm” shear stress level.

The method separates the effects of climate, shear stress level and time. The European 4680
method produces numerical data that can be used to pass or fail an adhesive as well as
determine and compare properties of different adhesives. The data provided by the
European 4680 method can be re-evaluated when new knowledge is made available. The
suggested test procedure and the requirements for the FEuropean 4680 method are
supported by Eurocode 5.

The test results indicate that the European 4680 method can measure creep properties of
adhesives. The method has shown a large variation in times to failure between samples
tested at the same shear stress level. This can be influenced by variations in gluline
properties, but can also be influenced by the sensitivity of the method to irregularities in
specimen geometry and application of the load from the coil spring. The test procedure
could be improved if the load would be introduced to the centre of the gluline.

The method can as it is designed today be implemented as a European test method. Further
tests incorporating comparative tests with the European 4680 method and long term
duration of load tests of full size structural members could later be used to adjust
requirements levels.
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Abstract

The shear strength of laminated veneer lumber (LVL) has traditionally been determined
based on the results of small block shear tests conducted in accordance with ASTM D 143
[1]. In recent years, there has been a significant interest in determining the shear strength
of engineered wood products using full-scale bending test methods [2,3,4,5,6] in lieu of
small block shear tests. However, due primarily to different shear-to-bending strength
ratios among a variety of engineered wood products, the use of a prismatic cross section
and test setup similar to those adopted for full-scale shear tests of glulam [6] does not
normally produce an acceptable shear failure rate in the edgewise or joist orientation (loads
are applied parallel to gluelines), as required for LVL. Therefore, special considerations
should be given to the test setup and specimen configuration for LVL edgewise shear tests.

This paper describes the development of shear test methods for both LVL edgewise full-
scale and small-scale tests. The full-scale test method can be used for product
qualification of the LVL shear strength and the small-scale test method can be used as an
in-plant quality assurance tool to monitor the LVL shear strength on an on-going basis. A
noticeable size effect is discussed. The moisture effect on the full-scale LVL edgewise
shear specimens is also presented.

1. Introduction

Laminated veneer lumber (I.VL) has been used in North American for more than 30 years
as both flanges for I-joists and as beams and headers. With improved technology in veneer
grading, adhesives, and machining, LVL is known for its excellent load-carrying capacitics
and consistent quality. Since the grade and quality of each individual layer of veneers can
be closely controlled in the LVL manufacturing processes, the variability in product
properties is typically much lower than that of sawn lumber. Due to its manufacturing
processes, LVL can be customized to a wide variety of widths, thickness, and lengths.
Most importantly, the end (scarf or lap) joints between adjacent veneer layers can be
staggered to minimize the strength reducing effect of those joints on the bending and
tensile strengths of LVL.

In North America, the design stress for LVL is traditionally determined based on the
procedures sct forth in ASTM D 5456 [7] using ASTM D 143 [1] small block shear
specimens with a shear area of only 2581 mm? (4 in%). In recent years, there have been
significant interests in determining the shear strength of engineered wood products using
full-scale bending test methods [2,3,4,5,6]. A review of various full-scale shear test
methods for engineered wood products has been provided by Lam and Craig [4].
However, due primarily to different shear-to-bending strength ratios among a variety of
engineered wood products, the use of a prismatic cross section and test setup similar to
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those adopted for the full-scale shear tests of glulam [6] does not normally produce an
acceptable shear failure rate in the edgewise or joist orientation (see Figure 1), as required
for LVL. Therefore, special considerations should be given to the test setup and specimen
configuration for full-scale LVL edgewise shear tests.

<

L7
Applied Load
d [ Applied Load
S

X

Edgewise {Joist) Flatwise {Plank}

Figure 1. Ortentations for LVL

2, Objective

This paper describes the special considerations given to the development of LVL edgewise
shear test methods for both full-scale qualification and small-scale quality assurance tests.
The size and moisture effects on the full-scale LVL edgewise shear specimens are also
presented.

3. Development of Test Methods

It has been reported that it is very difficult to fail LVL in edgewise shear using a prismatic
cross section due to the high shear-to-bending strength ratio of the LVL, as compared to
other engineered wood products such as glulam [3,4]. One solution to increase the
edgewise shear failure rate in full-scale shear tests is to decrease the shear-to-bending
strength ratio by either reinforcing the edgewise bending capacity of the LVL or using an I-
section. The reinforcement approach, such as by using fiber-reinforced plastics, 1s
considered unfeasible due to the requirement of determining the transformed section and
the need for sophisticated specimen preparation processes.

Lam and Craig [4] tested edgewise shear of Douglas-fir VL, southern pine Parallel Strand
Lumber (PSL), and Douglas-fir PSL using I-shaped specimens, as shown in Figure 2. The
I-sections were 44 x 184 mm (1-3/4 x 7-1/4 in.) and 44 x 305 mm (1-3/4 x 12 in.), and
were prepared by using a router. The specimens were tested using the center-point load as
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well as five-point load methods. The on-center span
was 6 times the specimen depth (6d) for the
center-point load method and 5d for the five-point load
method. However, as the shear stress induced by the
five-point load method at the intermediate reaction can
be interfered by the cross-grain stresses, the wood
industry in the United States has not considered the
five-point load method an appropriate test method for
evaluating the edgewise shear strength of glulam and
LVL. Therefore, for the purpose of this study, only the
LVL test results using the center-point load method
are reviewed below.

The shear failure rate reported by Lam and Craig [4]
using the center-point load method was excellent (89
out of 96 specimens or 93%). When compared to the
ASTM D 143 block shear test results, the center-point
load method yielded a shear strength of 83% on
average for the 44 x 184 mm (1-3/4 x 7-1/4 1n.) and
73% on average for the 44 x 305 mm (1-3/4 x 12 in.)
specimens, indicating a likely size effect.

While the center-point load method has been

Figure 2. The I-shaped
specimen used by Lam and
Craig [4] (t = LVL thickness)

demonstrated as appropriate for edgewise shear tests, some concerns may be raised on the
specimen preparation technique. Among them, the most significant one is that the high-
quality face veneers that are normally densified are required to be removed for making the
I-section. Therefore, the shear strength obtained from this type of specimens is likely to be

conservative. In addition, the router used to prepare the
specimens requires multiple passes for deeper
specimens, which could be quite time-consuming.

In 1996, APA -The Engineered Wood Association
initiated a full-scale LVL edgewise shear test program
based on prior experience on full-scale glulam shear
tests {6]. In developing the specimen configuration, it
was decided through a preliminary study that an I-
section, as shown in Figure 3, should be used to ensure
a high percentage of shear failure. The flanges of the I-
section were cut from materials adjacent to the web and
face-glued to the web so that the gluelines for both
flanges and web were parallel to each other, resulting in
a net flange width of 3 times the web thickness.

By selecting the matched flanges and web materials,
and orientating the web and flange materials, the
moduli of elasticity for the entire I-section could be
assumed as the same in the edgewise orlentation. As a
result, a calculation of the transformed section is not
required. Furthermore, this specimen configuration
does not require the removal of face veneers and

3
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Figure 3. Specimen
dimension used in APA full-
scale edgewise shear tests (I =
LVL thickness)



therefore, the shear strength obtained from this specimen configuration reflects the best
estimate of the LVL edgewise shear strength.

The specimen size is an important consideration for evaluating the edgewise shear strength
of LVL due to the consideration of size effect. Since most LVL products used in light-
frame construction in North America are generally limited to 406 mm (16 in.) i depth,
this was selected as the specimen depth. The length of the specimen was determined based
on prior experience from glulam tests {6]. Specifically, it was considered desirable to use
a 4-point load method so that the applied load could be spread over 2 load heads, which
were set 152 mm (6 in.) apart, to reduce the likely crushing under the load. In this loading
configuration, each load head applied the same load carried by each reaction (bearing
plate). In addition, the clear distance between the bearing plate and the nearest load head
was maintained at least 2 times the specimen depth to avoid the interference of cross-grain
stresses to the shear strength. Figure 4 shows the resulting test setup. It is expected that
bending or deflection criteria will govern the design when the span-to depth ratio of the
LVL increases. Therefore, the shear strength derived from this specimen configuration
represents the near maximum size of the LVL. governed by the shear strength in design.
This is the same concept used to develop the glulam shear test setup given in Annex AS of
ASTM D 3737 [8].

piz P2
1786 mm ﬂ i—L 178 mm
’ ! { 178 mm 178 mm | .
O i -_— .- 7 iny P 7in)
406 mm
{18 in.)
O N . 356 mm_ 3se mm | ) b
SRR fe 813 mm (32 in.) (14 in.} 1 (14 in.) T —813 mm (32 in.) s:;:e:::s:::s:{:s:g
162 mm | e
{6in.) i
i
P/2
. 508 mm .
b | 168 T (46 80} 1 (20 in.) 1168 mm {48 in.) +

2845 mm (112 in.)

Figure 4. Test setup for LVL edgewise shear tests

The likelihood of shear failure could be estimated using the loading configuration given in
Figure 4 if the bending and shear strengths of the LVL can be estimated. For example, if
the characteristic bending strength of LVL is 43.4 MPa (6,300 psi) with a COV of 0.15
based on the depth of 305 mm (12 in.) and a volume effect factor of (1/305)"®, where h is
the LVL depth (mm), the 5" percentile ultimate load required for bending failure using the
test setup given in Figure 4 can be estimated as 200 kN (45,000 Ibf). If the same LVL has
a characteristic shear strength of 1/10 of the characteristic bending strength, but with a
COV of 0.10, the 99™ percentile ultimate load required for shear failure can be estimated
as 177 kN (39,900 Ibf). Since the 99" percentile of shear capacity is lower than the 5"
percentile of bending capacity, the shear failure rate based on the test setup given in Figure
4 is expected to be 94% or higher. The probability of shear failure will increase with a
decreasing shear-to-bending strength ratio. For example, when the shear-to-bending
strength ratio is reduced to 1/12 for the example given above, the 99.9" percentile of shear
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capacity is approximately the same as the 0.4" percentile of the bending capacity, which
ensures a near perfect shear failure rate.

To assemble the I-section, a white glue readily available from retail stores was applied to
both web and flange faces (double applications). Soon after the application of the white
glue, 24 - 8d ring-shank screws (64-mm or 2-1/2-inch long) were applied at 76 mm (3 in.)
on center for the outer 457 mm (18 in.) from both ends and both faces. The first screw
were located 76 mm (3 in.) from each end. The screws were staggered vertically on both
faces to avoid splitting. Additional 28 - 8d ring-shank screws were applied at 152 mum (6
in.) on center for the remaining length on both faces. It should be noted that the main
purpose of using those screws was to provide pressures for the white glue to cure. If the
glue can be cured by other mechanical or chemical means, the use of those screws is not
necessary. Through a preliminary study, it was determined that smooth-shank nails do not
provide adequate pressures for the white glue to cure due likely to the effect of stress
relaxation.

4, Materials and Methods

Forty-two pieces of 44 mm x 406 mm x 8,230 mm (1-3/4 in. x 16 in. x 27 ft) LVL were
sampled by an APA auditor at a commercial LVL plant and shipped to the APA Research
Center in Tacoma, Washington for testing. These materials were manufactured with 8
plies of 3.2-mm (1/8-inch) thick Douglas fir Grade 1 veneers and 7 plies of 3.2-mm (1/8-
inch) thick Western Hemlock Grade 2 veneers. APA staff witnessed the veneer peeling,
sorting, and drying processes, and the LVL manufacturing.

Upon the receipt of those materials, each LVL was cut in half in the lengthwise direction.
All materials were then conditioned at the APA Research Center at 65 + 5% relative
humidity and 68 + 11°F until reaching an equilibrium moisture content. Fifty-four I
shaped specimens were then manufactured at the APA Research Center using matched
materials as web and flange sections, as shown in Figure 3. As previously noted, the
flange sections were attached to the web sections using a commercially available white
glue and 8d ring-shank screws. All I-shaped specimens were kept in the conditioning
chamber until the full-scale shear tests were conducted.

The remainder of the LVL materials was manufactured into an additional 15 I-shaped
specimens for testing without moisture conditioning. Results from these tests were
compared with those obtained from conditioned specimens to evaluate the effect of
moisture conditioning, if any, on full-scale shear tests. In the meantime, some LVL
materials randomly selected from the same production lot were tested using the small
block shear test setup in accordance with ASTM D 143.

The 4-point load method shown in Figure 4 was used to test all 69 I-shaped specimens.
The test apparatus, including rocker-type reaction supports, reaction bearing plates and
rollers, load bearing blocks, and load bearing rollers were set up following ASTM D 198
[9]. The curved load bearing blocks had a chord length of 356 mm (14 in.) and a radius of
curvature of 711 mm (28 in.). The clear distance between the edge of the reaction bearing
plate to the edge of the nearest load bearing block was 2 times the specimen depth or 813
mm (32 in.) for all specimens. A load button was installed between a 890-kN (200,000~
Ibf) capacity load cell and load bearing block/rollers to function as a load-alignment
device. Lateral supports were provided at 610-mm (2-ft) intervals along the test span to
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prevent lateral buckling. All specimens were cut to the exact length of 3,200 mm (126 in.)
and no end overhangs were allowed.

Before testing, the web thickness for each specimen was measured at both reaction points.
The mean of the readings was used to calculate the sectional properties of the specimen,
Load was applied by a hydraulic cylinder at a constant rate so as to reach the ultimate load
in about 10 minutes. The load readings were continuously recorded by a computerized
data acquisition system up to the ultimate load. As verification of LVL stiffness was not
part of this study, no deflection readings were recorded.

After testing, a 152 x 152 mm (6 in. x 6 in.) section was cut from the web of each tested
specimen at about 305 mm (12 in.) away from each specimen end for determining the
moisture content and specific gravity of each specimen in accordance with the oven-drying
method of ASTM D 4442 [10] and D 2395 [11], respectively.

Based on the theory of elasticity, the maximum applied shear stress (fy) can be calculated
using the following equations:

(Vo _ 3V[b(h® —h})+th]]

1
Y It 2t(bh’-bhi +th}) L]

where f, = calculated shear strength (MPa)
\% = applied ultimate shear force (N) = 1/2 of the ultimate load
Q = first moment (mm3)
1 = moment of inertia (mm®*)
t = measured web thickness (mm)
b = measured flange width (mm)
h = measured height of the I-section (mm)
hy = net height of the web between flanges (mm)

As previously mentioned, the materials used for the flanges were intentionally matched
with those used for the web. Therefore, the first moment (Q) for each specimen can be
determined without calculating the transformed section.

5. Results and Discussions

All 54 specimens that were conditioned and 15 specimens that were not conditioned (as-
received) failed in shear. The typical failure mode was shear through the web at one of the
supports near the neutral axis of the I-section, as shown in Figure 5. Table 1 summarizes
the test results.

Data distributions for both conditioned and as-received specimens are shown in Figure 6
with an empirical normal distribution overlaid. As seen from Figure 6, the normal
distribution fits the test data well. Based on the Kolmogorov-Smimov statistical test, the
assumed normality for the distribution function cannot be rejected at the 20% statistical
significance level (the higher the significance level, the easier to reject the null hypothesis
assuming the test data have the same distribution as the underlying empirical function).



Table 1. Summary statistics for all shear specimens

Moisture-Conditioned Without Moisture Conditioned
MC, % SG® £® MPa MC, % sG® £ MPa
N 50 50 54 15 15 15
Mean 9.0 0.51 5.10 6.8 0.52 5.04
cov 0.030 0.028 0.060 0.057 0.035 0.045
Range 83-98 0.48 - 0.55 429-587 6.3-7.6 0.47 - 0.55 4.61-5.51

® Based on the oven-dry weight and as-received volume of the web.
) Shear stress calculated based on Equation 1.
© Data for 4 specimens were unavailable,

%

Figure 5. Typical shear failure from full-scale I.VI. shear tests

Characteristic values (the 5th percentile with 75% confidence) for the conditioned and as-
received specimens are given in Table 2, which shows that the characteristic values are
practically identical between the specimens with and without the moisture conditioning.
The standard error on the characteristic value is approximately 1.5% for the conditioned
specimens and 2.0% for the as-received specimens, which are within the typically
acceptable range of 5% for the mechanical properties of engineered wood products.

Table 2 and Figure 6 also show the small block shear test results in the edgewise
orientation. As shown, the ratio of the mean shear strength between the small block shear
and moisture-conditioned full-scale shear is 1.52. However, due to the higher COV 1n the
block shear test results, the ratio of the characteristic shear strength between the small
block shear and full-scale shear tests is only 1.42. It should be noted that the mean block
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Figure 6. Data distribution for full-scale (conditioned & as-received) and block shear tests

shear value of 7.73 MPa is comparable to the value of 7.52 MPa, as published by Lam and
Craig [4]. However, the mean full-scale shear value obtained from this study (5.10 MPa)
is much lower than the value of 6.83 MPa (44 x 184 mm specimens) or 6.39 MPa (44 x
302 mm specimens) reported by Lam and Craig [4].

Table 2. Characteristic shear strengths

Small block shear | Full-scale shear
Moisture conditioned As-received
N 60 54 15
Mean, MPa 7.73 5.10 5.04
Cov 0.092 0.060 0.045
K@ 1.795 1.804 1.991
LTL®, MPa 6.45 4.54 4.59
SE@ % 2.3 1.5 2.2

@ Obtained from Table 3 of ASTM D 2915 [12] at the Sth percentile with 75% confidence
® Lower toletance limit = Mean x (1 - K x COV) based on an assumed normal distribution
) Standard error on the lower tolerance limit estimate determined in accordance with ASTM D 2915 [11]

A significance difference between these 2 reports is the specimen size (44 mm x 302 mm x
1812 mm used by Lam and Craig [4], and 44 mm x 406 mm x 2845 mm used in this
study). It is recognized that the specimens used between these 2 studies were not
manufactured by the same producer, and the layup and species were not the same.
Nonetheless, the specimen configuration and test setup used between these 2 studies were
similar. Therefore, if the small block shear strength is an indication of the similarity in the
LVL materials tested between these 2 studies, the difference in the test results seems to
suggest a notable size effect. As a result, for the development of a design shear value, it is
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imperative that the size effect on the LVL shear strength be addressed by selecting an
appropriate specimen size for full-scale shear tests. As previously mentioned, since most
LVL products used in light-frame construction in North America are generally limited to
406 mm (16 in.) in depth, the specimen size selected for this study seems to be reasonable
and practical. Alternatively, a minimum of 4 sizes should be tested so that the appropriate
size effect can be quantified in a similar manner as the volume effect required in ASTM
D 5456 [7].

6. Additional Data

In a separate study undertaken soon after the completion of this study, another set of 29
pieces of 44 mm (1-3/4 in.) specimens made with 6 plies of 3.2-mm (1/8-inch) thick
Western Hemlock Grade 1 and 7 plies of 4.2 mm (1/6-inch} thick Western Hemlock Grade
2 veneers was tested in the same manner as those reported above. All 29 specimens failed
in shear. The mean value obtained from the full-scale shear tests was 4.55 MPa (660 psi)
with a COV of 0.07. The matched small block shear tests gave a mean of 6.83 MPa (990
psi) with a COV of 0.16. Figure 7 shows the data distribution.
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Figure 7. Data distribution for full-scale and block shear tests of Western Hemlock LVL

As shown in Figure 7, the difference in the COV between the block shear and full-scale
shear test results is substantial, suggesting that the full-scale shear test method is a more
reliable test method for evaluating the LVL edgewise shear strength. Incidentally, the ratio
of the mean shear strength between the small block shear and full-scale shear tests is also
1.5. However, due to the higher COV for the small block shear test results, the ratio of the
characteristic shear strength between the small block shear and full-scale shear tests is only
1.22.



7.  Small-Scale QA
Shear Test Method

It is impractical to use full-scale
shear specimens for in-plant
quality assurance {(QA) tests. For
monitoring the LVL edgewise
shear strength on an on-going
basis, a small-scale QA shear test
method is needed, as shown in
Figure 8.

. |
The small-scale QA specimen is
manufactured by gluing 2 matched

ot D
LVL’s back-to-back using a white >|

glue. The web of the I-section is  Figure 8. Specimen dimension for small-scale QA
then created by using a router. As  shear tests (t = LVL thickness)

the specimen is small, the web can

be readily produced in one single

router run. Most importantly, since the web is composed of 1/2 of LVL thickness from
each half specimen, the net web thickness is exactly the same as the LVL thickness,
thereby preserving the high-grade and densified face veneers in the shear-resistive cross-
sectional area.

Due to the small specimen depth (59 mm or 2-5/16 in.), a center-point load method with a
span-to-depth ratio of approximately 6 was employed, as shown in Figure 9, for the
edgewise QA shear tests. The adoption of the center-point load method, instead of four-
point load method, was intended to simplify the test setup for a typical lab at a
manufacturing plant. The length of the bearing plates was 51 mm (2 in.) and the loading
plate had a length of 76 mm (3 in.). The testing procedures followed ASTM D 4761 [13}
with a targeted time to failure of approximately 1 minute. The shear strength was
calculated using Equation 1.

P
Steel plate with

@ e rounded cornes

PRI K IORH
fotedelotoltele!

76 mm

(3in.)
25 mm 25 mm
(1in.) —»1 [4~—178 mm (7 in, )W»L-—wa mm {7 in. )w-+| |<~ (1in)
51 mm ..l 305 mm (12 in.) re—+—51 mm
(2 in.) (2in.)

Figure 9. Test setup for edgewise QA shear tests.
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The likelihood of shear failure could be estimated using the loading configuration given in
Figure 9 if the bending and shear strengths of the LVL can be estimated. For example, if
the characteristic bending strength of LVL is 43.4 MPa (6,300 psi) with a COV of 0.15
based on the depth of 305 mm (12 in.) and a volume effect factor of (/305)""® where h is
the LVL depth (mm), the 5" percentile ultimate load required for bending failure using the
test setup given in Figure 9 can be estimated as 25.6 kN (5,750 Ibf). If the same LVL hasa
characteristic shear strength of 1/9 of the characteristic bending strength, but with a COV
of 0.12, the 99™ percentile ultimate load required for shear failure can be estimated as 24.9
kN (5,590 1bf). Since the 99™ percentile of shear capacity is lower than the 5™ percentile
of bending capacity, the shear failure rate based on the test setup given in Figure 9 is
expected to be 94% or higher. When compared fo the example given for the full-scale
shear tests, this example uses a higher shear-to-bending strength ratio (1/9 vs. 1/10) and a
higher COV (0.12 vs. 0.10) for the shear strength.

In order to demonstrate the feasibility of using the small-scale edgewise QA shear test
method, a total of 35 pieces of 38-mum (1-3/4-in.) thick Douglas fir and southern pine LVL
were sampled by an APA auditor at a commercial LVL plant and shipped to the APA
Research Center for testing. Eighteen of these specimens were Douglas-fir LVL’s made
with 2 plies of 3.2-mm (1/8-in.) thick G1, 8 plies of 3.2-mm (1/8-in.} thick G2, and 3 plies
of 2.5-mm (1/10-in.) thick G1 veneers. The remaining 17 specimens were southem-pine
LVL made with 14 plies of 3.2-mm (1/8-in.) thick G1 veneers. APA staff witnessed the
veneer peeling, sorting, and drying processes, and the LVL manufacturing.

Table 3 shows the summary of the test results. All 18 Douglas-fir specimens and 14 out of
17 southern pine specimens failed in shear through the web. Figure 10 shows the typical
failure mode, which is similar to the full-scale shear tests. Overall, the shear failure rate
was 32/35 or 91%, indicating that the test method can be used for edgewise QA shear tests.
The relatively low shear failure rate for the southern pine LVL reflects the higher shear-to-
bending strength ratio. A change in the specimen configuration, such as an increase in the
flange depth from 13 mm (1/2 in.) to 16 mm (5/8 in.) would increase the probability of
shear faiture for southern pine LVL.

Table 3. Summary of small-scale edgewise QA shear tests

Species Douglas-fir LVL Southern Pine LVL
Sample size 18 14®
Mean MC, % 7.1 9.9
Mean shear strength, MPa 6.13 8.26
Cov 0.079 0.097

@ Shear failure only.

The appropriate QA shear value using the small-scale edgewise QA shear test method
should be established in accordance with the correlation between the test results obtained
from the small-scale edgewise QA shear (Figure 9) and the full-scale edgewise shear
qualification tests (Figure 4). As a result of the size effect, the QA value is expected to be
higher than the published characteristic shear strength. Unfortunately, due to the
proprietary nature of most LVL products and the lack of a broad database available to the
public today, the correlation between the small-scale edgewise QA shear and the published
characteristic shear strength should be established from qualification tests of individual
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species or layup combinations unless the most critical species or layup is pre-determined
and tested.

o

g L wit ¢

m small-scale LVL QA shea tests

Figure 10. Typical shear failure fro

8. Conclusions
The following conclusions can be substantiated by the test results presented above:

o The full-scale test method used in this study is adequate for qualification of the
edgewise shear strength of LVL.

e The difference in the characteristic shear stresses between the specimens tested at the
standard environmental conditions (9.0% moisture content in this study) and
as-received conditions (6.8% moisture content in this study) are negligible.

e The mean shear strength derived from the ASTM D 143 small block shear tests is
approximately 50% higher than the mean shear strength determined from full-scale

shear tests, suggesting the necessity of considering a size effect.

¢ The small-scale QA specimen configuration and test setup used in this study can be
used for edgewise QA shear tests.
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1. Motivation for this study

Currently, two building codes- the Eurocode 5 [1] and SNiPR 1-25-80 [2] represent two
legaily acceptable instruments by which an engineer can design a timber structure in Baltic
states. Eurocodes were drafted with the purpose to establish common rules for the design
of structures within European Community’s member states. The use of common codes
provides the free movement of construction products without any technical barriers, as
well make the situation more favourable for foreign investments. Both codes- the SNiPR
and Eurocode 5 are based on the limit states method, however there are some distinctive
methodological aspects as well as various partial safety factor values. It is advisable to take
into account that most of engineers from Eastern European countries have the erudition in
design practice according to Russia SNiPR not Eurocode, and majority of them are not
convinced about the advantages of Eurocode because of lack of explanation and
information. It is necessary to perform some interpretive actions to do Eurocode more
friendly for civil engineers from Eastern Europe.

The article presents a comparison of the economical and some safety aspects of the
structural timber elements designed according to Russia SNiPR 11-25-80 taking into
account actions from SNiPR 2.01.07-85 [4] and ENV 1995-1-1 with actions from ENV
1991 [5,6,7,8].

2. Design and characteristic resistance values of structural timber

Both codes ENV 1995-1-1 and SNiPR 11-25-80 follow the same procedure to evaluate a
design value of wood resistance. The characteristic value is based on the data from
standardised tests of actual structural members under shori-term loading. From the data of
testing the characteristic value is estimated as 5% lower exclusion level reflecting a normal
or lognormal distribution form. So, the same variability assessment methods for strength
properties are used. Some differences emerge by comparing to SNiPR design procedure
related to the treatment of load duration and moisture content effects to the design values
of strength and stiffness properties. SNiPR defines 4 service classes for timber structures:
A (in heated buildings), b (in nonheated buildings), B {outdoor structures), I” (structures in
contact with soil and groundwaters). Each class is divided in 3 subgroups dependent on the
relative humidity of surrounding air. As a result in some subgroups the moisture conditions
are similar, and only four values of service factors are defined in design aims; mp= 1 for
normal conditions (W=12%), mp= 0.9 for hard conditions in the covered building
structures, mp= 0.85 for outdoor structures, mp= 0.75 for timber structures in contact with
soil under influence of groundwaters.



In SNiPR codes the load duration effects are defined for three characteristic combinations.
As a basic combination permanent and short-term (snow) load action is assumed. The
tabulated values of design resistance correspond to this basic combination in normal
service conditions (W<12%). The reduced time of load is 10° up to 107 s is determined by
the factor k= 0.66 [3]. Two additional combinations are described with defined
modification factors: permanent and variable load of long duration with the related
modification factor mg= 0.8 and combination of permanent and short-term Joading with
modification factor my;=1.2...1.4.

Let us take the same mean value of resistance fea, (in bending, tension, compression or
shear) as a basic value, and estimate the characteristic and design values using both
procedures: following Eurocode 5 and SNiPR (see Table 1). To simplify the procedure and
to improve the perception the generalization for symbols of like meaning reducing to ENV
is made.

It is clear from the diagramms in Fig. 1 that the characteristic values of resistance have the
same degree of safety. The design values in standard test conditions for maximal values of
sample variability are the same or lower on 5-10% according to ENV in comparison with
SNiPR for the minimal coefficient of variability.

Tabtle 1
Characteristic and design values of structural timber using different codes
Eurocode 5 [1] SNiPR I1-25-80 [2] +[3]
Characteristic value: Characteristic (normative) value:

i = finean - Bxpl().ls - (2,645 + 1/\/5) V.I fi= fnean-(1 - 11V)

Design value of wood resistance in standard test conditions: fy,= fi/yn, where Y- partial
coefficient for material properties:

' o ¥ m =1y v)/(-nev),
ym= 1.3 for samples characterised by limited | where Me= 1.65 and 1= 2.33 for 95%

values of coefficient of variation: and 99%, probability levels
0.1=v<03 comrespondingly with the restriction for
coefficient of variability:
0.15<v<0.25
Design value of wood resistance in real service conditions:
fd: fdt.'kmod ! fd= fd t-0.66-mg-md or fd= fd,1'0.66-m13-mn

characteristic

g

g

a

8%

o E 08 - : - value (ENV)
E @ 06 b‘\\ = = = characteristic
g § "\""‘-—6\ value (SNiP)
'g = 04 . —o0— design value
° & 02 4 , | (ENV)

g 0.1 0.15 0.2 0.25 03 —X— design value |
o (SNiP)

Coefficient of variation, v

Fig. 1. Relative wood resistance values and variability
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Considering the modification factors corresponding to both classification systems of
service conditions and load duration we find that Eurocode 5 provide the higher design
values of resistance in all cases except short-term loading in heavy conditions (Fig. 2).
Burocode 5 procedure allow to use up to 28% more of the mean value- the ratio of design
resistances is fo(ENV)/fy(SNiPR)= 1.289 for medium-term loading at the relative air
humitity about 85%.

0.5 S— o

W ——¥-- BNV (permanent

7 o= = SNiP (permanent

Q= ~ K

= 0.4 U N loading)

%E N ~ . =lme= ENV (medium-term

§ g"‘ 035 & s lOadlng)

o @ T s \b-—o = % = SNiP (medium-term

oy E -

2€ 3 x X0 loading)

§g 03+ - - .

o X . \ ENV (short-term

= t - loading)

k5 0.25 X o= = = omX

E . = = = SNiP (short-term
02 o loading)

W=65 W=85 W=95 W>95
Relative humidity of surrouding air,
%

Fig. 2. Design resistance of wood depending from service conditions

It is clear that Eurocode 5 system of modification factors based on five load duration and
three moisture content classes is more flexible and leave possibilities for a further
develepment as well as using Eurocode 5 procedure we can employ up to 25% a greater
part of the mean strength than according to SNiPR codes. Yet it is advisable to note that
SNiPR I1-25-80 defines the partial factor m,= 0.8 for tensile elements with cut edgewises
estimating the stress concentration that is not found in ENV 1995-1-1.

3. Load bearing capacity of solid timber elements

Assuming the relative design resistance values from Chapter 2 (for the coefficient of
variation v= 0.2) we calculate the characteristic value of load bearing capacity under the
medium-term snow loading in axial tension per 1 unit of the standard element cross
section area (b=150 mm):

according to ENV-  Ni= (f/finean)Y0,

according to SNiPR- Ni&= Mo (o Fncan Y0 ¥,
where yo- partial safety factor for load, m,- modification factor for tensile resistance of
elements with cut edgewises (SNiPR), v, partial factor for building class (SNiPR 2.01-0.7-
85 [4]), o= 0.95 for 2-nd class buildings (residential houses, small industrial houses and
the like). See results in Table 2.

Design safety reserves of tensile elements are estimated to a considerable extent much
more according to SNiPR codes than ENV for light-weight roofs. According SNiPR [4]



roof is defined as light-weight if the ratio of characteristic permanent and snow load does

not exceed 0.8.

Table 2
Load bearing capacity in tension under medium-term snow loading
Characteristic value of load bearing capacity Ny, in tension
(SN-according to SNiPR)
Heavy roof structure Light-weight roof structure
Relative element with cut
humidity whole element edgewises yo= whole_eiement element with cut
of faTimean ENV vo=1.4 1.4 Yo= 1.6 edgewises yo= 1.6
surround m,=] m,= 0.8 me= 1 m,.= 0.8
g air Vo= ‘
e T e | S
bed L] — T L
ENV | SN SN |ENV/SN| SN | ENV/SN | SN [ENV/SN| SN | ENV/SN
W=635 041 | 035 | 027 (026 102 |0.21 1.28 023 1.17 0.19 146
W=85 04110327 027 |024| 1.14 {0.19 1.43 021 1.31 0.17 1.63
W==05 0331032] 022 /0241 093 |0.19 1.16 021 1.06 0.17 1.33

In similar way we calculate the characteristic values of load bearing capacity of solid wood
element in longitudinal buckling per 1 unit of cross section area under the medium-term
loading (see results in Fig. 3 and Fig. 4);

according to ENV-

Nk,c: kc(fd/ ﬂncan)/ 1o,

according to SNiPR- Ny o= ¢-(fi/fnean) Yo/ ¥n,
where ke, - buckling factor is estimated from the equations:

3000/2%, if A > 70;

ky +m ¢ =1-0.8(0/100), if % <70
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0.25 — S

0 .2 - —r Y‘

;‘Z"} 0.15 - \‘g‘f:‘-‘
8.1 N
R
Ty
0.05 %—d
0 N ' " T
0 50 100 150

Slenderness ratio

2006

J I

%—m cdivm -term , ciass 3 (ENV)

medinm-term ,

class 1 (ENV)

= # = mcdium-term, clagss A1 (SNiPR)‘E
= = = medinvm-term, class A3 (SNiPR)l

Fig.3. Load bearing capacity of elements in longitudinal buckling in heavy roof structure
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Fig.4. Load bearing capacity of elements in longitudinal buckling in light-weight roof
structure

The differences of the load bearing capacity values are not large (up to 10%). However,
ENV procedure for determining the buckling factor values is more flexible,- the main
influencing factors and properties are included as variables in formulae. In SNiPR code’s
procedure the influence of timber strength and stiffness properties is involved as constant
value.

The comparison of design results of bending elements is more complicated because of the
amount of influencing factors. Simple supported roof rafters (see Fig.5) for four diferent
slope values (o= 15°, 30°, 45°, 60°) are chosen for the analysis. It is a one-storey house
with the plan sizes approximately 8 x 12 m.

Fig.5. Design diagrams of rafiers: G, sw, Wi characteristic values of permanent, snow
and wind actions, Qu.- design value of permenent load, s4.,, wy.- design values of snow and
wind loads according to Eurocode 1 procedure, su,, wa- design values according to
.

SNiPR



Characteristics related to the location of the projected building :

- snow load on the ground:
- reference wind velocity:

- terrain classification;
- the roughness and exposure coefficients:

- the worse external and internal pressure coefficients:

si= 1 kN/m?,
Wref = Wref,0 = 22 m/s;

ground category 11 (farmland);,
er{(z)= 0.78, ce(z)=1.64;

Cpelze)= 0.2 for o= 157,

Cpelze)= +0.7 for other slope values, Cpi(zi): -0.5.

The snow load is classified in the medium-term duration, wind action- in the short-term
duration class. The factor for the variable load in the combination for persistent and
transient situations is yo= 0.6, The spacing of rafters- 0.8 m. Uniformly distributed

characteristic value of load on the light-weight roof slope plane- g= 0.4 kN/m?2, on the
heavy roof plane- gr= 0.8 kN/m? The design procedures according to both codes are

described in Table 3. The calculation of appropriate cross section sizes is carried out for
normal (class 1) and heavy service conditions (class 3) according to Eurocode S procedure.
The verification according to SNiPR procedure is made for the same cross sections. Design
safety reserves are interpreted in diagrams (Fig.6).

Table 3

Design procedures of roof rafters

ENV 1665-1-1

| SNiPR 11-25-80

Estimation of design values of loads

permanent load: g¢= gu-yr (characteristic value multiple by safety factor)

Ga= Gi-yr; Ye= 1.35

9= Q¥eYes v = 1.3; vo = 0.95 (takes into
account the class of building)

snow load: s4= Hi'cc‘ct‘sk'"ff?
ve=1.5

S4™ Sk Y Yn 5
If gu/sk=0.8 then vr=14 else yp=1.6.

static wind pressure:

Wg = Qrcf'ce(zc)‘(cpe“cpi)"}/f; where yy= 1.5,
Qref =PV [2=125227/2=303 N/m?

We = W Co'K-Yryn;, Where yr= 1.4,
W, = 300 N/m? (tabulated value [4])

Characteristic values of wood properties:

C24; £,,=24 N/'mm?, £,0,=21 N/mm?
Eo mear=11000 N/mm?; E s=7400 N/mm?

I grade: f,,, ;=24 N/mm?; f.9,=23 N/mm?
EU,meanml 0000 N/mm?

Design value of wood resistance in real service conditions:

fn,d= f‘m,k‘kln()cl/”}’}\fl; £, 0.6 fc() k'kmo(l/YM;

i I grade: f,, &= fo0.0= 13-mp-mg (N/mm?)

Design conditions for ultimate limit state:

Nc,d/A + Md/(‘s-:» ) Wy )S fm_.c1>

NCd Md
’ Sl = — . 2 . .
key A-feoa Wy fig where £=1-Ngq-43 /[3000-A-£504)
Strength reserve:

Ne.d M
Cor =| - K Af" + d
c,ye,d Wyfm,d

H -100%

N
Cetr = {I - (:\d + EM;\;;““J/fmd} -100%
"My

Design conditions in serviceability limit states:

Ufin™ Uingt'(1 + Ke) < 8 ppay= L7200

Ufin = Ujngt € Spay™ L7200

Stiffness reserve:

Coir = (1 - ugin/d1yax)-100%
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The results of roof rafier calculations proved that

1) the safety level of light roof elements under permanent self weight and extremal
variable of snow loading is provided higher by SNiPR codes for roofs with slope up to
30 degrees;

2) for the roofs of slope 45°-60° the safety of rafters designed according to SNiPR codes
is not sufficient because wind loads are determined according to nonsufficient
observations;

3) the safety level in stiffness is higher following ENV design criteria because they
include the creep factors for the solid timber elements not found in SNiPR.

4. Discussion on joints with dowel type fasteners

The analysed design procedures (see Table 4) of dowel type fasteners in double shear
proved that the joints calculated according to SNiPR rules contain an extremely high safety
level.

Results of some validatory tests of nailed joints pay attention to the emergence of brittle
failure mode in ultimate limit state if the arrangement rules from Eurocode 5 are used in
design procedure not observed anywhere with the joints designed according to SNiPR
codes. Note that in any case Eurocode 5 procedure provide the sufficient safety level of

load bearing capacity value of dowel type joints.
Table 4

Design procedures of load bearing capacity of dowel type fasteners in double shear

ENV 1995-1-1 | SNiPR 11-25-80
Equations for evaluation of load bearing capacity (Rq;, N) per shear plane in double shear:
Rg1= 8-11-d-mp-my(mg)
Ryr= fi,1,at1-d, where pp= 350 kg/m? with suggestion that Ry1 > Rys
fh,l,dx kmod-O,OSZ-pk-d"O-3/ ™ YMeL3 R7q1= 8-1;-d-mp-my(mq)
with suggestion that R’s; = R’43
Rd,2= 5't2'd‘m]'3‘mn(md)
Roo= 054 1¢trdB, PB= fh,z,d/ 1w with suggestion that Ryz = Ry3
and RdAg 2R3
bending of smooth common nail:

4B 2+P) M, 4 P Rg3 = (25«12 +0.1- tf)-,/mB “my (m,

firg-d-tf Ry3 = (25-d2 +0.1-(t; =1.5-d) )-Jmi
with restriction for bending capacity
values in both shear planes:

Rd,3 < 40'(12 -,/mB 'md(mn)
2B bending of bolt:

Rgg =01 [—=-J2-M, 4-fh14-d, ‘

a4 V1+B V2 Mya-fig Rd=3x(lS-dz+O.2-tf‘)-1/m13-md(mn

, fhya-t-d
a3 217 B-(1+P)+

where My ¢= kppnog0.8-8, 1043/ 6/ vy v =1.1 Rg3<25-d%. Jmp mg(my)
Load bearing capacity of dowel in double shear:

Rg= 2-min(Ry1,Raz.Ra3, Rya) | Re=Ras + Ry

Minimum dowel spacings paralel (a;) and perpendicular to grain (ao):

- for nails a;= 10-d and a;= 5-d - for nails a;= 15-d and a;= 4-d
on condition that d< 5 mm and px < 420 kg/m?,; on condition that tmin = 10-d;

- for bolts a;= 7.d (if o= 0°) and a,= 4-d - for bolts a;= 7-d and a,=3.5-d




According to Eurocode 5 and SNiPR
procedures load bearing capacity of
dowel in double shear (Fig. 8) is
caleulated for nail (d= 4 mm) with joint
parameters t;= t,= 40 mm, and for bolt
(d=12 mm, tensile strength of steel £, ;=
400 N/mm?, t;= 60 mm, t,= 100 mim),
Density of wood is assumed as p= 350
kg/m? in both cases. Minimum necessary
plane area per 1 N of load bearing
capacity is determined as criteria for
comparison (see Fig. 9). Joints designed
according SNiPR codes require 1.4...1.8
times larger area of as the ones based
on Eurocode 5 procedure.
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Fig. 8. Laterally loaded joint with
dowel-type fasteners in double shear
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Fig.9. Comparison of dowel type joint characteristics in double shear

3. Summary

1.

2.
3.

Eurocode 5 procedure to modify the strength properties according to 3 service classes
1$ more appropriate for using in design and future development.

SNIPR procedure provides an higher safety level for tensile elements.

Eurocode 5 procedure is more flexible in evaluation of the influence of the strength and
stiffness properties on the critical axial force in longitudinal buckling, so the
characteristics may be used as variables in design procedure.



10.

The comparison of design procedures for bending elements (roof rafters, ceiling joists
[10]) proved that considerable differences are in the action side. Design value of static
wind pressure on buildings is 4-8 times larger then the ones according to SNiPR. The
design values of imposed loads on ceilings are 1.5..2 times greater then the ones
following SNiPR codes. Result in differences in material consumption for roof rafters
and ceiling joists are not considerable.

The mechanism should be developed for including the snow and wind load
characteristics of Eastern European areas in the appendixes of Eurocode 1. Or on the
other hand it is necessary to provide analogue procedures for determining the
characteristic values of load from the meteorological data populations. While using a
unique procedure we can obtain the target safety level,

SNIPR codes do not contain the design criteria for such types of mechanical fasteners
as split rings, toothed rings and nail plates which are used for dozen of years in the
developed countries.

The design procedure according to Eurocode 5 for dowel type fasteners is more
flexible as regards the material properties involved and the result is about 1.5..1.8
times less material consumption in comparison with SNiPR codes. Yet it is necessary
to note that a lower reliability level may be expected if the safety or reliability is
defined as the complement to it’s probability of brittle failure. The possibility of human
errors 1s expected if the arrangement conditions for nailed joints are so complicated.

It is necessary to adopt the limit values for the slenderness ratio of structural elements
and to include them in Eurocode 5.

Generally Eurocode should contain all basic design criteria, and therefore Eurocode 5
may be adopted as a complete document by any country.

The partial factors corresponding to the class of building should be involved in
Eurocode. In such a case the growth of material economy should be expected, as well
the related reliability level should be determined.
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1. Abstract

One of the main activities of the Joint Committee on Structural Safety is to establish a
Probabilistic Model Code for reliability-based design of structures. It is the intention to
include in the code a section covering reliability assessment of structures based on timber,
glulam and other wood-based building products. It is expected that CIB W18 will be
instrumental in drafting and discussing proposals for this section of the code. This paper
contains brief information about the Committee and a first draft for the code (chapter 3). The
background for the code is given in chapter 4. It is assumed that the structare is constructed
from structural timber boards composed of sections with constant strength varying randomly
around a basic strength characteristic for the board. The basic strength is related to a
relerence property (S-percentile strength values, determined by standardised short-term
tests). It 1s argued that for the reliability calculations, a log-normal distribution should be
assumed and values for the coefficient of variation are given. The effect of load duration
should be assessed using a damage model, and it is proposed to use either Gerhards’ model
because of its simplicity or Nielsen’s model because of its suitability for complicated load
histories. Other wood-based materials such as glulam, panels and LVL are treated only
briefly.

2. Background

The Joint Committee on Structural Safety (JCSS), created in 1971 by CIB, ECSS, CEB, fip,
IABSE and RILEM, has been responsible for establishing the philosophy on which all
maodern design codes — including the Eurocodes are hased; not only the safety codes but also
the related design codes.

During the last 2-3 decades, one of the Committee’s main activities has been to establish a
Probabilistic Model Code for reliability-based design of structures. A first version of the
JCSS Model Code was published in early 2001. The Model Code currently contains
information regarding the general probabilistic modetling of loads and load combinations
together with probabilistic models for the resistance of related materials characteristics of
concrete and steel materials. One of the elements needed to complete the JCSS Model Code
is a simitar model for reliability assessment of structures based on timber, glulam and other
wood-based building products.

This, in fact, was initiated some 0-8 years ago, at which time the JCSS asked CIB W18 for
assistance in accomplishing this important task. A very primitive document was drafted for
discussion in CIB W18 (Larsen et al., 1996), but it had to be concluded that the existing
knowledge base was insufficient. As a consequence the European Community COST E24
action entitled Reliability of Timber Structures was initiated, an action that is now almost 18
months old and close to it’s mid-term. The COST E24 action anms at establishing an
operational basis for reliability analysis of timber structures and subsequently reliability-
based code calibration for design codes for timber structures. CIB W18 with its broad base



in the timber construction and research community should, however, play an important role
as a forum for drafting and discussing the proposal for the code at an early stage.

3. Proposal for a model code for structural timber

3.1.1 Basic model
1t shall be assumed that the structure consists of n boards for which the strength of board i
varies as shown in figure 1.

The board consists of sections with constant strength. The strength of section j in board i is:

[il = k ksizcﬁ (1+1) {1
Strength
i  Section }
P WL el
! bir L [
’—~J_Y‘ sic property k 1,
= . ; ; -
S S — I | [
M I b
distribution | jRefence property i Figure | ~
Lonaqitudingl direction of beom i Beasic model.
where
Ji is the reference property of board i, see 3.2
k 1s the ratio (1) between the basic property and the reference property of
board i
Keie is a factor taking into account any geometrical deviations from the reference
geometry
Y 1s a standardised normal variable with mean = 0 and coefficient of variation
COV = 0.4 v. Values of ¥ outside the interval 0.3 and 1.7 shall be
disregarded.
v s the coefficient of variation for the reference property, see 3.2.

The distance between the mid-points of the sections with constant strength, L.e. the distance
between sections with major defects, shall be assumed to be gamma-distributed:

I'= Ik A) (2)
where

k= m?ls (3)
Values of [j; below 150 mm shali be disregarded.

o= mls (4)



m1s the mean distance and
s 18 the standard deviation.

The distance from the end of the board to the most distant point of the first section (length
f15) shall be assumed (o be

a =1L R 5
where R is rectangularly distributed.
The fength L of the boards shall be assumed to be normally distributed with mean m(L) and
cocfficient of variation v(L). Values outside the interval 900 mm to 6000 mm shall be

disregarded.

3.2 Reference properties
The reference properties (f;) are

e the characteristic strengths (5-percentiles) in bending (f,,), tension and compression
parallel and perpendicular to grain (fig. fioo, feo and feoo) and shear paraliel to grain

(v)
e the characteristic values of modulus of elasticity in bending , E (5-percentile or mean
value)

o (he characteristic density, o (5-percentile)
determined in accordance with EN 1995-1-1 (Eurocode 5) and EN 408.
This means that

* test specimens shall have the reference sizes given in these standards, or test results shall
be corrected to these sizes (factor kgye)

 lest specimens shall be conditioned in the reference climate 23°C and 65% RF, or test
results shall be corrected to this climate,

» lest specimens shall be loaded to failure in short-term ramp loading with a time to failure
of 5 minutes

e beams shall be tested in 4-point bending with distances of 6/t between loading points
where h s the beam depth, and the estimated weakest cross-section (the critical section)
shall be placed i the middle part where the moment is constant.

[deally all properties should be determined by (ests. As a minimum, the distribution of
bending strength, the modulus of elasticity and the density shall be determined. It may then
be assumed that the distribution of the other properties, the shear modulus (G) and the
moduius of elasticity perpendicular to grain (Egg) may be derived by multiplying the bending
strength distribution respectively the density distribution by:

fio= 0.60 1 Jioo = min{0.6: 0.0015p)

o= 5P Jeon =0.007p (6)
G = E/16 Eyo = E/30

Jo o= min{3.8: 0.21,7%).



It shall be assumed that the basic property has a log-normal distribution with a coefficient of
variation of 0.8v where v is the coefficient of variation for the reference property,

The parameters of the distribution shall be determined by fitting to the lowest 15 % of the

test data.

3.3 Section lengths and board lengths
mand s shall be determined by measurements for the actual species and growth area. For
softwood of Nordic origin, the following values should be assumed

m =500 mm
s = 250 mm

The board lengths shall be determined by typical trade conditions.

3.4 Basic properties
The basic properties are found by multiplying the reference properties by a factor k.

For Nordie grown soltwoods the following values should be used:

- for strength properties: k=100 (7)
- for stiffness properties: k=1 (8)

3.5  Safety verifications

It shall be verified that the following conditions with a prescribed probability (expressed e.g.
as a rehiability index) is fulfilled for any member at any time during the intended life of the
structure:

(1) G = ke fig 9)
(2) o<l {10)
where
O 15 the maximum stress in section j of board i, In cases where failure is due

to a combination of stresses, ¢;; is the maximum value of this combination
and f;; is the corresponding failure value

Ky ke = 1.10 15 the ratio between the strength under short-term actions such as
wind and the strength determined by a (5-minute) standard test

o 1$ a parameter expressing the damage in a point due to the loading and
moisture history. o= 0 corresponds to undamaged material and o= 1 to
fatlure.



3.6 Damage function
Disregarding the interaction (the mechano-sorptive effect) between load and moisture
history, 1.e. assuming that

(X: ()Q()(i(l()&'ﬂ()iﬂllil'c {] l)

the following expression may be used for oy

dogaldt = exp(A - B i) (12)

A and B are constants, o'1s the applied stress and fi is the basic strength.

3.7 Stress-strain curve

Compression

v

Figure 9 - Stress-strain relation
according to (Blass, 1988). A
simplified linear elastic plastic-
stress-strain curve is represented
by thin lines.

Tension

According to Blass (1988) the stress-strain curve under axial load shown in figure 9 is
appropriate. In tension there is a linear relationship. In compression the relation is described
by the initial modulus of clasticity £ = tan ¢, the compression strength /. , the asymptotic
final compression stress f.,, the strain & at maximum stress and the ultimate strain &, . The
following empirical relation is assumed:

o= — (13)
L kye 4k, FE)
[
where
e, T (1)



/('7 —_— [5

- [, Ge&, -
Typical values for the parameters are:
foslfe~ 0.8 £=08-12% £ ~3& (16

4  Background for chapter 3

4.1 Basic model

A probable lengthwise variation of strength is shown in figure 2, together with a model for
an idealised variation. In this model it is assumed that timber is composed of localised weak
zones comected by segiments of clear wood and that failure is primarily initiated in these
weak zones. The weak zones correspond to growth defects, especiaily knots or groups of
knots, distributed stochastically along the length.

Timber beam with knots

Hypotheticat variation of

-~ bending strength
-, e " -\\\
y “ s '
N 'Y
»
o a2l ? -
-~ ldealized variation of cl dst th f Lgre < )
: mbendmg strength earﬁ?é,_ifeng M()(/(?Hing O_‘f the
' ‘ lengthwise
; ; 3, L variation of
A strength, From
o Weak zone strength . » (Isaksson, 1999).

As a further simplification it is proposed to disregard the influence of the clear wood
strength and use a model for which the strength is regarded stepwise constant corresponding
to the strength of the weak zone as shown in figure 3. Each section spans half-way from a
weak zone to the neighbouring weak zones.



{;\ Strengtin
3

LT |
Figure 3 - Simplified

Lonaitudinal_direction of bearn | model.

4.2 Reference property

To characterise the strength of structural timber in a simple and unambiguous way it is
necessary (o agree on a reference property based on standardised tests and with standardised
specimen size and geometry. Unfortunately it has not been possible to obtain international
agreement and at least 3 different systems exist. The crucial difference regards how the
estimated critical section (section at which failure is expected to occur) shall be located. In
ali 3 systems, the bending strength is based on 4-point bending with 3 equal spans and with a
total length of 15-18 times the depth, and ramp loaded to failure in -3 minutes.

e The European system requires that the critical (weakest} section should be placed
mside the inner load points. The selection of this section should be based on a visual
inspection assisted if available by non-destructive measurements, e.g. of the stiffness.
‘The European system is linked to careful measurements of defects and deformations
ete. and has been developed to obtain maximum information from the tests and safe
estimates of the characteristic values.

¢ In the North American system the tested length should contain the critical section,
but the specimen is otherwise placed at random in the testing machine,

e In the Australian system the specimen is placed completely at random, 1.e. the tested
length does not necessarily belong to the specified grade, provided some of the non-
tested parts (the overhang) do.

The distribution function for the reference property of Nordic softwoods has been
investigated i a project supported by Nordisk Industrifond (Nordic Industrial Development
Fund}, see {Ranta-Maunus et al., 2001). A short summary is given in (Ranta-Maunus,
20023

In the project, data from several large Nordic databases was evaluated. The following
distributions were fitted to the data both to the complete dataset and to the lower test values
(truncation at 10-15 %): Normal, log-normal, Weibull 2-parameter and Weibull 3-parameter.

Generally the log-normat distribution gave the biggest coefficient of variation, with no clear
trend for the other distributions. It was found that distributions fitted to the truncated data
gave the best description of the lower tail and the safest estimate of the 5-percentile.
LFxamples of the data and the fitted distributions are given in figure 4.

The following is quoted from the summary in (Ranta-Maunus, 2000):

The data available suggests that engineered wood products follow the log-normal
distribution well. Sawn timber could be better described by normal or Weibull
distributions. However, it is suggested that log-normal distribution is used for all timber
materials in structural reliability analyses, as it is widely used for other materials and it
seems o be the best for timber materials used for-long span structures as well.
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When more specific information is unavailable, the COV parameters of lognormal
distribution can be taken from table 3.

It would be valuable, especially for glulam, which is used in long-span structures, if a
much bigger population were analysed.

Table 3. Suggested values for COV-parameter of lognormal distribution when used in
structural reliability analyses.

1
Material [%]
Machine-graded sawn timber 30
Plywood*) 20
Glulam®), I-beam™) 15
LVL 10

#) madequate population (N < 300).

The variation is due partly to within-member variations and partly to between-member
variations. According to Isaksson (1999), the within-member variations are the smaller —
about half the between-member variations. It is, therefore, proposed that a coefficient of
variation of 80 % of the values found from testing for between-member variations is used
and half this value for the within-member variation.

4.3  Section lengths

Riberholt (1979} and Isaksson (1999} assume that the occurrence of defects along the beam
can be described by a Poisson process with constant intensity along the beam, which implies
that the distance between defects is gamma-distributed. However, this is not strongly
supported by statistical tests.

Riberholt (1979) reports distances between 360 mm and 550 mm (cross-sections 50-100 to
30x 175 mm) with a typical coefficient of variation of about 0.6. There are indications that
the distances are grade and size dependent but the trend is not clear and may be explained by
log selection and sawing practices,

Isaksson (1999) reports distances of between 440 mm and 500 mm with a typical coefficient
of variation of about €.6-0.7.

Larsen (1980} mvestigated boards for glulam (38 mm x 150 mm) and found mean distances
ol 350 mm with a coefficient of variation of 0.35).
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4.4  Basic properties

Figure 4 —Example of
test data and fitted
cumulative distribu-
tions of bending
strength for spruce
with a depth of 150
mm machine graded
to European class
C30.

Log, log-normal and
Weibull distributions
are fitted to all data
and to the tail data
(trincated ar 10 %).

The basis for the model is the basic strength, i.e. the distribution of the properties of the
(weak) sections but the test data available relates to the reference properties. It is, therefore,

necessary to establish a relation between these two properties

Isaksson (1996) and (1999) has investigated the strength of weak sections in Norway spruce.
He aimed to determine the bending strength in several sections. The problem with testing a
board in more than one section is that it is difficult to control the location of the failure, and
after testing one section, further tests under the same conditions as the first are difficult to

9



accomplish. Another problem concerns testing different sections located within a short
distance, which requires that the rest of the board remains unloaded. The intention was to
accomplish a constant bending moment over a selected, isolated section, as shown in figure
5.

Figure 5 — Intended
load situation with a
constant bending
moment over o selected,
isolated section. From
{fsaksson, 1996).

F
Ciin — Waoak section
Loadeoll ‘o ba 1sslad

&P
A
L | R | _
' EE | WH .
. " o iack i -
% iy . o forcamping Z Figure 6 — Test
800 se0  f o0 i 800 ¢ 809 arrangement in
1000 1000 1000 principle. From

(Isaksson, 1996),

This was achieved with the arrangement shown in figure 6. The board was clamped on both
sides of the selected test section, thus leaving the rest of the board unloaded.

To compare the strength of the weak section with the reference property, two as far as
possible identical series — A and B — each with 150 specimens of Norway spruce were
investigated. Both series were graded visually and by grading machines {Cook-Bolinder and
Finnograder). The section corresponding to the lowest Cook-Bolinder stiffness (denoted the
CB-section) was determined. This section was assumed to be the critical section.

Series B was tested according to EN 408, Where possible, the CB-section was placed in the
middle. I this was not possible, the section with the second-lowest CB reading was tested.
[For the specimens 1n series A the bending strength was determined in several sections using
the arrangement shown in figure 6. For series A, the following strength values were
reported: The lowest value for a board, the strength of the CB-section, and the strength value

that would have been found if testing had been done in accordance with EN 408.

The test results are summarised 1 table 1.
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Table | - Bending strength in MPa

Series B Series A

EN 408 Weakest CB EN 408 All
Mean 55.1 473 542 543 574
Ccov 27 23 23 23 23

The ranking refiects that the Cook-Bolinder machine is not able in all cases to identify the
weakest section — as assumed in EN 408. 1f this were the case, the strength of the weakest
section and the CB section would be identical. The results according to EN 408 are
influenced by adding results from the second-lowest CB readings, and the strong sections
influence the mean of the strength for all sections.

The ratio between the mean values is 57.4/54.3 = 1.06.
The characteristic bending strength (5-percentile) according to the different test systems has
been estimated from the distribution of the strength of the weak sections using Monte Carlo

simuiations. The results are shown in table 2.

Table 2 — Characteristic bending strength. (From Isaksson, 1999)

Test system European (EN 408) USA Australien
Strength in MPa 30.8 31.9 32.8
Relative strength | 1.04 1.06

4.4  Safety verifications — failure criteria

For some materials the failure criterion is quite simple: Failure takes place at first passage of
a threshold value. The sitwation 1s more complicated for materials —e.g. timber and other
wood based materials — where the load (and moisture) history plays an important role:

e The strength of timber under sustained [oad depends on the lead duration or perhaps
more precisely: Tor load levels above a certain threshold (some maintain that the
threshold value is zero) failure will take place after a limited period of time: the
higher the load levels, the shorter the time to failure.

e The short term-strength is only marginally influenced by a preceding sustained
loading:

The phenomena are illustrated in figures 7 and 8, which have been calculated in
accordance with Nielsen’s theory, see below. The abscissa is a non-dimensional
expression of time and the ordinate is the load level. As a rough approximation, it may
be assumed that the residual strength is the same as the short-term strength.

For timber structures two verifications are thus needed:
¢ The ume to failure under permanent and sustained variable actions should be greater
than the prescribed life time of the structures

e The stress after a sudden increase in the {oad level (e.g. due to wind or snow) should
not exceed the short-term strength.

11
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The following is from {Thelandersson et al, 1999):

Various models have been proposed to explain the long-term behaviour of timber. The
models use a variable off) te describe damage over time, {. This variable increases over
time, depending on the intensity and duration of applied stress from = 0 in the
undamaged state, until failure occurs, at which time ¢ is taken to be equal to unity.

Omne of the simplest damage moedels is the one proposed by Gerhards & Link (1986):
deddr = exp(A - Borf) (17
A and B are constants, ois the applied stress and f'is the short-term strength.
The best-known damage models are probably those proposed by Ricardo Q. TFoschi.
They are not based on theoretical considerations, but a reasonable differential equation
1s proposed for damage development and the parameters in the model are determined
by curve fitting. The first model, proposed in (Barrett & Foschi, 1978),can be

expressed

doddt = Alolf - aolh® + Cax (18)
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0o 15 a threshold stress, below which no damage occurs,

A more complicated model was proposed in (Foschi & Yao, 1984), the model normally
referred to as Foschi’s model:

dotdor=Alo- o) + CA(arf - o) e (19)

A model based on fracture mechanics is presented in (Nielsen & Kousholt, 1980). A

brief presentation can be found in (Madsen, 1992).

The theory is based on the assumption that cracks with a length 2/, already exist in the
initial unloaded situation. When loaded, the cracks will open but their growth will be
arrested by coherence stresses at the front zone. If the load is increased above a
threshold, the cracks will grow in thickness until a critical thickness &, is reached. This
represents the end of phase 1, see figure 9. The cracks will now start to grow in length
until a critical length 2/, 15 reached and catastrophic failure takes place.

R »21>20e

Figure 9 — Crack
development. From
(Nielsen, 1996).
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The theory can be used to caleulate the time to failure for a given load level, see figure
7. It is also possible to calculate the residual short-term strength after loading. An
example 1s shown in figure 8 for high-grade timber loaded at 50 percent of the short-
term strength. As shown, the reduction in strength is moderate until close to failure.

The models are discussed in (Foschi & Yao, 1986). The following is quoted from the
conclusions:

“...the fracture mechanics approach and the damage accumulation model by Foschi
were found suitable to represent accurately the experimental trends... The model by
Gerhards was found to be lacking in the flexibility needed to follow the experimental
trends. The fracture mechanies model is not casy o use, since it requires numerical
integration to obtain the time-to-failure in all cases when the appiied stress varies with
time...”

The models (18) and (19} are discussed in (Ellingwood & Rosowosky, 1991). They
conclude:
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... The damage rate models in {18) and (19) are nearly the same except at stress levels
below about 0.65. Equation (19) is more difficult to implement because it cannot be
non-dimenstonalized...”

The models are used in {Ellingwood & Rosowosky, 1991) to calculate the effect of live
Joad and snow load. They conclude:

“...Detailed examination of the simutated damage accumulation processes...revealed
that for both light occupancy live and snow foads, damage usually accumulates only
during one or two of the largest load pulses to occur during 50 years... This behaviour
is a result of the highly nonlinear nature of the damage-rate modeis...”

In the model code in chapter 3, the use of Gerhards® model is preliminary proposed despite
it’s shortcomings because of it’s simplicity, but studies on the use of the Nielsen model are
under way in the COST E24 action and it may eventually replace Gerhards’as the preferred
model.

5 Other wood based materials

For wood-based panels and LVL, the effect of the loading history — in principle as for
structural timber (section 3.5 and 4.5) ~ must be taken into account. The reliability analysis
is otherwise the same as for other materials.

For glued laminated timber there are two possibilities:
¢ Toestablish a model] from which the properties may be derived from the properties
of the boards with finger joints. This possibility is discussed in (Serrano, 2002).
e  Totreat glulam as LVL.

The Jatter approach is recommended. The models for glulam are primitive and generally not
able to predict failure behaviour reasonably well.
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