INTERNATIONAL COUNCIL FOR RESEARCH AND INNOVATION
IN BUILDING AND CONSTRUCTION

WORKING COMMISSION W18 - TIMBER STRUCTURES

CiB - W18

MEETING THIRTY-FOUR
VENICE
ITALY

AUGUST 2001



Lehrstuhl flr Ingenieurholzbau und Baukonstruktionen
Universitat Karisruhe

Germany
Compiled by Rainer Gorlacher

2001
ISSN 0945-6996



CONTENTS

0 List of Participants
1 Chairman's Introduction
2 Co-operation With Other Organisations
3 Timber Columns
4  Stress Grading
5  Stresses for Solid Timber
6 Timber Joints and Fasteners
7 Load Sharing
§  Laminated Members
9 Structural Stability
10 Fire
11 Glued Joints
12 Any Other Business
13 Venue and Program for Next Meeting
14 Close
15  List of CIB W18 Papers/Venice, Italy 2001
16  Current List of CIB-W 18 Papers

CIB-W18 Papers 34-2-1 up to 34-18-1






0 List of Participants






INTERNATIONAL COUNCIL FOR RESEARCH AND INNOVATION

IN BUILDING AND CONSTRUCTION

WORKING COMMISSION W18 - TIMBER STRUCTURES

AUSTRIA
K Frithwald
G Schickhofer

BULGARIA
I Totev

CANADA

F Lam
I Smith

CZECH REPUBLIK
P Kuklik

DENMARK

P Ellegaard
H J Larsen
J Nielsen

FINLAND
M Kairi

J Kangas

J Leskela

FRANCE

I P Biger

L Daudeville
T Lamadon
P Racher

F Rouger

GERMANY

P Becker

A Bernasconi
H J Blaf

J Ehlbeck

P Glos

R Gérlacher

MEETING THIRTY-FOUR
VENICE, ITALY 22-24 AUGUST 2001

LIST OF PARTICIPANTS

Joanneum Research, Judenburg
Graz University of Technology

University of Architecture, Civil Engineering and Geodesy, Sofia

University of British Columbia
University of New Brunswick, FFredericton

Czech Technical University

Aalborg University
BYG.DTU, Lyngby
Aalborg University

Finnforest Oyj, Lohja
VTT Building Technology, Espoo
Finnish Forest Industries Federation, Helsinki

Bureau Veritas

Labortoire Sols, Solides, Structures, Grenoble
Bureau Veritas

C.U.S.T. Aubiere Cedex

CTBA, Bordeaux

Bauhaus University, Weimar

Federal Research Centre for Forestry and Forest Products, Hamburg
University of Karisruhe

University of Karlsruhe

Minchen University of Technology

University of Karlsruhe



M Grosse

P Haller

V Kramer

H Kreuzinger

K Rautenstrauch
M Romani

ITALY

M Ballerini
A Ceccotti

JAPAN

S Nakajima
M Yasumura

THE NETHERLANDS

W Bakens
A Jorissen

NORWAY
K Solli

SLLOVENIA
B Dujic

SWEDEN

C Bengtsson

M Hansson

T {saksson

J Jénsson

B Killsner

J Konig

S Ohlsson

S Thelandersson

SWITZERLAND
A Mischler

UK

R Bainbridge
R F Marsh

V Enjily

USA
B Yeh

Bauhaus University, Weimar
University of Dresden

University of Karlsruhe

Miinchen University of Technology
Bauhaus University, Weimar
University of Karlsruhe

University of Trento
Universities of Florence and Venice

Building Research Institute, Tsukuba
Shizuoka University

CIB, Rotterdam
SHR-Timber Research and ABT Consulting Engineers

Norwegian Institute of Wood Technology, Oslo

University of Ljubljana

Swedish National Testing and Research Institute, Bords

Lund University

Lund University

Lund University

Swedish Institute for Wood Technology Research, Stockholm
Swedish Institute for Wood Technology Research, Stockholm
Dynalyse AB, Partille

Lund University

Swiss Federal Institute of Technology, Zurich

TRADA Technology L.TD, Buckinghamshire
Consultant, London
British Research Establishment, Garston

American Plywood Association, Tacoma



10.

11,

12.

13.

14,

Chairman's Introduction

Co-operation With Other Organisations

Timber Columns

Stress Grading

Stresses for Solid Timber

Timber Joints and Fasteners

Load Sharing

Laminated Members

Structural Stability

Fire

Glued Joints

Any Other Business

Venue and Program for Next Meeting

Close






INTERNATIONAL COUNCIL FOR RESEARCH AND INNOVATION
IN BUILDING AND CONSTRUCTION

WORKING COMMISSION W18 - TIMBER STRUCTURES

MEETING THIRTY FOUR

VENICE, ITALY 22 -24 AUGUST 2001

MINUTES
(FF Lam)

CHAIRMAN’S INTRODUCTION

HJ Blass opened the meeting and welcomed the participants to the 34th meeting of CIB
W18, working commission 18 “Timber Structures of the International Council for
Research and Innovation in Building and Construction”, The chairman thanked A
Ceccotti, Istituto Universitario di Architettura di Venezia, for hosting the meeting
He mentioned that the very successful 19th CIB W18 meeting in Florence Italy was
also hosted by A Ceccotti.

The chairman asked the participants to rise in commemoration of a long time CIB W18
participant George Stern who passed away on March 19, 2001.

Papers brought directly to the meeting would not be accepted for presentation,
discussions, or publication. Papers presented by non-authors or non-coauthors are
not recommended except in exception situations because the discussion process
might be compromised. For this meeting there were several cases where the abstracts
were submitted but not the final paper. The numbering will be updated for the final
proceedings.

In total there were 32 papers. The presentations should be limited to 20 minutes with 10
minutes discussion period. Presenters were reminded that they should conclude the
presentation with a general proposal or statements concerning impact of the research
results on existing or future codes and standards. One of the main targets of this
group is the translation of research results into design rules in codes or the
development and harmonisation of existing and new standards.

There were 9 topics covered in this meetings: timber columns (2 papers), stress grading
(1 paper), stresses for solid timber (1 paper), timber joints and fasteners (15 papers),
load sharing (I paper), laminated members (6 papers), structural stability (3 papers),
fire (2 papers), and glued joints (1 paper). The program showed that the area of
timber joints and fasteners has the largest research interest.

Questions on meeting proceedings should be directed at R Goérlacher. The participants
were asked to check the participant address list under circulation for accuracy.



CO-OPERATION WITH OTHER ORGANISATIONS
(a) RILEM

A RILEM meeting on Timber Fasteners will be held in September 2001. J Ehlbeck
reported on activities of RILEM TC 169 “Test methods for load transferring metal
works for use in timber structures”. There was no meeting last year. Main work
had already been completed. Contact with European Organisation for Technical
Approval EOTA was initiated to establish guidelines/rules for calibration and
verification of models. R Gérlacher has been active in support of the work.

(b) CEN

HJ Larsen reported as chair of TC124 which deals with material for timber structures
with the exception of wood based panels. In the past TC124 had close contact
with activities of CIB W18, The nature of work of TC124 has changed. Some
examples of current activities included: acceptance of grading rules for timber;
standardisation of production requirements of glulam; joints; and glued structures.
These activities will come to an end soon and will refocus more on research
activities.

J Konig reported on TC 250 Subcommittee 5 activities. Eurocode 35 is involved in
conversion of European pre-standards (ENV) to European standards (EN).
Timetable for the various activities is as follows:

General and Buildings Part 1-1:Project team finalised their work. In Mid September
final draft will be sent to SC5 for agreement and will be sent to CEN later for
formal vote.

Fire, Part 1-2:Project team will submit new draft in October.

Bridges, Part 2:Project team will submit first draft in October.

Next SC5 meeting has been scheduled for Nov 15/16 2001 aiming to have agreement
on Part 1-1 to go to CEN for formal vote and to discuss Part 1-2 and Part 2.

(¢c) IABSE
Report was not available.
(d) IUFRO S5.02

F Rouger reported that he has stepped down as chair of I[UFRO $5.02 because of
heavy workload. There were no activities. New Chairman is needed.

(e} COST

F Rouger: COST E24, a COST action on Probabilistic Design, has been set up.
Eligible and interested persons are welcome to participate. Data to support
statistical properties for connections are needed by A I M Leijten.



3. TIMBER COLUMNS

Paper 34-2-1 Long-Term Experiments with Columns: Results and Possible
Consequences on Column Design — W Moorkamp, W Schelling, P
Becker, K Rautenstrauch

Presented by: P Becker

* H J Blass received clarification that series 5 and 6 had the same cross-section and
loaded to 100% of the service load. He questioned that a lower service load would
be more appropriate for the wet case.

s P Becker agreed that the service load may be too high for the wet group

¢ H J Blass stated that the mechano sorptive effect should be higher for the smaller
specimens.

¢ P Becker answered that for the relatively small difference in cross sectional sizes
considered in this study, this would not be serious.

Paper 34-2-2 Proposal for Compressive Member Design Based on Long-Term
Simulation Studies — P Becker, K Rautenstrauch

Presented by: P Becker

¢ S Thelandersson asked why several points were chosen for the mean and characteristic
value.

* P Becker answered that only 10 columns were simulated for their long term behaviour
out of 1000 simulated members. These 10 points were chosen near the mean and the
characteristic value.

* HJ Blass commented that cross sectional dimensions were recorded at the mid span
yet the moisture changed over the entire column length.

e P Becker responded that in the non-linear cases, the mid span was most critical
although this approach may be conservative. This is not an issue for the compact
column case.

¢ H Kreuzinger asked for clarification of the proposed code format.

e P Becker provided a brief review of the proposal.

¢ HJ Larsen clarified that the slender column case has been covered in this study but the
non-slender column case where strength criteria is needed has not been resolved, He
commented that the statement in the design proposal as per restricted to 50% of design
values can be better formulated.

¢ P Becker agreed with the first comment and responded that the permanent load should
be restricted to 50% of design values for the creep case.

4. STRESS GRADING

Paper 34 - 5 -1 Influence of Proof Loading on the Reliability of Members — F Lam, §
Abayakoon, S Svensson, C Gyamfi

Presented by: F Lam



V Enjily asked whether species effect was considered? He commented that higher
proof load level of up to 10% would lead to larger damage. He asked also about
reversal of load direction.

F Lam responsed that this study focused on Hem-fir only. Other species can be
considered with the same procedures but different load duration model would be
needed. He agreed that one would see more damage in the weak specimens when
higher proof load level was used. This was confirmed in the simulation study at
higher proof load (not presented). Reversal of load direction was not considered in
the study,

P Glos commented that the increase in benefits seemed to be very limited.

F Lam briefly reviewed the potential benefits.

H J Larsen stated that the gain of 10 to 15% was significant considering only 1% of
the material would be destroyed via proof loading. He asked whether it is possible
to build such a machine for mills. Are there plans to do so?

F Lam responded that on-line proof-loader exist in finger joint operations in North
America and Japan. Some applications include flanges for I-Beams and laminates
for Glulam Beams.

S Thelandersson asked about the target beta level of 3.5, Is this level an official
code value. Also were there any assumptions on the load side of the equation tied to
the target beta.

F Lam responded that beta of 3.5 was not a target value in the code but was chosen
in this study for illustration only. The target beta value in the Canadian code was
approximately 2.8 which was set at similar level as steel and concrete. Gumbel
distribution for snow load, and normal distribution for dead load was assumed on
the load side of the equation. These were consistent over all material considered.

I Smith asked whether there was a real threshold level. He commented that B
Leicester did double pass proof loading in the past and a lot of damage was
observed.

F Lam answered that in this study the mean threshold level was approximately 0.5
with a rather large COV of 30%. This was based on past DOL study. The existence
of threshold level is a complicated debate that is beyond the scope of the study.
Double pass proof loading was not considered in the study.

STRESSES FOR SOLID TIMBER

Paper 34 - 6 - | Material Strength Properties for Canadian Species Used in Japanese

Post and Beam Construction - J D Barrett, F Lam, § Nakajima

Presented by: F Lam

[ ]

H J Blass asked whether density values were measured. He also asked whether the
bending strength was defined as the stress at the worst defect.

F Lam answered that density value was obtained from each specimen and the
bending strength was calculated from the highest stress zone.

S Thelandersson asked which distribution was assumed for the COV of the lower
tail.

F Lam responded that he would check with D. Barrett about this. (2P Weibull
distribution was assumed)



R Marsh asked whether the Japanese would accept different test methods on the
basis of models rather than on tests.

F Lam responded that the Japanese Ministry officers usually considered these
request on a case-by-case basis. If validated model were available, they would
consider it.

M Yasumura stated that joints are important for seismic issues. What was the
motivation for the study. He also asked whether long-term issues were considered.
F Lam agreed that connection information would be important and a second study
has been planned to consider the seismic design issues. The values obtained in the
current study would still be important for general member design. Long-term issues
have not been considered.

P Glos stated that the ASTM standards still differed from ISO.

F Lam stated that ISO and ASTM standards are similar,

H J Larsen explained that with the ISO standard there is no stipulation about the
location of worst defect. The researcher would decide and document the location in
the study.

TIMBER JOINTS AND FASTENERS

Paper 34 - 7 - 1 Splitting Strength of Beams Loaded by Connections Perpendicular to

Grain, Model Validation — A J M Leijten, A Jorissen

Presented by: A Jorissen

H J Larsen discussed and presented results of a model (34-7-16) and compared the
mode] predictions with the current paper. He concluded that the simpler model of
(34-7-16) was shown to be more robust because after calibration it could predict the
results from different experiments with reasonable accuracy. The G and G, terms in
the model have physical meaning unlike the blackbox approach followed by the
current paper. A copy of his discussion was made available to the participants.

M Ballerini asked about the /GG, values in Table 1 which were approximately

18.5 and 12 for Type A and B respectively.
A Jorissen answered that in the proposal lower bound was chosen if the designer
were not able to distinguish between the connector types. He stated that the (GG,

values were not purely a black box approach although some inconsistencies were
observed in some cases.

V Enjily asked whether the referred UK tests were done at BRE. If so they were
metal plated members and would not be appropriate for the bolted connections.

A Jorissen confirmed that the UK tests were done at BRE and clarified point 3 in the
conclusion. He stated that some of the data could still be used for model verification
if the connection zone was not too large compared to the test span.

J P Biger asked whether the conclusions could be extended to big beams. He stated
that dictating rules would be important to guide designers to design connection with
tensile stress perpendicular to grain.

H J Larsen commented that if splitting mode governed then the approach should be
valid for big beams. He stated that design rules for multiple fasteners would be
more important as the current rules for connector spacing in the parallel and
perpendicular to grain direction do not work.
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H J Blass stated that one should not encourage engineer to design connections that
would be subjected to such failure mode. Zipper type failures should be avoided.

I Smith commented that the validations were conducted with tests where stable
crack growth occurred. Validations with test situations with unstable crack growth
would be more convincing.

Paper 34 -7 -2 Numerical LEFM analyses for the evaluation of failure loads of beams

loaded perpendicular-to-grain by single-dowel connections —~ M
Ballerini, R Bezzi

Presented by: M Ballerini

P Becker asked whether one or more than one connectors were used.

M Ballerini answered only one connector was modelled because wanted to focus on
a,. He stated that connection geometry would also have an impact.

I Daudeville asked whether crack length was measured.

M Ballerini answered critical crack length would be difficult to measure and second
mode was not important. He also agreed that other failure criteria could be tried
later.

I Smith stated that the experiments were displacement control and velocity of crack
growth is very important in fracture. Load control would yield a different crack
growth rate.

M Ballerini agreed.

Paper 34 -7 -3 Dowel joints loaded perpendicular to grain - H J Larsen, P J

Gustafsson

Presented by: H J Larsen

A Jorissen asked why the F, values predicted for 1x1 and 2x1 cases from Equation
1 shown in Table 2 Page 8 were the same.

H Larsen answered that although real material properties were used by the theory, it
would not be able distinguish the different between the 1x1 and 2x1 cases.

S Thelandersson asked whether it would be possible to use FEM to refine the
approach.

H J Larsen answered that it might be possible to calculate more accurately the work
done. The idea was to try to obtain a simpler form and calibrate it.

J Ehlbeck clarified the variables used in Equation 5 and the test results fitted the
equation predictions.

I Daudeville commented that the use of LEFM would be enough for this problem
and questioned why such a large specimen (1 m) was used.

H Larsen answered that there was a past RILEM report that considered the chosen
specimen size in the experiment was a stable one.



Paper 34 -7 -4 Quality Control of Connections based on in V-shape glued-in Steel
Rods — J Kangas, A Kevarinmdiki

Presented by: J Kangas

o H Blass asked about quality control issue.
» J Kangas answered that it was not an issue as drilling machines were very accurate.

Paper 34 -7 -5 Testing Connector Types for Laminated-Timber-Concrete Composite
Elements — M Grosse, 8§ Lehmann, K Rautenstrauch

Presented by: M Grosse

e I J Blass commented that the load slip curves were shown up to 4 mm of
displacement and questioned how did the joints behave after 4 mm.

o M Grosse stated that tests were performed up to 15 mm and the information shown
up to 4 mm was representative.

o A Ceccotti asked about the difference of the two types of shear tests.

¢ M Grosse answered that the single shear joint test method was found to be better
especially for the log and recommended the single shear joint test.

Paper 34 -7 -6 Behaviour of Axially Loaded Glued-in Rods - Requirements and
Resistance, Especially for Spruce Timber Perpendicular to the Grain
Direction — A Bernasconi

Presented by: A Bernasconi

» HJ Blass commented on the density influence,

» A Bernasconi answered that he was surprised also about the slight density effect
only which is difficult to 1solate.

* [ Lam asked about the conclusion that capacity for the perpendicular to grain case
was penetration depth independent.

» A Bernasconi answered that it was valid within a certain applicable distance. He
also commented that from literature the screw driven case seemed to have higher
capacity.

» [ Daudeville stated that the stress distribution might not be constant.

» A Bernasconi answered that gluing parallel to grain depends on material and would
not have constant stress distribution while in the gluing perpendicular to grain cases
the difference in MOE was so high that a constant stress distribution could be
assumed.

o ] Konig commented that the influence of hole direction could be attributed to size
effect.

* A Bernasconi clarified it with respect to the size effects of strength of timber.

e HJ Larsen stated that fracture mechanics type problem always have a square root of
size term.

e ] Kangas commented that shear distribution could be checked with strain gauges.



S Thelandersson commented about the plastic behaviour in the length direction
where the glue was loaded and questioned about the long term stability and
sensitivity to moisture effects.

A Bernasconi clarified that epoxy glue was used and didn’t have data on the long-
term and moisture issues. Also he stated that the epoxy glue was briitle and it would
be possible to verify with gluing in the parallel to grain direction although constant
shear stress was not present. He stated that the glue did not fail; the timber did.

A Jorissen asked whether 3D model was used and whether it was possible to
calculate the stresses in the perpendicular to loading direction.

A Bernasconi answered only 2D model was used and it was possible to estimate the
stresses in the perpendicular to loading direction.

Paper 34 -7 -7 Embedding characteristics on fibre reinforcement and densified

timber joints - P Haller, J Wehsener, T Birk

Presented by: P Haller

H I Larsen questioned whether the difference in performance in the connection
using different type of fibre glass versus aramid was a result of different fibre type or
different volume of fibre.

P Haller stated that the same weight of fibre was used; therefore, it was a fibre type
effect.

A Jorissen questioned about the improvements to tension perpendicular strength.

P Haller responded that it would be even more efficient to reinforce for tension
perpendicular strength; however, he did not have the numbers at hand.

V Enjily asked about the cost.

P Haller responded that with the machine shown large quantity of fibre could be
produced at relatively low cost. Although Aramid would be expensive, this research
aimed to optimise the connection. Densified wood was done in a hot press.
Company doing such densification usually worked in electrical industry and wood
can be densified also relatively cheaply.

Paper 34 -7 -8 GIROD — Glued-in Rods for Timber Structures — C Bengtsson,

C-J Johansson

Presented by: C Bengtsson

H J Larsen questioned the timing for providing information for Eurocode 5. He also
questioned the “scientific” ways to consider fatigue test for modelling both the
parallel and perpendicular directions.

C Bengtsson answered that this is an overview paper and the model could be used in
both directions.

J Kangas questioned the 0 to 90 degree interpolation shown on page 3 as it seemed
to contradict Hankinson.

J Konig and H.J. Larsen had further discussions on the provision of information for
Eurocode 5.



Paper 34 -7 -9 Criteria for Damage and Failure of Dowel-Type Joints Subjected (o
Force Perpendicular to the Grain — M Yasumura

Presented by: M Yasumura

e V Enjily commented that the reversal loading should be considered as this is
possible in some load cases.

¢ Smith asked why crack initiation prediction was not considered rather than cracked
Speclmens.

e M Yasumura agreed from scientific perspective and maintained from
practical/technical perspective the approach in this paper is correct.

o HJ Blass commented that small cracks would always occur anyway.

e I J Larsen agreed.

Paper 34 -7 - 10  Interaction Between Splitting and Block Shear Failure of Joints —
A J M Leijten, A Jorissen, J Kuipers

Presented by: A Jorissen

e H J Blass commented that the load configuration reported here was different from
previous papers.

o A Jorissen agreed and the results could not be compared.

e I J Blass stated that the splitting load perpendicular and block shear failures
occurred at different planes; therefore, it was not surprising that there would be no
interaction.

e I Smith asked how do you pick the points fitted on the line on figure 10 on the load
parallel to grain axis.

¢ A Jorissen clarified that the data for different types of tests were plotted.

Paper 34 -7 - 11 Limit states design of dowel-fustener joints — Placemeni of
modification factors and partial factors, and calculation of
variability in resistance — I Smith, G Foliente

Presented by: I Smith

¢ [ J Blass commented that the use of the expression of Fy d*/6 assumed large strains
in the fastener that might approach 45 degree. This would be true for thin fasteners
not bolts.

e | Smith agreed and stated tests of actual fasteners such as bolts would be performed
to calibrate the expression.

Paper 34 -7 - 12  Design and Modelling of Knee Joinis - J Nielsen, P Ellegaard

Presented by: J Nielsen

e H J Blass asked what spans were intended for these structures and how would one
deal with different roof angles,

¢ J Nielsen answered 8 m to 10 or 11 m and most roof angles were 44 to 45 degrees.



e V Enjily asked what were the production problems with the double plates.

e ] Nielsen answered the first plate was pushed in and then the second plate was
slightly offset and pushed in. Alignment and wood compression problems were
observed.

o M J Blass asked why thicker 2 mm plates were not used.

» ] Nielsen answered such plates were not available.

e S Olsson commented that it seemed the timber structures had similar behaviour as
steel structure (no cracking); however, by increasing the plate thickness the structure
had brittle failure mode again. Was this desirable?

¢ J Nielsen answered that it was a problem identified by the truss manufacturer. It
was a good solution to move the failure to the timber to obtain more ultimate use of
the timber.

¢ J Kangas commented that the title promised too much and asked why existing
models were not considered.

e J Nielsen agreed and stated that additional work would be needed to address the
compression failure parallel to grain and crack failures. Rotational stiffness of plate
was already included in the model and it could predict the defiections and forces.
Refinements have been initiated to improve predictions.

e 'V Enjily commented that usually 4 small plates were used as a solution and bigger
plates would be a good idea if manufacturing issues were resolved.

o ] Nielsen agreed.

e [ Lam commented that moving the failure mode to the wood would increase
variability in the load capacity which would not be good from reliability perspective.

e B Killsner asked about the potential damage in the timber at the boundaries of the
two-plate system.

o J Nielsen agreed and stated that same size plates were used to ensure second plate
would not cause problem at the boundaries.

Paper 34 -7-13  Timber-Steel Shot Fired Nail Connections at Ultimate Limit States -
R J Bainbridge, P Larsen, C J Mettem, P Alam, M P Ansell

Presented by: R J Bainbridge

¢ HJ Blass asked why use the average values for the penetration depth of the head and
point side nail.

¢ R J Bainbridge answered that it was a simplification as the penetration depth was
governed by the explosive charge delivery and there would be fluctuation.

e I J Blass suggested that the minimum penetration depth should be considered for
design.

¢ R J Bainbridge agreed.

e H J Larsen commented that the stated objective seemed to promise too much. He
asked would anyone take up this connection method commercially. Also he
questioned how much was the gain by using finch beams rather than timber in terms
of economy and performance.

» R J Bainbridge answered the commercial aspect is a separate issue from this paper.
The industry was encouraged by the potential use of lower grade timber.

o H ] Blass stated that in Germany 3.2 mm nails driven with airgun have been
available.

o HJ Larsen commented that these systems have not been frequently used cither.
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e H J Blass asked what was the final angle of the failed nails.

» R J Bainbridge answered the angles were not measured and the information was not
available at hand.

e I J Blass commented corrosion might be a problem as zinc coating could be
damaged during installation.

¢ R J Bainbridge answered the manufacturer did not think it would be a problem.

e V Enjily commented that the distortion of timber after installation from moisture
effects might be an issue.

o I Smith commented that the friction between timber and steel plate might change
after installation thus influencing the performance.

» R J Bainbridge answered this was not considered in the initial study.

e J Ehlbeck asked which equation was used to predict the characteristic load Rk. with
reference to information on Page 7. This is an issue related to characteristic versus
design loads.

e R J Bainbridge clarified that there was a misprint in Pg 7. The correct term should
be characteristic values not design values (Fig 10).

LOAD SHARING

Paper 34 -8 - 1 System Effect in Sheathed Parallel Timber Beam Structures — M
Hansson, T Isaksson

Presented by: M Hansson

e H J Blass asked about the first slide and how was the composite action taken into
account.

e M Hansson explained that McCutcheon model took composite action into
consideration.

* 'V Enjily asked about T&G floors and commented that it would be nice if the model
could consider [-beam.

¢ M Hansson answered they were not considered in this study.

e I J Blass commented that uniformly distributed load was considered here and
concentrated loads would be more important for the [-Beam case. He also question
the term “Weakest” beam in the paragraph above Fig 8.

» M Hansson agreed that wording needed to be refined.

¢ I Rouger questioned why mean strength rather than minimum value was used in the
single T-beam model stated in paragraph 3 on Page 10.

» P Qlos commented that system effect is a function of the timber quality and only
high quality of timber was considered in this study. One would get lower system
factors compared to those obtained by Foschi.

o M Hansson agreed.

e A Jorissen asked would DOL also affect system behaviour.

¢ M Hansson answered that it was not considered.
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LAMINATED MEMBERS

Paper 34 - 12 - 1 High-Strength I-Joist Compatible Glulam Manufactured with LV

Tension Laminations — B Yeh, T G Williamson

Presented by: B Yeh

G Schickhofer asked about the definition of beam and commented that with the LVL
reinforcement the member behaved more like an I-beam. He also asked what were
the volume factors used for the LVL and Glulam.

B Yeh responded that different volume factors for the LVL and Glulam were used.
The idea was to provide design values for designers.

P Glos questioned the last conclusion in the paper on the relationship between beam
bending strength and laminate strength.

B Yeh stated that joint type would affect tensile strength of LVL because load
transfer from lumber to LVL would not be the same as lumber to lumber; therefore,
the relationship between beam bending strength and laminate tensile strength would
be manufacturer dependent.

M Yasumura asked about the size effect of the product.

B Yeh stated that volume effect with exponent of 1/10 was used which would be
appropriate for Douglas fir.

G Schickhofer restated that the member behaved more like an [ beam

B Yeh stated that all beam failures were in the LVL (tension). This member had no
failure in the finger joints.

Paper 34 -12 -2 Evaluation of Glulam Shear Strength Using A4 Full-Size Four-Point

Test Method — B Yel, T G Williamson

Presented by: B Yeh

1 Smith asked about the nature of the failure mode.

B Yeh answered that the failure was typically in the late and early wood band. The
flat or quarter sawn umber will have an influence however this was not controlled
in the production.

I' Lam asked would deeper beams be also considered.

B Yeh stated that there were no plans to consider deeper beams as they would
typically span long distances and bending would govern.

Paper 34-12-3  Design Model for FRP Reinforced Glulam Beams — M Romani, H

J Blafs

Presented by: M Romani

V Enjily asked about the manufacturing issues.

M Romani answered that it would be similar to normal glulam manufacturing and
o problem for the manufacturer.

A Jorissen asked about the improvement of stiffness.
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M Romani answered that the stiffness improvements (15%) were less than strength
improvements (34%). It would be similar to normal glulam manufacturing and no
problem for the manufacturer,

B Yeh commented that there have been much activities in the US in this area.

H I Blass commented that they were aware of the US groups but information
exchange was only in one direction.

B Yeh asked about volume effect.

H J Blass answered that it was not considered in this study.

I Smith commented that one of the US patents dealt with the process of “hairing-
up”. In this study and in the University of Maine study, it seemed that this was not
required.

F Lam asked whether pre-pregnated fibre glass could be considered.

M Romani answered no but thicker glass may be needed.

G Schickhofer asked whether shear failure would become an issue.

M Romani answered no shear failures were observed.

Paper 34 - 12—4  Moisture induced stresses in glulam cross sections — J Jénsson

Presented by: J Jénsson

A Jorissen commented about the MOE difference between the outside and inside of
the specimen.
J J6nsson clarified that it was the annual ring direction effect.

Paper 34-12-5 Load Carrying Capacity of Nail-Laminated Timber under

Concentrated Loads — V Krimer, H J Blaf

Presented by: V Krimer

S Thelandersson commented that there was agreement with displacement but what
about strength.

V Krdmer answered that the exact bending capacity was not known and linear elastic
behaviour was assumed. In the second step realistic load-slip behaviour of the nails
would be needed.

I Smith commented the in service nail might loosen and gaps might occur. He asked
how could these moisture related effect be taken into consideration.

V Kréamer answered that work has been initiated to test nail connections.

H J Blass added that this would only be a limited study as the system was intended
to be used in building not bridges.

I Smith added that empirical rules were available for bridges.

G Schickhofer commented that nail laminated deck is in ECS therefore study with
regard to gaps would be important.

V Krémer agreed.

V Enjily commented that he saw the benefits and asked whether such system would
be intended for low quality timber.

H J Blass explained that in effect high quality timber would be used.

13



Paper 34 - 12-06  Determination of Shear Strength Values for GLT Using Visual and
Machine Graded Spruce Laminations — G Schickhofer

Presented by: G Schickhofer

e HJ Larsen commented that standard test methods for shear strength were available
and asked whether such test have been performed with the point that the standard
test would be more cost effective.

o G Schickhofer answered that EN408 test configuration was not tried.

e H J Larsen commented that one should not standardise complicated beam test
methods if cheaper tests were available.

¢ G Schickhofer agreed but stated that real glulam behaviour would also be important.

o P Glos commented that he agreed with the results in general, however, there
appeared to be some contradiction of results between the visually graded and the
machine stress rated timber of the same strength class with reference to the general
conclusion in the paper.

e (G Schickhofer agreed and explained only a limited sample size of 15 specimens
were available.

e P Glos commented that the conclusions should be qualified with limited sample
size.

¢ B Yeh commented that he agreed with the concept that shear strength should be
tensile strength independent. He questioned the use of overhang in the test which
could increase the measured shear strength.

e G Schickhofer answered that only a small overhang was used and it was chosen via
the optimisation step to reduce the compression perpendicular to grain stresses in the
wood near the support. Tests comparing 50 mm and 500 mm of overhang did not
show increases.

* B Yeh asked how the I-section was made with the web centered.

o (G Schickhofer answered that there was no manufacturing problem.

Paper 34 - 12 -7  Mechanically Jointed Beams: Possibilities of Analysis and some
special Problems — H Kreuzinger
Presented by: H Kreuzinger
o A Jorissen questioned why a zero shear zone existed in Figures 13 and 14 in the
paper.

« H Kreuzinger stated that this was a beam with two parts and the zone of zero shear
corresponded to the area where there was no shear connector between the two parts.

STRUCTURAL STABILITY
Paper 34-15-1 A simplified plastic model for design of partially anchored wood-

Jramed shear walls — B Killsner, U A Girhammar, Liping Wu

Presented by: B Kéllsner
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V Enjily asked how was the shear wall fixed to the foundation.

B Killsner said that the practice in Sweden was not clear.

V Enjily commented that the assumptions in the model were not realistic with
respect to the directions of the nail forces as the walls are subject to both racking and
overturning.

B Kaillsner agreed that the model did not fully describe the real case; however,
equilibrium conditions were met and the model worked well.

V Enjily commented that ring shank nails were used which might not be realistic as
the failure mode would be biased towards pull through failure.

B Kiéllsner answered that the fasteners showed plastic behaviour. Failure in the nails
were nail withdrawal and sometimes pull through were observed.

S Thelandersson commented that in Sweden one or two stories to med rise houses
wind loads would be important. In the one to two stories houses simple metal plate
anchorages were used. For the higher houses the calculations would become a
problem. He also commented that the model presented was elegant; however, one
must be careful with the assumptions as the assumed force distribution might be
different from reality.

Paper 34 - 15-2  The Effect of the Moisture Content on the Performance of the Shear

Walls — S Nakajima

Presented by: S Nakajima

H J Blass asked what types of nails were used and whether they had corrosion
protection.

S Nakajima stated that smooth shank nails were used and small amount of rust was
observed as they did not have any corrosion protection. He agreed that this might
lead to increase in capacity in the nail tests.

V Enjily commented that the test method for panel shear will be changed in CEN
and received clarification that the service class order referred to the Japanese case.

S Nakajima agreed that international harmonisation of service ¢lass order should be
considered in the future,

Paper 34 - 15 -3  Evaluation of Damping Capacity of Timber Structures for Seismic

Design — M Yasumura

Presented by: M Yasumura

A Ceccoftti commented that that the 2% damping is only for the test specimens. For
structural design of real structures, 5% damping would be appropriate because other
energy dissipation components might not be considered in the test specimens.

M Yasumura agreed.

B Dujic commented that the suggested 2% damping should be model dependent. A
sophisticated hysteretic model can use this.

M Yasumura agreed and suggested that for the simpler model higher damping level
should be used.

P Glos questioned the loading rate effect on nail joints.
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10.

M Yasumura stated that the nail joints test showed higher loading rate effects
compared to shear wall tests, This can be explained because the speed of each nail
in a wall test and the displacement of each nail in a wall tests were not always the
same as those in the individual nail test. In the wall test the speed referred to the
movement between the top of the wall and the support.

I Daudeville asked and received clarification on the relationship between energy
dissipation versus the loading rate.

FIRE

Paper 34 -16—1  Influence of the Strength Determining Faclors on the Fire

Resistance Capability of Timber Structural Members — I Totev, D
Dakov

Presented by: 1 Totev

H J Blass asked how were the beams graded for the thickness.

I Totev answered that they were cut.

T Kénig stated that the knots on the edge should be positive effect.

I Totev agreed but stated that if the knots had been located originally away from the
edge, the burnt member might have knots nearer to the edge.

J Konig asked about the load level in relation to the code.

I Totev clarified that the load level was related to Bulgaria standard.

A Jorrissen commented on the low Coefficient of Determination <0.5 in Figures 8
and 9.

I Totev agreed and stated only 15 specimens were used.

J Kénig commented that the charring depth was found to be greater on the tension
side in this paper; this meant state of stress had some influence on the charring rate.
However, the Swedish tests (7 years ago) showed state of stress did not have
influence on charring rates.

I Totev stated that the tension side might have caused some of the char to fall of and
might expose more wood to the fire.

Paper 34-16-2 Cross section properties of fire exposed rectangular timber

members - J Konig, B Killsner

Presented by: J Kénig

H J Blass asked whether EC 5 part 5 will have only one simplified method.

J Kénig answered no. The project team made a proposal but it was rejected.

R Marsh asked why not apply an adjustment factor to the current method.

J Kénig answered keeping the reduced properties method would be more logical and
accurate. More importantly accurate values to be used in the method would be
critical.

A Jorissen questioned about structures exposed to real fire.

I Konig answered that standard fire scenario was used as real fire would be too
complicated.
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e R Marsh agreed that this was only an indicative method and could not be used to
deal with real fire situations.

Paper 34-16-3  Pull-Out Tests on Glued-in Rods at High Temperatures — A
Mischler, A Frangi

Presented by: A Mischler

e H J Blass asked why the behaviour of the glued-in rod at 80°C and 100°C did not
coincide with data from the manufacturer.

* A Mischler agreed with the observation. He stated that steel plates might have been
used on the manufacturer tests as compared to the wood-adhesive-steel interaction
of the glue-in rod connections. He commented that the manufacturer test results
could not be relied upon.

¢ S Olsson commented on the Kollmann diagram and asked whether residual stresses
in wood be a means to explain the observations.

* A Mischler responded that this was a moisture effect according to Kollmann

e V Eniily stated that he agreed with S. Olsson comment

e J Kénig commented on the effect of moisture and temperature on MOE. He stated
that oven tests were under steady state condition. Kollmann was able to keep the
specimens moist although there was some surface drying in the specimens. In fire
situation one would experience transient conditions with movement of moisture
front and it would be more complicated. He also stated that temperature and shear
strength relationships are available in the Euro Code.

e S Thelandersson commented about more test with ISO fire and asked how much
wood would be needed to protect the glued-in rod for ISO fire test.

e A Mischler responded that models in the Euro Code could be used to estimate the
amount of wood needed and then ISO fire test could be conducted to confirm.

» ] Kangas commented that in the Finnish V-connections brittle behaviour was not
observed. With angle across the grain type fasteners used in the Finnish V-
connections, it was not possible to obtain the cylindrical failures.

GLUED JOINTS

Paper 34 - 18 - I Performance Based Classification of Adhesives for Structural Timber
Applications - R J Bainbridge, C J Mettem, J G Broughton, A R
Hutchinson

Presented by: R J Bainbridge

* W Bakens stated that in development of performance based concepts in other
communities different terminologies were used with different groups and asked if
there was linkage with some of these groups.

» R J Bainbridge responded that links have been established through CEN mandates.
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12,

13.

14.

ANY OTHER BUSINESS

Dr. Bakens, Secretary General of CIB, discussed issues related to the scope and
objectives, work program and planned output of CIB. He also addresses the internal
structure, future meetings, publication, and membership issues. He mentioned the
following thematic areas that would be supported by CIB: Sustainable construction,
performance based building, and construction reengineering. He also suggested the
CIBWI18 to meet in Toronto Canada in 2004 to coincide with the CIB general
meeting. He also reminded that the delegates should be CIB members and invited
candidates not yet members to apply for CIB memberships. Developing countries
funds for CIB members from developing countries is available from CIB.

R Gutkowsky, University of Colorado Fort Collins, presented an invitation for the 2003
36th CIBW18 meeting to be held in Colorado USA.

VENUE AND PROGRAM FOR NEXT MEETING

Kyoto Japan will be the venue for the 35th CIBW18 meeting during September 16, 2002
to September 19, 2002 with a one-day excursion. H J Blass thanked the Japanese
delegate for the invitation and asked R. Marsh to share his positive experience about
visiting Japan from the European perspective.

With feedback from the meeting participants, H I Blass stated that the venue 36th
CIBW18 meeting will be Colorado USA. Also the venue for the 37th CIBW18
meeting should be in Europe and it could be in Germany.

CLOSE

H J Blass: The paper number given in the green handout will be renumbered. The
correct paper number will be available from our website next week. Master copy of
the paper, should be sent to R Gérlacher before October 1, 2001. The proceedings
will be available by the end of 2001. A list of participants for 34th CIB W18 will
also be available from the website.

I J Blass again thanked the Italian host A Ceccotti and A Mattarucco for successfully
hosting the 34th CIBW18 meeting. He also thanked the participants for attending the

meeting.

The 34th CIBW18 meeting was closed.
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1 Introduction

Although the importance of finding out about consequences of time-dependent effects to
compressive members has been repeatedly emphasized, not many creep experiments have
yet been performed with columns observing the time-dependent lateral deflection behav-
iour under axial load. Humphries/Schniewind (1982) and Cheng/Schniewind (1985) re-
ported about tests with small clear slender (A=173) Douglas-fir specimens under varying
climatic conditions. Their intention was the evaluation of time-to-failure of columns under
high axial loads. The loads comesponded to the 1,4 to I,8-multiple of the valid service load
according to a former American code. The authors registered high failure rates during a
maximum test duration of 53 days. Itani & al (1986) performed tests with structural-size
slender columns (A=121/156) in constant climate also using Douglas-fir specimens. 70% of
the mdividually determined Eulerfoad proved to be too much for the columns. None of the
60 test specimens survived the duration time of 2000 hours, most of them failed within 200
hours. Itant & al (1986) stated, that the use of a former design formula might lead to unac-
ceptable large errors in column design. Fromhold/Fridley (1998) reported about experi-
ments under combined beam-column loading in constant climate. They concluded, that
considering the creep behaviour leads to a much better evaluation of carrying performance
of a wooden structural member. Some further tests have been conducted by Hirtel (2000).
Hirtel studied the behaviour of structural-size columns under defined variable climate, He
applied the limit load in service range {German code DIN 1052) to his columns and con-
cluded, that time effects are not adequately considered in column design. Some of his
measured lateral defections exceeded the tolerable deflections by multiples.

It seems important, that for creep experiments, which are performed under variable envi-
ronmental conditions, structural-size specimens are taken. Results of small clear specimens
can’t be simply transferred to structural-size members, In addition to a much more delayed
reaction to humidity changes the inhomogeneity of the natural grown material wood
{(varying knot density, annual ring width, etc.) becomes more significant. Structural-size
specimens were therefore selected for creep tests with columns reported in this paper.

2 Experimental program
2.1 Materials and methods

For experimental tests solid spruce specimens of medium strength class (C 24) with rela-
tively large cross-section were selected. The test material was received from a conven-
tional timber trade without indicating the intended application, so in this respect conditions



corresponded to practical use. Column length was chosen to 1,75 m for all tests. Four dif-
ferent cross-scctions were selected (95/95, 95/85, 95/75, 80/60 mm), leading to four differ-
ent slenderness degrees (A = 64/71/81/101), defined here by quotient of length and radius
of inertia. All specimens were preconditioned in dry climate (20°C/ca. 50% RH). Moisture
content at the beginning of the tests varied between 9 and 12%.

It was carefully controlled, that only quartered timber was taken to avoid cracks caused by
shrinking, which might lead to inaccurate results.

For the experimental procedure a steel frame was constructed, which allowed a vertical
arrangement of the specimens. The load was applied by a lever arm system as shown in
figure 1, using a water-barrel with a volume of 200 liters (figure 2). The different loads for
columns of different slenderness degree were regulated by the quantity of water in the bar-
rels.

With the existing testing facility four compressive members could be tested simultane-
ously.
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Figure 1: Side view of test frame



Figure 2: Test frame

2.2 Test procedure

The axial load was applied eccentrically to enforce a deflection in direction of the dial
gauges. The eccentric load application was necessary, because the stressless predeflection
of the specimens was too low (usually less than 1 mm) to predict the direction of deflec-
tion. Load eccentricity was chosen to 10 mm for all tested columns.

Sapwood was always positioned in the area of highest expected compressive stresses to
create most possibly identical test conditions for the different specimens.

The applied loads were chosen according to the model column method based on German
code DIN 1052 (1988) and can be taken from table 1. The combined edge stresses of
bending and compressive loading corresponded to the maximum applyable stress-state of
the structural member according to the code. So the applied load represents the limit of
service range.

The lateral deflection of the column was measured at midspan and quarterpoints using dial
gauges with accuracy of 1/100 mm. Deflection was measured on both sides of the cross-
section respectively and the mean value was taken to account for possible rotations of the
Cross-section.

The moisture content of the specimens was electronically taken for depths of 5 mm and
25 mm in mid and quarterpoints respectively.

After completion of tests E-modulus was determined by a four-point bending arrangement.
Dry density was also evaluated.



Experiments took place at the University of Hannover/Germany. The test duration was
limited to half a ycar. Tests werc performed in variable cyclic climate under laboratory
conditions. The relative humidity changed between dry (40 - 50% RH) and wet (80 — 90%
RH) phases, which is assumed to cover the natural changes of relative humidity. Two
weeks were taken as cycle length, some cycles were extended for comparative reasons.
Also some tests were performed in constant dry and constant wet climate to get informa-
tion about basic creep behaviour of compressive members without changing humidity,
Temperature was held constant to approximately 20°C during all tests.

The tested scries are listed in table 1. The creep experiments have been conducted as a
continuation of the creep tests performed by Hartel (2000). Hirtel tested 4 series with solid
timber, so numbering goes from Fi-V to Fi-VIII here. Two further (Fi-IX and Fi-X) series
have been conducted. The results are not yet finally analysed and will be reported in a later
publication.

Test- cross-section | slenderness | axial load conditions
Series b/h [mm] A [-] F [kN]

Fi-V 80/60 101,0 9,3 constant RH (=43%)
Fi-V1 80/60 101,0 9,3 constant RH (=90%)
Fi-VII 95/95 63,8 34,0 cyclic RH (=45% to 90%)
Fi-VIII 95/85 71,3 273 cyclic RH (=35% to 90%)

Table I: Test series

3 Modeling time-dependent material behaviour of timber

For simulation purposes an extensive material model for timber has been developed. The
model contains time and moisture dependent material behaviour. The time-dependent
moisture distribution over the members cross-section is covered by a diffusion analysis
based on Ficks law of mass transfer. The diffusion coefficient is taken moisture dependent,
so the differential equation becomes nonlinear and has to be solved numerically. The cross-
section is therefore discretised and the problem is solved with finite difference method for
each time increment. For all discrete points a stress-strain analysis is performed. Bernoulli
hypothesis is adopted, the deformed cross-section remains plane. From the deformation
statc at midspan and the present load configuration the deflection state of the whole mem-
ber 1s concluded. Describing the time-dependent material behaviour, it is distinguished
between viscoclastic, mechano-sorptive, non-linear and hygrorelated deformations. Creep
deformation in constant climate — viscoelastic creep — is modeled by a Kelvin chain con-
sisting of four consecutive Kelvin elements. A further Kelvin element is taken for model-
ing mechano-sorptive creep, parameters depending on maximum moisture change. Nonlin-
ear creep, which only occurs if a defined proportional limit is exceeded, is described in a
way corresponding to an additional damper with stress-dependent parameter. Hygrorelated
deformation (swelling/shrinkage) is also considered taking the coefficient strain-dependent
resulting in the typically cyclic deformation curve as observed in many experiments. Good
results are obtained by an additive approach of the different portions as shown in figure 3.
The complete model is given in the annex of a related paper (Becker/Rautenstrauch 2001).

In addition to the mechanical behaviour the spreading of mechanical properties in depend-
ence of specific material characteristics (dry density, knot density) is considered, which
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enables extensive simulation studies and the determination of characteristic values of long-
term capacities. Again this is reported in Becker/Rautenstrauch (2001).

The model was applied in resimulating creep experiments with compressive members and
it will be shown, that it is able to cover time and moisture dependent effects in timber
structures.
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Figure 3: Material model for stress-strain analysis (Becker/Rautenstrauch 2001)

4 Results and Discussion

Experimental results are illustrated in figures 4 to 7. The creep test under constant dry cli-
mate (figure 4) resulted in relative deflections between 1,27 and 1,65. The highest relative
deflection is obtained for the specimen of lowest quality is would be expected. The simu-
lation of the fest, assuming average material properties fits quite well to the mean of the
four curves.
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Figure 4: Resulls of test series Fi-V

The tests under constant moist condition (series Fi-VI, figure 5) exhibited much higher
creep than in the Fi-V-series. This can be explained by a strong mechano-sorptive effect:
The specimens were built in in dry state and wettened while loaded, which resulted in
much larger deformation. Additionally some problems occured with regulation of climate,
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which 1s the cause of further deformation increase after approximately 2000 hours. With-
out these problems it seems like the relative deformation would have reached values be-
tween 1,8 and 3,0 after half a year. It is surprising, that the specimen of lowest quality (Fi-
VI-3) showed the lowest relative deflection. This indicates, that material quality scems not
decisive for sensitivity to mechano-sorption rather than the mechano-sorptive characteris-
tics of the material itself. The simulation model underestimated the mechano-sorptive ef-
fect and produced a curve, which corresponded to the lower range of series Fi-VI.

4 - | ——Fi-VI-1: E=12,46 GPa |
55 | ——Fi-VI-2:E=13,59 GPa |
: - —o—Fi-Vi-3: E=9,29 GPa |
£ 3 —a— Fi-VI-4: E=11,14 GPa
E 25 - | — Model :
% 2
o]
215 SN
S b
e 1
05 - S,
0 o i T H T
0 1000 2000 3000 4000 5000

Time [h]
Figure 5: Resulfs of test series Fi-VI

The two series under variable climate (Fi-VIL, Fi-VIII) produced results, which are quite
confusing compared to former publications about creep behaviour of timber in variable
climate. It has been reported for example, that deformation usually increases in dry and
decreases in wet phases during climatic cycles, which can be only partly confirmed here.
For the majority of the specimen increasing deflection was observed during wet phases.
The cyclic deformation behaviour of bending elements has been explained by a stress-
dependency of shrinkage/swelling-coefficients, becoming larger under compression and
reducing under tension (Hunt/Shelton 1988). Columns might behave a little different, be-
cause the complete cross-section usually is under compressive stress. The spread of the
series Fi-VII and VIII is larger compared to the series in constant climate. Deflections of
series Fi-VIII are a little more pronounced in average, because of more severe relative hu-
midity cycles. Largest deformation is always exhibited by specimens of lowest quality,
which indicates, that additional to mechano-sorptive deformation nonlinear creep effects
might be involved. If the simulation model assumes a low quality specimen and dispropor-
tionai deformations occur under lower stresses respectively, a very similar time-deflection
curve is obtained (figure 7). Taking average material properties the curves are within the
range of mean experimental test progressions. The only difference is, that the simulated
curves exhibit the expected cycle of increasing deformation in dry and decreasing defor-
mation in moist phases in contrast to some of the test curves.

The results of the creep experiments with columns indicate, that climatic conditions are
quite influential to the long-term performance of compressive members. If the moisture
content 1s kept below 12%, the deformation behaviour doesn’t seem to become problem-
atic. Deflections can grow quite large during relatively short durations, if moisture content



changes under load though. Especially under high proportions of permanent load column
design methods without considering time-dependent behaviour then have to be seen criti-
cally for climatic conditions, which reflect service class 2 or 3 according to Eurocode. The
serviceability of compressive members will often not be kept also. Absolute deflections of
creep tests exceeded allowable deflections according to codes partly by multiples, which
was also the case in the experiments performed by Hirtel (2000) with specimens of solid
timber and glulam,
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Figure 7: Results of Fi-VIII-series

More insight to the problem could be obtained by applying long-term simulations to col-
umnns. It was shown, that an extensive material model, as it 15 introduced in the article, is
able to cover time-dependent cffects for compressive members and the spread of observed
material behaviour also.
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» S Thelandersson asked why several points were chosen for the mean and characteristic value.

e P Becker answered that only 10 columns were simulated for their long term behaviour out of 1000
simulated members. These 10 points were chosen near the mean and the characteristic vaiue.

« H JBlass commented that cross sectional dimensions were recorded at the mid span yet the
moisture changed over the entire column length.

e P Becker responded that in the non-linear cases, the mid span was most critical although this
approach may be conservative. This is not an issue for the compact column case,

+ H Kreuzinger asked for clarification of the proposed code format.
P Becker provided a brief review of the proposal.
M J Larsen ciarified that the slender column case has been covered in this study but the non-
slender column case where strength criteria is needed has not been resolved. e commented that
the statement in the design proposal as per restricted to 50% of design values can be better
formulated.

e P Becker agreed with the first comment and responded that the permanent load should be
restricted to 50% of design vaiues for the creep case.






Proposal for compressive member design based on
long-term simulation studies

Peter Becker, Karl Rautenstrauch

Bauhaus-University Weimar, Germany

1 Introduction

Results of long-term experimental studies with compressive members indicate, that the
influence of time-dependent deformation effects to the safety of a structure is more severe
than would be expected according to design rules. This especially is the case, if the portion
of permanent load is high, resulting into creep deformation. Researchers repeatedly em-
phasized this.

Creep experiments are extremely time- and money-consuming, which turns out to be
problematic. There aren’t any creep-tests with columns, that have been conducted for more
than half a year, simply too short of duration to draw any conclusion about long-term reli-
ability under service loads. Considering this, long-term simulation studies appear as an
appropriate method to observe the long-term behaviour and find out more about time-
dependent effects to compressive members. Long-term simulation studies require a model,
which reflects long-term material behaviour in a most possibly realistic way. As a conse-
quence especially moist and time-dependent effects have to be covered.

2 Strategy of evaluating long-term capacities of compressive
members by long-term simulation studies

2.1 Modeling long-term behaviour of the material

In the present model a diffusion analysis is performed for each time-increment, always
providing the current moisture distribution over the cross-section. This is done by applying
Ficks law, taking the diffusion coefficient moisture dependent, and solving it by the finite
difference method. The effect of surface resistance is considered.

All mechanical properties are taken moisture dependent, decreasing for increasing mois-
ture contents. Compression strength is assumed to be much stronger affected than tension
strength.

For time-dependent deformation behaviour it is distinguished between viscoelastic creep,
mechano-sorptive creep and hygroexpansion. Good results are obtained by applying an
additive approach (figure 1). The creep in constant environmental conditions — so called
viscoelastic creep — is modeled by 4 consecutive Kelvin-elements, with a creep limit of
60% of elastic deformation. Kelvin parameters are subjected to the same moisture depend-
ency as the elastic reaction. Therefore relative viscoelastic creep is taken as moisture-
independent. Nonlinear creep is assumed to occur, if a proportional stress limit is exceeded
depending on moisture content. The nonlinearity refers to an additional additive damper
with stress-dependent parameter. The nonlinear creep deformation is therefore assumed as
irreversible. Mechano-sorptive creep is modeled by applying one further Kelvin-element
with parameters in dependence of maximum moisture content change. Intensity of hygro-



expansion in grain direction is influenced by strain, increasing under compressive strain
and decreasing under tension strain. The typically cyclic deformation curve under varying
climate is obtained this way.
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Figure 1: Material model for stress-strain analysis

The stress-strain analysis as described above and in the annex is performed for the midspan
cross-section of structural elements simply supported at both ends, From the deformation
state at midheight of a member it is concluded to the deflection of the whole element by
assuming proportionality of bending moment and second derivative of member deflection.
Shear deformation is neglected. This procedure allows the renunciation of member axis
discretisation. It leads to slight errors though, if the proportional limit is exceeded.

The model also enables the determination of short-term strength by an incremental load
rising procedure. Plasticating ability of the material under compression is considered. The
member is discretised in axial direction this time. For including a possible duration-of-load
effect, a strain-energy-density-criterion is invented to get a consistent definition of material
failure independent to load duration.

The complete model is given in the annex. It works quite well, which is shown by resimu-
lating various creep and duration-of-load tests (Becker 2001, Moorkamp & al 2001),

2.2 Estimation of safety after long-term loading

In most theoretical studies, which dealt with the long-term behaviour of compressive
members, the following strategy has been applied: A column with previously defined char-
acteristics has been long-term loaded, which led to additional creep deformation according
10 an applied creep law. The member in deformed state was then subjected to a load in-
crease until a defined failure criterion was exceeded. The obtained failure load has been
compared to design load to get an idea about the safety level. It will be shown in this sec-
tion, that this procedure is not an appropriate method to estimate the long-term capacity of
compressive members.

Curve (1) in figure 2 shows a typical simulated time-deflection curve of a slender column
with initial predeflection, which is loaded by the highest possible characteristic permanent
axial load (1,02 MPa) according to Eurocode 5. It can be clearly observed, that the lateral
deflection has reached an equilibrium state after twenty years of loading, where only cli-
matic changes cause the noticeable annual deformation cycles. If the load in this equilib-
rium state is raised, column strength turns out to be only slightly lower than the initial
value, mainly because of the additional deflection causing a larger moment according to
theory of second order. The difference in figure 2 is only 8,3% and will usually not be
more than 10%. So it looks like the strength drop is low and safety is quite high. But if the
column is loaded by much less (1,70 MPa) than the obvious capacity it fails after a couple
of years as illustrated in curve (2). So the long-term capacity is obviously much lower than
the short-term strength after long-term use.
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Figure 2: Time-deflection curves of slender column under two different loads

The long-term capacity specifies the load, which the structural element can resist in the
long run. This load will be much Jower than the short-term strength after long-term service.
In which way safeties have to be applied to long-term capacities will be a point of discus-
sion later.

2.3 Determination of long-term capacities

It is not quite guaranteed, if a critical long-term capacity does really exist. This only ap-
plies, if the creep law is assumed to contain a creep limit, which is a basic assumption for
linear creep in this study.

A precise determination of long-term capacities under the defined conditions is difficult. It
has to be done by an iterative and therefore very time-consuming procedure. The results
have to be understood as approximations. The iterative process consists of an incremental
increase of long-term load, until failure is obtained within a defined time duration. The
load increments should be small to guarantee a result of appropriate accuracy.

For estimation of long-term capacity the following criterion has been defined: “If the creep
curve after a defined load duration is clearly in the secondary or tertiary creep phase, the
critical long-term capacity is exceeded”. This definition and the procedure of estimating
long-term capacities is clarified in figure 3. Time-deflection curves of long-term axially
loaded columns of different slenderness degrees are illustrated there.

Figure 3a (A=50) shows, that under an axial load of 5,7 MPa the long-term capacity is ob-
viously exceeded. Although the column survives the simulated duration the creep curve
clearly corresponds to tertiary stage, which indicates failure sometime in future. The same
applies to a nominal stress of 5,4 MPa, where the tertiary creep phase has also established.
Under smaller axial loads a equilibrium deformation state seems to establish. A closer look
shows though, that at least under 5,1 MPa the creep rate still features an increasing char-
acter after 40 years of loading. According to the definition the critical long-term capacity is
still not achieved. Under an axial load of 4,8 MPa no tertiary creep phase can be observed
for the duration time of 40 years, so the long-term capacity should be somewhere like 4,9
or 5,0 MPa.
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Fig. 3b shows the time-deflection curves of a medium slender column. It might cause irri-
tations, that capacity seems to be higher than in the first example. This is due to better ma-
terial quality of the sample. It can be easily observed, that the long-term capacity is ex-
ceeded for 7,25, 6,94 and 6,64 MPa (small diagram). In the first case the column fails after
a little more than 38 years, in the others the tertiary creep phase is clearly initiated. No
failure seems to occur for 6,33 MPa, so long-term capacity should be around 6,4 or
6,5 MPa.

For the slender column (A=125) in figure 3¢ the creep progression is stabilizing under
2,2 MPa, while 2,35 MPa will obviously cause failure probably within the next one or two
years. The long-term capacity should be somewhere between 2,2 and 2,3 MPa.

Looking at figure 3 indicates, that the behaviour of compact and slender columns is differ-
ent. The tertiary creep phase is much more pronounced for columns of low slenderness.
The column in figure 3a will probably survive another 40 years under 5,4 MPa before it
will fail, although tertiary creep phase and therefore the process of failure has long started.
Slender columns tend to fail much faster, if tertiary creep occurs (fig. 3¢).

2.4 Specification of characteristic and mean values

It is well known, that material properties of timber are characterized by a wide variability.
Therefore it would be very interesting to determine characteristic and mean values for
long-term capacities. This would require many simulations with varying material charac-
teristics to get somekind of resulting deviation. It was already mentioned though, that the
evaluation of long-term capacities is an iterative and therefore time-consuming process, so
the number of simulations should be restricted. For determination of characteristic and
mean values considering deviations of material properties the following strategy was there-
fore applied:

As basic material properties of solid timber, raw density and knot area ratio are randomly
determined. With simultaneous consideration of moisture content, which is covered by
moisture analysis as described earlier, these parameters explain most of material variabil-
ity. Stationary mechanical characteristics are computed by using correlation equations of
Colling (1990) and further random methods as illustrated in the annex. Plasticating ability
of the material under compression is considered by applying the slightly modified material
law of Glos (1978). Additionally a stressless predeflection at column midheight is ran-
domly determined according to a recorded deviation of Ehlbeck/Blass (1987). The knowl-
edge of stationary material behaviour enables the evaluation of short-term strength. For
each slenderness degree and strength class the short-term strength of 1000 columns with
randomly determined characteristics is evaluated to get a deviation of short-term strength.
Strength values are sorted in ascending order. Rank 48 to 52 and rank 498 to 502 are se-
lected as being representative for characteristic respectively mean values of carrying ca-
pacity of compressive members. Such elements are taken for long-term simulation studies
and determination of long-term capacity.

3 Results of simulation studies

In figure 4 quotients of determined long-term capacity and possible characteristic dead
load according to the new draft of the German code DIN 1052, which is very similar to
EC 5, is given. The values have to be interpreted as simulation results of the chosen mate-
rial model. It is obvious, that the safeties in particular for compressive members of charac-



teristic capacity are low. Especially for non-slender elements the long-term capacities are
even partly lower than allowable long-term loadings. Strength classes C24 and C30 are
similarly affected. Effects causing long-term failure of compressive members are quite
different depending on slenderness.
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Figure 4: Quotient of axial long-term capacities and characteristic permanent load

3.1 Slender compressive members

The short-term strength of slender compressive members is almost entirely affected by
stability behaviour depending on material stiffness (E-modulus). Stressless predeflection is
of little additional influence. A reliable estimation of short-term strength is possible by
using the following expression.

En? (5,/L)
2

A represents the members slenderness, defined by the quotient of member length and radius

of inertia. &g denotes the stressless predeflection.

£, = 12000+ E (1)

In a very similar manner the long-term capacity of a compressive member is exclusively
affected by the long-term stability behaviour, which is characterized by de- or increasing
deflection rate, affected by time-dependent stiffness of the material. Because of the rela-
tively low stressing of slender elements, nonlinear creep does not occur, so behaviour can
be covered by linear viscoelastic theory. A formula derived by Becker/Rautenstrauch
(1998) yields excellent agreement with simulation results and can be considered as suitable
for estimating long-term capacity of compressive members:
Py

f i e 2
T T+ kg )

Here Pg stands for the Eulerload, kg denotes the creep factor, which can be taken from
codes. With this expression an evaluation of long-term behaviour is casily possible.

3.2 Compact compressive members

The initial capacity of compact columns is almost entirely affected by the compression
strength of the material. So compressive strengths of analysed columns in characteristic
and mean range are very similar respectively.

6



The long-term capacity of compact columns turns out to be clearly lower than expected.
This can solely aftributed to nonlinear creep as it was defined in the material model. If a
bending element is exposed to nonlinear creep, harmless stress redistributions will be the
consequence. For a compressive member nonlinear creep is followed by a deflection in-
crease, which causes higher internal forces again followed by additional creep. It can be
therefore assumed, that an axial dead load, which in combination with moisture content
causes nonlinear creep will lead to failure in the long run. According to the material model
chosen in the simulation study, nonlinear creep initiates under a defined portion of com-
pressive strength. So the members of characteristic and mean capacity are affected in the
same manner respectively, which explains the low spread of results for compact members
in figure 4.

It is of course questionable, if the simulation results reflect long-term capacities of compact
elements in an appropriate manner. An accurate description of nonlinear creep is probably
the most difficult part of time-dependent modeling of timber. A small change in defining
the proportional limit or an additional discretisation of the member axis will influence the
result. Additionally nonlinear creep was assumed irreversible in the model, which is
probably too conservative. Further research in this area is definitely required. As a conse-
quence of the performed simulation study it is out of question though, that the long-term
behaviour of compact elements has to be considered critically alse. Permanent loads,
which exceed the proportional limit should be avoided.

If nonlinear creep actually occurs, the computational coverage of long-term behaviour be-
comes difficult. Expressions based on linear elastic and viscoelastic theory cannot be ap-
plied anymore.

Medium slender compressive members might be affected by the one or the other long-term
failure mechanism. That‘s the reason why such elements show the largest spread of long-
term capacities in figure 4. :

4  Consequences on compressive member design

Bringing the results of the simulation study in mind it becomes clear, that the present de-
sign situation of compressive members contains deficits, This is especially true for ele-
ments, which are loaded by a high proportion of permanent or long acting load.

To obtain the intended reliability for compression loading time effects have to be included
into the design process. This should not lead to a more complicated design. If equivalent
reliabilities have to be applied to long-term capacities is a point of further discussion in
coding committees. Long-term failure is a process, which usually extends over years or
even decades and is therefore observable far in advance. In contrast to short-term strength,
which is characterized by sudden failure, it can be controlled much better. Maybe smaller
safeties are acceptable considering this aspect.

4.1 k.method

Characteristic capacities determined by the k-method can be considered quite conservative
concerning short-term strength. So loads of short-term duration give no cause of concern.,
This conclusion is not valid for long-term loading. To obtain a consistent level of reliabil-
ity a modification of the method is unavoidable.

Compressive members are especially endangered in service class 2 and 3, where the most
creep deformation has to be expected. In service class 1 the average moisture content over
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the cross-section will usually not exceed a value of 12%, so there’s no danger of occuring
nonlinear creep even for highly stressed compact columns. A simple rule to guarantee
safety in service classes 2 and 3 would be a restriction of permanent and long-term loads.
Compressive stress resulting from permanent and long-term action should not be more than
50% of the design value of compression strength reduced by k.. This proposal could be
easily implemented by a short supplement in the code.

For slender columns (A2100), which are not influenced by nonlinear material behaviour, it
could be referred to a formula derived by Becker/Rautenstrauch (2001) to obtain a more
accurate design. Under dead load the formula offers a very useful estimation of long-term
capacity, as was shown by simulations. The expression also covers variable loading. If
probabilistic design concept is applied, the prove of long-term stability would then be the
following,

{(1 +Kier 6 ) P } +Z{(l ket Pag } <1 3

P .d PE,d

m = 1,3 Y PE,d =

This prove could be offered optionally, if a structural engineer wants to load a compressive
member by a greater portion of permanent or long-term load.

4.2  Prove according to theory of second order

The prove according to stress-theory of second order, which is optionally offered in EC 5,
turns out to be conservative compared to the ke-method, Although it has been shown in
many studies, that the E-modulus doesn’t change under permanent load in contrast to mate-
rial strength, the code still demands reduction of the characteristic value by the modifying
factor. Additionally the given stressless predeflection (1/333) seems unrealistic large. Con-
cerning this the draft to the new German code DIN 1052 contains improvements: the modi-
fication of the characteristic E-Modulus is abandoned, the stressless predeflection is re-
duced to L/400. According to a distribution of imperfections, published by Ehlbeck/Blass
(1987), this value corresponds to the 2%-fractile and is therefore still conservative.

The prove according to theory of second order can be applied to slender columns without
any problems. Creep deflections, which should be considered, may be easily calculated
with formulas of Becker/Rautenstrauch (2001). The nonlinear M-N-interaction seems ap-
propriate.

Applying theory of second order to compact columns might cause problems for service
classes 2 and 3, where nonlinear creep has to be expected. The theory is based on linear
clasticity, for consideration of creep on linear viscoelasticity respectively, so nonlinear
effects are not covered. The only possibility would be the definition of a proportional limit
depending on service class, which must not be exceeded by edge stresses. Otherwise the
prove according to theory of second order is not suitable for compact columns and it has to
be referred to the ke-method.



5 Conclusions

Long-term simulation studies with compressive members have indicated, that intended
reliability is not reflected by design rules. This especially applies to service classes 2 and 3,
where time-dependent deformations should be considered in design process. It has been
shown, that there is a difference between long-term capacity and the capacity after long-
term use.

Long-term failure of compressive members is caused by different mechanisms depending
on slenderness degree:

» For slender columns long-term stability behaviour is characteristic. Because of linearity
of deformations of the low-loaded slender members, long-term stability behaviour can
be easily covered.

» The long-term capacity of compact columns is exclusively affected by nonlinear creep
behaviour. More research is necessary to account for the exact influence.

The ke-design-concept seems generally suitable for service class 1. For service classes 2
and 3 it is recommended not to exceed 50% of the k.-reduced design value of compression
strength by design values of permanent and long-term acting loads.

The prove according to theory of second order is too conservative concerning initial prede-
flection and required reduction of E-modulus as given in the present code. Proposals for a
more realistic coverage have been submitted. The application of the prove should contain
the consideration of creep deformations. For service classes 2 and 3 the prove is not suit-
able in the present form because of possible nonlinear material behaviour. The k.-method
should then be taken instead.
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Annex — Material model

Basic material properties

Dry density C24 p,=420x£45 [kg/m?] normally distributed
C30 py=435+45 [kg/m?®] normally distributed

Knot density C24 KAR=-21140,25 lognormally distributed
C30 KAR=-233+0,25 lognormally distributed

Moisture content

Equilibrium MC gy = 0,113 RH®* 40,192 ¢ #SEHRH--T 4 g g o-0.5@0SRI-0-F []

Moisture distribution ?;: = V(D Vu)

oo : - 420 :
Diffusion coefficient D=05- (I —B-QZW . 2} Lt [mn12 /h]
Surface resistance Ugy = Ugy + (Upy — g, ) (1 - e“m)

Mechanical properties (u=0,12)

E-modulus (compression) (B, )=8,22 +2,994-107 . p, — 0,76 KAR

E,=E,+0133-E, [MPa] normally distributed
E-modulus (tension) In(f, )=8,20+3,13:107 . p, ~117-KAR
. E,
Etnc“ “[015+085 J Etold
: £
E, =E, £0,104- E [MPa} normally distributed
Compression strength ( =2,586+2,8-107 -p, ~0,825-KAR
cnew [02+08 J c,old
= f +0,12. f [MPa] normally distibuted
Tension strength ( )= -422 +In(E,)- (0,876 - 0,093 - KAR)
f, 0 = 02+082 [02+08% S
, EC fC
f, = f p £0,12- fl [MPa] normally distributed
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Parameters of creep function

Nonlinear parameter

with

Proportional limit

with

Mechano-sorptive creep

with

Swelling/Shrinkage

with

DOL-modeling

Strain energy density

Critical strain energy density

Kelvin- Retardation Time Creep Factor
Element 0 [h] o [-]
1 15 0,08
2 400 0,08
3 4000 0,22
4 28000 0,22
PrL

M = 0y, 'IG—UV?f

oyp{u) — A e B
flu=0,12)
Compression| Tension
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i
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0
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V Enjily asked whether species effect was considered? He commented that higher proof
foad level of up to 10% would lead to larger damage. He asked also about reversal of load
direction.

F Lam responsed that this study focused on Hem-fir only. Other species can be considered
with the same procedures but different ioad duration model would be needed. He agreed
that one would see more damage in the weak specimens when higher proof ioad level was
used. This was confirmed in the simulation study at higher proof load (not presented).
Reversal of load direction was not considered in the study.

P Glos commented that the increase in benefits seemed to be very limited.

F Lam briefly reviewed the potential benefits.

H J Larsen stated that the gain of 10 to 15% was significant considering only 1% of the
material would be destroyed via proof loading. He asked whether it is possibie to build such
a machine for mills. Are there plans to do so?

F Lam responded that on-line proof-loader exist in finger joint operations in North America
and Japan. Some applications include flanges for I-Beams and laminates for Glulam
Beams.

S Theitandersson asked about the target beta level of 3.5. Is this level an official code value.
Also were there any assumptions on the load side of the equation tied to the target beta.

F Lam responded that beta of 3.5 was not a target value in the code but was chosen in this
study for illustration only. The target beta value in the Canadian code was approximatety 2.8
which was set at similar level as steel and concrete. Gumbel distribution for snow load, and
normal distribution for dead load was assumed on the load side of the equation. These
were consistent over all material considered.

[ Smith asked whether there was a real threshold level. He commented that B Leicester did
double pass proof ioading in the past and a lot of damage was observed.

F Lam answered that in this study the mean threshold level was approximately 0.5 with a
rather large COV of 30%. This was based on past DOL study. The existence of threshold
level is a complicated debate that is beyond the scope of the study. Double pass proof
loading was not considered in the study.
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Abstract

Proof loading concept is a recognized quality control technique to improve the
characteristics of the lower tail of strength distributions of structural timber products.
Very few comprehensive studies are available to quantify the effectiveness on the use
of proof loading relating to the choice of proof load level, the potential damage on the
members resulting from the application of proof load, and the improvement of
performance in the context of reliability based design methods. One of the difficulties
is the need of a rather large sample size for an experimental-based study to develop
statistically meaningful solutions.  This paper illustrates the use of damage
accumulation model and reliability based design analyses to quantify the effectiveness
of proof loading.

The performance of No. 2 and better Western Hemlock 38 x 140 mm dimension
lumber in bending is considered. Damage accumulation laws are established to
consider the residual strength of members that survived a proof load. Reliability
analyses are conducted to compare the performance of proof-loaded and non-proof
loaded members subject to snow load conditions in two locations in Canada. For a
given reliability index (B), the improvement of performance can be quantified as
characteristic strength adjustment factors for proof loading in terms of the ratio of the
performance factors (¢) between the original and proof load material. Conversely the
gain in reliability, [3, for a given ¢ value is also apparent. The adjustment factors
depend on the proof load level, the B level, and the distribution selected for fitting the
strength data after proof loading.

1 Introduction

Proof loading subjects members up to a small load level and releases the load. During
proof loading some members may fail. It is a recognized quality control technique to
improve the characteristics of the lower tail of strength distributions of structural
timber products. Examples of commercial applications of this technique include
proof loading of finger-jomed material for use in glue-laminated beams and wood I
beams.



Research findings on proof loading of lumber suggest damage due to a moderate level
of proof loading is not significant (Woeste ef al. 1987, Leicester 1988). Woeste ef al.
(1987) did not detect any damage to tension specimens proof loaded in single and
reverse bending. Leicester (1988) tested specimens in tension to failure in low cycle
fatigue with increasing loads and found that only 10% of the specimens were
damaged. The damage was, on the average, 4% of the apparent strength during proof
loading. The qualification of the impact of proof loading using an empirical approach
15 a difficult problem because it would require a large sample size to estimate this
relatively small effect. Furthermore, the impact of proof loading from reliability
perspective needs to be investigated to quantify the relation between the performance
of proof-loaded and original members.

In this paper, the performance of No. 2 and better Western Hemlock 38 mm x 140
mm dimension lumber in bending are considered. A damage accumulation model
was used as a tool to estimate the level of damage experienced by members that have
undergone proof loading. The residual strengths of the survivors were determined
analytically and fitted to different distributions. Reliability analyses were conducted
to establish the improvement of performance of proof-loaded members.

2 Damage Model

Several models have been developed for the accumulation of damage in wood
members. Equation 1 presents the model proposed by Foschi ef ¢, in 1989.

ch: =de(t)-o,7,] +clt(®)~0,7,]'a [1]
di

The damage parameter, ¢, equals to 0 when there is no damage and equals to I at the
time of failure. The five model parameters a, b, ¢, n and o, are assumed to be
constants for a given member but varics randomly across members. In equation [1], T,
1s the standard short term strength of the member which can be determined in a ramp
load fest of short duration with a constant rate of loading. o, is the threshold stress
ratio. The product c,1; defines a threshold that must be exceeded for damage to
accumulate; i.e., there will be no damage accumulation when 1(t) does not exceed
ToTs.

The parameter a is not independent of the variables 1, , b, ¢, n and ¢,. For the case of
using a ramp load with a rate of loading K, to determine the short-term strength, a can
be cxpressed as Equation [2]:

Lo K@+ 2]

{T.\' - O-(J T.‘; }h+l

Each of the four independent parameters b, ¢, n, and o, are modeled as lognormal
variables. In the process of damage accumulation calculations, the short-term
strength 1, is also assumed to be lognormally distributed.



The model has been calibrated to experimental results for Western Hemlock 38 mm x
140 mm (nominal 2” x 6”), visually graded, No. 2 and better lumber (Foschi et al.
1989). The distribution parameters of the variables in the damage model are shown in
Table 1. The parameters in Table 1 are shown for stresses expressed in MPa and psi.

Table 1. Distribution parameters of the variables in the damage model

b C N Go
Mean | COV Mean COV | Mean | COV | Mean | COV

Stress in MPa | 37.161 | 0.281 | 1.623x10™ | 0.574 | 1.290 [ 0.075 [ 0.533 [ 0.298

Stressinpsi | 37.161 | 0.281 | 2.465x107 | 0.336 | 1.290 | 0.075 | 0.533 | 0.298

Mean and standard deviation of the short-term strength (1) were taken as 47.82 MPa
(6936.46 psi) and 19.46 MPa (2822.34 psi) respectively. The ramp rate, K, was
assumed to be 2678.48 MPa/hr (388500 psi/hr).

3 Proof Loading

The residual strength of a member subjected to a proof load level 1, can be established
by considering the loading scheme shown in Figure 1. The accumulation of damage
can be calculated by integrating equation 1 with the appropriate description of 1(t).
Note that damage will accumulate only if 7(t) > G,T..

T() &
X
Te A
To Tel
K,
»
to te e+, Te {

Figure 1- Proof Loading Scheme

The loading rate K is the same during the two phases of uploading. Damage at time
t. can be expressed as:

143 41
ot Y=—— (Kt —O0.T. 3
)= Gapx, Kite—0ut) [3]

During the second phase of loading, there will be no damage accumulation until t >
to+t,, and the time to failure is given by:



1
Tf 2{ [(T,g- - O',; T )h+l - (K.v fc -0, T.\' )IH_] ]ﬁ + 0oy + K.\.tc}KL {4]

&

Once the time to failure is calculated, the residual strength of each member can be

determined as:
]

fo= e =0, 7 P =K, 1~ 0, 7, P o, [5]
for 7, > K, t,

Three proof load levels, 1., were considered in Monte Carlo simulation studics with
2000 replicates, They are taken as the 1%, 3", and 5™ percentile of the short-term
strength of the members as 17.82 Mpa(2585 psi), 21.22 Mpa(3077 psi), and 23.27
Mpa(3374 psi), respectively. Figures 2 to 4 show the cumulative probability
distributions of bending strength for the original and the proof loaded specimens,
respectively.  The lognormal and the 3-parameter Weibull probability distributions
were fitted to the residual strengths of the proof loaded specimens. In addition, the 2-
parameter Weibull distribution was fitted to the lower 15 percent of the residual
strengths of the proof loaded specimens. Information on the distribution parameters
for the various fits is shown in Table 2.
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Figure 2 - Cunmulative probability distributions of bending strength for the original
and the specimens proof loaded to 1% of the short-term strength
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Figure 3 - Cumulative probability distributions of bending strength for the original
and the specimens proof loaded to 3% of the short-term strength
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Figure 4 - Cumulative probability distributions of bending strength for the original
and the specimens proof loaded to 5% of the short-term strength



Table 2. Distribution parameters for the residual strengths

Proof  load | lognormal 3-parameter Weibull 2-parameter Weibull

fevel fruncated at 5%
Mean | COV | Loc m k m k
(MPa) (MPa) | (MPa) {MPa)

1* Percentile | 48.57 | 0.396 | 17.34 | 35.03 | 1.67 41.78 5.65

3" Percentile | 49.17 [ 0.377] 20.73 | 31.72 | 1.54 40.45 6.96

5" Percentile | 49.66 [ 0.037 | 22.74 | 29.87 | 1.47 39.50 8.26

4 Reliability Analysis

Reliability analyses were performed for the members under dead and snow load
conditions for two Canadian cities (Quebec City and Vancouver) following the
procedures outlined by Foschi ef al. (1989).

The limit state design equation for design of bending members can be expressed as:
op Gp Dn+ 00, G Ly =0 Ky, {6]
where

op and ¢, are the load factors for dead (1.25) and live (1.5) loads, respectively;

Gp and Gy, are the dead and live load geometric factors that convert the applied loads
to bending stresses;

Dy and Ly are the nominal design dead load and nominal design total roof snow and
rain load, respectively;

Fy is the characteristic bending strength; and

¢ is the performance factor.

Equation 6 is the form of the limit state design equation in the Canadian Code on
Engineering Design in Wood (Canadian Standards Association, 1994). The failure
function developed to relate the bending resistance and the effect of loads for first-
order sccond-moment reliability analyses is as follows:

G=R-(GpD+GLL) (7]

G=0 = Limit State
G>0 = Safe
G<0 = Failure

where R, D, and L are random variables representing the bending strength, dead load,
and live snow load, respectively. Statistical distributions and parameters for the snow
load for the two Canadian cities, Quebec City and Vancouver, were described in
detail i past studies (Foschi et al. 1989) where the snow loads are considered on a
30-year return period.




The failure function can be rewritten as:

eSy+1)¢F,
a, EY+ O

G=R .-\

(8]

where y=Dn/Ly; 8=D/Dy; 1=L/Ly; and e=Gp/G;. The variables £ and y were assumed
to equal 1.0 and 0.25, respectively. The random variable & was assumed to be normal
with mean of 1.0 and standard deviation of 0.1.

The reliability method can be used to estimate the probability of failure, Py, by
calculating a reliability index . These two are related by:

Py =0(-f) [9]

where @ is the standard normal probability distribution function.

The value of F, was taken as the 5™ percentile strength of the original material as
23.27 MPa. This is equivalent to keeping the same characteristic strength for the
material irrespectively of whether they have been proof loaded or not.  The
improvement in performance for a given p level, is then reflected by the ratio of ¢
between the proofloaded and the original material.

Figures 5 and 6 show example plots of  versus ¢ relationships for Quebec City and
Vancouver based on the 2-parameter Weibull distributions censored at the 15%
strength level. Figures 7 and § show similar relationships for Quebec City based on
the lognormal and the 3-parameter Weibull distributions. Table 3 shows the results of
the reliability analysis for all the cases in the form of § and ¢ values.
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Figure 5 - 3 versus ¢ relationships for Quebec City based on the 2-parameter Weibull
distribution censored at the 15% strength level.
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Figure 6 - § versus ¢ relationships for Vancouver based on the 2-parameter Weibull
distribution censored at the 15% strength level.
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Figure 7 - § versus ¢ relationships Quebec City based on the lognormal distribution
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Figure 8 - 3 versus ¢ relationships Quebec City based on 3-parameter Weibull
distribution

From Figures 5 to 8, it is apparent that there are differences in the results depending
on the choice of the strength distribution. For the original material, the use of a
lognormal distribution to represent the bending strength tends to give a slightly higher
B—¢ relationship compared to the 2-parameter Weibull distributions censored at the
15% strength level. This is because of the sensitivity of the analysis to the tail of the
strength distributions.

Similarly, the use of a 3-parameter Weibull distribution to represent the strength
distribution 1s sensitive to location distribution parameter (€} which represents the
lower bound of the strength. The determination of the 3-parameter Weibull location
parameter m the process of fitting can therefore influence the resuits of the reliability
analyses.

For a given B level, the increase of the ¢ values between the proof-loaded and the
original material can be estimated. The results at 8 value of 3.5 are shown in Table 4.
These adjustment factors can be applied to the characteristic strength Fy, to account for
the impact of proof loading while maintaining a uniform 3 of 3.5.

In the Canadian Code on Engineering Design in Wood (Canadian Standards
Association, 1994), a ¢ value of 0.9 is used in bending member designs. Consider a ¢
of 0.9 for the original material, a corresponding 3 level can be established. Using this
B level, the ratio of the ¢ values between the proof-loaded and the original material
can also be estimated as shown in Table 5. Again these adjustment factors can be
applied to the characteristic strength Fy to account for the impact of proof loading
while maintaining the target  intended in the code.



Table 4 — Characteristic strength adjustment factor for proof loading at § =3.5

City Quebec City Vancouver

Proof Load 1™ 3 5" ¥ 3 5
Level percentile | percentile | percentile | percentile | percentile | percentile
Lognormal 1.047 1.112 1.156 1.058 1.129 1.179
3P Weibull 1.178 1.380 1.493 1.225 1.501 1.699
2P Weibull 1.196 1.321 1.391 1.239 1.391 1.478
truncated at

15%

Table 5 - Characteristic strength adjustment factor for proof loading that correspond
to a ¢ =0.9 for the original material

City Quebec City Vancouver

Proof Load ¥ 3% 5T 1" 3% 5"
Level percentile | percentile | percentile | percentile | percentile | percentile
Lognormal 1.045 1.101 1.138 1.047 1.106 1.148
3P Weibuli [.105 1.214 1.270 1.107 1.232 1.308
2P Weibull 1.152 1.251 1.309 1.166 1.277 1.340
truncated at

15%

It can be observed that the adjustment factors for proof loading is dependent on: 1) the
proof load level; 2) the B level; and 3) the choice of probability distribution to
represent the residual and the original strengths.  As expected, higher proof load
levels lead to higher proof loading adjustment factors. The selection of proof load,
however, is an economic and logistic decision that is not within the scope of this
paper. Similarly, higher B levels lead to higher proof loading adjustment factors.
This is because the member strengths associated with the design points at the higher
levels would be weaker than those at a lower 3 level. Therefore, the effectiveness of
the proof loading process to reduce the very weak specimens for the higher B levels is
appropriately recognized by the reliability analysis procedures. Finally the choice of
probability distribution to represent the residual and the original strengths has a strong
influence on the adjustment factors. In this study, the types of probability strength
distributions are kept consistent within each case. As previously discussed, the 2-
parameter Weibull distributions censored at the 15% strength level should be used
because they represent the lower tails of the strength distributions well and does not
rely on the determination of the location parameters .

The above analyses can be repeated with the values of Fy, taken as the 5" percentile
strengths of the respective material. Therefore, in such cases, any observed
improvements in performance for a given B level, can be attributed to the
modifications of the vartability of the tails of the distribution as a result of proof
loading. As an example, Figures 9(a) and 9(b) illustrate the B —¢ relationships of
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Quebec City and Vancouver, respectively at a proof load level of the 3™ percentile

usmg the Fj, values from the respective strength distributions.
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S Conclusions

In this study a damage accumulation model is used to assess the damage caused by
proof loading in Monte Carlo simulations. The bending strength distribution and
residual strength distributions were evaluated in reliability analysis against dead loads
and snow load conditions for two Canadian cities.

The ¢ - f} relationships of the proof loaded members show a shift to the right in
comparison with the original set. For a given reliability index, the improvement of
performance can be quantified as characteristic strength adjustment factors for proof
loading in terms of the ratio of ¢ values between the original and proof load material.
Conversely the gain in reliability for a given ¢ value is also apparent. The percentage
merease depends on the proof load level, the B level, and the distribution selected for
fitting the strength data after proof loading.
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H J Blass asked whether density values were measured. He also asked whether the bending
strength was defined as the stress at the worst defect.

F Lam answered that density value was obtained from each specimen and the bending strength
was calculated from the highest stress zone.

S Thelandersson asked which distribution was assumed for the COV of the lower tail.

F Lam responded that he would check with D Barrett about this. (2P Weibull distribution was
assumed)

R Marsh asked whether the Japanese would accept different test methods on the basis of modeis
rather than on tests,

F Lam responded that the Japanese Ministry officers usually considered these request on a case-
by-case basis. If validated mode! were available, they would consider it

M Yasumura stated that joints are important for seismic issues. What was the motivation for the
study. He also asked whether long-term issues were considered.

F Lam agreed that connection information would be important and a second study has been
planned to consider the seismic design issues. The values obtained in the current study would still
be important for generai member design. Long-term issues have not been considered.

P Glos stated that the ASTM standards still differed from ISO.

F Lam stated that ISO and ASTM standards are similar.

H J Larsen explained that with the I1SO standard there is no stipulation about the location of worst
defect. The researcher would decide and document the location in the study.






Material Strength Properties for Canadian Species Used in
Japanese Post and Beam construction

1.0 Introduction

The traditional post and beam system house and the 2x4 platform frame system are widely
used in Japanese residential construction. The post and beam house evolved over many
centuries to become the preferred method for wooden housing construction in Japan. In the
1970’s, the North American 2x4 building system was introduced to the Japanese
consumers. Canada is a major supplier of structural wood products for both the traditional
and 2x4 housing construction.

Post and Beam housing is built according to the Building Standard Law (BSL).
Traditionally post and beam houses have been built with ungraded lumber and requirements
for the performance of connectors were stipulated in only general terms. In contrast, 2x4
houses are more “engineered”. Lumber is grade stamped and member sizes were
determined by engineering calculations based on allowable stresses approved by the
Japanese government.

The Kobe earthquake had a major impact on consumer perceptions of wooden housing
construction in Japan. Extensive investigations showed that many of the structural
problems in Post and Beam construction could be traced to poor maintenance and the
quality of the older building built in the late 1940°s. The Japanese government has
responded by introducing new performance oriented building codes, new housing quality
assurance laws and housing performance labeling systems to increase protection for
consumers and improve the quality of wooden housing construction.

Procedures for deriving allowable stresses for post and beam and 2x4 construction have
been clarified in the new BSL. Requirements for design of post and beam and 2x4 houses
have been reformed to include strength and deformation limits that place more emphasis on
demonstration of the actual performance of the building components and full-size houses.

The introduction of labeling systems and emphasis on structural integrity and durability
have forced lumber suppliers to respond to customer demands for strong, stable and durable
building products. Japanese agencies such as the Forestry Agency and the Forest and
Forest products Research Institute have collected full-size test data on the structural
properties of species used in building construction in Japan. This paper provides
information on comprehensive in-grade tests program conducted on Canadian species used
in Post and Beam construction and compares results obtained according to different grading
rules.
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2.0 Lumber Grading Standards

The Japanese BSI. does not require the use of grade stamped lumber in housing
construction. Article 41 of the BSL states that: “Timber to be used in principal parts
necessary for strength shall be free from defects such as knots, rot, slope of grain, wane, etc
if they interfere with structural strength”. The BSL provided allowable stresses for selected
species as shown in Table 1 with a safety factor of 3. Recently these allowable strength
values were converted to “Material Strength Values” intended to represent a 5™ percentile
of the short term strength as adopted in many international standards. These material
strength values now apply to ungraded lumber.’

Old BSL New material
Allowable Stress Strength
Kinds of Timber Property
Bending Bending
(kgfem?) (MPa)
Douglas fir , Japanese 95 28.2
Red Pine
Japanese Larch, Cypress 90 27.6
Japanese Hemlock, 87 25.2
western Hemlock
Japanese Fir, Japanese 75 22.2
Cedar {(Sugi)

2.1 JAS 143 Structural Softwood Lumber

The Japanese Agricultural Standard provides grading rules for lumber used in post and
beam construction. The Japanese Ministry of Lands, Infrastructure and Transport(MLIT)
has provided allowable stress (except modulus of elasticity for three JAS 143 grades. The
lumber is categorized for particular end uses as follows:

2

Type A Structural Lumber; Lumber graded for use in high bending applications
* Structural Lumber I Type A with a cross section less than 36 mm on the short side
or those with ends not less that 36 mm and less that 90 mm on the long side
e Structural Lumber II Type A with ends not less than 36 mm on the short side and
not less than 90 mm on the long side

Type B structural lumber is graded mainly for compression applications

However, the JAS 143 grading rule is not widely used in commercial practice.
Consequently most lumber is supplied in the ungraded condition. Canadian experience has

" The MLIT does not provide modulus of elasticity vajues. Designers reply on MOE values provided by the
Architectural Institute of Japan or the individual product manufacturers
2 MLIT, formerly the Ministry of Construction.
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shown that the JAS 143 rule is restrictive not practical because of the low yields obtained
when applied to the many large knotted species growing in British Columbia.

2.2 Proprietary Grading Rules

Canadian lumber producers have developed company specific proprietary “in-house”
grading rules matched to individual customer requirements. Until recently, there has been
no basis for assigning allowable stresses to these proprietary grades because the proprietary
grading rules have not been approved in Japan. However the MLIT material strength
values for ungraded lumber could be applicable to the proprietary grades.

2.3 CFLA Grading Rules

The Coast Forest and Lumber Association (CFLA) developed a new visual grading rule for
Hem-Fir (N) structural lumber products intended for the Japanese post and beam housing
market. The grading rule is titled CFLA Japanese Product Standard 1 “Structural
lumber — Visual grading — Requirements for E 120 Canadian coastal Hem-Fir (N)
lumber products used in traditional Japanese post and Beam building construction”.

The evaluatron criteria specify a characteristic value of modulus of elasticity of 12000
N/mm?. The characteristic value of bending str cngth shall equal or exceed the bending
material strength value for "ungraded" Hemlock® established by the MLIT.

The CFLA has undertaken a major in-grade lumber testing program on Hem-Fir (N) and
Douglas fir (N) lumber to provide the engineering property data to gain acceptance of
material strength values for these species in Japan. Sampling, testing and data analysis
have been conducted in accordance with the methods recommended by the Japanese
Ministry of Lands, Infrastructure and Transport. This paper describes the sampling, testing
and data analysis procedures used to derive the characteristic values for

Hem-Fir (N} and Douglas-fir (N).

3.0 Sampling

Douglas fir (N) and Hem-Fir (N) lumber was sampled from normal production of mills in
the coastal region of Bntlsh Columbia. Hem-Fir (N) sampling was conducted for five (5)
cross-section dimensions® -- 30 x 105, 45 x 90, 45 x 105, 90 x 90 and 105 x 105. Douglas
1ir (N) was sampled in two sizes 105 x 105 and 45 x 105. Samples were selected from
surfaced dry production whenever possible. Alternatively, green lumber was sampled and
dried using a conventional commercial kiln schedule. After drying the lumber was surfaced
to the final dimensions.

The dry surfaced lumber samples were graded in accordance with the structural
requirements of JPS 1 and the JAS 143 grade rule. All lumber evaluated in the in-grade

¥ Material strength property for ungraded Hemlock in bending is 25.2 Nfmm?
* All dimensions in millimeters
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testing program was determined to be on-grade by the grading supervisor of the Canadian
Mill Services Association.

4.0 Test Methods

This section describes the test matrix and test methods adopted in the Hem-Fir (N) and
Douglas-fir (N ) in-grade test program.

4.1 Sample Sizes

A minimum of 300 pieces’ were selected randomly in each cross-sectional sizes. The
sampling matrix for Hem-Fir (N) and Douglas fir (N) are shown in Table 1.

Table 1. Douglas fir (N) and Hem-Fir (N} test matrix.

Specimen Size (mm) | Sample Size (n})  Sample Size (n)
Hem-Fir (N) Douglas fir (N)
105 x 105 1904 932
90 x 90 367
30x 105 637
45 x 90 360
45 x 105 1351 913

All test specimens were received in the kiln-dried condition. Following delivery to the
University of British Columbia Timber Engineering and Applied Mechanics Laboratory,
the material was further air conditioned to an equilibrium moisture content of
approximately 15%.

The maximum strength-reducing defect (MSRD)® was identified for each piece. The
location of the MSRD was measured and recorded with respect to the numbered end of
each piece. The characteristics determining the grade and the MSRD were recorded. The
physical dimensions of each piece were also measured and recorded.

* The MLIT test protocol requires a minimum sampies size of 0.1537 {CVY.. For Hem-Fir (N) and Hem-Fir
{N}, a minimum required sample size (n = 138) was estimated using an assumed CV = 35%.
“ The MSRD is the defect that was estimated to provide the lowest strength if tested in bending.
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4.2 Bending Test Methods

Bending tests used for evaluating modulus of elasticity (MOE) and bending strength
(MOR) were conducted in accordance with the requirements of the MLIT test protocol:7.
* 1/3 point loading conditions
» 181to 1 span to depth ratio
* Tension edge of the bending specimen was selected at random
*  MSRD located randomly within the total test span at a span
» Tests conducted at a loading rate to cause failure in 1 to 5 minutes®

The test configuration for the 105-mm deep bending test specimens is shown schematically
in Figure 1. The total neutral axis deflection was measured using a full-span yoke located
as shown in Figure 1. The total applied load® and mid-span beam deflection were
monitored and recorded. The maximum total load was determined from the load vs.
deflection data. The modulus of rupture (MOR) and long-span MOE (E;) were calculated
for each specimen based on the actual dimensions recorded at the time of test.

Random Position of MSRD Mid.anan deflection measuremaent device
{ P E l)i
X i — _
52.5 mm e I L) E i : £ | 3 105 mm

= bed ] pon
' »l
| 1050 mm E

et »a -J W

1‘ > s .

630 mm 630 mm §53 mm

P »ldenl
e T
135 mm 1890 mm 105 mm

Figure 1. Long span MOE (E) test configuration (beam depth d = 105 mm)

4.3 Specific Gravity and Moisture Content

Specific gravity and moisture content test blocks were cut from each specimen at the time
of test. Moisture content and specific gravity were evaluated using the methods
recommended in JIS Z2102-1957 “Method of measuring average width of annual rings,
moisture content, and specific gravity of wood”'°

" The MLIT Test Protocol is consistent with the methods recommended in ASTM D 4761 Standard Methods
fol Testing Mechanical Properties of Lumber and Wood-base Structural Material (ASTM, 1999).

¥ Machine cross-head displacement rates were 18.2 mm /minute for the 90 mm x 90 mm material and 21.2
mm /minute for all other sizes.

? In Figure 1, the load p = the total load divided by 2.
" ASTM methods ASTM D 4442 “Standard Test Methods for Direct Moisture Content Measurement af
Wood and Wood-base Materials" and ASTM D 2395. “Standard Test Methods for Specific Gravity of Wood
and Wood Based Materials” (ASTM (1999)) were used as they are equivalent to the JIS 22102 standard.
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5.0 Evaluation of Test Results

This section describes the procedures used to convert test data to characteristic properties
for the individual test cells. Subsequently, the characteristic values for the CFLA JPS 1
grade and JAS 143 grades are derived by sample size weighting the characteristic
properties obtained for the individual test cells.

5.1 Moisture Content Adjustments

The MLIT protocol specifies that the test specimens shall be at 15% moisture content at the
time of testing. When an actual moisture content differed from 15%, the E; and MOR data
were adjusted to 15% moisture content. The long-span test MOE values E;, were adjusted

to a standard moisture content of 15% according to procedures specified in ASTM D 2915,
“Standard Practice for Evaluating Allowable Properties for Grades of Structural Lumber”’
(ASTM, 1999). MOR data was adjusted to 15% using the linear surface model adjustment

procedure (Barrett and Lau, 1994).

5.2 MOR Data

All the bending tests were conducted at an 18 to 1 span to depth ratio. Therefore, no MOR
adjustment is required for loading conditions or span to depth ratio effects.

5.3 K, Calculation

The MOC Protocol specifies the modulus of elasticity EL must be adjusted to a shear free
basis herein denoted as Eyye. In this study, Ey.. has been calculated using the procedures
recommended in ASTM D 198 “Standard Test Methods of Static Tests of Lumber in
Structural Sizes” (ASTM, 1999). B, is given by:

Eue = B, (1+0.939 (d/L)* (B/G))

where:
E.  long-span MOE equals 23 PL*/(1296 I 8io;)
P total load apptlied to the beam, N
L test span, min
d/L  depth to span ratio (1 to 18)
B/G  ratio of the modulus of elasticity to the shear modulus''
1 moment of inertia of the cross section (bd3/ 12}, mm”, and
Bioral total neutral axis beam deflection, mm

"E/G = 16 was adopted for calculations in this paper.
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5.4 Test Cell Characteristic Properties

The characteristic modulus of elasticity is taken to be the lower 95 percent confidence limit
for the mean (average) value of Eye. The lower 95 percent confidence limit for Eyye -
denoted as Eie, mean, 095 Was calculated according to the procedures recommended in ASTM
D 2915 “Standard Practice for Evaluating Allowable Properties for Grades of Structural
Lumber” (ASTM, 1999),

— f s 0.5
Etme, mean, 0.95 = E{ruc, mean- (1.96 (standard deviation of Etruc)) /n

where:
n the sample size for the test cell

The characteristics value for the bending strength is taken to be the lower 5% Non-
Parametric Tolerance Limit. The property, denoted as MOR gan, 0.0s, n11, Was calculated in
accordance with "“The Standard Practice for Establishing Allowable Properties for
Visually-Graded Dimension Lumber from In-grade Tests of Full-Size Specimens” (ASTM,
1999}

6.0 Results

This section includes summary statistics and the characteristic properties derived from the
in-grade data for Hem-Fir (N) and Douglas fir (N) graded to the CFLA JPS 1.

6.1 Summary Statistics -- CFLA Grade Rule

All data has been adjusted to 15% moisture content.

Summary statistics derived from the in-grade tests of Hem-Fir (N) graded to the CFLA JPS
1 grading rule are provided for MOE and MOR by size in Tables 2 to 3. Results for
Douglas fir are shown in Tables 4 and 5. MLIT assigns an MOR material strength of 28.2
MPa for ungraded Douglas fir.

Table 2. MOR summary statistics for Hem-Fir (N) (units - MPa).
105x 105 90x90 45x105 30x105 45x90

mm mim i mm mm
Count 1903 357 1209 568 360
Average 50.75 52.15 55.98 54.53 56.28
Minimum 8.53 16.12 9.22 9.23 9.95
Maximum 108.13 107.94 102.57 102.94 102.57
Std. Deviation 16.38 17.37 £6.17 17.59 17.77
cov 3227%  33.30%  28.89% 32.26%  31.58%
MOR 505 24.20 26.03 28.62 23.84 26.14

MOR g.0s, NTL 23.97 25.25 27.52 22.93 25.01
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Table 3. E,. summary statistics for Hem-Fir (N) (units - GPa).
105x 105 90x90 45x 105 30x105 45x90

mim min mim mim mm
Count 1901 357 1209 568 360
Average 12.41 12.53 12.72 12.63 12.32
Minimum 4.74 6.29 4.62 4.98 6.52
Maximum 26.04 18.30 20.53 20.08 21.46
Std. Deviation 2.44 2.17 2.34 2.65 2.54
COov 19.69%  17.30%  18.39% 20.97%  20.64%
MOE .05, nTL 8.54 921 9.03 8.50 8.27
E e, mean, 0.95 12.30 12.30 12.58 12.41 12.06

Table 4. MOR summary statistics for Douglas fir (units — MPa).
105x 105 45x 105

mil mim
Count 932 913
Average 61.11 66.46
Minimum 15.05 17.18
Maximum 102.54 114.75
Std. Deviation 16.37 18.95
CcOov 26.78% 28.52%
MOR g5 33.57 32.93

MOR 05, nTL 32.82 32.37

Table 5. Eyue summary statistics for Douglas fir (units — GPa).
105x 105 45x% 105

mm mim
Count 932 909
Average 14.57 16.11
Minimum 8.17 6.47
Maximuimn 26.64 26.50
Std. Deviation 2.62 3.13
Cov 17.98% 19.43%
MOE 405, nTL 10.42 10.80
Etrue, mean, 0.95 14.40 15.90

Cumulative distribution functions for the moisture content adjusted MOR and E are given
in Figures 2 and 3 by size for Hem-Fir (N).
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Figure 2. MOR CDF’s for Hem-Fir (N) JPS 1 grade

Figure 3. Ene CDF’s for Hem-Fir (N) JPS 1 grade

Figures 4 and 5 shown the relations between the MOR and MOE CDF’s for 105 x
105 mm and 45 x 105 mm Hem-Fir (N) and Douglas fir (N),
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Cumulative Distribution Frequency

Cumulative Distribution Frequency
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6.2 Summary Statistics for JAS 143 Grades

Summary statistics derived from the in-grade tests of Hem-Fir (N) and Canadian Douglas
{ir (N) graded to the JAS 143 Structural Softwood Lumber grading rule are provided for
MOE and MOR by size in Appendix 1 and II. The sample size weighed properties are also
provided for both the Douglas fir (N) and Hem fir (N) samples.

6.3 Characteristic Properties for the Japanese Building Standard Law

6.3.1 CFLA Grade

The sample size weighted Eiue, mean, 0.05 and MOR g 05, w71, were calculated in accordance
with procedures prescribed in the Japanese building regulations and JPS 1. The test cell
characteristic property data and sample sizes are given in Tables 2 and 3. The unrounded
characteristic properties for Hem-Fir (N) graded to the CFLA JPS 1 grading rule are;

Elrue) mean, 0.95 = 12.37 GPa
MOR gosn1.= 25.00 MPa

Following Japanese practices, the rounded characteristic bending properties and modulus of
elasticity are as follows'?.

Elrue, mean, 0.95 = 12.6 GPa
MOR 0.05NTL ™= 252 MPa

The Japanese Building Standard Law specifies the compression material strength and
tension material strength properties for ungraded Hemlock as follows:

UCS = 19.2 MPa
UTS =14.7 MPa

6.3.2 JAS 143 Grades

Test results for the individual sizes are shown in Appendix 1 and II. Estimated material
strength properties derived for Hem-Fir (N) and Douglas fir (N) based on the in-grade test
results obtained in this study are shown in Tables 6 an 7. The estimated material strength
properties are compared with the material strength properties currently published for JAS
143 grades.

In all cases the estimated MOR material strength properties based on the in-grade test
results (Table 6) meet or exceed the material strength values currently published for JAS
143 graded lumber,

2 MLIT rounding rule adopted for converting old BSL allowable stresses to material sirengths for ungraded
lumber was to round to the nearest larger integer muitiple of 0.3,
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Similarly the mean MOE values (Table 7) significantly exceed the MOE values that are
currently being considered for Hemlock and Douglas fir by the Architectural Institute of
Japan.

Table 6 Material strength values for JAS 143 grades (MPa)
Grade Hem-Fir (N} JAS 143  Douglas fir(N) JAS 143

In-Grade Hemlock In-grade Douglas-fir
JAS Al 38.98 26.4 41.49 34.2
JAS A2 27.84 26.4 32.74 22.8
JAS A3 21.60 216 25.77 17.4
JAS Bl 33.08 21.0 35.57 27.0
JAS B2 26.47 21.0 30.43 18.0
JAS B3 22.45 17.4 20.80 13.8

Table 7. MOE for JAS 143 grades", Hem-Fir (N) and Douglas fir (N) (GPa)

Grade Hem-Fir (N) JAS 143  Douglas fir(N) JAS 143
In-Grade Hemtlock In-grade Douglas-fir
JAS Al 12.50 16.42
TAS A2 12.91 15.48
JAS A3 12.11 14.10
JAS Bi 13.15 15.90
JAS B2 12,55 14.91
JAS B3 11.89 14.24
Sample Size Weighted 12.6 9.4 15.3 12

6.2 Specified Strengths for the Canadian Building Code

The characteristics properties and specified strengths used in the Canadian code for
Engineering Design In Wood (CSA 086) were calculated according to the “Standard
Practice Relating Specified Strengths of Structural Members to Characteristic Structural
Properties "(4).

The reliability normalization factor for bending members B, is calculated as follows:

B=1.58-2.18 V/100

where B the reliability normalization factor, and
v the lower tail coefficient of variation (%)

The characteristic property for a data cell is given by:

R, = B Roos

'* Draft under review by the Architectural Institute of Japan
" The cocfficient of variation calculated based on the lower 15 percent of the test data.
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where R, the nominal or characteristic strength
Rpos  data cell fifth percentile

The lower tail coefficients of variation, test cell 5™ percentiles, reliability normalization
factors and corresponding nominal bending strengths are summarized given in Table 4 for
the sizes of Hem-Fir (N) presented in this report.

Table 4. Nominal Strength Properties for Hem-Fir (N)

Size N cov R g5 B R,
(Lower Tail, %) MPa

105x 105 1903 26.0 2420 1.012 24.5

90x 90 357 19.5 26.03 1.155 30.1

45x 105 1209 284 28.62  0.961 27.5

30x 105 568 32.6 23.84  0.868 20.7

45x 90 360 291 26.14  0.946 247

The sample size weighted average R, was calculated for strength for Hem-Fir (N) products
graded to the CFLA JPS 1 grading rule and tested at an 18 to 1 span to depth ratio is given
by:

Ry, 18 =25.31 MPa.

The specified strength is computed by adjusting the nominal bending strength to the
“Standard Term™ duration of load as follows:

R;=0.8 R, =20.25 MPa.
The specified strengths for tension and compression can be computed based on known
relations to bending strength when tension and compression test data are not available.
Therefore the specified tension and compression strengths were calculated from bending
strength according to ASTM D 1990 procedures.

The specified tension strength is taken to be 45% of the specified bending strength'”:
R, tension =045x 2531 x 0.8 =9.1 MPa

The specified compression strength is given by:
Ry, compression= 0.67 x 2531 x 0.8 = 13.6 MPa.

The modulus of elasticity test data (EL) was adjusted to a 21:1 span to depth ratio and a

uniformly distributed load according to procedures of ASTM D 2915, The sample size
weighted mean modulus of elasticity for use in the Canadian Building Code is given by:

'* ASTM D 1990 Establishing Allowable Properties for Visually Graded Dimension Lumber from In-grade
Tests of Full-Size Specimens. ASTM (1999)
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E mean, UDL, 21 = 12.18 GPa

7.0 CONCLUSIONS

This paper presents the results of the first comprehensive evaluation of the bending strength
and modulus of elasticity of Hem-Fir (N) and Douglas Fir (N) lumber produced in the sizes
and grades used in Japanese post and beam housing systems. This data base provides the
technical information on Canadian Hem-Fir and Douglas fir needed to improve the
engineering design of post and beam housing in Japan by providing accurate information on
material strength properties of Canadian species imported into Japan

Bending strength and modulus of elasticity data have been developed for lumber graded to
CFLA IPS-1 “Structural lumber - Visual grading — Requirements for E 120 Canadian
coastal Hem-Fir (N) lumber products used in traditional Japanese post and Beam building
consiruction”. The material strength properties for Hem-Fir (N) graded to the CFLA IPS |
grade meet or exceed the material strength values current assigned to ungraded Hemlock in
the Japanese building standards. Material strength properties for Douglas fir (N) graded to
the CFLA JPS 1 rule substantially exceeds the material strength valtue assigned for
ungraded “Douglas fir” by the MLIT,

Similarly, the material strength properties estimated for Hem-Fir (N) and Douglas fir (N)
substantially exceed the values consistently exceed the values currently published for the
JAS 143 graded lumber. Therefore there appears to be an opportunity to explore the
acceptance of new higher design properties for Hem-Fir (N) and Douglas- fir (N) traditional
post and beam lumber products in Japan.

The specified bending strengths have been calculated for use in the National Building Code
of Canada (NBCC) following the procedures established by the Code for Engineering
Design on Wood CSA 086. The specified tension and compression strengths have been
calculated in accordance with procedures ASTM D 1990.
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Appendix I: CDF’s for Hem-Fir (N) JAS 143 Grades

Grade MOElme MOEUDL_ 21 N MOR()_(;_; MORNTL N
(GPa) (GPa) (MPa} {MPa})

105 x 105 JAS Al 10.92 10.62 352 38.55 38.06 352

JAS A2 12.85 12.50 443 28.28 26.38 443

JAS A3 12,18 11.85 552 24.10 21.07 552

JAS BI 13.16 12.80 593 34.34 33.71 593

JAS B2 12.36 12.02 512 24.90 25.11 514

JAS B3 11.84 11.52 582 21.99 21.62 582

90 x 90 JAS Al 13.83 13.46 40 37.87 33.00 40

JAS A2 13.21 12.85 73 3323 28.39 73

JAS A3 12.26 11.93 121 26.07 18.97 121

JAS Bl 13.38 13.02 84 33.94 32.50 84

JAS B2 12.42 12.08 101 27.33 25.76 101

JAS B3 12.16 11.83 144 24.63 20.11 144

45 x 105 JAS Al 13.58 13.21 358 41.71 41.51 358

JAS A2 13.05 12.69 356 32.44 31.10 356

JAS A3 12,13 11.80 330 28.89 25.47 330

JAS B1 13.34 12.97 504 37.26 36.45 504

JAS B2 12.68 12.33 327 28.87 31.10 327

JAS B3 11,92 11.59 341 24.61] 25.53 341

30x 105 JAS Al 13.52 13.16 77 40.20 37.14 77
JAS A2 12.75 12.41 360 29.54 2373 360

JAS A3 12.06 11.73 7 17.55 16.86 71

JAS B1 12.79 12.44 249 29.68 27.96 249

JAS B2 12.74 12.40 243 2576 2418 243

JAS B3 11.84 11.52 53 14.08 21.64 53

45 x 90 JAS Al 13.23 12.87 56 36.22 34.94 56

JAS A2 12.99 12.64 110 38.52 36.32 110

JAS A3 11.60 11.28 118 23.69 18.82 118

JAS Bl 12,76 12.41 86 37.12 34.94 86

JAS B2 i2.74 12.39 124 30.20 25.01 124

JAS B3 11.73 11.41 113 23.88 20.77 113

Combined JAS Al 12.50 12.16 883 39.80 38.98 883
(Sampled JAS A2 12.91 12.56 i342 30.83 27.84 1344
Size JAS A3 12.11 11.78 1192 24.37 21.60 1192
Weighted) JAS BI 13.15 12.79 1516 34.68 33.68 1516
JAS B2 12.55 12.2] 1307 26,74 26.47 1309

JAS B3 11.89 11.57 1233 22.86 22.45 1233
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Appendix II: CDF’s for Douglas fir JAS 143 Grades

Grade MOE"-HG MOEUDL_ FH N MOR0_05 MORNTL N
{GPa) (GPa) (MPa) (MPa)

105 x 105 JAS Al 15.54 15.12 309 46,94 39.57 309
JAS A2 14.81 14.41 311 36.96 32.18 31l

IAS A3 13.36 13.00 32 29.06 25.08 312
JAS Bl 15.20 14.79 546 38.95 37.72 546

JAS B2 14.05 13.67 218 32.17 3110 218

JAS B3 13.18 12,83 168 27.06 23.97 168

45 x 105 JAS Al 17.32 16.85 301 44,57 43.45 304
JAS AZ 16.17 1573 304 36.72 33.31 304
JAS A3 14.85 14.45 303 27.37 26.48 304
JAS Bl 16.68 16.23 495 33.62 33.22 498

JAS B2 15.90 15.47 188 33.06 29.66 188
JAS B3 15.03 14.62 225 29.20 28.89 226

Combined JAS Al 16.42 15.97 616 45.76 41.49 G613
{Sampled JAS A2 15.48 15.66 615 36.84 32.74 615
Size JAS A3 14.310 13.71 615 28.23 25.77 616
Weighted) IAS Bl 15.90 15.47 1641 36.40 35.57 1044
JAS B2 14.91 14.50 406 32.58 30.43 406
JAS B3 14.24 13.85 393 28.29 26.80 394

CIB W18 Venice 2001.doc 2001
June 15, 2001 1717






CIB-W18/34-7-1

INTERNATIONAL COUNCIL FOR RESEARCH AND INNOVATION
IN BUILDING AND CONSTRUCTION

WORKING COMMISSION W18 - TIMBER STRUCTURES

SPLITTING STRENGTH OF BEAMS LOADED BY CONNECTIONS
PERPENDICULAR TO GRAIN, MODEL VALIDATION

A Jd M Leijten
Delft University of Technology
A J M Jorissen
SHR-Timber Research and ABT Consulting Engineers

THE NETHERLANDS

Presented by: A Jorissen

H J Larsen discussed and presented resulis of a model (34-7-16) and compared the model
predictions with the current paper. He concluded that the simpler model of {34-7-16) was shown to
be more robust because after calibration it could predict the results from different experiments with
reasonable accuracy. The G and G, terms in the model have physicat meaning unlike the
blackbox approach followed by the current paper. A copy of his discussion was made available to
the participants.

M Baflerini asked about the /GG values in Table 1 which were approximately 18.5 and 12 for

Type A and B respectively,
A Jorissen answered that in the proposal lower bound was chosen if the designer were not able o
distinguish between the connector types. He stated that the /GG, values were not purely a black

box approach although some inconsistencies were observed in some cases.

V Enjily asked whether the referred UK tests were done at BRE. if so they were metal plated
members and would not be appropriate for the bolted connections.

A Jorissen confirmed that the UK tests were done at BRE and clarified point 3 in the conclusion.
He stated that some of the data could still be used for model! verification if the connection zone was
not too large compared to the test span.

J P Biger asked whether the conclusions could be extended to big beams. He stated that dictating
rules would be important to guide designers to design connection with tensile stress perpendicular
to grain.

H J Larsen commented that if splitting mode governed then the approach should be valid for big
beams. He stated that design rules for multiple fasteners would be more important as the current
rules for connector spacing in the parallel and perpendicular to grain direction do not work.

H J Blass stated that one should not encourage engineer to design connections that would be
subjected to such failure mede. Zipper type failures should be avoided.

| Smith commentad that the validations were conducted with tests where stable crack growth
occurred. Validations with test situations with unstable crack growth would be more convincing.
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Introduction

At the previous CIB/W18 meeting a fracture mechanical model was presented for splitting of
beams when loaded by connections perpendicular to grain Van der Put et al.[1]. The model
was validated using experimental test results of Ehlbeck et al. [3]. To react on the comments
received at the CIB/W18 meeting and to increase the validity of the model, experimental
results of other sources are evaluated.

Summary

Splitting of beams loaded perpendicular to the grain by connections is explained by fracture
mechanics, Van der Put et al. [1}{2]. The model is validated and calibrated using tests on
Spruce beams reported by Ehlbeck et al.[3], Ballerini [4], Reske et al. [5] and Reffolds et al.
[6]. A key influence is the ratio between the strength of the connection and the splitting
strength of the beam. The model is sufficiently accurate in representing the data irrespective
of the type of fasteners. Finally, a design proposal for Eurocode 5 is given.

Splitting failure ; N
This paper deals with the evaluation : — : : — v~{e o} |h
of test data using the model givenin | | ¢ he 1o o

{I}. The splitting caused by ===
connections has much resemblance

with the splitting of notched beams,

Figure 1. In both cases unstable 7777
crack growth which will mainly
propagate in grain direction will
cause failure.

Initially, the model derived in [2] was

Figure 1 : Splitting of notched beams and joints.

meant for notched beams. Afterwards the M

model was also proposed for connections.

The starting point of the model is given in M M, ! 5
Figure 2 where a static scheme is given of M

the cracked state. Obviously, the

schematisation 1is a simplification of j
reality. M=Mi+M: i
As shown in [1] and [2] a model can be A=hp 4
derived as given in Equation (1). «

Figure 2: Static scheme of the splitted beam.

1
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Were V; is the critical shear force on either side of the crack, &= h/h, see Figurel, b member
thickness and VGG, is the apparent fracture parameter, The last parameter Vn/n,, takes into
account the number of fasteners divided by the critical number. If n<n, than \/n/nc,‘ =1, see
[1]. In case of the span to depth ratio of the beam exceeds about 5, the governing failure
mode will in many cases not be splitting caused by the connection but bending or shear of the
loaded member itself. It was shown in [1] that the only unknown, the apparent fracture
parameter VGG, could be determined by calibration.

Types of connections

Test results published by Ehlbeck et al., [3], Ballerini {4]. Reske et al. [5] and Reffolds et al.

[6] are evaluated. It will be shown that most tests support the model. Before going into detail,

connections are divided in three groups, depending on the ratio between the splitting strength

and connection strength.

» Type A - this connection is over-designed. The
connection is much stronger than the splitting
strength of the beam (ratio >1) An indication for Load
this type is the relative low embedment stress at
splitting. The load slip curve of this connection
type is nearly linear up to failure.

e Type B — the load slip curve shows the onset of
ytelding. The embedment stresses are higher
than for type A. In fact this type of connection is
a transition between type A and C. A more clear Slip
definition is not needed. )

o Type C - the connection is under-designed. . The  Figure 3: Connection Types
splitting strength of the beam connection is much
higher than the connection strength (ratio<l). The
connection shows high embedment stresses and/or
yielding of the fasteners some combined with
hardening. Fastener yielding (dowel types) is not
always necessary. A plastic behaviour can also
occur in the case of rigid (stocky) dowels where
the embedment stresses have reached the
maximum value resulting in plastic deformation of
the dowel through the wood. The original circular
holes of the dowels become very elongated. This
Type of connection shows considerable plastic
deformation. As a secondary failure mode splitting
occurs.

Figure 4: Crack growth when slender
fasteners are used

Validation of the model

Connections with nails and dowels
The first data set evaluated deal with connections of dowel type fasteners. It is well known
that the failure mode of dowel type fasteners depend, among other variables, of the

2



slenderness ratio. When a Type C connection has slender fasteners, plastic hinges will occur.
At the shear plane of the connection the holes become elongated. When cracks exceed their
critical length, these cracks becomes unstable; these cracks grow in the direction of the
fastener axes as well as perpendicular to this direction, both in grain direction as shown in
Figure 4. For rigid or stocky dowels the embedment stresses are more uniform along the
fastener axes and cracks only propagate in one direction along the grain. Both cases can lead
to the same or different values of the apparent fracture parameter depending on the ability to
deform plastically.

60 7 40
1 O Series V: Test data - dowels o 1 O Scries A & B, nail tests, average values

J 35 ] — Theory of Van der Put
50 = Theory Van der Put . 7
 S— 0] e /4
40 Ty /Yy 7 25 /‘7
] A o E 7
30 /f/ 20 Y
20 7 = INR /(
R Lo

ks

; A 10
0T =7 1 A
] >
0 BN ELELLE B UL SLELLLE UL B AL UL 0'.
0.0 01 02 03 04 05 06 07 08 00 01 02 03 04 05 06 07
O=he/lt = a/h Ozt th = a/h
€

Figure 5: ion f . .
igure 5: Model evaluation for dowels, eq.(1) Figure 6: Model evaluation for nails, eq.(1)

In Figures 5 and 6 some of the data by

Ehlbeck et al.[2] is presented together with the model calibration from [2]. Summarising the

results of the evaluation and accounting for the type of connection it follows:

Type A Series B2 to B4, n=9 VGG.= 17,1 N/mm"’
Series V3, Vivi2,Ve, n=3 VGG,=20.5 N/mm'’
Type C Series remaining V, n=12 vGG.= 12.6 N/mm">

Series G, Cand A, n=53 VGG, = 12.0 N/mm*”®

Connections with dowels

Tests reported by Ballerini [4] are now 400 /
evaluated. The span of the beams was 3400 & 200 /
mm and the beam dimensions were 40x196 ; /
and 40x397 mm. The span to height ratio is § 200 o
considerable 17.3 for the smallest beams and R 100 2 _.

8.6 for the largest beams. The connection !

consisted of one and two 10 mm diameter 0.0 5

dowels in line with the force direction. The 6ot 020 040 060 080
dowels fitted in thick metal plates that didn’t he/h

allow any rotation. These dowels can

therefore be considered are rigid or stocky  Figure 7: Test results by Ballerini [4]

(slenderness ratio 1:4) The slip of the Top line equation (1) with VGG, =9.3 N/fmm'?,

connections was measured, The author bottom line equation (2)

reports that except for the connections where

the dowels were very close to the [oaded edge the mode of failure was more or less plastic. In
3



{4] two load-slip diagrams are presented which show plastic deformations of 4 and 12 mm. In
Figure 7 the test results are presented together with the model calibration based on a mean

apparent fracture parameter VGG, =9.3 N/mm'” substituted in Equation (1),

Connections with bolts and steelplates
Similar tests as reported by Ehlbeck et al. [2] were carried out and reported by Reske et al.
[5]. In addition to the free supported single span beams loaded in the middle Reske added
cantilevered beams loaded at the free end. The steelplates in the steel-timber-steel connection
were 9.5 mm thick and fastened with 19 and 12.7 mm diameter bolts. The glued laminated
beams were 130x190 mm and 80x190 mm. Except

the maximum load also the slip of the connection 20.0

was reported. The slip taken ranged from 0.9 mm 60.0 - .

for connections with 6 bolts to 18 mm for w 50.0 -

connections with one bolt. The model (1) was S 40.0 - s

correlated to fit the test data. However, calibration g 30.0 - ¢
is only valid if the boundary conditions of the test Q 20.0- .

agree to some extend with the model assumptions. 10.0 -

Tests by Reske et al. [5] do not comply with some 0.0 ; 1 w
basic starting points. One of them is the span to 0 2 4 6 8
beam depth ratio. In case the span is small in number of bolts
relation to the beam depth, part of the load will be

transferred directly to the supports. In Reske’s
tests the span to depth ratio was about 3 over 1. As
the number of bolts increase and due to the spacing
requirements the jointed area becomes larger, part of the load will be taken directly by the
supports leaving a smaller portion to force splitting. This will result in higher value for the
apparent fracture parameter as the analyses show, In Figure § the effect of the number of
bolis on the apparent fracture parameter is given. There appears to be a critical number of
bolts of about three beyond which number the apparent fracture parameter, doesn’t increase;
VGG, = 34 N/mm'®. It will therefore be assumed that the tests with more than one bolt
belong to the category Type A and B connections. An indication for this is the maximum slip.
The maximum slip for these test series ranged from 0.97 mm for connections with 6 bolts to
3,46 mm for joints with 2 bolts. For the tests with only one 19 mm diameter bolt the mean
slip is 7.8 mm and the mean apparent fracture parameter VGG, = 14.1 N/mm'®. Within these
Series with one bolt there

Figure 8: The number of bolts related to
the fracture parameter; Reske [5]

actually was one Series of ten 0.0 ~omeerreme e e e e
specimens with : i '
0? 17 9“ n‘:fli: ff:—ladi:lelag[e Shp 50.0 mean (GGEY 5= 20.1 M b P4

. g to an \ b /
apparent fracture parameter as o 400 . $
low as VGG, = 11.3 N/mm'>. It < 1 ,/ ‘
: _ £ 300 1 4 EC5
is assumed in contrast to the o . ,/;I/ ;</
other tests with more than one 209 1/'%// CiB-w1s
bolt these belong to Type C. 10.0 /:-_—;;,,. e

0.0
Connections with 0.00 0.20 0.40 0.60 0.80 1.00
he/h

punched metal plates :
To test the genera} applicability + UK Tests == Mode| = CIB-W18 ——ECE X 5% characteristic

of the model, test data by Ejoure 9: Tests with punched metal plates by Reffolds [6]
Top line eghation (1), VGG, = 20.1 N/mm®?



Reffolds et al. [6] are now being evaluated. The difference with the previous tests is the use
of punched metal plate fasteners. As reported the free span of the single supported beams was
600 mm while the beams tested were of two dimensions 35x145 mm and 45x145 mm. It is
reported that tests where anchorage failure or premature bending failure occurred were
omitted. Anchorage failure indicates under-designed connections compared to the splitting
strength, which exhibit considerable plastic deformation. It is therefore assumed that the slip
of the remaining tests was very small and all belong to Type A connections. Because the
researchers wanted to investigate the effect of punched metal plate length along the grain, a
numnber of plate sizes were tested, ranging from 63, 120, 200 to 401 mm length. Obviously,
tests with 200 or even 401 mm wide plates in a span of 600 mm deviate considerably from
the model assumption of a point load. In fact using plates of 401 mm length the beam is
strengthened over 2/3 of its span leaving the un-reinforced part Ioaded mainly in shear. It is
the author’s opinion that these results can better be omitted from the evaluation. For this
reason the data as shown in Figure 9 is restricted up to tests with the 200 mm wide plates. For
the data belonging to the same he/h value, a cross indicates the lower 5% value. The top line
running through the mean of the data points is the model prediction based on the mean value
of the fracture parameter of VGG, = 20.1 N/mm'”. The lower line is the proposed design
guideline presented in [1]. The line in between is the proposal presently adopted in the draft
Eurocode 5. It can be concluded that the model is able to follow the test data very well while
the design proposals can be considered as safe.

Design proposal for Eurocode 5
'The results of the data evaluated using equation (1) are summarised in Table 1:

Table 1: Summary of evaluation with Equation (1)

Connection Test Series Number of | Mean \/GGC Tests
Type 1ests [N/mm'?] by
B2 to B4 9 17.1 Ehlbeck
A Vi, Viviz, Vo 4 20.5 Ehlbeck
all tests 105 20.1 Reffolds
tests with more than 1 bolt 170 34 Reske
remaining V 12 12.6 Ehlbeck
C G,Cand A 53 12.0 Ehlbeck
All tests 44 9.3 Ballerini
tests with 1 bolt 60 11.3 Reske

From Table 1 it is clear that for Type A connections the apparent fracture parameter is higher
than for Type C connections. Applying Equation (1) as the splitting criterion one would be
able to make use of this higher value if the behaviour of the connection is known beforehand.
The designer of a connection with dowel type fasteners who aims at a plastic behaviour of the
connection before splitting might choose slender or rigid fasteners. The appropriate
connection strength for either connection should be lower than the splitting strength. For both
a plastic failure mode is than assured. For the slender fasteners by yielding of the steel
(Johansen mode II and III} for the rigid fasteners by embedment failure (the fastener cuts
through the timber); typical examples of Type C connections. If the connection strength is
much higher than the splitting strength he might use values for VGG, associated with Type A
connections. As there is a tendency in the design to stimulate connections with a plastic
5



behaviour the lower bound of the apparent fracture parameter VGG, = 12 N/mm'” can be
taken as starting point for a design code proposal. Substituted in Equation (1) it follows
\/(GGc /0.6)=15.5 N/mm'®. Tn order to obtain the characteristic value, the mean value of the
apparent fracture parameter can be reduced to 15.5%2/3 = 10.3 N/mm'” = 10 N/mm'?, which

results in the design proposal given in (2).
2) i\ :

&
Q
Iﬂ‘_‘. Tc; \ OE - *VE I
Y

Where V), is the maximum design shear force on

either side of the connection, Figure 10. In

Figure 9 a line representing the draft ECS

proposal is added. There the value of 10 in Figure 10: Eurocode 5
Equation (2) is changed to 14,

Conclusions

After having analysed and evaluated the test results of Ehlbeck et al.[3], Ballerini (4], Reske
et al. [5], Reffolds et al. [6], it can be concluded that the model is able to describe the splitting
capacity of the timber beams well and irrespective of the type of fastener. The arguments to
make a distinction between Type A and C connections, as the apparent fracture parameter is
lower for the latter, appears to be correct. For practical application, where the designer aims
at equal splitting and connection strength, insuring plastic deformation behaviour of the
connection, a safe lower value of the apparent fracture parameter of Type C connections need
to be considered. Calibration of the model for Spruce, as shown above, leads to the adoption
of a lower bound for VGG, =~ 12 N/mm'”. This finally results in a proposal for design
standards as given in Equation (2).
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P Becker asked whether one or more than one connectors were used.
M Ballerini answered only one connector was modelled because wanied to focus on a,. He stated
that connection geometry would also have an impact.
L Daudeville asked whether crack length was rmeasured.
M Ballerini answered critical crack length would be difficult to measure and second mode was not
important. He also agreed that other failure criteria could be tried later.

+ | Smith stated that the experiments were displacement control and velocity of crack growth is very
important in fracture. Load control would yield a different crack growth rate.

M Ballerini agreed.
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Abstract: The paper presents the results of a numerical study performed to evaluate the
splitting strength of beams loaded perpendicular-to-grain by single-dowel connections.

The investigation, carried out in the framework of LEFM theory, has allowed the derivation
of the stress intensity factors (SIF) of beams loaded at mid-span, for different crack lengths
and for different distances of the dowel from the loaded edge of beams.

The stress intensity factors are computed by means of the virtual crack closure integral
method and by means of the displacement extrapolation technique.

On the basis of the computed SIFs the splitting failure loads of the beams are derived
through the classical Wu’s fracture criterion.

Finally, comparisons between the results of the two SIF computational approaches and
between the numerical failure loads and the experimental ones are reported and discussed.

1 Introduction

The design of dowel-type connections that transfer perpendicular-to-grain forces to timber
elements is actually performed with respect mainly to the strength of the connections and
with little emphasis to the splitting resistance of the beams. In spite of this, it is well known
that frequently it is the formation and the propagation of a crack along the grain of the
timber elements that limits the resistance of the whole system.

The prediction of the splitting strength of beams loaded by dowel-type connections is a
difficult task since it is affected by the influence of many parameters. The main ones are
the distance of the furthest row of fasteners from the loaded edge of the timber elements
(@) and the connection geometry, summarized in number, size and spacing (horizontal and
vertical) of connectors. Although it is well recognised the fundamental contribution of a,,
its role is not completely understood due to above-mentioned not negligible influence of
the connection geometry, which masks and makes difficult the analysis of the experimental
data. This can be easily detected from the published experimental results on connections
with multiple fasteners: {1]+[3], [5] and [6].

On the other side, the investigation of the 4, role by means of single-dowel connections is
not easy to perform due to the limited embedding strength of timber perpendicular-to-grain.
This can be noticed mainly for high values of @, and consequently higher splitting
strengths of the beams, as outlined by the research of Ballerini [4].

For what concerns the theoretical prediction of the splitting strength of the beams, two
different approaches are available. The first one, due to Ehlbeck, Gorlacher and Werner
[7], 1s based on the best fitting of the experimental results reported in [1}+[3] and on
theoretical considerations related to the Weibull theory and to the distributions of the
tensile stresses perpendicular-to-grain. The latter one, due to TACM van der Put [8-9], is



desived on the basis of an energetic approach in the framework of the Linear Elastic
Fracture Mechanics. Although both approaches give reasonable predictions with respect to
the experimental data, the structures of prediction formulae are completely different
highlighting distinct evaluations of the contributions of the various parameters.

To overcome the above-mentioned limits of experimental investigations, numerical FE
analyses can be profitably used to obtain the right contribution of the various parameters
affecting the splitting strength of beams loaded by perpendicular-to-grain joints.
Particularly, for the nature of the problem into consideration, numerical analyses in the
framework of the Linear Elastic Fracture Mechanics (LEFM) seem the most effective ones.
Different researchers have already applied LEFM for the study of the strength of timber
elements when crack propagation occurs, by the others: Aicher et al. [10] for the
investigation of the strength of timber beams with holes, and Yasumura et al. [11] for the
analysis of perpendicular—to-grain bolted joints.

In the foliowing the resuits of a numerical survey devoted to the evaluation of the influence
of a, on the strength of beams loaded by single-dowel connections are illustrated.
Synthetically, the approach consists in the numerical derivation of the stress intensity
factors at the crack tip for different crack lengths (L), different dowel positions (a;) and
two beam heights (200 and 400 mm); in an evaluation of the failure loads of the timber
beams by means of the application of the Wu’s fracture criterion with appropriate values of
the fracture toughness (X\¢); in a comparison and a discussion of the results with regard to
the experimental failure loads of corresponding beams reported in [4].

2 Numerical evaluation of the stress intensity factors in mixed
mode problems

The values of stress intensity factors are fundamentat for the subsequent derivation of the
splitting failure loads of timber beams. Due to this reason, two different methodologies for
the SIF evaluation have been followed with the aim of testing the reliability of the different
approaches.

The two methodologies are:

- the displacement extrapolation technique;

- the virtual crack closure integral method.

In the following the two methods are shortly illustrated.

2.1 The displacement extrapolation technique

The K and Ky values are computed starting from the displacements (horizontal and
vertical) of the finite elements nearest to the crack tip by means of an extrapolation
technique proposed by Chen er al. [12].

The method is based on the work of Sih, Paris & Irwin [13] who have shown that if the
material is orthotropic with a crack alined with one of the main directions, at the crack tip
the stress and the displacement fields are similar to those of an isotropic material, and can
be expressed as the sum of three independent modes.

On the basis of this result and by means of formulae for the stress and the deformations
fields in a small region surrounding the crack tip, it is possible to derive the following
relations between the horizontal and vertical displacements u(r,8 =180°) and v(¥,0 =180°)
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along the propagation direction and the SIF in mode Il and I:

u(r,ﬂ =1 80°)=%\F—E1/2 (¢ +A)
Ji T

v{r,8 :180°)=§L\E A2 1)
E] T

In the previous formulae, valid only in plane stress, r is the distance from the crack tip,
while A and y are:

a 2a12 +a . 1 =V
?\,: _22'_ . X:M W]th: a“. =e— aij B St 3
a3 2ay) E £y

Consequently, the SIF in mode II and 1 can be expressed as follows:

Jn

i = Au(r,0=180°) - E},

1
2r J2(x+A) 42r

K =v(r,6=180°) Eh}i——lmw:m(r,e =180°) Vn E)

KU =1t(i‘,eﬁ180°) E]

20 W2 (g + ) a2r
where
«  A2E «  N2E
EBy=r—meres  , Ep=
A7) (A+x)
and
Au=2u . Av=2v,

From the above expressions is then possible to compute the values of Kj and Kj in the
nodes (the finthest one - C, and the intermediate one - B) of the finite element nearest to
the crack tip. With these SIFs it is then possible to derive the values of Kj and K at the
crack tip by means of the following extrapolation formula proposed by Chen ef al. in [12]:

K =§Kf8 _%ch where =1 1II

It is well known that energetic approaches are better than displacement based approaches
for the evaluation of the stress intensity factors at the crack tip. However, recent literature
results (Guinea ef al. [14]), have highlighted how it is possible to derive good estimations
of SIFs with the displacement extrapolation technique if the FE mesh satisfies some
requisites around the crack tip, They are essentially linked to the number and to the types of
used elements more than to their size. Particularly, the use of triangular elements, derived
by collapsed rectangular 8-nodes quarter point elements, is strongly suggested and a
minimum number of 12 elements is recommended around the crack tip.

2.2 The virtual crack closure integral method

This method computes the values of the energy release rates in mode [ and I, Gy and Gy,
from the nodal forces and the displacements at the crack tip. The values of K7 and Ky are
consequently derived making use, in the case of isotropic linear elastic materials in plane
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stress, of the following relations:

K;=E;G;
Ky =vEyGy

For rectilinearly anisotropic linear elastic materials, the previous relations are still valid
replacing E; and £y with £; and £y, whose expressions have been already defined in the
previous chapter.

The method takes origin from the Irwin’s virtual crack closure integral which represents
the work necessary to close a crack tip from a+A to a.

In case of linear elastic materials, this work is equal to the strain energy release rate when A
vanishes. Consequently, for unit thickness, the energy release rates for modes I and I can
be expressed as:

A

W 1 o o
G; 11_11]@ e riigb e v(r,180°) 0, (A = #,0°) dr
0

A

W 1
Gp=1lim —L =1lim — u(r180°)1., (A—r0°)dr
=350 A A0 ( o )
G

where v(r, 180°%) and u(r,180°) are respectively the opening and slip displacements at a
distance r behind the crack tip at a+A, while 6,(A-7,0°) and T (A-+,0°) are respectively the
normal and tangential stresses ahead of the crack tip along the crack propagation direction.

Rybicki and Kanninen [15] have applied this result to obtain a formula for the strain energy
release rates of isotropic materials modelled with 4-noded non-singular quadrilateral
elements.

Recently, Raju [16] has extended this approach to the case of non-singular and singular
elements of higher order. The extension is valid also for triangular elements obtained by
the collapse of rectangular quarter point elements.

In the case of mixed mode conditions and collapsed quarter point elements, type of
elements frequently used in LEFM, the expressions of G and Gy are very complicated and
the author itself suggests the use of the following approximate simpler formulae:

1
%[F),,- {fil("m _Vm')"' 112("1 '“V!‘)}"'F_)j {1‘21("’:1: _Vm')'i'tZZ(V.’ _V!')}]

Gy =~
=" 9A

1
Gy :_ﬂ[};‘xi {fil(um _1‘rr!')+ 112(”1 _”l")}"'FAj {fZI(”m _”m')'f' f22(”1' _”1')}]

In the previous formulae Fii, Fyi, £y and F); are the nodal forces (along crack propagation
direction — x, and perpendicular to it -~ v} of the element ahead the crack tip in the node at
the tip (i) and in the one at the quarter edge length (/). The terms t,,, vy, 2 and v are the
stip (1) and opening (v) displacements of the elements behind the tip in the furthest node
from the crack tip (m) and in the one at the quarter edge length (/). The apex indicates
nodes which belong to the element behind and down under the crack tip.

Filnally, the ¢ terms are constants with the following values:

3
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The reported formulae have been derived on the basic assumption that the mesh at the
crack tip must be symmetric with respect to crack propagation direction and its
perpendicular direction.

Raju [16] has shown the effectiveness of the formulae for mixed mode problems
particularly when collapsed quarter point elements are used.

The previous formulae for Gy and Gy have been derived for isotropic materials. Taking into
consideration the energetic approach for their derivation, they have been used for the

derivation of the SIFs of orthotropic materials with the formulae reported at the beginning
of this chapter.

3 The numerical models

The numerical models refer to the beams with single-dowel connections tested by Ballerini
in [4]. The parametric study has considered two beams heights (A = 200 and 400 mm),
eight dowel distances from the loaded edge of beams (o = /A = 0.1+0.8), and twenty
half-crack lengths (Y2 L, = 20+750 mm). A total amount of 320 models have been realised
for this study.

The general layout and the details of the mesh are summarised in figure 1. Due to the
symmetry, only half specimen has been modelled.
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Figure 1 — The mesh and its details at the crack tip and at the connection
(specimen S1-2030 with a crack length of 1000 mm).



The analyses have been performed with the commercial FE program ABAQUS-6.1
considering plane stress conditions. The elements used far away from the crack tip are
rectangular CPS8 (continuous plane stress 8-nodes element) and triangular CPS6 elements
of different sizes. The crack tip has been modelled with 16 collapsed CPS8 quarter point
elements. At the connection, contact surfaces have been used between the beam elements
and the dowel ones with a friction coefficient of 0.1. A 0.5 kN load (corresponding to 1 kN
on the whole beam) has been applied at the dowel.

The wood has been considered linear elastic with the following orthotropic parameters:

Ly = 11000 MPa
E, 890 MPa
Gy = 760 MPa
Vey = 0.37

4 The numerical results

The numerical results in term of stress intensity factors are reported in figures 2 and 3.
Particularly, figure 2 shows the SIFs computed on the basis of the two approaches vs, half-
crack length for the two beam sizes and for two very different o values (0.2 and 0.7).

For what concern the two computational methodologies, from the graphs it is evident the
good agreement between them. Nevertheless, the K values obtained from the displacement
extrapolation technique show a noticeable scatter particularly evident in the smallest
beams.
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Figure 2 — K; and Ky values obtained by the different approaches vs. half-crack length
for some specimens.
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The figure 3 reports the SIFs derived by means of the crack closure integral approach for
alf the numerical models.

From the graphs, it is evident that K; and K values decrease significantly when the
parameter o or the height of beams increase. However, if the attention is focused on the
influence of the parameter a., it is possible notice how specimens characterised by the same
distance of the dowel from the loaded edge of the beams have similar SIF values.
Analysing the data with respect to the crack length, the curves representing the K values
show a minimum that moves toward higher values of L, when o increases. The mentioned
minimum seems to be not present in the curve characterized by an o value of 0.1 and a
beam height of 200 mm. This is probably due to the fact that the minimum of this curve is
very close to the minimum numerical half-crack length (' L.) investigated, which is equal
to 20 mm (due to the selected elements size at the crack tip and at the connection) as it is
possible to detect form figure 1.

The observed trend of K curves is less evident for the K curves that show minimums only
for specimens characterized by higher ¢, values (A = 400 mm and o > 0.3+0.4).

For what concerns the mutual ratio between K and K);, from the graphs of both figures it
can be noticed the higher values of K; with respect K, for small crack lengths. On the
contrary, when crack length increases Ky grows faster with respect to K; stressing out how
mode I becomes more important. In spite of this, the faiture of this specimens seems to be
governed prevalently by mode I.

6 / - . 181200 specim cnsg : 6 ‘ / S1-400 specimens,
/ : a,=20-160 nun :/ a, =40-320 mm
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Figure 3 — K and Ky values of the energetic approach vs. half-crack length
for specimens with different heights and different connection positions.
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Figure 4 — o), and G, stress contours for specimen 2030 with half-crack lengths
respectively of 200 and 500 mm.



Finaily, figure 4 illustrates the ; and Oy stress contours for the same specimen and two
different crack lengths. Although the stress distribution analysis is not an aim of the
research, from the pictures it is possible to detect the more severe situation of specimen
with the higher crack length. For what concern 6y, this is evident from the comparison of
the detailed pictures at the crack tip, which show a zone of high tension perpendicular-to-
grain ahead the crack tip immediately followed by a zone of high compressions which are
both more severe for the beam with longer crack length.

With regards to the ¢y stress distribution, it is clear the more severe situation of the part of
the beam beneath the crack belonging to the model with higher L.. Indeed, it seems to
experience a grater bending moment at mid-span and a sagging moment at the section of
the crack tip.

5 Derivation of numerical failure loads and comparison with
experimental data

The derivation of the failure load from the computed stress intensity factors has been

carried out taking into consideration different crack propagation criteria [17]+[20]. In this

paper however, only the calculations based on the fracture criterion of Wu will be

presented. The Wu fracture criterion is:

2
K . Ky

Kice  Kye

Taking in mind the assumed linear elastic behaviour of the material, it can be written as
follows:

k k
I r + '

—_— F,oo=1

Kic " Ky "

where the terms & and /&y are the stress intensity factors for a unit load already computed
and reported in figure 3.

For what concerns the critical toughness, values ranging from 0.3 to 0.6 MPa-m” and from
1.5 t0 2.3 MPa'm” for modes I and I (Kie, Kie) respectively, have been found in literature
for spruce with a mean density of 430 kg/m3 [10], [21}+[23]; the ratio Kyc/Kic usually is
between 3+4.5.

In this work the ratio Kyc/Kyc has been set equal to 3. For K two values have been
assumed: They have been obtained on the basis of two different best fittings of the
experimental data: the first one on the whole data set, the second one on the data
characterized by lower scattering (o < 0.5) only.

The graphs reported in figure 5 show the failure loads of the numerical models as a
function of the half-crack length. They have been derived with K, equal to 0.432 MPa'm”.
The figure shows very clearly how the failure loads increase with g, and o. Indeed,
considering the curves with equal o values, it is evident how an increase of @, produces an
mcrement of the failure load which is however less than linear. Moreover, considering the
curves with equal ¢, values, it can be noticed how the curves corresponding to the higher
values of o show larger failure loads. Also in this case, the growing with o is less than
linear,
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Figure 5 - Numerical failure loads based on Wu fracture criterion vs. crack length.

In figure 6 are reported the critical half-
crack lengths as a function of «,.

The critical crack length is defined as the
length at which instable crack propagation
occurs. In the graphs of figure 5, it corre-
sponds to the value at which each curve
shows the maximum.

As it is possible to see form figure 6, the
critical half-crack length shows a linear
relationship with a.. This relationship is
equal to 0.67-¢, for both beam heights.

The numerical failure loads at the critical
crack lengths have been compared with
the experimental failure ioads reported in
[4]. The comparison, for the K¢ value
derived by the best fitting of the whole set
of data, is reported in figure 7.

From the graph it is evident how the
numerical curves are able to catch with a
well agreement the general course of the
experimental data. However, an under-
estimation of the failure loads of both S1-
200 and S1-400 data with g, less than
100+140 mm is noticeable. This is due to
the higher scatter of the experimental data
for o greater than 0.5, consequence of the
influence of the wood embedding
strength.

Different numerical failure loads have
been obtained considering for the best
fitting only the more reliable data. The
comparison 1is reported in figure 8.

10

critical half-crack length (mm)

F, (kN)

450 600
Y L. halfecrack length fmm)

200 L — 51 zﬂﬂ
160
i20

80

40

e—?/
0 .
0 ot i20 180 240 300 360

. ()

Figure 6 — Numerical critical half-crack
length vs. ¢, and o

Numerical data
35| (Kye = 0.432 MPaum*)

51-200
30
25 C
9
20 p-a
xperimental duta |
16 © §1-200 (d=10 mm) |
0 S1-200 {d=24 mm) |
5 ¢ 51-400 (d=10 mm) :

{11 51-400 {d=24 mm)
240 300 360

180
. ()

Figure 7 — Experimental and numerical
failure loads vs. a,.
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Finally in figure 9, a further comparison
between the experimental and the nume-
rical failure loads is reported.

6 Conclusions

Figure 9 — Comparison yexp V8. Fiypum.

Fl!,ll [3k]4) (kN)

The presented parametric numerical work is characterized by a considerable amount of

analyses performed to catch the influence of the fundamental parameters ¢, and o on the
strength of beams with single-dowel connections. Moreover, two different SIF

computational approaches have been used for comparison and validation purposes.

The results of the research has allow to derive the following outcomes:
e the results given by the two SIF computational approaches are in good accord,

however the ones of the crack closure integral method are more reliable;
e the analysis of the course of computed SIFs has allow to highlight the influence of

parameters «, and o

¢  the numerical failure loads derived on the basis of Wu fracture criterion are in a good
agreement with the results of the experimental data;
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» the course of these numerical failure loads has ailow to highlight the influence of main
parameters (g, and o) on the splitting strength of beams also for those cases where
testing is problematic because of the high embedding stresses;

¢ the fittings made on the course of the numerical failure loads show how the structure
of the prediction formula of Van der Put is in a quite good agreement, the parameters
of the power fitting however are different for the two beam sizes;

» astly, a relationship between the numerical critical crack lengths and «, has been
derived.

Acknowledgements

The authors wish to thank the Ministry of the University and Scientific Research whose

grants have allowed the development of the research.

References

[1]

[2]

(6]

[7]

Mdihler K., Lautenschliger R., 1978  Grofifiichige  Queranschliisse  bei
Brettschichtholz. Forschungsbericht des Lehrstuhls flir Ingenieurholzbau und
Baukonstruktionen, Universitit Karlsruhe.

Mohler K., Siebert W., 1980: Ausbildung von Queranschliissen bei angehdngten
Lasten an  Brettschichtholztrdger.  Forschungsbericht des Lehrstuhls  fiir
Ingenieurholzbau und Baukonstruktionen, Universitit Karlsruhe.

Ehlbeck J., Gorlacher R., 1983: Tragverhalten von Queranschliissen mittels
Stahiblechformteilen, insbesondere Balkenschuhe, im Holzbau. Forschungsbericht
der Versuchsanstalt fiir Stahl, Holz und Steine, Abt. Ingenieurholzbau, Universitit
Karlsruhe.

Ballerini M., 1999 A new set of experimental tests on beam loaded perpendicular-
to-grain by dowel-type joints. CIB-W18, paper 32-7-2, Graz, Austria.

Reffold A., Reynolds T.N., Choo B.S., 1999: An investigation into the tension
strength of nail plate timber joints loaded pevpendicular 1o the grain. Journal of the
Institute of Wood Science, Vol. 15, No. 1.

Reske R.G., Mohammad M., Quenville JH.P., 2000: Influence of joint
configuration parameters on strength of perpendicular-to-grain bolted timber
connections. Proceedings of 6th World Timber Engineering Conference, Whistler,
B.C., Canada.

Ehlbeck J., Gorlacher R., Werner H., 1989: Determination of perpendicular-to-
grain tensile stresses in joints with dowel-type fasteners: a draft proposal for design
rules. CIB-W18, paper 22-7-2, Berlin, German Democratic Republic.

TACM van der Put, 1990: Tension perpendicular to the grain at notches and joints.
CIB-W1§, paper 23-10-1, Lisbon, Portugal.

TACM van der Put, 1992: Energy approach for fracture of joints loaded
perpendicular to the grain. COST 508, Workshop on fracture mechanics in wooden
structures, Bordeaux, France.

Aicher S., Schmidt J., Brunold S., 1995: Design of timber beams with holes by
means of fracture mechanics. CIB-W 18, paper 28-19-4, Copenhagen, Denmark.
Yasumura M., Daudeville L., 1999: Design and analysis of bolted timber joints
under lateral force perpendicular-to-grain. CIB-W 18, paper 32-7-3, Graz, Austria,

12



[12]

[13]
[14]

[15]

[16]

[17]
[18]
[19]
[20]

[21]

[22]

[23]

Chen L.S., Kuang J.H., 1993: A displacement extrapolation method for two-
dimensional mixed-mode crack problems. Engineering Fracture Mechanics, Vol. 46,
No. 5, pp. 735-741.

Sih G.C., Paris P.C., Irwin G.R., 1965: On cracks in rectilinearly anisotropic
bodies. International Journal of Fracture Mechanics, Vol. 1, pp. 189-203.

Guinea G.V., Planas J., Elices M., 2000: K; evaluation by the displacement
extrapolation technigue. Engineering Fracture Mechanics, Vol. 66, pp. 243-255.
Rybicki E.F., Kanninen MLF., 1977: 4 finite element calculation of stress —intensity
Jactors by a modified crack closure integral. Engineering Fracture Mechanics, Vol.
9, pp. 931-938.

Raju LS, 1987: Calculation of strain-energy release rate with higher order and
singular finite elements. Engineering Fracture Mechanics, Vol. 28, No. 3, pp. 251-
274.

Wu E.M, 1967: Application of fracture mechanics to anisotropic plates. ASME
Journal of Applied Mechanics, Series E, Vol. 34, No. 4, pp. 967-974.

Jernkvist L.O., 2001: Fracture of wood under mixed mode loading. I. Derivation of
[fracture criteria. Engineering Fracture Mechanics, Vol. 68, pp. 549-563.

Jernkvist L.O., 2001: Fracture of wood under mixed mode loading. 1I. Experimental
investigation of picea abies. Engineering Fracture Mechanics, Vol. 68, pp. 565-576.
Hunt D.G., Croager W.P., 1982: Mode /I fracture toughness of wood measured by
a mixed mode test method. Journal of Material Science Letters 1, I, pp. 77-79.
Valentin G.H., Bostrém L., Gustafsson P.J., Ranta-Maunus A., Gowda S., 1991:
Application of fracture mechanics to timber structures. RILEM state-of-the-art-
report.

Tan D.M., Stanzl-Tschegg S.E., Tschegg E.K., 1995: Models of wood fracture in
mode I and mode II. Holz als Roh-und Werkstoff, Vol. 53, No. 3, pp. 159-164.
Larsen HLJ., Gustafsson P.J., 1990: The fracture energy of wood in tension
perpendicula to the grain. CIB-W18, paper 23-19-2, Lisbon, Portugal.

13






CIB-W18/34-7-3

INTERNATIONAL COUNCIL FOR RESEARCH AND INNOVATION
IN BUILDING AND CONSTRUCTION

WORKING COMMISSION W18 - TIMBER STRUCTURES

DOWEL JOINTS LOADED PERPENDICULAR TO GRAIN

HJ Larsen
P J Gustafsson
Division of Structural Mechanics, Lund University

SWEDEN

Presented by: H J Larsen
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1 Abstract

The results of tests with doweled joints in VL loaded perpendicular to grain are reported. Four
Jjoint configurations were tested: 1, 2 and 3 dowels in line and 2 dowels side by side. Further tension
and splitting properties perpendicular to grain were determined. Some of the specimens were stored
and tested in standard climate (23 °C/65 % RH) but most were stored in an open barn in Southern
Sweden. The specimens were long-term loaded in the barn with target load levels relative to the
short-term strength of 65% and 80%. Load was applied winter, spring, summer, autumn 2000 and
winter 2001 to determine the influence of different climatic conditions. The main results are: The
short-term strength is not influenced by the seasons The short-term strength of the joints can be
predicted by a simple equation based on linear fracture mechanics. The load-carrying capacity of
two dowels side by side and a single dowel are identical. The effect of loading time for joints
loaded perpendicular to grain is much more severe than for timber: the time to failure under a load
level of 60 per cent is only 180 days. A safe load level is only about 30 percent of the short-term
strength. The drying distortions of the specimens used to determine the tensile strength (40x70x280
mm) have a great influence on the results, the mean value is only 0.67 MPa , the minimum value
only 0.25 MPa. Tests are still going on.

1 Introduction

Y

Figure 1. Examples of tension and shear failure of joints. a) and b) Load applied perpendicular (at an angle)to the grain.
¢) Splitting due to wedge action.



To design timber structures effectively it is necessary to have methods that can correctly predict the
load-carrying capacity of overlap joints with dowel type fasteners for both ductile and brittle
failures, taking into account the influence of loading and moisture history. Brittle failure may be
caused by shear and fension perpendicular to grain (splitting), see figure 1. These phenomena are of
course most common when the load has a component perpendicular to the grain, but can also be
experienced for load parallel to the grain even with spacing etc. in accordance with normal design
practice. As an example may be mentioned the case with several fasteners (especially non-slender
fasteners) in line in the force direction.

For ductile failure many researchers have proved that the so-called European Yield Model — first
proposed in [Johansen, 1949] — gives an excellent prediction of the load-carrying capacity. For
brittle failures only rather crude theoretical expressions exist, and only for very special cases.
Design is, therefore, often based on simple empirical or semi empirical rules, e.g. those of [Draft
Eurocode 5, 20017, or the load-carrying capacity found from the yield model is reduced rather
arbitrarily.

3  Strength analysis

In [Yasumura and Daudeville, 1998] bolted timber joints loaded perpendicular to the grain have
been analysed using a finite element method to calculate the stresses around the boltholes and to
follow the crack propagation. They conclude that a linear elastic finite element method is an
appropriate (ool

Another method for strength analysis is non-linear fracture mechanics, see ¢.g. [Gustafsson, 1985]
and [Brostrom, 1992}, A very simple expression for the load-carrying capacity for a dowel joint
loaded perpendicular to the grain has been proposed by Gustafsson, see below. It is based on a
fracture energy balance equation and a chosen displacement field — fulfilling the conditions of
geometrical compatibility — for the deformation of the wood during crack propagation.
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Figure 2. Specimen for which a simple strength equation is derived. The total load is P.

A load P is transferred trough one or more dowels placed in line, see figure 2. The distance to the
innermost dowel hole is I. The holes are formally regarded as pre-existing cracks located along the
grain and having a length 2a equal to the diameter of the dowel hole. The strains in the load-
carrying region are assumed to be dominated by shear strains, 3 and the assumed deformation
pattern is as shown in the figure 2. The displacement of the load P is:



S =ay = at/G = 0.5aPAIbG) )

where b is the thickness of the specimen and G is the shear modulus of the wood, assumed to be
linear elastic. The potential energy of the system, W, is the sum of the strain energy in the wood and
the potential energy of the load. Since the material is regarded as linear elastic:

W = — P32 = — Pa/(4lbG) (2)

At the limit Joad where the crack starts to propagate, there is balance between the decrease in the
potential energy, —dW, and the fracture energy required for propagation of the crack. The energy
required for increasing the crack length by 2da, i.e, increasing a by da, is Gb(2da), where Gy is the
perpendicular to grain fracture energy of the wood. The energy balance:

~dW = 2G,bda 3)

together with equation (2) gives the failure load:

Py = 262066y 4)

It is noteworthy that the predicted P, is not affected by the diameter of the hole or by the tensile
strength of the wood. Instead, the decisive material parameters are shear stiffness and fracture
energy, and the decisive geometrical parameter is the edge distance, I, for the innermost dowel. Tt
must, however, be recalled that the derivation of equation (4) is based on a simplified assumption in
terms of a constrained displacement field. Since the chosen displacement field fulfils the
compatibility conditions, the stiffness is overestimated and the strain energy for a given load P
accordingly underestimated. This means that equation (4) can generally be expected to overestimate
the absolute value of the failure load. This can be expressed by means of an efficiency factor, 7, for
the displacement field, giving

Poi=2b0J2GGr (5)

where 7< 1.0,

4 Tests

4.1 Specimens

Six types of specimens were tested, see figure 3. The specimens were double symmetrical. The
dowel specimens are named after the number of dowel lines and the number of dowels in the line.
The distances 44 are the minimum values according to [Draft Eurocode 5, 2001]. DCB stands for
Double Cantilevered Beam specimen. T denotes tension specimen,

The specimens were made from 40 mm thick Laminated Veneer Lumber (LVL) from Malarply,
Sweden. LVL was chosen to get a uniform material and because of the size of the specimens. The
dry density was about 450 kg/m3 with a coefficient of variation of 2.4 per cent.The dowel diameter
was 14 mm and the steel quality ensured that the stresses in the dowels were in the elastic range.
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Figure 3. Test specimens. The T-tests were made by ghuing LVI. with the grain parallel to the axis to the ends of the test
section that is loaded perpendicular to the grain.

4.2 Conditioning
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Figure 4. Moisture variations in wood in the test barn.

The specimens for the main series were stored in an open bam in Southern Sweden. To have a
realistic moisture variation in the specimens the end grains were sealed with an asphalt tape. The



moisture content of the specimens was controlled. The air temperature and the relative humidity
were recorded. The typical variation of the moisture content is shown in figure 4.

4.3 Test set-up

Figure 5. Testing of DCB specimens. Figure 6. Testing of 1x3 specimens.

The load was transferred by two 4 mm thick steel gusset plates to a 16 mm dowel. The 17 mm hole
for the dowel was predrilled in both plates as were the 15 mm holes for the 14 mm dowels in one of
the steel plates. This plate was placed on top of the joint and used as lead when drilling 15 mm
holes through the LVL and the bottom steel in one operation, thus ensuring a perfect fit. The
spectmens were loaded with dead load through chains and/or shackles.

The DCB (Double Cantilever Beam) specimens were loaded directly as shown in figure 5. The
other five types were tested in rigs as shown in figure 6. A detailed description of the test rigs,
which have been used for several EU-projects, can be found in {Gustafsson, 1988] and [Gustafsson,
1997].

4.4 Tests

The main element is the test packages described below tested February 2000 (winter), May 2000
(spring), August 2000 (summer), November 2000 {autumn} and February 2001 (winter).

A test package consists of the following:

¢ short-term ramp-loading (time to failure about 3 minutes) of 6 specimens of each type, 36
specimens in all

* long-term loading of 5 specimens of each type, 30 specimens in all, under constant load with a
load level of about 80 per cent



* long-term load of 5 specimens of each type, 30 specimens in all, under constant loading with a
load level of about 65 per cent
¢ Determination of the moisture profile for two specimens.

The load level is estimated from the short-term resuits from the same package, which may vary as a
result of the varying moisture content (maximum in winter, minimum in summer, and with
maximum variations in spring and autumn).

Further, the test programme consists of determination of the following properties after conditioning

in standard climate (65 per cent relative moisture content and 23 °C):

e short-term ramp-loading of 10 specimens of each type, 60 specimens in all

¢ Jong-term loading of 5 specimens of types Ix1, T and DCB , 15 specimens in all, under
constant load with a load level of about 80 per cent

e long-term loading of 5 specimens of types 1x1, T and DCB, 15 specimens in all, under constant
load with a load level of about 65 per cent.

¢ determination of the compression strength and the embedding strength perpendicular and
parallel to the grain for 20 specimens, 80 specimens in ail.

The short-term strength was also determined for specimens 1x1, 1x2 and 1x3 after conditioning in
35, 65 and 85 per cent relative humidity and 23°C. Each series consisted of 18 specimens, 54 in all.

5 Test results

5.1 Moisture variations

The moisture variations in the wood were followed by weighing 40 mm thick samples. The samples
were sealed along their edges. The result is shown in figure 7. The MC indicated by circles and
straight lines were obtained by manual weighing every second week and the curve by continuous
recording of the weight. The absolute value of the MC was obtained by drying a set of matched
specimens. The initial MC December 23 1999 was 9.0 %.
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Figure 7. Moisture content



5.2 Short-term strength
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Figure 7. Strength variation over the year

The results from the short-term ramp loading are given in table 1 (at the end of the paper). The
variation with the seasons is shown in figure 7.

There are no clear trends, except that the values for winter 2000 are slightly inferior. This may be
the result of insufficient conditioning: the LVL was delivered in the beginning of December with a
moisture content of about 9 per cent and was tested in the beginning of February after a period with
a rapid moisture uptake. In the following all short-term values are treated as one population with
properties as shown in table 2.

TABLE 2. Mean short-term strength values compared to the theoretical values according to (4). The coefficient of
variation is given in ( ). #7is the efficiency factor, see (5).

1x1 1x2 1x3 2x1 T DCB
Fute, rest kN 7.43 11.31 14.52 7.64 1.86 1.34
(5 %) (6 %) (8 %) (7 %) (14%)  (13%)
Fm’l, theory kN 11.97 16.93 20.73 11.97
7 0.62 0.67 0.70 0.64

The theoretical failure load Fuy meory is calculated from (4) with the following values: Gy = 0.40
N/mm corresponding to the results from the DCB tests, see [Gustafsson and Larsen, 2001] and G =
500 MPa. On average the efficiency factor is estimated at 7= 0.66.

The tensile strength found from the T specimens is 0.67 MPa, but with very great variations: the
minimum value is 0.25 MPa, the maximum value 1.25 MPa. The specimens with low strength
values were generally heavily distorted (curved perpendicular to the panel direction), probably due
to release of prestresses from the production.



5.3 Long-term strength

In [Gustafsson and Larsen, 2001] the results of the duration of load testing are analysed for the
different seasons. There is a clear influence of the fluctuations of the absolute moisture levels. The
time effect is much higher for loading during summer and less pronounced for loading during
winter.

In the following the general load duration effect is analysed. To estimate the load level the n test
results for a specimen type (e.g. all 1x1) are ranked. It is assumed that the strength of the weakest
specimen in a group (with 5 specimens) corresponds to the median of the 0.2n weakest specimens,
i.e. to the strength of the specimen with rank 0.1n (interpolation). The following specimens are
assumed to have the same strength as the specimens with rank 0.3n, 0.51, 0.77 and 0.9n. The
strength level is calculated as the ratio between the strength and the mean value given in table 2 and
it is assumed that the ranking according to time to failure corresponds to the ranking according to
strength.

The time effect for the 4 joint configurations was the same and is shown in figure 8. Only
specimens that survived more than 1 day are included (for shorter time to failure the estimation of
the load level is unreliable). Included are also specimens where the testing was stopped before
failure and specimens that are still loaded. For DCB half of the tests were stopped after about 6
months or are still loaded. This means that the estimated time effect is on the safe side (for DCB
rather much on the safe side). The best linear fit {(correlation coefficient -0.76) is:

y=88.5-12.6x ()

1x1 1x2 1x3 2x1

100 7 Load level % W 1x1
O1x2
®1x3
Q2x1

40 1 Y |
0 1 2 3

Logye time in days

Figure 8. Time to failure as a function of the load level.



where y is the load level in per cent and x is loge(time to failure in days). A load level of 60 per
cent — the long-term strength value often given in codes - corresponds to a loading time of only 180
days. To be safe in 100 years the load level should not exceed about 0.3.

The best linear fit (correlation coefficient 0.59)for DCB is:
y=127-225x (6)

A Joad level of 60 per cent corresponds to a loading time of 3 years. The 100 years safe load level
value is 0.25.

The scatter of the T-results is so big that it is not possible to give a reasonable estimate of the time
effect.
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Quality Control of Connections based on
in V-shape glued-in Steel Rods

Jorma Kangas, Ari Kevarinmiki
VTT Building Technology
Finland

1 Introduction

Design method of connections based on glued-in rods forming V-shape has been presented in
CIB meeting in Delft [1]. It is based on large test series of high capacity connections with
numerous rods during the past ten years. In Finland standardised steel elements for these
connections and a special apparatus for manufacturing the connections have been developed.
They were also used in making the connections for the latest test series. The quality control
method is developed for the manufacturer who is specialised in fabricating structures with these
apparatuses. The purpose is to prevent or at least to minimise the effect of the possible
production errors. Already thirty years glued in screws have been used in Finland in the heel
connections of glulam columns. They have their own quality control method.

This paper presents a method for the quality control of manufacturing the V-connections. The
steel elements have their own production control. The adhesive has its control method with testing
of small joints. The gluing apparatus has its regular checking procedure with small samples taken in
short intervals during the production. The length, size, direction and location of the drilled holes
have continuous checking with the assembling of the steel elements without the adhesive. Regular
bookkeeping of the quality control operations is demanded and checked by exterior quality control
organisation.

These guidelines based on the assumption that for glued-in steel roads it will be required the
same system of attestation of conformity as for other glued wood constructions. The requirement
will be the system of attestation of confirmation AC1. That includes

1) Type testing of product by Testing body

2) Initial inspection of the factory and of the quality control by Inspection body

3) Internal quality control by Manufacturer

4) Testing of samples by Manufacturer (no extern testing is required)

5) Continuous surveillance, assessment and approval of the production control by Certification
body

Quality control procedure contains:

- demands for production conditions and handling of the materials and the products,

- methods for checking the proper sizes and properties of the materials and components used in
manufacturing the connections,

- methods for production control and proof loading



2 Certification

In Finland the Producer needs a certificate from VTT (Inspection and Certification body) for the
independent manufacturing the V-connections with glued-in rods. The facilities, the skills of the
personnel and other conditions for good production will be checked in the certification and the
required quality control measures will be set. An exterior supervisor will be needed until the
certificate becomes valid.

3 Requisites

3.1 Production conditions

Production hall shall have proper climate during the production. Its temperature and moisture shall
be in the required limits: temperature at least 18 °C and relative moisture content 70% at the most.
Means are required for glulam elements to be moved safely. Separate room are needed for storing
the adhesives.

3.2 Rules for actions

Separate phases of the production shall be written guidelines like the use of the drilling and gluing
apparatus, handling of the glulam, activities in quality control and they shall be followed. There
shall be ability for rapid reactions in the case of accidents. Protective supplies shall be used in
gluing.

4 Materials

4.1 Glulam

Glulam production is under official quality control. The client shall only check that the beams are

made to order and design concerning the dimensions, strength class and moisture content and that

shall properly be registered. Mean moisture content in the connection area shall not be more than

three %-units higher than the lowest designed moisture of the glulam structure. Moisture content

shall be measured on each four sides of at least one beam at the distance of 0,5 meter from the end. -
The glulam beams shall be stored before gluing the rods at least two days under conditions of

temperature at least 18 °C and relative moisture content 70% at the most.

4.2 Steel elements

The fabrication of the steel elements shall also be under official quality control concerning the
material properties and the quality of welding. Engineering works, which is manufacturing the steel
elements shall have a quality control agreement with a notifield certification body. Some
standardised steel elements used for the heel connections are shown in figure 1. They shall be sand
blasted at least in the anchorage arca and coated elsewhere with epoxy paint. Coatings approved by
testing are allowed also on the rods. The rods in the steel elements shall have the given angles and
dimensions. The connection manufacturer shall only check and register those properties. The design
of the steel elements shall be based on the yield of the steel instead of timber failure in the
connection.
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Figure 1. Standardised steel elements and their use for the heel connections.

4.3 Adhesive

In VTT s test series three different Epoxy adhesives have been used and they all behaved very well
[2]. The yield limit of the rod material was without exception exceeded with shorter anchorage
lengths than are used in steel elements. These adhesives are allowed to be used in gluing the steel
rods. When receiving a new portion of adhesive its use shall be checked by making compression
test specimens with five rods of slendemess ratio A=10 for the proof-loading (Type testing).

Documents about the properties and the guidelines for the use and storing of each adhesive given
by the fabricator shall be available and they shall be followed and registered. Those can be e.g. the
date of receiving the adhesive, description of the adhesive, shelf life of its components, exact
proportions of the components in the adhesive and storing conditions (Internal quality control).

For each workday and at least for every delivery a joint of one rod similar to that of proof-loading
shall be made and stored in the same circumstances as the glulam components. Each test joint shall
be marked and the test results documented so that its connection to the produced glulam structures
can be followed (Testing of samples).

5 Production methods and control

This quality control method is made mainly for the fabricator, who has precision drilling machinery
and a computer guided gluing apparatus. They will simplify the quality control and will make #
possible to use rather complicated prefabricated steel components with many rods.

5.1 Drilling the holes

The precision drilling machinery has proved to be reliable to make accurate drillings. At first the
locations of all holes for the rods or the rod pattern shall be checked and marked on the surface.
Then the direction and the depth of the first drilling is set and the hole made and the result is
checked. After that all similar holes are made and the same procedure is repeated for the other
drillings. The following drillings are then easier, but they will need checking from time to time. In
figures 2 and 3 the drilling machine is in action. Finally the whole connection will be assembled for
checking, see figure 4. The type of connection, the rod pattern, the thickness of the rods, the
anchorage length and the size of drillings shall be registered.
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Figure 4. Mortised V-connections for tension members assembled without adhesive for checking.



5.2 Use of the adhesive

The gluing apparatus will make the handling of otherwise difficult Epoxy adhesive very easy. Both
components are in separate containers, from which they will be portioned out in chosen ratio guided
by computer. By heating the viscosity of the adhesive can be increased to make portioning much
easier. Mixing of the components will happen efficiently and safely in a small spiral tube, where the
components will flow through separate nozzles. The amount of the adhesive needed for each joint
can be calculated and that amount will be delivered and controlled by computer. Due to high
viscosity the rods are easy to push into the holes and adhesive can be added onto the joint if
necessary. Another method is to inject the adhesive through the holes. The gluing apparatus and the
columns after gluing the heel joints can be seen in figure 5.

Figure 5. The gluing apparatus and the columnns after gluing the heel joints

The duties in quality control are quite clear. Demands for a sufficient amount of adhesive and a
good contact to the surfaces are easy to fulfil and to notice. Almost the only task is to take care of
the proper proportioning of the components. It is important that the gluing apparatus will work
well. Therefore its maintenance shall be regular according to the instructions. In the beginning of
gach working period the samples of each component delivered from the nozzles shall be measured
and their proper ratio shall be checked. During the gluing shall the right colour of the adhesive be
observed and small separate samples taken regularly. These activities shall be registered.



53 Post handling

The glulam beams can be turned over next day after gluing for preparing the connection on the
other edge. The prepared glulam elements shall be stored at lest two days on the production
conditions before their delivery. They shall be labelled so that its production time can be identified
afterwards. The ends of the beams shall be coated to reduce the variation of their motsture content
in connection area. The connections shall be protected against damages during the transportation.

6 Proof-loading by manufacturer

Proof-loading in quality control procedure will be used, when receiving a new portion of
beforehand accepted adhesive. Its use shall be checked by compression test specimens with five
rods of slenderness ratio A=10 and the protrusion of 10 mm, see figure 6. The most common rod
thickness 20 mm will be used, so its total length is 210 mm and the diameter of the drilled hole 25
mm.
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Figure 6. Compression test specimen for checking of adhesive.

The joints will be loaded after about three days with the constant rate of 20 kN/min compressive
load. The portion will be acceptable, if the mean capacity of five rods is at least 90 kN. If that limit
is not achieved and the failure is obviously not due to adhesive itself (timber failures, buckling of
the beam etc.), the test will be repeated with better arrangements. The portion will be rejected, if the
repeating will not give better results. During a week for each workday and at least for every delivery
made joints of one rod shall be loaded before the delivery of the corresponding structures with the
acceptance criterion of 86 kN (£, ). If that limit is not achieved and the failure is obviously not due
to adhesive itself, the corresponding connections shall be reinforced.

7 Reporting

The manufacturer shall continuously keep a dated diary about the quality control activities. There
shall be written the checking, measuring and testing results and other activities, which are
mentioned in the quality control agreement. The names of those, who have carried out the tasks and
who are responsible of the guality control shall be written in the diary. The diary shall also contain
the signs of those glulam elements, which the quality control will concern. The diaries shall be kept
at least five years.



8 Exterior quality control

The exterior quality controller (Certification body) will visit twice a year and that will be renewed
unexpectedly if necessary. During the visit the manufacturers own quality control and its book-
keeping will be checked thoroughly and the tests and measuring duties will be supervised. The
properties of the products also will be checked randomly. The certification body will summarise the
reports of the quality control visits and the summary will be delivered to the manufacturer.
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« H JBlass commented that the load slip curves were shown up o 4 mm of displacement and
questioned how did the joints behave after 4 mm.

» M Grosse stated that tests were performed up to 15 mm and the information shown up to 4 mm
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» M Grosse answered that the single shear icint test method was found to be better especially for the
log and recommended the single shear joint test.






Testing connector types for laminated timber-concrete
composite elements

M. Grosse, S. Lehmann, K. Rautenstrauch
Institute of Structural Engineering
Bauhaus- University Weimar, Germany

1. Introduction

The idea of combining the constructionally favourable characteristics of concrete and
timber is not new. The thereby mainly tension-stressed timber and compression-stressed
concrete offer good carrying behaviour. A good overview of possibilities and state of
research of shear connections in timber concrete composite elements is given by Blafl & al.
(1996), Kreuzinger (1999}, Meierhofer (1994) and Ruske (1998).

The connection between timber and concrete is of fundamental importance for stiffness
and carrying performance. Since these systems have usually been realised as timber-
concrete composite beams which are mainly taken for bridges or revitalisation of timber
beam floors, dowel type connectors were normally studied and taken for the transfer of
shear forces.

At the Bauhaus-University Weimar a research program was initiated to develop new
connectors for transferring shear forces in laminated timber-concrete-composite plates. In
the context of this paper the joints with flat-steel-locks, punched steel sheets and concrete
cams are introduced.

An overview of shear tests, performed to examine the load-slip characteristics and bending
tests of full sized composite floor elements is also given. Test data and picture material are
presented.

2. Constructions of shear connection

2.1 Flat-steel-locks

So called “flat-steel-locks™ are zinc-coated flat aradient 5°
steels with a cross- section of 5/40mm, which are ST ;
driven into sawing cuts in transverse direction of
the nail-laminates with a 5°-angle to the vertical.
The locks must be arranged only at few points in
the compound-joint of a composite element
(figure 5). If the compressive force in the
concrete layer is not sufficient, an additional
reinforcement right above the locks is necessary
to cover the tension force, which results from the
lever effect by the lock.

laminated timber

Figure 1: Construction of the flat-steel-lock _




2.2 Punched steel sheets

25mm-holes are punched in zinc-coated steel sheets (thickness t=0,75mm) in 50mm-
distance (figure 2b). The sheets are placed between two laminates and lengthwise turned
down to enable automatic machine-nailing (figure 2a). Before pouring concrete sheets have
to be straighten up again and reinforcing steel is placed through the holes in transverse
direction.
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Figure 2: a) Prefabricated lamella for shear connection b} Zinc-coated punched sheet

2.3 Concrete cams

30mm-diameter-holes are equidistantly drilled into the vertically arranged out-sticking
timber laminates (figure 3). The holes can be easily filled out with concrete. These
“concrete-cams® can transfer shear forces between timber and concrete in bending stressed
composite elements. In this construction the cams are double-shear stressed. Additionally it
can be assumed, that the concrete slab will wedge if transverse stiffness of the laminated
timber element is sufficient. Differing to other test configurations the concrete was this
time reinforced by steel fibres and a filter line of 0/8 mm was applied.

20
122

bgd

Figure 3: Concrete cam construction

3. Shear tests

The behaviour of the shear connector in the composite joint between timber and concrete s
extremely important for the carrying and deformation performance of composite structures
with compliant connections. To enable a structural model the load-slip-characteristics,
failure load and failure mechanism of each connection type was determined by
experimental tests. Shear tests using specimens with only one shear joint have been
conducted as illustrated in figure 4. Table 1 shows five different tested variations of
specimens. To get meaningful results a sufficient number of short-term shear tests have



been conducted. Experimental procedure and applied load history were taken according to
DIN ENV 26891. Test setup with dial indicators and load cells are iflustrated in figure 4.
The versions HVS/F and HVS/FL have been additionally tested by symmetric shear test
with two shear joints, also known as “Push-out“-arrangements.

HVS/F | Flat-steel-locks o

i

A
L 4

8"40=32.0

8,0
12,0
Y
HVS/FL | Flat-steel-locks
with out-sticking
boards 8,0

50,0

k4

A

12,0

8"40=320

20,0

HVS/FR | Flat-steel-locks

A
A 4

steel sheets

. . 50,0 4*10,0240,0
using round timber B S «
6.0% : 2,0
) T
\
HVS/LB PUIlChed 500

8%4,0=32,0
«— >

“T40

HVS/BN | Concrete cams 50,0

A
Y

< 9*40=36,0

18,5

Table 1: Specimens for shear tests

load cell

il

l

dial indicator

sliding bearing (two foils)

Figire 4: Experimental setup of shear fests
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load cell



4. Bending tests

Structural size 4-point bending tests with complete composite members were performed to
verify the results of shear tests and the structural model. The span of the elements was 4,80
meters. Cross-sections were taken according to table 2. The thickness’ of timber and
concrete layer were chosen in a way, which gave the nail-laminated timber a higher
bending stiffness than the concrete layer (Elconcrete<Elimber)-

o ©
== e
o PRt
Type HVB/F ! -
4. e, 207621000 {
©
o
< N
Tvpe HVB/FL
25 25 | 25 1 25 | 25 28
! ! 21*5=1056m ! !
Type HVB/FR
Type HVB/LB
Type HVB/BN
12,5_! 20 20 i 20 | 20 112,5
! i 21*5=105cm !

Tuble 2: Cross-sections of bending tests

550 i 450% 450 ! 2100 4 450% 450 | 550
i : 5000

Figure 5: Configuration of the flat-steel-locks for specimens HVB/F HVB/FL and HVB/FR

At least 5 composite elements were tested for each type. Figures 6 and 7 show the
experimental setup with dial indicators according to DIN EN 408. Applied loads were
taken at the points “f”. Deflections “d”, lift-offs “a” and relative displacements “v” along
the shear joint and at the front edges were registered.
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Figure 7: Locations of measuring points

5. Results and conclusions

5.1 Results of the shear-tests

Respectively to DIN ENV 26891 the maximum load Fy.x has been determined and the
modulus of displacement kg has been computed. Mean values are given in table 3. Typical
load-displacement-curves, determined in the tests, are presented in the following diagrams
(figure 8 to 9). Such diagrams were chosen, where test compliance’s corresponded best to
mean values of the series. Comments concerning failure mechanisms will be given in
chapter 5.2.

: pecimens JkN/mm]:

Shear tests

HVSI/F 10 2727 468.6 per meter width
HVSI/FL 10 2957 607,5 per meter width
HVSI/FR 10 302.8 455.8 per meter width
HVSI/LLB 3 63,6 139,1 per steel sheet
HVSI/BN 10 27,9 105.8 per cam
Push-out-rests referring to one flat-steel-lock

HVSI/F 5 326,7 539.3 per meter width
HVSII/EL 5 303,3 325,3 per meter width

Table 3: Results of shear tests



¢ Single-point connections using flat-steel-locks
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Figure 8 Load-displacement-curves of shear tests, single-point connections using flar-steel-locks

e Continuous shear connection with punched steel sheets resp. concrete cams
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Figure 9. Load-displacement-curves of HVS/BN and HVS/LB series

5.2 Results of bending tests
e Specimen HVB/F

The load-deflection-curves (figure 10) show, that midspan-deflection exhibits an
approximately linear progression after load application. In the upper load-bearing range
deflection starts to increase disproportionally indicating some kind of plasticating
behaviour. At the front edges no relative displacement between nail-laminate and concrete



cover was observed in the 0 to 3,5kN range. In the range of 3,5 to approximately 65kN
linear behaviour can be assumed.

As expected the horizontal relative displacements alongside of the element within the area
of the three flat steel locks showed an increase from midspan to the supports under same
load. The cracks in the concrete each occurred at the three flat-steel-locks, symmetrically
arranged to load axis. The first crack developed at the outermost connection in a load range
of 35 to 45kN. Up to maximum load no unusual relative displacement was observed in
perpendicular direction to compound joint (take-off of concrete cover) before and during
the test. Only after passing the maximum load and therefore after failure of the shear
connection the concrete cover started coming off at locations of the connectors and the
compound joint started opening.

The structural-size bending tests showed, that failure of the composite structure initiates in
the failure behaviour of the shear connection. As primary cause of failure is the local
destruction of concrete in the area of shear transfer at the flat steel locks for all specimens,
which was also registered during shear-tests. A pull-out of the flat steel from the sawing
cut was not observed before concrete failure, As expected concrete failure first occurred in
the area of the flat-steel-lock, which was closest to the support {(axes C and N, figure 7).
For the umber only hardly observable plastifications occurred in the area of flat steel
connector.

* Specimen HVB/FI

For these specimens a constant increase of deflection was also observed (figure 10). The
curve shows an approximately linear progression at first, followed by a plasticating run.
No relative displacements at front edges between timber and concrete were registered
under low load level. Only after further load increase relative displacement linearly grew
up to loads of approximately 85kN. Afterwards displacements continued growing under
decreasing load.

Heorizontal and vertical displacements and crack development in the area of flat steel locks
behaved as already described for the series HVB/F.

Interpreting the diagrams it has to be kept in mind, that the nailed laminates of the FL-
series feature a higher bending stiffness because of varying lamella height. This explains
the higher slope of the load-deflection curve of the composite element. The computational
model of the tests did not result in a substantially higher rigidity of the connection, which
was determined to approximately 540kN/mm per meter. This value acknowledges the
results of shear-tests for flat steel locks with constant lamella height {series HVS/F). The
additional support of the locks by out-sticking lamellas in series HFB/FL did not result in
an improvement of connection compliance aiso.

e Specimen HVB/FR

In this series the shear connection failed early. The concrete slab joined almost loose on the
laminated timber. This can be seen in the progression of the load-deflection-curve
(figure 10). Compared to series HVB/F and HVB/FL there was only a small contact area of
lock and round timber for transferring shear forces. This resulted in a heavy compression
of fibres causing some kind of embedding failure. The bending strength could not be
exceeded for maximum piston stroke, so fracture did not occur for specimens HVB/FR.
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Figure 10: Load-deflection-curve of bending tests, single-point connections using flat-steel-locks

*  Specimen HVB/BN

Up to 20kN per press no relative displacement between nail-laminate and conerete cover
was observed. For a load (F/2) up to 60kN a linear elastic load-displacement progression
can be assumed. Failure of the shear connection occurred beyond that point, caused by
rupture of the concrete cams. So interaction of concrete slab and nail-laminated timber was
not possible anymore. After failure of shear connection an observable lift-off of the
concrete slab was registered. On approximately 85kN per press rupture of timber occurred.

e Specimen HVB/LB

Looking at the load-deflection-curves (figure 11) it can be observed, that midspan-
deflection exhibits an approximately linear progression after load application. In the upper
load-bearing range deflection starts to increase disproportionally indicating a plasticating
behaviour of the test specimen. The rupture of the composite element finally occurred
because of failure at the tension edge of the lamellas followed by compressive failure of
concrete.

At the front edges no relative displacement between nail-laminate and concrete cover was
observed in the 0 to 60,0kN range. The take-off of the concrete was not characterised by
unusual failure appearances before and during the test. Because of the continuous
connection of nailed laminated timber and concrete slab a take-off was registered relatively
late during test procedure,

Damage of the shear connection is mainly caused by a pull-out of punched steel sheets
from timber and concrete layer respectively. The thickness of steel sheets is thercfore
crucial for load-bearing capacity and compliance of the connection, but for practical use it
is limited to ensure nailing without predrilling.
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Figure 11: Load-deflection-curve of bending tests, continuous shear connection using punched steel sheets
and concrete cams

6. Conclusion

The application of dowel-type connectors in continuously connected timber-concrete
composite elements causes constructive, technical and economical problems, which can be
hardly solved. It is especially difficult to keep the least edge distance of the connector
perpendicular to the grain to the narrow edges of a nail-laminated element, which would
require thick members. In addition dowel-type connectors have to be applied in large
quantities. The studied connecting methods should enable an easy and economical use in
laminated timber-concrete- composite plates.

The series HVB/FR and HVB/BN fell short of expectations, because shear connections
failed quite early. For all other joints the results of the shear-test could be verified.
Although only three connectors were taken in the series HVB/F and HVB/FL in the outer
third of the members, an increase of bending stiffness was obtained. The same applied on
the use of continuous connections with punched steel sheets.

An substantial increase of the load-bearing capacity compared to the pure nail-laminated
timber element was not possible with the chosen arrangement of the flat-steel-locks. The
shear connections fail first, after a further deflection increase a bending fracture occurs at
the lamellae. To prevent failure of the locks and achieve an increased load bearing capacity
more connectors could be attached.

Only for the specimens with punched steel sheets a failure of the shear connection was not
registered. Bending failure firstly occurred at the tension edges of the lamellae. This was
followed by very high deflections leading to failure of the concrete pressure zone in the
area of load application.

The apphication of flat-steel-locks and punched steel sheets for the shear connection
yielded good results. Practical use seems easily possible. The increased stiffness leads to
smaller deflections of the composite element. This can already be obtained by applying
only few flat-steel-locks For most applications the prove of serviceability becomes
decisive so design load could be increased considerably.
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 H.J Blass commented on the density influence.

* A Barnasconi answered that he was surprised also about the siight density effect only which is
difficult to isolate.

« [ Lam asked about the conciusion that capacity for the perpendicular to grain case was
penetration depth independent.

* A Bernasconi answered that it was valid within a certain applicable distance. He also commented
that from literature the screw driven case seemed to have higher capacity.

+ L Daudeville stated that the stress distribution might not be constant.

A Bernasconi answered that gluing parallel to grain depends on material and would not have

constant stress distribution while in the gluing perpendicular to grain cases the difference in MOE

was so high that a constant stress distribution could be assumed.

J Kénig commented that the influence of hole direction could be attributed to size effect,

A Bernasconi clarified it with respect to the size effects of strength of timber,

H J Larsen stated that fracture mechanics type problem always have a square root of size term.

J Kangas commented that shear distribution could be checked with strain gauges.

S Thelandersson commented about the piastic behaviour in the length direction where the glue

was loaded and questioned about the long term stability and sensitivity to moisture effects,

« A Bernasconi clarified that epoxy glue was used and didn’t have data on the long-term and
moisture issues. Also he stated that the epoxy glue was brittle and it would be possible to verify
with gluing in the parallel to grain direction although constant shear stress was not present. He
stated that the glue did not fail; the timber did.

e A Jorissen asked whether 3D model was used and whether it was possible to calculate the
siresses in the perpendicular to loading direction.

» A Bernasconi answered only 2D model was used and it was possibie to estimate the stresses in
the perpendicular to loading direction.






Behaviour of axially loaded glued-in rods -
Requirements and resistance, especially for spruce
timber perpendicular to the grain direction

Dr. Andrea Bernasconi
Institute for Wood Physics, Federal Research Centre for Forestry and

Forest Products, Hamburg, Germany

1 Introduction

Glued-in rods allow the introduction of high forces in timber elements. The bond between
rods and timber is given by an adequate bond system with sufficient ultimate strength and
rigidity, in order to assure a strong bond between the rod material and the timber. To
describe the behaviour of glued-in rods and to give a basis for the design, it is necessary to
determine the influence of different parameters on the strength of the bond system.

Under normal timber building conditions the gluing of stecl is complex. The profile of the
steel rods - in form of thread or ribs - is an interesting possibility to avoid the gluing of
steel. The mechanical connection given by the ribs assure the load transfer from the steel
to the glue-line. In the case of a sufficient resistance of the glue system a shear failure of
the timber adjacent to the hole occurs. That way the best capacity of the bond is reached.

The shear strength of the timber depends on several parameters. The description of the
influence of the different influence factors and the description of the stress distribution in
the bond line is the starting point for the experimental analysis of the timber strength with
use of pull-out tests.

Following the analysis of the results from several experimental pull-out tests on glued-in
rods perpendicular to the grain direction with spruce timber, it shows that the strength
depends principally on the hole diameter. The other factors of influence have a smaller
influence on the strength. These results allow to give a proposal for the design of glued-in
rods perpendicular to the grain with spruce timber.

The described pull-out tests and the results are parts of different projects and were carried
out at the ETH in Zurich and at the Institute of Wood Technology of the University of
Hamburg.

2 Bond between steel rods and timber

2.1 Principle

The force on the axis of a glued-in rod is introduced into the timber. The rod is glued into a
drill-hole. The force transfer takes place through the glue line. Due to the thickness of the
steel rod profile the glue line can have a thickness of several millimetres. Special epoxid



glue systems were developed and tested for glued-in rods with spruce, oak and beech
timber. Glue-lines up to 8 mm thickness were proved to be effective.

Figure 2.1: Axial loaded glued-in rod

Due fo the great thickness the glue line is not just the adhesion line between the steel and
the timber, but it should be considered as an element of the bond system. The ribs of the
steel rod assure a mechanical connection between the rod and the glue, so that a glue-
adhesion on the steel rod is not needed. The load transfer takes place as a local
compression of the steel and the glue.

Figure 2.2;
Load transfer in the bond

The functions of the glue are the distribution of the force along the rod axis between the
ribs and the load transfer to the timber. The result is a shear stress in the glue line, The load
transfer to the timber takes place trough adhesion, as a usual glue-connection.

2.2 Failure modes

2.2.1 Failure of the bond

There exist several kinds of bond failure between the steel rods and the timber as deseribed
in the following and shown in figure 2.3:

- Failure of the basis of the steel ribs: shear failure in the steel.



- Failure of the glue on the steel ribs: local compression failure of the glue.
- Failure in the glue line: shear failure of the glue.

- Failure of the adhesion between steel and timber: not sufficient adhesion force or
simply incorrect gluing.

- Failure of the timber adjacent to the glue line: shear strength of the timber around the
hole.

F
e

Figure 2.1: Failure in the timber adjacent to the glue-line and failure in the glue-line

The optimal capacity of the bond is reached when the shear failure of the timber occurs.
Due 1o that fact the timber should be the weakest element in the bond or a higher resistance
of the other bond elements should prevent all other possibilities of failure.

2.2.2  Other possibilities of failure

Other failure modes for example are the steel failure caused by tension strength in the steel
rod or the timber failure outside of the bond. In both cases the bond is not the reason for
the failure.

These kinds of failures are important for the correct design of the joints and for the safety
of the constructions and therefore must receive attention for design rules. But the
resistance of the bond principally does not depend on the possible failure outside of the
bond.

In this study only the failure of the bond - as a shear failure of the timber in the hole - is
considered. This should give the basic knowledge of the behaviour and the design of joints
with glued-in rods. Of course the design of joints or building elements with glued-in rods
should consider the possibility of failure outside of the bond.

2.3  Requirement on the bond

The optimal capacity of the bond is reached when a shear failure of the timber occurs. For
this a higher resistance should prevent all the other possibility of failure. This can be
verified with pull-out tests. When the rod with the layer of glue is pulled out and there are
wood fibres on the broken surface, a clear timber failure can be identified. That way the
timber resistance specifies the resistance of the bond and the shear strength for the timber
in the hole can be described. This is a mechanical property of timber.

The simple requirement, that the failure occurs as a timber failure permits to verify the
optimal capacity of the bond. This requirement can be fulfilled with a correct choice of the
combination of wood species, rod profile and glue material.

The glue system should assure a strong bond between the steel rod and the timber in order
to prevent deformations due to the glue stiffness, This is the case when the stiffness of the
glue-line is higher than the timber-stiffness. The glue system should fulfil this requirement.



For the experimental tests different kinds of steel rods (threaded rods and concrete
reinforcements steel bars with different ribs) and epoxid-glue-systems were used. The
combinations of steel rods and the glue-systems used for the main tests produce always
timber failures. Therefore only timber strength outcomes were evaluated. That way the
analysis of the timber shear strength is possible,

2.3 Load transfer

2.3.1 Static system and stress distribution

The static system of the introduction of a force trough glued-in rods is the basis for the
calculation of the stress in the bond. The distribution of the shear stress in the glue line
depends on the size and on the ratio of the stiffness (MOE) and can be analysed with
numerical methods. The analysis shows that different shear stress distributions result in
case of glued-in rods perpendicular to the grain direction or gluing-in parallel to the grain
direction (figure 2.4).

! !

Figure 2.4: Approximation of the stress distribution by gluing
perpendicular and parallel to the grain direction

In case of gluing perpendicular to the grain direction a constant stress distribution along
the glue-line can be assumed. In case of gluing parallel to the grain direction this
assumption is not correct.

2.3.2 Determination of the strength

The shear stress in the glue-line will be calculated under the assumption of a constant
distribution by the formula

ra =
Where: F = axial force on the rod

d, = hole diameter

¢, = length of the glue-line or anchorage length.

The calculated shear stress refers to the hole surface. In case of a timber failure in the
contact surface between the glue and the timber the calculated stress gives the timber
strength. In case of gluing perpendicular to the grain direction, the formula exactly gives
the strength in the failure surface. Therefore the determined strength is a mechanical
property of the timber.



3 Experimental tests and results

3.1 Tests configuration

The pull-out resistance of glued-in rods was tested experimentally. The test configuration
is shown in figure 3.1. The height of the specimen varied depending on the anchorage
length. The width of the specimens varied between 140 mm and 160 mm,

Figure 3.1: Test configuration
¢ =125 ... 250 mm, depending on the equipment

The load was applied at a constant rate of movement and adjusted so that the maximal load
was reached within (300 +/- 120) seconds,

3.2 Test Material

Glued laminated timber from a normal production was used for the test specimens. For
special requirements (for example density) lamellae with specific characteristics were
picked out and used for the production of the test specimens. The moisture content of the
timber was 12 % at the time of gluing-in of the rods. The density of the specimens was
determined before the drilling of the holes.

Most of the tests were carried out with spruce timber. Small series were carried out with
beech plywood, beech and oak glue-lam.

For the rods threaded bars and concrete reinforcement steel bars were used. For the gluing
different - especially for glued-in rods developed - epoxid-glue-systems were used. Several
tests series on glued-in rods perpendicular and parallel to the grain direction were carried
out,

3.3 Determination of the timber strength

In this paper only the results of gluing-in perpendicular to the grain direction are presented
and discussed. In this case the requirement, that the failure occurs as a timber failure is
very simple and permits to verify the optimal capacity of the bond. Preliminary tests have
shown, that this requirement can be fulfilled with a correct choice of the combination of
wood species, glue material and rod profile. Therefore the results describe the shear



strength of the timber as a mechanical property of the timber. The strength values are
calculated according to 2.3.2.

The timber strength varies depending on several factors. The presented tests were carried
out and evaluated in order to determine the influence on the sirength of the following
factors: wood species, length of the glue line (anchorage length), diameter of the hole and
density of the timber.

3.4 Results

About 200 experimental tests of glued-in rods perpendicular to the grain direction with
spruce timber and 42 tests with beech timber were evaluated.

3.4.1 Influence of the ancherage length

The influence of the anchorage length is shown in figure 3.2 and 3.3. The results in figure
3.2 refer to tests with steel-rods with a 16 mm diameter and a hole diameter of 20 mm. The
anchorage lengths vary from 50 up to 250 mm. Therefore the length to hole diameter ratio
varies between 2.5 and 12.5. A variation of the strength depending on the anchorage length
is not given.
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Figure 3.2: Relation between shear strength and anchorage length.
Hole diameter d, = 20 mum, n = 30

The results of pull-out tests with the hole diameter 24 mm and anchorage lengths 100 to
350 mm (anchorage length to hole diameter ratio 4.2 to 14.6) are shown in figure 3.3, The
influence of the anchorage length is not given.

It was not possible to test glued-in rods with higher values of the ratio length to diameter
ratio, because the tension failure of the steel bar occurs.



iy
o
L

[22]

(=]
*o
*

L 4

-

»
L34
-

hin
o

Shear strength [N/mm?)
w
<

0 50 100 150 200 250 300 350 400
Anchorage length [mm)]

Figure 3.3: Relation between shear strength and anchorage length.
Hole diameter d, = 24 mm, n = 36

The high tension stress - over the clastic behaviour - of the steel rods do not influence the
timber strength. In case of a "to high" anchorage length the steel breaks outside of the
glue-line.

3.4.1 Influence of the density

For the analysis of the influence of the density on the shear strength in the hole spruce
timber with extreme density values was especially chosen. That way it was possible to
have spruce timber elements with a density of 390 up to 370 kg/m®. The strength values
from 30 tests with the hole diameter of 20 mm are shown in figure 3.4 and the results of 15
tests with the hole diameter 24 mm and an anchorage length of 150 mm are shown in
figure 3.5.
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Figure 3.4: Relation between shear strength and density.
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In the figure 3.4 the influence of the density of the strength is non-existent. Also in figure
3.5 1t is impossible to determine a clear influence of the timber density. The statistical
analysis of all the results shows a very poor correlation between density and strength. In

some cases it is possible to describe a trend for a relation between density and strength in
the formula:

tep®  withc=0,0..03 (3.1)

Therefore on the basis of the results it is not possible to describe a clear influence of the
density on the strength. The figures and the statistical evaluation show that the density has
a slight influence on the strength,

3.4.3 Influence of hole-diameter

Figure 3.6 shows the results of 65 tests with different hole diameters. The density of the
timber specimens varies between 0.39 and 0.45 t/ny.
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Figure 3.6: Relation between shear strength and hole diameter,
Hole diameter d, = 20 mm, n = 64



The variation of the strength is proportional to the hole diameter with the exponent -0.5:

Figure 3.7 shows the results of about 174 tests regardless of anchorage length and density.
The hole diameters vary from 12 up to 30 mm, the anchorage length from 50 up to 350
mm and the density from 0.39 up to 0.55 t/m>.

The continuous line in figure 3.7 corresponds to the curve

1=32.4%° (3.2)
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The formula (3.2) permits to describe the timber shear stress in the hole as a function of
the hole diameter.
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Figure 3.7: Relation between shear strength and hole diameter.
n=174

3.4.4 Influence of the wood species

The described timber shear strength in the hole is a mechanical property of the timber and
depends on the wood species. Only few tests were carried out with beech and oak timber
and an important problem was the resistance of the glue. Due to the higher timber strength
a higher stress in the glue-line than with spruce timber results. For this reason not all the
tested glue systems are suitable for application on glued-in rods with other wood species
than spruce.

Figure 3.8 shows the strength difference on spruce and beech timber. The number of
results on values for beech timber is too small to give an exact evaluation of the results and
to describe the strength of beech timber, But it is interesting that the strength values for
beech timber are about 100 % higher than for spruce timber.
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4 Discussion and conclusions

4.1 General remarks

The requirement that the failure of the bond takes place as a timber failure permits to reach
the optimal capacity of the bond. That way the requirement on the steel rods and the glue
systems for glued-in rods are clearly defined.

The resistance of the bond is now given as a timber shear resistance in the hole. The results
of the pull-out tests on glued-in rods with spruce timber show, that this strength is not
depending of the length of the glue-line. This confirms the results from the numerical
analysis of the static problem and the fact, that the shear stress is constant along the glue-
line. The determination of a maximal lenpth of the glue-line is principally not necessary
because in case of a too high anchorage length the tensile strength of the rod can be
rcached. Tests were carried out with anchorage lengths up to 15 times the hole diameters.

The influence of the timber density is very slight. The results from several tests show a
very bad correlation between strength and density. In some cases it was not possible to
determine a correlation with the density. In other cases the correlation of the strength with
the density was possible, This bad correlation can be written in form of exponent of the
density: the exponent varies from 0.0 (no correlation) up to 0.3. The design rules of the
informative annex A of prEN 1995-2 (1997-01-14) and of the informative annex A of
prEN 1995-1-1 (final draft 2001-04-09) with the strength of the timber as function of the
density with the exponent 1,5 can definitely not be confirmed or experimentally verified.

The timber strength depends on the diameter of the hole as shown in chapter 3.4.3. The
reason for this probably is the size effect. The fact, that a very similar correlation between
strength and the hole diameter has been founded on the figures 3.6 and 3.7 (with and
without consideration of the variation of the density) confirms the assumption, that the
influence of the density on the strength is very slight,
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4.2 Suggestion for a design rule

The strength of the bond of glued-in rods perpendicular to the grain direction is given by
the timber shear strength. This timber strength depends principally on the diameter of the
hole. The influences of the timber density and of the anchorage length are very slight and
can be disregarded.

The mean values of the timber strength in the hole of spruce timber with gluing
perpendicular to the grain direction can be described with the formula 3.2. The
characteristic values of the strength can be calculated as

1=25-d;°° (4.1)

Where: T

shear strength in N/mm?

d, = Hole diameter in mm
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Figure 4.1: Experimental test results and suggestion for design rule,
n=190

Figure 4.1 shows the results of 190 experimental pull-out tests with the curve of the
proposed simple design rule.

That way it is possible to calculate the resistance of the bond for the introduction of forces
into the timber with a single glued-in rod. The single glued-in rod should be considered as
a single fastener. The design of joints or building elements with several glued-in rods
should certainly consider the possibility of failures outside the single glued-in rod.

5 Bibliography

Kangas, J.: Design of joints based on in V-shape glued-in rods. CIB-WI18A, Athens,
Georgia, 1983.

Riberholt, H.: Glued bolts in glulam - Proposal for CIB Code. In Proceedings of the 21th
Meeting of CIB-W18, CIB-W18A/21-7-2, Vancouver, 1988.

Turkowski, S. B.: Designing of glued wood structures joints on glued-in bars. In
Proceedings of the Meeting of CIB-W 18, CIB-W18A/22-7-13, Berlin, 1989,

11



Zubarev, N. G.; Boitemirov, F. A.; Golovina, V. M.: Joints on glued-in steel bars present
relatively new and progressive solution in terms of timber structure design. In Proceedings
of the Meeting of CIB-W18, CIB-W18A/22-7-11, Berlin, 1989.

Buchanan A. H.; Moos, P. J.; Townsend, P. K.: Reinforcing bars epoxy bonded in glue
laminated timber. International timber engineering conference, Tokyo, 1990, p. 601-610.

Turkowski, B.: Prefabricated joints of timber structures on inclines glued-in bars.
International timber conference, London, 1991, p. 3.1143-3.157.

Johansson, C.-J.; Serrano, E.; Gustafsson, P.J.; Enquist, B.: Axial strength of glued-in
bolts. In Proceedings of the Meeting of CIB-W 18, CIB-W18/28-7-9, Copenhagen, 1995.

Bernasconi, A.: Tragverhalten von Holz senkrecht zur Faserrichtung mit unterschiedlicher
Anordnung der Schub- und Biegearmierung, Holztechnologie ETH Ziirich 96-3, Ziirich,
1996,

Gehri, E.: Background paper on glued-in rods, Axially loaded rod - failure of individual
rod. Document CEN/TC 250/SC5:108rev., Zirich, 1997.

Eurocode 5: Design of timber structures, Part 2: Bridges, Draft July 1997.

Steinmetzler, J.: Krafteinleitung in das Holz mittels eingeleimter, axial beanspruchter
Anker, Diplomarbeit Fachbereich Biologie der Universitit Hamburg, 1998, 119 Seiten.

Blass, H.J.; Lasekewitz , B.: Effect of spacing and edge distance on the axial strength of
glued in rods. In Proceedings of the 32" Meeting of CIB-W18, CIB-W18/32-7-2, Graz,
1999.

Fabris, A.: Verhalten von Verbindungen mit axial beanspruchten, eingeleimten Stiben. In
Verbindungstechnik im Holzbau, SAH Fortbildungskurs 2000, Lignum, Ziirich, 2000.

Eurocode 5: Design of timber structures, Part 1.1, General rules and rules for buildings,
Final Draft prEN 1995-1-1, 2001-04-09.

Fabris, A.: Verbesserung der Zugeigenschaften von Bauholz parallel zur Faser mittels
Verbund mit profilierten Stahlstangen, Dissertation ETHZ Nr. 14050, Ziirich, 2001,

Benasconi, A.: Axially loaded glued-in rods for high capacity joints - Behaviour and
resistance. Proceeding of the Symposium on joints in timber structures, 55" Rilem annual
week, Suttgart, Germany, September 2001.

12



CIB-W18/34-7-7

INTERNATIONAL COUNCIL FOR RESEARCH AND INNOVATION
IN BUILDING AND CONSTRUCTION

WORKING COMMISSION W18 - TIMBER STRUCTURES

EMBEDDING CHARACTERISTICS ON FIBRE REINFORCEMENT
AND DENSIFIED TIMBER JOINTS

P Hatler
J Wehsener
T Birk
Faculty of Civil Engineering, University of Technology, Dresden

GERMANY

Presented by; P Haller

H J Larsen questioned whether the difference in performance in the connection using difterent type
of fibre glass versus aramid was a result of different fibre type or different volume of fibre.

P Haller stated that the same weight of fibre was used; therefore, it was a fibre type effect.

A Jorissen guestioned about the improvements to tension perpendicular strength.

P Haller responded that it would be even more efficient to reinforce for tension perpendicular
strength; however, he did not have the numbers at hand.

V Enjily asked about the cost.

P Haller responded that with the machine shown large quantity of fibre could be produced at
relatively low cost. Although Aramid would be expensive, this research aimed to optimise the
connection. Densified wood was done in a hot press. Company doing such densification usually
worked in electrical industry and wood can be densified also relatively cheaply.
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1 manufacture of densified wood

Densified wood was made of sawn, kiln dried spruce laminations of good quality. A
grading according to knots, grain deviation and other characteristics was not done. The
geometry of the section was 2500 x 140 x 100 mm. Moisture content before and after
densification was 12 to 15% and 7 to 9% respectively. The initial density ranged from 380
to 530 kg/m”. The densification procedure took place in a conventional hot press.

The manufacturing of compressed wood was realized in three steps: heating, densification
and cooling. In the first phase, the warming up of the specimen was done between the
hotplates at a low pressure of 0.2 - 0.3 MPa. The heating time can be estimated rougly at 1
minute per mm thickness of the section. After having reached the necessary temperature
throughout the section the plastification of the wood starts.

The plastification, which is related to the softening of the lignin, occurs at a temperature
between 100°C and 160°C, so that the density of the wood can be increased easily due to
the collapse of the cell walls under transverse pressure. The cells are folded by the thermo-
mechanical densification and fixed by the available lignin matrix. The deformation has to
be fixed by cooling in the compressed state. Physical and mechanical properties of
densified wood strongly depend on pressure, moisture and time in this process.

When the temperature at the centre of the section reached 130 °C the compression started.
During the densification process the internal stresses may lead to cracking or damage of the
microstructure. The time for compression depends on the thickness of the section and
amounts also to about 1 min/mm as a rule of thumb.

The pressure was increased to 2.5 MPa at constant temperature and maintained until the
end of the compression.

The compressed wood is kept in this state before cooling for some minutes of ,,relaxation®.
As wood remains still plastically deformable at 100 °C, it has to be cooled down under
decreasing pressure to at least 80 °C. Therefore 1 min/mm thickness (densified) is chosen.
The densified laminations had no visible checks or deformations with a final thickness of
about 50%.



2 material

2.1 solid and densified wood

Determination of strength for bending, tension, compression and shearing

The carrying and deformation behaviour of solid and densified spruce was tested for 5
different types of loadings on 10 specimens each. A summary of the types of loadings, the
configuration of the specimen, the density and rigidity as well as mechanical properties is
given in table 1.

The execution of the tests took place according to DIN 52185 to 52188 and DIN 52192.
For the measurement small clear specimen were stored up to the constant weight in normal
climate (20/65) according to DIN 50014, The recording of measurement took place in an
testing machine " Zwick " with a multiple displacement gauge.

The determination of the compression strength parallel to the grain (DIN 52185) was
carried out with a test rate of 200 N/s (solid) and 400 N/s (densified). If the solid specimen
fails perpendicularly to the test axis by shrinking of the cell layers, then glide layers are
formed at an angle of 45° to the test axis of densified wood. These however fail in a brittle
manner and in the area folded 45° by shear between the annual ring.

The determination of the bending strength (DIN 52186) took place in a three point bending
test with a span of 300 mm. The loading rate was chosen 33,3 N/s. The failure mode of
densified wood is brittle with short grain. Solid spruce wood dispose of a smaller Young's
modulus and failure strength.

table 1 material properties

densification foo fio fin fioo fr
u [%] 0% 11,2 11,7 11,8 11,9 10,6
50% 1i,0 10,6 12,2 12,0 9.4
p [kg/m?3) 0% 420 421 389 425 403
50% 980 964 868 989 891
geometry 0% 20x20x30 | 20x20x30 20x20x400 20x6x470 |50 x 45
50%
£ [%)] 0% 0,37 1,28 f=801 mm |0,57
50% 0,42 1,48 f=764mm |[0,59
Finax tkIN] 0% 20,9 1,0 1,49 8,9 19,6
50% 47,8 4.6 2,97 21,2 332
Rm 0% 57,8 2,5 85,2 69 8.8
[N/mm?] 50% 122,0 1,1 168,5 183 14,7
youngs modu-| 0% 15429 195 12483 12000
lus [N'mm?} | 50% 27574 746 17694 31000
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The determination of the shear strength along the grain (DIN 52187) takes place in a
special shearing device. The test rate was 2.0 (solid) and 3.0 mm/min (densified). Densified
wood behaves stiffer and stronger.

The determination of the tensile strength (DIN 52188) parallel to the grain was executed
with a test rate of 250 N/s. The failure of the solid wood was less brittle perpendicularly to
the test axis, whilst for densifed wood a brittle, shortgrain failure takes place.

The determination of the compression strength perpendicular to grain (DIN 52192) was
carried out at a test rate of 15 N/s (solid) and 50 N/s (densified). Due to the thermo-
mechanical compression in radial or tangential direction the rigidity increases considerably
in comparison to the solid wood. Solid test specimen fail perpendicularly to the plane of
the test axis by crushing of cell layers, while the densified wood samples show brittle shear
failare between the annual rings.

figure 4 strength of solid and densified spruce wood
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The comparison of the test results shoes higher strength and rigidity for the densified wood
samples. These samples fail more brittle at lower displacements than normal spruce. In
figure 4 the average values of the different types of loading are summericed.

2.2  textile structures

Textile structures were made of multi-axial bonded fabric of various angles and so-called
tailored fibre placements (TFP). The manufacturing of the multi-axial structures was done
by means of a machine for techniques of stitch bonding which allows the lay up of bundles
of rovings of various width. The angles are fixed to 0° and 90° and vary between + 40° and
90°. Figure 5 shows some examples of multi-axial textiles reinforcements and TFP-struc-
tures which were developed in collaboration with the Textile Institute of University of
Technology, Dresden [8].



figure 5 examples of (a) woven fabric; (b) multi-axial stitch bonded fabric (diagonal fibre
orientation «: =+ 40°); tailored fibre placements (TFP): (¢) spiral, (d) star (d; =25 mm,
d> =100 mm)

(d)
The TFP’s permit an optimal orientation of the fibers with respect to mechanical stresses.

These structure were hand made by sewing glass fibre rovings onte a thin non woven
polypropylene serving as an application aid. Fibre properties can be seen in table 2 [10].

table 2 fibre properties [11]

Material yarn count Young’s meodulus of rupture
[tex] modulus [cN/tex]
[N/mm’]
E-glass-roving 2400 75000 3100-7000 N/mm”
polyethylene non woven 0.2 80 N/5cm
(30 g/m®)
woven fabric (E-glass) 138 12000 2400 N/mm”
(204 /)

textile structure 1 (E-glass) 1200 12000 547 (£ 30%
set of warp threads: 20 rovings (1048 g/m?) 554 (90%)
textile structure 2 (E-glass) 1200 12000 547 (£ 359
set of warp threads: 20 rovings (1302 g/m? 554 ( 90°)
textile structure 3.1 {E-~glass) 1200 12000 864 (+40%)
set of warp threads: 5 rovings (679 g/m?) 1140 ( 907
textile structure 3.2 (E-glass) 1200 12000 542 (+40%
set of warp threads: 10 rovings (1249 g/m?) 600 ( 907
textile structure 3.3 (E-glass) 1200 12000 547 (= 40°)
set of warp threads: 20 rovings (1581 g/m?) 554 ( 90%
textile structure 4 (E-glass) 1200 12000 547 (+45%)
set of warp threads: 20 rovings (1155 g¢/m?) 354 ( 90%)
textile structure 5 (E-glass) 1200 12000 547 (£ 50°)
set of warp threads: 20 rovings (1063 g/m?) 554 ( 907




3 test procedure and results

3.1 test setup

Embedding tests according to DIN EN 383 were carried out on specimens made of clear
spruce with a mean density of 380 kg/m3. Moreover, densified wood specimens with an
average density of 980 kg/m® were subjected to the same test. The geometry was 350 x 120
x 10 - 70 mm for loading paraliel to grain. The diameter of the bolt was 22 and 25 mm, the
edge and end distances were 3 times and 4 to 5 times respectively {9]. The textile
reinforcement around the bolt hole had a minimum area of 7800 mm® or a diameter of 100
mm in case of the star and spiral TFP. The weight of the bi- and multi-axial bonded fabric
was 679 g/m'2 — 1581 g/m® with a yarn count of 1200 tex. All textile structures were applied
by means of an epoxy resin cured at room temperature.

figure 6 specimen geometry for loading parallel {a) and perpendicular to grain (b)
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table 3 test parameter
parameter material
test series 1 Ratio of densification woven fabric (204g/m2}
- undensified / unreinforced epoxy resin
- undensified / reinforced dowel diameter (J22mm)
- densified / unreinforced load controlled
- densified / reinforced
test series 11 Ratio of reinforcement p textile structure 1-5
(a) - number of textile rovings epoXy resin
(b) - thickness of wood dowel diameter {J22mm)
(c) - angle of textile fibres load controlled
test series 111 Orientation of the fibers TFP-textile structure
(a) parallel to grain - star, spiral, unsupported EpOXy resin
(b} perpendicular to grain | oval, supported oval, fanlike |dowel diameter (@25mm)
loop, cross loop, parallel loop | constant cross head speed

Cross head speed of the testing machine and loading procedure are chosen according to
DIN EN 383 (test series I and II: load controlled, test series HI: constant cross head speed).



Results were obtained for solid and densified spruce, bi- and multi-axial reinforcements
with different ratios of reinforcement loaded parallel to grain as well as TFP's made of
glassfibres which were in addition loaded perpendicular to grain.The displacement of the
bolt w was measured by means of an inductive displacement transducer (see figure 6).

3.2 results

The tests showed that even small ratios of reinforcement prevent the samples from
premature shear failure and that the textile still holds a split specimen together. The effect
of reinforcement of the joint on the strength is illustrated in figure 7. Due to the densifica-
tion and additional reinforcement of the wood the bearing capacity is more than tripled.
The results of the embedding test (figures 8-15) show an increase in load bearing capacity
by a factor of 2.9 in case of densified wood with respect to normal solid spruce. All
unreinforced specimens failed in a brittle way due to shear and splitting starting from the
borehole. The embedding characteristics are intimately related to the density; an additional
reinforcement of densified wood led to a further increase of the embedding strength of 35%
and 1n many cases a significant ductility could be observed [2].

The ratio from thickness of wood and glass fibre laminate called the ratio of reinforcement

H.
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figure 7 load-carrying capacity of solid and densified spruce with and without textile rein-
forcement
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figure 8 load displacement curve of solid and densified spruce with and without textile
reinforcement
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Figure 8 shows the load displacement behaviour of solid, unreinforced and densified,
reinforced wood. The influence of the reinforcement on the stiffness is small. It improves
however the load-carrying capacity and the failure behaviour of timber joint by prevention
of shear- and splitting failure. All textile reinforced timber joints failed ductil. Figure 9
shows that with small ratio of reinforcement u (textile structure 3.1) an increase of the load
capacity was already achieved. A further increase of p (textile structure 3.3} increased the
load bearing capacity by the factor 1.8, The embedding strength fh and the embedding
modulus Ks are compared in figure 10,

figure 9 load displacement curves of reinforced wood with different number of textile
rovings
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figure 10 embedding modulus K and embedding strength f, for different number of textile
rovings

50 ¢ fh{Nmm] fr / Ks (number of rovings) ks [N} - 150
- , 43,7
i fh ks
] 2 :
40 - | i 7; 366 - 120
106
30 - - 90
20 -+ - 60
10 + - 30
0 - s ‘ _ 0
solid wood structure 3.1 structure 3.2 structure 3.3

The influence of the reinforcement depends on the ratio of reinforcement . Figure 11 and
12 show the load-carrying capacity of different wood thickness by the same reinforcement
(textile structure 3.3). With a ratio of reinforcement p < 0,075 (wood 40 mm /
reinforcement 3mm) a small increase of the load-carrying capacity is obtained. The
influence of the reinforcement on the rigidity is relatively high with very thin wood
specimens in relation to the reinforcement thickness. That failure is initiated in all cases by
embedding.
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figure 11 load displacement curves for different ratios of reinforcement



figure 12 embedding modulus K, and embedding strength fy, for different ratios of rein-
forcement (thickness of specimens: 10, 20, 30, 40, 50, 60, 70 mm)
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figure 13 load displacement curves for different angles of glass fibre directions (textile
structures 1 (+/-30°) to 5 (+/-55°)
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In a further test series multi-axial textile structures with different fibre angles from 30° to
55¢ were applied. The influence of the different fibre angles on the load carrying capacity
and stiffness is rather small with this multi-axial textile structures. The failure occurs
through replaces the separate roving around the dowel. Other textile structures (TFP) can
support the occurring local stresses better. An increase of the load-carrying capacity is
achieved on the average by factor 1.5, where the test series with +/ - 45° achieved the best
values.



figure 14 load displacement curves for different angles of glass fibre directions (textile
structures 1 (+/-30°) to 5 (+/-55°); load controlled
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figure 15 embedding modulus K and embedding strength f, for parallel (a) and perpen-
dicular to the grain (b) loaded TFP-structures; trave} constant controlled
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Figure 15 illustrates the effects of the calculated placement of reinforcing fibres. The em-
bedding strength of dowels loaded parallel to the grain is raised to 150 %. The increase in
strength is even doubled for loads acting perpendicular to grain. With respect to the
stiffness the reinforcement proves to be more efficient with respect to this axis, too. Thus,
failure due to exceeding the transverse tensile strength is prevented. In addition, the load-
displacement curve shows a more ductile behaviour of the joint. The fracture behaviour is
strongly affected by the type of TFP. The fanlike loop fails in a brittle way, whereas star
and spiral TFP showed a very ductile behaviour.
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table 4 results from embedding test: embedding strength from F . according to EN 383;
(a) test series I, (b) test series I1, (¢) test series I

(a)
test H Wi mod ]_{s F, max fl: v
(textile structure/ wood + laminat) [mm} | [mm] | [kN] [N/mmz] {%]
I unreinforced / 30mm unreinf.| 0.25 | 49.0 | 28.6 | 32.5 5.6
solid wood
woven 2 layer /30+1.2mm | 0.040 | 0.26 | 642 | 386 | 438 8.2
solid wood
unreinforced / 30mm unreinf.; 023 |111.4| 80.8 | 91.82 4.6
densified wood 50%
woven 4 layer / 30+2.4mm 0.080 { 0.35 ] 99.0 | 99.6 | 113.2 | 115
densified wood 50%
(b)
test £ | Womedi K | Fuax fr v
(textile structure/ wood + larminat) [mm] | [mml | (kNI [IN/mm?] (%]
ITa unreinforced / 30mm unreinf.| 0.184 1 67.9 | 206 | 3038 8.8
textile structure 3.3/ 10+3mm | 0.300 [0.152] 66.1 | 17.9 | 62.6 7.2
textile structure 3.3 / 2043mm | 0.150 [0.127|120.9| 27.2 | 53.7 10.6
textile structure 3.3/ 30+3mm | 0.100 [0.175|105.0| 31.9 | 439 11.0
textile structure 3.3 /40+3mm | 0.075 |0.204 | 126.9| 44.0 | 46.5 12.0
textile structure 3.3 / 50+3mm | 0.060 |0.190! 84.1 | 46.6 | 40.0 8.9
textile structure 3.3 /60+3mm | 0.050 [0.214| 64.7 | 48.1 | 34.7 7.2
textile structure 3.3/ 70+3mm | 0.043 | 0.256| 53.3 | 53.9 | 33.6 9.6
IIb unreinforced / 30mm unreinf.{ 0.163 | 60.0 | 17.8 | 237 16.6
textile structare 3.1/ 3043mm | 0.033 [0.146| 964 | 27.2 | 35.2 5.5
textile structure 3.2 /30+3mm | 0.066 [0.146|105.7| 309 | 38.6 8.3
textile structure 3.3/ 30+3mm | 0.100 [0.152] 114.0| 36.0 | 43.7 134
lc unreinforced / 30mm unreinf.| 0.184 | 67.9 | 20.6 | 30.8 8.8
textile structure 1/30+3mm | 0.100 [0.148 | 131.8 | 354 | 48.8 13.7
textile structure 2/ 30+3mm | 0.100 [0.135|138.7| 33.8 | 46.6 12.1
textile structure 3.3 /30+3mm | 0.100 [0.141|134.7| 343 | 47.3 8.2
textile structure 4 / 30+3mm | 0.100 |0.136 | 150.8| 369 | 50.9 7.3
textile structure 5/3043mm | 0.100 |0.158|122.0| 32.0 | 44.1 8.0
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()

test M lr—Vi, mod K Fina fh ko
(textile structure/ wood + Jaminat) fmmi | fmml | kN [INfmm?) (%1
Ila unreinforced wood 0.100 (0457 24.2 | 19.1 25.5 1.3
spiral 0.100 {0392} 31.2 | 259 | 345 34
star 0.100 [ 0.386 27.9 | 29.1 | 388 8.2
fanlike loop 0.100 [0.342} 31.2 | 24.8 | 33.1 3.4
supported oval 0.100 | 0.425; 264 | 284 | 379 3.6
b unreinforced wood 0.100 | 0.646] 94 7.1 7.06 4.8
spiral 0.100 |06473| 124 | 10.1 | 10.03 6.4
star 0.100 [0.533| 83 | 168 | 16.64 9.7
fanlike loop 0.100 [0.453] 12.9 | 13.3 | 13.31 -
supported oval 0.100 {0427 | 137 § 13.6 | 13.76 -
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GIROD - Glued-in rods for timber structures

Charlotte Bengtsson and Carl-Johan Johansson
Wood Materials and Structures, SP Swedish National Testing and Research Institute,
Sweden

1 Summary and introduction

Glued-in rods have been used during a number of years in several of the European
countries which are active in timber engineering. They are economically, architecturally
and industrially attractive means of transferring forces within a structure and of providing
local reinforcement to critical zones of timber members. They also provide an important
technology for the repair and upgrading of historically important timber structures which
exist throughout Europe. Not withstanding their importance, internationally accepted
design rules for glued-in rods do not exist. This paper presents the main findings within the
EU-project “Glued-in rods for timber structures” (GIROD). The project started in February
1998 and ended in March 2001. The paper is based on summaries written by the different
partners in the project: Swedish National Testing and Research Institute (SP, coordinator),
University of Lund (Sweden), TRADA Technology Ltd (UK), University of Karlsruhe
(Germany) and FMPA in Stuttgart (Germany). Additionally, glulam- and adhesive
producers from Sweden and Germany participated in the project. The main structure of the
project is given below:

1. Development of calculation model

Lffect of rod spacing and end and edge distances.
Under what conditions is the caleulation model

. . valid?
o Theoretical model based on non-linear
fracture mechanics Effect of varying temperature and moisture
¢ Testing of adhesive bond properties conditions.

o Verification of the model by testing of moisture conditions

rods

/ \ To what extent are corrections of the calculation

model necessary?

¢ Calcutation and testing of the effect of

full sized glued-in rods *  Duration of lead tests on full sized glued-in

Effect of fatigue. In what
situations does it have to
be considered?

Drafling design rules
for Eurocode 5

2. Development of test methods for 3. Development  of  production

assessment of adhesives control test methods
¢ Durability of adhesives ¢ Proof-loading method
¢ Creep and creep rupture e Destructive test

Within the GIROD-project the work is focused on rods glued-in with three different
adhesive types: two-component epoxy (EP), two-component polyurethane (PUR) and




phenol-resorcinol-formaldehyde (PRF). Mainly steel rods were used within the project but
also some fiber reinforced plastic rods (FRP) were tested.

The description of the GIROD-project given here is based on the project structure given
above.

2 Objectives

The objective of the GIROD project is to provide the information required to prepare
standards that will allow an increased, more advanced and more reliable use of glued-in
rods in timber structures. When the project started the working plan was as follows:

L. Perform theoretical and experimental work leading to a calculation model for
axially loaded glued-in rods based on the adhesive bond properties as well as the
wood and rod material properties. This must take into account the effect of varying
climatic and loading conditions as well as fatigue. This step will give information
required by CEN.TC2350/SC5 in the preparation of Eurocode 5 - Design of Timber
Structures.

2. Develop test methods for the evaluation of adhesives for glued-in rods with respect
to strength, durability, creep and creep rupture behaviour under different climatic
conditions. This will support the work of CEN.TC193/SC1.

3. Derive test methods for the production control of structural glued-in rod
connections. This will support the work of CEN.TC124/WG6.

3  Development of a calculation model

3.1 Proposal of an engineering formula

This work was performed by the University of Lund, Sweden. The objective was to
establish a calculation model for the basic pull-out strength, that can be used as a basis for
establishing design rules for glued-in rods and for creating a better understanding of the
mechanical behaviour of glued-in rods. The work was organised in four parts:

1. Theoretical work on models for stress and strength analysis

2. Bond line tests of mechanical properties

3. Full scale joint test for calibration and verification

4. Verification of model and design equation proposal

The main aim was to propose a strength design method which fulfiled the following
requirements:
¢ The method should be both general and simple, preferably just one or a few explicit
equations.
¢ The equations should have a rational theoretical and physical basis.
* The method should give reasonably accurate strength predictions, on the average,
and in general give predictions on the safe side.
The combined Volkersen-Fracture mechanics theory was used as a basis. The pull-out
strength according this theory is determined by the geometry of the joint and by two bond
line and material property parameters. It is proposed that these two parameters are
determined by testing the pull-out strength of two sets of full-scale joints with different
geometry (length and/or diameter) and loaded in “pull-compression”. Given the (wo



material parameters, the equation for the “pull-compression” loading is used also for “pull-
pull”. This gives a single and simple design equation, which according to theory gives
“exact” predictions for the pull-compression loading and predictions on the safe side for
pull-pull loading. For definition of the two loading modes see Figure 1a.

The above proposal is intended for adhesives that produce a tight contact to the rod. For
adhesives with no bond to the rod and significant shrinkage (i.e. the PRF tested) no
equation that fulfils the above basic goals has yet been found. For such adhesives it is
proposed that testing is made as for the common adhesives, but no design equation is
proposed, only a design rule saying that the load bearing capacity of joints with greater or
equal rod diameter, greater or equal length, and greater or equal wood density may be
assigned the same load bearing capacity as the tested joint.

For the loading case pull-compression:

P tanh@ [
! anh where @@= _[-£%

=7
rdl 7w I
where /,., is a length parameter defined by the geometry of the joint and the rod to wood
ratio for modulus of elasticity:
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and [, is a material property length parameter, which can be expressed as:
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=== 3
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The ratio E/E,, can be estimated in an approximate manner. The two parameters to be
determined from tests are then 7 f and [,. (It is thus no necessary to separate I, into E,, Gy
and 7z, although this in general is simple since £, in general is known).

For a square shaped cross section with a centric location of the rod A,, is taken as a?, where
a is the side length of the square. For other geometry A,, = a*, where a/2 is the shortest
distance from the center of the rod to an edge of the cross section. This shortest edge
distance, a/2, may not be less than a distance determined in the project described in section
3.3, presumably 4d,. Pr/(7dl) for arbitrary inclination, ¢, of the rod relative to grain may be
determined by interpolation between the results for rods along the grain and perpendicular
to the grain according to the Hankinson equation. The two material parameters must be
determined for both rod to grain orientations.

Table 1. Test results for determination of material property parameters Trand .

Adhesive d ! a lgeo Failure  PrAnmdl) 1 L Gy b
load, Pf Nmm/
mm mm mm mm kN N/mm?>  N/mm? mm mm”*
EPOXY 16 160 115 4070 62.61 7.79 10.5 3600  1.89
16 320 115 16300 77.36 4.81
PRF 16 160 115 4070 063.83 7.94 8.9 11000 4.15
16 320 115 16300 98.43 6.12
PUR 16 160 115 4070 5898 7.33 9.7 3060 177

16 320 115 16300 74.09 4.61

1) Gy calculated from I, with the assumption E,=205000 N/mm®.



Test results for the pull-out strength at pull-compression loading are presented by
Johansson (1999). The parameters 7; and [, (and Gj) were determined from these test
results for the three adhesives investigated by use of the method described above. This
evaluation is indicated in Table 1. The tests refer to loading along the grain and the ratio
E/E,, was therefore set equal to 18.

The material combinations for which the material parameters were determined have been
tested for several other joints, with other geometry and other type of loading. In Figures Lb-
1d the design equation compared with those other test results are shown. Each mark in the
diagrams represents mean values obtained from series with 6-10 tests in each series. The
diagrams include tests carried out at SP with puli-pull loading and pull-compression
loading. The diagrams also include tests made at FMPA with pull-pull loading of joints of
varying size and shape. Both the results of timber in strength class C35 and three series
with timber in strength class C24 are included. For epoxy and PUR, additionally, three
previous series are included, see Aicher et al. (1999) and Gustafsson and Serrano (2001).

For the PRF the test results do not comply with the theoretical curve, but the diagram also
shows a scattered picture, indicating that P¢/{7tdl) may hardly be described as a function of
lyeo. The results found for PUR and epoxy are more appealing: the design equation gives
reasonable predictions and the predictions are in most cases on the safe side.
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The different results found for the three adhesives are most probably related to the different
ways in which the bondlines act. For PUR and epoxy there can be tensile stress (and very
small deformation) in the critical region normal to the bond area. For the PRF there may be
compressive stress (and significant deformation) normal to the bond area.
Above one single design proposal has been discussed. Possible modifications giving
alternative, yet similar, proposals include:

e No consideration of grain to rod angle. Testing and all design made as for parallel

orientation.

s No consideration of different loading conditions (pull-pull, pull-compression, pull
perp. to beam). Testing and all design made as for pull-pull. Eq (1) replaced by the
corresponding equation for pull-pull.

3.2 Effect of fatigue

This work was performed by TRADA Technology Ltd, UK. In the future, glued-in rods
will be common in timber bridges, where fatigue may be a significant issue. The objective
was to give an indication of whether or not the fatigue behaviour of glued-in rods may limit
their use in certain applications, for instance in bridges. Bonded-in steel rod specimens
were exposed to low frequency (approximately 1 Hz) cyclic tension fatigue (R=0.1} at
fixed stress rates. The test configuration is shown in Figure 2a. Four distinct failure modes
were observed through the tests: rod failure, failure in the adhesive (causing breakdown of
the material in the bond-line itself), failure in the wood substrate and failure at the interface
between timber and adhesive. The majority of the fatigue failure modes are relatively
consistent with static test observations. From the results, it is apparent that fatigue does
have the potential to cause damage in bonded-in rods, and that there is sufficient variation
in failure modes to confirm that failure may be due to damage in any of the component
materials (steel rod, adhesive or timber substrate) or breakdown of the timber to adhesive
bond interface. The data obtained from the tests at R=0.1 (i.e. maximum tensile load = 10 x
minimum tensile load) is presented in the form of cycles to failure versus load in Figures
2b-2d. 1t must be noted that observations and projected fatigue lives presented herein must
be taken in the context of extrapolations based upon a limited data set, lacking
confirmatory data at high numbers of load cycle (>10%.

The work performed has demonstrated that fatigue performance is a significant factor in
the performance of bonded-in rods and recommendations are made as to how further work,
beyond the scope of GIROD, could improve understanding and design treatment of the
fatigue behaviour of these types of connection. In relation to the stated objectives of the
study, the experimental study has indicated that the fatigue behaviour of glued-in rods may
Jimit their use in certain applications.

Some key conclusions that can be drawn from this limited experimental study are:

~ The majority of fatigue failure modes were common to those observed in static test
counterparts to the fatigue test specimens. Significant incidents of alternative failure
modes were however also recorded, especially failures in the steel rods.

— It is apparent that different adhesive types behave in fundamentally different ways with
respect to the fatigue performance and the eventual mode of failure at the fatigue
ultimate limit state.



—~  Both the geometry of the test specimens and the adhesive type are important under the
conditions of this test, but the general order of performance across the adhesive types
was found to be consistent between specimen sets.

- The scope for further work to enhance the knowledge and design methods employed is
very large.
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Figure 2. a) Test configuration for fatigue tests

b) Cycles to failure versus load for PRF-bonded specimens.
c) Cycles to failure versus load for PUR-bonded specimens.
d) Cycles to failure versus load for EP-bonded specimens.
(Figures from Bainbridge and Mettem 2001.)

A full description of failure mode-related fatigue performance basis of design would
require further experimentation. To determine the full relationship with geometry and to
verify the influence of R ratio and frequency upon the application of design methods based
upon the observations drawn from the test set would be key to development of such
development.

The results from this part of the work were presented thoroughly by Bainbridge et al.
(2000) and Bainbridge and Mettem (2001).

3.3 Effect of rod spacing and edge distances

This work was performed by University of Karlsruhe, Germany. The objective of the work
was to study and to quantify the effect of the spacing between rods and the distance to the
timber edges on the axial and lateral load-carrying capacity. Tests were performed with
rods glued-in parallel and perpendicular to the grain. The loading was axially as well as
lateratly. Furthermore, some theoretical investigations were carried out to describe the
behaviour of glued-in rods depending on spacings and distances of rods.



Examples of results are: For rods glued-in parallel to the grain and loaded axially a rod-to-
edge distance of 2.5 times the rod diameter and a spacing of 5 times the rod diameter is
suggested. For rods glued-in perpendicular to the grain and loaded axially the load-carrying
capacity decreased with increasing height of the beam or a descending ratio of the glued-in
length to the height of the beam.

A part of this work was presented thoroughiy by BlaB and Laskewitz (1999).

3.4 Effect of varying temperature and moisture conditions

This work was performed by FMPA in Stuttgart, Germany, University of Lund, Sweden
and TRADA Technology Ltd, UK. Duration of load (DOL) tests on full-sized glued-in rod
specimens were performed in different climates. An investigation concerning to what
extent the axial strength of glued-in rods are affected by storage in constant and variable
outdoor climates was also performed.

Storage in different variable sheltered outdoor climates without mechanical loading had
very little effect on the residual strength in case of PRF. For PUR a strength loss of
approximately 20% was obtained and for EP the residual strength increased with about
12%. Comparison was made to the residual strength after storage at 20°/65% RH. Storage
of specimens at a constant elevated relative humidity of 85% delivered a drop in residual
strength of 20% for PRE-bonded specimens.

Figure 3 summarises the DOL test results for full-sized glued-in rods carried out within the
GIROD-project. The Madison curve is given as a reference curve. Also the time spans for
load duration classes according to EC 5 are indicated in Figure 3. The EP-bonded
specimens at 85% RH followed the Madison curve. At 50°C specially the PUR- but also
the EP-bonded specimens displayed a strength drop with respect to time. This is mainly
due to the thermo-mechanical properties of these adhesives.

An attempt was also made to derive kyoq values accounting for strength degradation with
respect to load duration and service class. These results can be found in Aicher (2001).

3.5 Design rules for Eurocode 5

This work was performed by TRADA Technology Ltd, UK. The objective was to elaborate
a proposal for design rules for glued-in rods based on the proposed calculation model,
taking into account the information gained concerning influence of fatigue, rod spacing,
time, temperature and moisture conditions.

The results of this part of the work are a guidance document style set of design rules drawn
from the GIROD project and a condensed set of concise design rules more suited to
consideration for incorporation in the body of ECS.
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Figure 3. DOL behaviour of PRF-, PUR- and EP-bonded specimens with axially loaded

glued-in threaded rods denoted by stress level (SL) versus time to failure (tr)
in wet or warm climate conditions. All stress levels are related to results
obtained in ramp loading at 20°C/65% RH. (Figure from Aicher 2001.)

4  Development of test methods for adhesives

This work was performed by SP Swedish National Testing and Research Institute, Sweden.
The objective was to develop test methods to evaluate the durability and the creep-rupture

properties of adhesives for glued-in rods.

A possible test method for strength and durability of the adhesive for glued-in rods was
developed. The suggested method consists of 40 x 40 x 20 mm beech blocks with glued-in
16 mm threaded rods which are tested in compression after different treatments (treatments

A4 and AS according to EN 302). The specimen and the test set-

20 mm

)

16 mm

a)

Figure 4. a) The test specimen.

b) Test set-up for loading in compression.

b)

(Figures from Bengtsson and Johansson 2001.)

up are shown in Figure 4.
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of ten specimens in each group. (Figure from Bengtsson and Johansson 2001.}

To the three adhesives mainly studied within the GIROD-project, EP, PUR and PRF, four
other adhesives were added. These were: melamine-urea-formaldehyde (MUF), one
component polyurethane (1K PUR), emulsion-polymer-isocyanate (EPI) and a modified
silyl-epoxy (MS). In this way, the suggested test method was applied for a large spectrum
of adhesives with differing mechanical and durability properties. For each treatment and
adhesive ten specimens were tested, which gave a total amount of 210 specimens.

If present shear strength test results, obtained with the suggested method, are compared
with the requirements according to EN 301 (classification of phenolic and aminoplastic
adhesives for load bearing timber) only the EP-bonded connections pass. The shear
strength values are shown in Figure 5. However, comparison with the requirements
according to EN 301 can be questionable as the suggested test specimens are very different
from standard specimens prescribed in EN 301. As expected, cooking and testing in the
wet state lead to very low shear strength of the glued connection. Bonding steel to wood
puts extra strong requirements on the adhesive bond line as the wood swells while the steel
rod is rigid.

A test method for creep-rupture testing of small glued-in rod specimens was also
developed. The method is based on ASTM D 4680, see Figure 6. The specimens for this
test method are of the same type as for the strength and durability tests, see Figure 4. Three
load levels, 40%, 60% and 80% of the ultimate load, in three climates, 20°C/65% RH,
20°C/85% RH and 50°C/30% are studied. The three adhesives tested are very different. It
therefore seems preferable to focus the evaluation of the test results on the absolute shear
stress capacity instead of a stress level. The shear stress capacities versus median time to
failure (median of ten specimens) for the specimens tested at the time of writing in ali three
climates are shown in Figure 7.

Figure 6.  Creep-rupture testing device. (Figure from Ben gtsson and Johansson 2001.)



In some cases comparison was made between the behaviour of small glued-in rod
specimens and the behaviour of full-sized glued-in rod connections. These comparisons
require further evaluation as the relationships are not simple.

Background for this part of the work can be found in Bengtsson and Johansson (2001).
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5 Development of production control test methods

This work was performed by SP Swedish National Testing and Research Institute, Sweden.
The objective of the work was to develop test methods which enable reliable and simple
testing of glued-in rods for timber structures during production. The method/methods
should be capable of revealing serious production errors, e.g. insufficient adhesive
application, insufficient hardening, and other gluing errors. Two alternative test methods
for full-sized glued-in rod connections have been studied: one destructive method and one
proof-loading method.
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Due fo simplicity when testing it was decided to use a newly developed test method for
testing glued-in rod connections. The method is a one-sided pull-out test (pull-
compression). This method is suitable for production control. Four different proof-load
levels, 50%, 65%, 80% and 90% of the short-term strength, were tested to try to find the
maximum load that does not cause structural damage of the bond line. Specimens bonded
with epoxy, on the average, reached higher pull-out loads after proof-loading until 80% and
90% than the specimens tested destructively. None of the tested groups of specimens
displayed a decrease in pull-out strength after proof-loading to such high levels as 80% and
90%. The groups of specimens proof-loaded to 65% displayed a decreased pull-out
strength. The reason for this behaviour was not explained within the present study.

Error detection was possible for coarse errors by proof-loading up to the 80% level. The
induced errors in the present study were sometimes extreme errors. The selection of 80% as
a suitable proof-load level is, however, still uncertain and must be further evaluated.

Generally, no relationship between the density of the wood surrounding the glued-in rod
and the pull-out strength was found. This fact was also reported by others in the project and
it needs to be further investigated.

The variation of the glue line thickness led to increasing pull-out loads for larger glue line
thicknesses in case of EP and PUR, whereas for the PRF, which shrunk, the load-bearing
capacity decreased.

As the destructive testing is done on specially produced test specimens, representative for a
certain batch, the tests do not determine the reliability of the actual junction.

More details about this part of the work can be found in Bengtsson and Johansson (2000).

6 Conclusions

o A calculation model based on a combination of Volkersen theory and fracture
mechanics gives good prediction of the pull-out strength for adhesives that bond to
the rod such as PUR and EP. The pull-out strength is controlled by two material
property parameters that can be easily determined in full-scaled pull-compression
tests.

o Fatigue is a significant factor in the performance of glued-in rods and needs to be
considered in applications like for instance bridges. Failure can occur in the rod, in
the adhesive bond line, in the wood substrate and in the interface between wood
and adhesive.

o The effect of rod spacing and edge distances have been clearly demonstrated and
proposals to be used in design have been made.

o Storage without mechanical loading in variable outdoor climates had a strength
reducing effect mainly on PUR-bonded rods. After storage in 85% RH the PRF-
bonded rods were most affected.

o Glued-in rods have a DOL behaviour that can differ quite considerably from that of
timber and other timber connections. In 85% RH the behaviour of EP-bonded rods
behaved like the Madison curve while PRF and PUR had much shorter time to
failure. At 50°C the PRF behaved in a better way than PUR and EP.

11



o It is questionable if the method developed for evaluation of the durability of
adhesives for glued-in rods is suitable for the purpose. PRF, which is known to give
very durable wood-to-wood bonding, obtains extremely low strength values after
testing in wet conditions. It seems that the method punishes adhesives that do not
bond to the rod.

o The creep-rupture test method developed for small specimens works well. The
creep-rupture behaviour of small specimens compared to this behaviour for full-
sized specimens will be further investigated.

o A simple production control test method based on proof-loading has been
developed. It is able of detecting a number of serious production errors.
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Criteria for damage and failure of dowel-type joints

subjected to force perpendicular to the grain

Motoi YASUMURA
Department of Forest Resources Science, Shizuoka University, Japan

1 Introduction

Fracture of timber under forces perpendicular to wooden grain is one of the most
important criteria for the design of dowel type joints. This kind of failure has adverse
effect on not only the load carrying capacity but also the ductility of joints that dominates
the seismic behavior of timber structures. Current design procedure based on the yield
theory assures only the load carrying capacity but does not predict the failure due to the
fracture of wood. Therefore, bolted timber joints were tested under loading perpendicular
to the grain, and the linear elastic fracture mechanics was applied to predict the failure of
dowel type joints.

Japanese new building codes enforced in June 2000 stipulate the design method based on
the damage limit and safety limit of building structures. Damage limit is the limit where
no structural elements are damaged by the actions that may occur during the life of the
building, and safety limit is the limit where the safety of structure is ensured during the
extreme actions. This paper studies also the influence of the edge distance and height of
beam on the damage and safety limit of bolted joints subjected to a force perpendicular to

the grain.

2 Background

According to EN 383 (CEN, 1993), the embedding strength used for the yield theory is
determined by the maximum embedding stress up to Smm displacement. This procedure
is appropriate for loading parallel to the grain as the embedding stress does not increase
any more after the yielding of wood and keep almost constant value over Smm
displacement. Different from the embedding parallel to the grain, the embedding stress
perpendicular to the grain continues to increase after the yielding as shown in Fig.1, and
the embedding strength perpendicular to the grain obtained from 5Smm displacement is
much lower than the actual ultimate strength (Yasumura, M. and Sawata, K., 2000). To
use this embedding stress up to Smm displacement shall not only produce a conservative
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design value but also mislead the failure mode of joints subjected to a force perpendicular
to the grain. The increase of the lateral force due to the embedding perpendicular to the
grain shall cause the fracture of wood that does not always occur with Smm embedding.

Another fact we should notice on the failure of joints is that the cracks that initiated at the
joint does not propagate immediately if the crack propagation is stable. Figure 2 shows
the load displacement relationships of bolted joints with different edge distances and the
same beam height loaded perpendicular to the grain as shown in Fig.3. The joint fails by
fracture just after the yielding if the end distance is small, but the lateral load continues to
increase remarkably if the edge distance is large in relation to the beam height. This is
because the crack propagation is still stable even with a large split if the edge distance is



large in relation to the beam height. Lateral load continues to increase as the embedding
stress perpendicular to the grain also does. Thus, the failure of joint subjected to a force
perpendicular to the grain is governed by the critical crack length where the crack
propagation becomes unstable. It is quite difficult however to determine the critical crack
length from the experiments as it is hard to measure the crack propagation during the test.
The relation between the lateral force and crack length can be easily calculated by using
the linear elastic fracture mechanics (Yasumura,M. and Daudeville,L., 1996, 2000). In
this study, critical crack length for the joints with different bolt geometry was obtained by
means of LEFM, and the load carrying capacity calculated with these critical crack
lengths were compared with the experimental results.

3 Specimen and test method

Specimens consisted of spruce glued laminated wood and 12mm thick steel side plates on
both sides of the wooden member, connected with bolts 16mm in diameter (). The glued
laminated wood was made of laminae 30mm thick with an average density 440kg/m’. The
quality of steel used for the side plates and bolts was JIS (Japanese Industrial Standard)
SS 400. The pre-drilled holes of wooden members were equal to or slightly larger than
the bolt diameters, and the diameters of the bolt holes of steel plates were 1mm larger
than the bolt diameter. The thickness of the wooden member was kept 64mm (4d) for all
specimen.

Table T Summary of specimens and comparison of experiemntal and simulated ultimate load(Fu).
Experimental and simulated ultimate loads are those corresponding to up to 15mm slips and
10d crack length, respectively.

Specimen (I:]’llecrl':::srs di:zn?tl:tter Span Height difggnece he/h Uitimate load (o) G40
(b} (d ) (mm) «) ) {he) Experiment | Simulation ratio
S14-4 4d i6 40d 14d 4d 0.286 12.33 14.08 0.88
8147 4d 16 40¢ 14d 7d 0.5 28.67 21.40 1.34
S14-10 4d 16 40d 14d 10d 0.714 37.37 36.78 1.02
L14-4 4d 16 80d 14d 4d 0.286 15.87 14.14 1.12
114-7 4d 16 80d Hd 7d 0.5 24.03 22,14 1.09
1.i4-18 4d 16 80d H4d 10d 0.714 33.23 35.54 0.94
L21-6 4d 16 80d 21d 6d 0.236 15.03 16.73 0.9¢
L21-165 4d 16 g0d 21d 10.5d 0.5 30.3 25.91 117
L.28-8 4d 16 80d 28d 8d 0.286 24,17 18,92 1.33
1.28-14 4d 16 80d 28¢ 14d 0.5 27.47 29,27 0.94




The outline of specimen is summarized in Table 1. Three specimens of each type were
subjected to lateral loads as shown in Fig.3. The quasi-static compressive loads were
applied to the steel side plates by a hydraulic jack on the center of wooden member.
Relative displacement between the steel plates and wooden member was measured with
two electric displacement transducers. The nuts were attached to the joints with little
tightening.

4 Modeling and analysis

The crack propagation under the coupling of Mode I and Mode I can be calculated by
using the stress intensity factor (K). The stress intensity factor in Mode I (X,) and Mode
11 (K,)) can be caiculated by following formula; '

F

K, =limo, (ny2ar ) o
r—0

K, = hm 0] x_‘,(r)ﬂf?,fc? ) Bolt hole =
r—0

where, 0 ,, () and O ,, (r) are the tensile stress h
perpendicular to the grain and the shear stress at the distance
r from the crack tip. The criterion for the crack propagation is generally expressed as

(£ -
KIC KHC (3)
where, 4 is the crack length and K, and K. are the critical stress intensity factors in
Mode I and Mode 11, respectively. The value of K, was set at 0.439MPay m from the
previous stady (Yasumura,M. and Daudevilie,L., 1996) for spruce of the density of
440kg/m’. It is discussible what values should be taken for m, n and K. To make the
problem simple, following values were assumed from the calibration between the
experimental results of a single bolted joint and the simulation (Aicher, S.,Schmidt, J and
Brunold, S., 1995).

m=1 ; n=2 ; K, =4K
Tested joints were modeled with the finite elements. A half of the specimen was modeled
considering the symmetry. The assumption for the modeling was the same as in the
previous study (Yasumura,M. and Daudeville,L., 1999) , the contact between the wood
and the bolt was complete and there was no friction on them, and the plane stress

follows;



conditions were applied and there was no
noticeable deformation of the bolt.
Young’s modulus of spruce was assumed

Y
to be 15,000 MPa in the longitudinal
+=4d
direction and 600 MPa in the transverse Grain direction fo 20d
direction and the shear modulus and —
Poisson’s ratio of 700 MPa and 0.5 were .,‘..__,. 2:;42%‘1
assumed, respectively. a '
Figure 4 shows the boundary conditions of | #=40d,80d
K

the model. The bolt hole boundary was s
. . ) Fig.4 Boundary conditions

fixed in the radial direction but only in the

positive direction and free in the tangential

direction. The forced displacements were applied downwards at the right corner of the

upper side. The FEM code CASTEM 2000 developed by the French Atomic Energy

Commissariat (CEA) was used for the analysis.

5 Results and discussion

5.1 Crack propagation

Figure $ shows the relationships between the calculated lateral force (F/(2b*K,) and the
crack length. For all types of specimen, lateral force just after the crack initiation differed
very little regardless of the edge distance and beam height, and increased as the crack
propagated. In the case of specimen with comparatively small edge distance ( he/h=0.286),
lateral force became almost constant with the crack length of 2 to 3d. For the specimen
whose edge distance was a half of the beam height (he/h=0.5), lateral force became
constant with the crack length of 3 to 6d except for the specimen with the beam height of
28d. In the specimen with beam height of 28d and edge distance of 144, lateral force
increased up to the crack length of 9d, and then became almost constant. In the case of the
specimen with the beam height of 14d and edge distance of 10d, lateral force became
almost constant with the crack length of 10d. Lateral force continued to increase at the
crack length of 10d in the case of specimens with the beam height of 28d except for that
with the edge distance of 8d..

5.2 Critical crack length

As we saw in 5.1, the crack propagation is stable up to certain crack length and then
becomes unstable. We define this length as critical crack length. The critical crack length
was 2 to 3d in the case that edge distance was comparatively small, and less than 10d in
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many cases, but it exceeded 10d when both beam height and edge distance were
comparatively large.



Figure 6 shows the relationship between the critical crack length and edge distance. In
this figure, the critical crack lengths larger than 10d are omitted. A strong correlation
between the critical crack length and the edge distance was observed. Critical crack
length (Acr) is expressed with the edge distance (#e) as follows;

8.3 Ultimate load

Calculated ultimate load by LEFM is compared with the experimental results in Table 1
and Fig 7. The experimental ultimate foad was taken as the maximum load up to 15mm
displacement according to EN26891 as some joints did not fail under 15mm displacement.
The calculated ultimate load was obtained from those corresponding to the critical crack
length with the critical stress intensity factor of 0.439MPa. m (Yasumura,M. and
Daudeville, L., 1996). As the calculation was ceased with the crack length of 10d, some
specimen did not attain to the ultimate load, but that foad with the crack length of 10d was
considered as the ultimate load.

Calculated ultimate load agreed comparatively well with the experimental results except
for §14-7 and $28-8. The experimental results of these specimens were approximately
30% higher than the simulation for some reason.

5.4 Influence of edge distance

Figure 8 shows the relation between the calculated lateral force corresponding to the
crack length of 0.5, 2, 4 and 10d. When the crack length was 0.5d, little difference was
observed in lateral load for all specimen regardless of the edge distance, beam height and
span of beam. Lateral foad was close to that obtained from the embedding strength
determined by 5% off-set. This means that we can not avoid small cracks around the
yielding of wood with any fastener geometry if a dowel-type fastener is subjected to a
force perpendicular to the grain, and that load is much lower than the load determined by
the Smm embedding. ILateral load at the crack length of 2d is higher than the load
determined by 5% embedding, but lower than the load determined by 5mm embedding if
the edge distance was smaller than a half of the beam height. This indicates that the joints
can fail by fracture in the case of multiply joints whose spacing is not large enough if the
edge distance is less than a half of the beam height. For the lateral load corresponding to
crack length more than 4d, the influence of the height of beam is more remarkable. In the
case of joints with the beam height of 14d, the joint can fail by fracture if the edge
distance is smaller than one third of the beam height, but it never fails by fracture before
the embedding attains toSmm if the beam height is larger than 28d. We should notify that
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the most joints fail finally by the fracture even though they do not fail before the
embedding attains toSmm.

5.5 Design proposal

A design formula for the failure of dowel-type joints was presented at the thirty-third
CIB-W18 meeting in delft (Van der Put, TA.C.M. and Leijten, AJM., 2000). The
simplified formula for a dowel-type joint loaded on the center of beam is expressed as

follows;
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Figure 10 shows the comparison of the calculated ultimate load by equation (5) with the

experimental results and simulation. The value of C, obtained from the experiments was
12.1N/mm '’ and about 20% smaller than those proposed in that study. However the
proposed formula agreed pretty well with the experimental and simulated values, and it
seems this formula is appropriate to predict the failure of dowel type joints subjected to a
force perpendicular to the grain if the value of C, is appropriately determined.

6 Conclusions

By comparing the experimental results with the LEFM analysis, it was found that we can
not avoid a small crack around the yielding of wood for any geometry of fastener.
Whether this crack propagates or not depends on the geometry of fastener. The crack
propagation becomes unstable when the crack length attains to the critical crack length.



The critical crack length has a correlation with the edge distance, and approximately 0.76
times as large as the edge distance. The failure load of joint subjected to a force
perpendicular to the grain can be obtained either by means of LEFM or design formula.
The failure load is however much lower than the ultimate load determined by 5mm
embedding stress if the edge distance is small, and much higher if the edge distance and
beam height are comparatively large.
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¢ HJ Blass commented that the load configuration reported here was different from previous papers.

« A Jorissen agreed and the results could not be compared.

+ HJ Blass stated that the splitting load perpendicular and hlock shear failures occurred at different
planes; therefore, it was not surprising that there would be no interaction.

» | Smith asked how do you pick the points fitted on the line on figure 10 on the load parallel to grain
axis.

« A Jorissen clarified that the data for different types of tests were plotted.
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Introduction

Recently, a new failure mode for connections was introduced in the draft Eurocode 5. It refers
to timber failure along the circumference of the fastener pattern, so-called block-shear. This
failure type mainly governs steel-to-timber connections with close spaced fasteners. The draft
also contains a splitting failure criterion for connections loaded perpendicular to the grain as
presented in paper CIB/W18/33-7-7. Tt is implicitly assumed that both criteria apply
independently and therefore there is no interaction equation needed. Some experimental
evidence is given in this paper to justify this approach.

Additional failure criteria for connections in Eurocode 5

Eurocode 5 (ECS5) was revised during the Iast years based on comments of the member states.
As a result of the discussion based on these comments, it was decided to add and modify a
few criteria related to the strength capacity of connections. Particular when connections are
loaded near end grain face and subjected to a force at an angle to the grain, the force
components parallel and perpendicular to the grain can force separate failure modes. For the
force component parallel to grain a failure criterion, known as the block shear, is introduced
in ECS based on French tests reported in [1]. Block shear is a brittle type of failure recognised
by cracks along the circumference of the fastener area. A related phenomenon is shear plug
failure as dealt with by Kangas [2]. Another criterion is the splitting strength of beams caused
by a force component perpendicular to grain based on paper CIB/W18/33-7-7. No interaction

Fsin & F
A/
A @6 F cos O

" I Connection at end face
Splitting|criterion

Block shear criterion

-«
Compression Tension >

Figure I: No interaction assumed between block shear and splitting criterion

between both criteria is assumed, Figure 1. The only experimental evidence as far as the
author knows that supports and justifies this approach dates back to investigations by Kuipers
[3] and Schippers {4] from 1960 and 1962, which deals with split-ring connections loaded at



various angles to the grain. The investigations were never published other than in a Dutch
Stevin research report|3]{4]. Below a summary is given of their research work.

Research results for split-ring connections.

The research projects by Kuipers [3] and Schippers [4] carried out in the late fifties/early
sixties were related to the first draft of the Dutch timber design code dealing with split-ring
connections. Many test series were performed with tension and compression joints, to obtain
information about the influences of member thickness, spacing, and of end and edge
distances. The connecting members were loaded all parallel to the grain. This situation occurs
in many nodal points of trusses. However, in trusses some members are also loaded at an
angle to the grain, specially those near the supports (diagonals). Available test data was only
based on tests where a vertical member was connected to a horizontal beam, Figure 2. For
connection with members loaded at other angles to the grain the Hankinson formula was

® ap ®
AN [I— AU A A LU
Figure 2: Perpendicular to grain test data avatlable.

thought to apply for the off-axes strength of wood. This was felt unrealistic and did not reflect
a close approximation of reality. The length of the horizontal beam in Figure 2 also affects the
result. The aim of the research was fo perform tests at an angle to the grain. As in many
trusses the nodal points consist of so-called built up connections; the first tests performed
were on little trusses like in Figures 3 and 4, where the connection studied was made with
Spruce members while the others were with beech members. The test set up reflects a support
situation. This set up was later replaced by the test set up of Figure 5, where the connections
like the one of Figure 6 could be tested.

Figure 3:Test of truss support node Figure 4: Failure at support node




Tension bars Roller

Figure 5: Test set up used by Kuipers [2] Figure 6: Detail of test arrangements for split-
and Schippers [3]. ring connectors.

The members B in Figure 6 are the ones that are loaded at an angle to the grain, resulting in
axial tensile or compressive forces in the members H and A respectively. The components
perpendicular to the grain on both shear planes of these members are of equal magnitude but
opposite direction. The forces have a splitting effect on this member B. In these tests it was
observed that in many cases such splitting occurred without failure due to block shear or to
compression failure.

Although much more tests were carried out with other size connectors, the attention is focused
on the tests with 75 mm diameter TECO split-rings only. The test set-up shown in Figure 5
enables to change the angle of loading easily. For this reason most tests were performed with

Figure 7. Two other test arrangements by Kuipers [2], see Figures 8 and 9

this type of test. More complex arrangements are given in Figures 7. Particular attention was
given to the design of the members D and T of Figure 7, (8 and 9). These members are also
loaded by a torque moment due to the opposite nature of the force component perpendicular
to grain in respective shear planes of the connection. However, this effect is being neglected,
as restraining neighbouring members do not allow much axial rotation, Figure 10, left.

As the researchers didn’t care to much about the failure mode but just took the failure load
associated with a certain geometry of the connection the code design rule implicitly take these
failure modes into account, as does the ECS rules. For other type of fasteners applied near the
end of a beam, interaction between block shear and splitting perpendicular to grain might be
possible and therefore need to be considered, Figure 10, right.



Figure 8: Compression (unloaded end)& splitting Figure 9: Tension (loaded end)& splitting

Obviously, there are differences between the splitting mode of both connections shown in
Figure 10. The left part shows a connection with a split-ring connector. The failure shown is
splitting and block shear failure of which usually one is governing. The splitting is caused by
the opposite nature of the forces on both beam sides (shear planes). Similar, as shown in
Figure 10 the forces transferred by the connection, for instance a nail plate, might cause either
a block shear or splitting failure. Here the splitting is caused by the force components that
both point in the same direction. When it is demonstrated that splitting and block shear exhibit
no significant interaction for the left connection with split-ring connectors it might be
assumed the same is valid for the other situation as well.

Block shear Fastener area A A
™~ \\
«

sp[it\ting

X

\ splitting

Figure 10: Left: Splitting forces in tests by Kuipers and Schippers. Right: interaction
between splitting and block shear for other type of fasteners.

Test Results

In Figure 11 and Table 1 all relevant test results by Schippers {4] including tests by Kuipers
[3] are presented for 75 mm diameter split-ring connectors. In all cases, the members
subjected to forces perpendicular to the grain failed. The force to grain angle varied in the
tensile quadrant from 30, 45, 60 and 70 degrees to 30, 45 and 60 degrees in the compressive
quadrant. The line drawn in Figure 11, that connects the data points, is related to tests with the
same timber dimensions, 58 mm thickness, and a connector end distance of 70 mm. If more
than one test series for a given load to grain angle showed different results an intermediate



point was chosen based on the number of tests as for instance in the top left corner of Figure
11.

Split-ring tests Kuipers
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Figure 11: Summary of test results by Kuipers [3] and Schippers [4].

In Figure 11 a dashed line is drawn representing an approximation of the test results. It shows
that the resistance against forces perpendicular to the grain, resulting in splitting, is hardly
dependent of the force parallel to the grain, resulting in block shear. Apparently, there is no
interaction.

Note the big difference between the tensile and compression strength, which apparently is
much more than Eurocode 5 design rules envisage.

In their reports Kuipers and Schippers tried to model the connection strength by taking three
parameters into consideration; the compression strength of the timber, splitting strength of the
member, and the block shear at the end of the member, ignoring all mutual influences.
Kuipers and Schippers showed that for the member loaded by perpendicular to grain forces
the force with the smallest angle to grain governs the strength, see Figure 10 left. It also
turned out that the component perpendicular to the grain is not much affected by the friction
between the ring and the timber. The splitting criterion, the horizontal part of the dashed line
in Figure 11, is actually slightly curved to fit the test data better. Reason is the friction
between ring and the timber. However, the differences are not too big compared to the straight
dashed line.

In the Dutch timber design code of 1971 the authors Kuipers and Vermeyden were very
cautious and only allowed the connection compressive strength a benefit of 20% over the
tensile strength although these tests showed a significant difference.

Table 1: Test results presented in Figure 11

Number| Member End Axial Angle |Strength
of tests | thickness | distance|Compression| with [kgf]
or Tension | grain
5 58 70 T 45 2060

5 58 70 T 60 2110




5 58 70 T 70 | 1865
5 58 70 T 70 | 1905
5 58 70 : 90 | 1880
5 58 70 C 60 | 1875
1 58 70 c 45 | 2535
4 58 70 c 45 | 2155
4 58 70 C 30 | 4510
1 58 70 C 30 | 3360
5 58 65 C 0 | 3900
5 58 76 T 0 | 1990
CONCLUSION

It can be concluded that on the bases of the test results with split-ring connectors outlined
above block shear and splitting failure can be considered as two independent failure
mechanisms.

Recommendation

For the benefit of studying the effect of combined block shear and splitting failure of
connections it would be an advantage to have a test standard that would provide guidance in
testing at various angles to grain, see Kuipers [5]

Literature

[1] Biger J.P., Boucquet J.F.,Racher P, Testing and designing the joints for the pavilion of
Utopia, Proceedings of World Conference on Timber Engineering, WCTE2000, Whistler,
BC, Canada, July 31-August 2, 2000.

[2] Kangas, J. and Vesa, J., Design of timber capacity in nailed steel-to timber joints,
Proceedings of CIB/W18/31-7-4, 1998,

[3] Kuipers, Research of split-ring connections; connections with members loaded at an
angle to the grain (in Dutch), Stevin report 4-60-1-HV-18, January 1960

[4] Schippers, Test on uni-axial connections with TECO-split-rings; connection with
members loaded at an angle to the grain (in Dutch), Stevin Report 4-62-1-HV-26,
February 1962

[5] Kuipers, J., Proposal for a basic test method for the evaluation of structural timber joints
with mechanical fasteners and connectors, CIB-W18/4-7-1



CiB-W18/34-7-11

INTERNATIONAL COUNCIL FOR RESEARCH AND INNOVATION
IN BUILDING AND CONSTRUCTION

WORKING COMMISSION W18 - TIMBER STRUCTURES

LIMIT STATES DESIGN OF DOWEL-FASTENER JOINTS ~
PLACEMENT OF MODIFICATION FACTORS AND PARTIAL
FACTORS, AND CALCULATION OF VARIABILITY IN RESISTANCE

{ Smith
University of New Brunswick
CANADA

G Foliente
CSIRO
AUSTRALIA

Presented by: | Smith

o HJ Blass commented that the use of the expression of Fy d*/6 assumed large strains in the
fastener that might approach 45 degree. This would be true for thin fasteners not bolts. -
» | Smith agreed and stated tests of actual fasteners such as bolts wouid be performed to calibrate

the expression.






Limit states design of dowel-fastener joints —
Placement of modification factors and partial

factors, and calculation of variability in resistance

Tan Smith, University of New Brunswick, Canada
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Introduction

Major overhauls of design code provisions for mechanical timber joints are in progress in
Canada and Australia. The intent is to make strength calculations using mechanics based
models, make expected failure modes transparent to designers, and lay a foundation for
probability-based calibration of partial factors appearing on the resistance side of design

equations. Strength calculations are based on the generic ‘limit state design’ equation:

where:

Ry = factored design resistance = (ks ... aup) Ry oo, (1b)

and ¢ = resistance factor (or 1/ym, where ¥, is a materials partial coefficient), & =
modification factor, ny = number of fasteners, Ry = characteristic resistance per fastener,
and A* = factored design action effect. Ry values are typically near minimum, usually
5™ percentile, values determined at reference conditions. Values of ¢ are typically assigned
based on past experience to achieve ‘traditionally acceptable’ solutions in terms of the
number of fasteners for various end-use applications (DeGrace 1986; McLain 1984). In
Australia, values of ¢ factors are generally based on consideration of the state of current
knowledge of structural performance (e.g., nailed joint vs. bolted joint) and the intended
application of the structural joint (or structural role, i.e., primary or secondary element, in a

house or in an engineered building).



Modification factors account for any deviations between design conditions and reference
conditions for Ry. Key modification factors are those for duration of loading and climatic
conditions. Without exception, modification factors are based on empirical evidence. In the
past, most codes based duration of loading modification factors on the ‘Madison curve’
developed from a study on small clear Douglas fir bending specimens (Wood 1951).
Currently the Canadian and US codes apply duration of loading adjustment that were
derived from in-grade test data for softwood lumber to everything, including joints (Foschi
et al. 1989). Burocode 5 (CEN 1995) uses an experience based composite modification
factor that accounts for the interactive effects of load and moisture histories during service.

The Australian code is still based on the Madison curve,

Although details of its implementation differ from country to country, international
practice has converged on use of Johansen’s yield model as the basis for calculations of the
characteristic resistance per fastener, Ry (Johansen 1949; Larsen 1979). Both the fastener
and the wood foundation upon which it bears are presumed to behave as ideal rigid plastic
material. Model assumptions are the same as for the well-known limit analysis (plastic
design) theory applied to steel frames. Figure 1 shows possible modes of failure for a
single fastener joint loaded in single shear (equivalent modes exist for double shear joinis).
Geometric variables are fastener diameter and length of penetration in each member. Joint
capacity increases as thickness of the members is increased up to the point where a mode 3
failure occurs. The governing mode is that giving the lowest estimate of the yield load Py.
Failure can involve bearing failure in just one member or formation of a plastic hinge in
just one member. Apart from Johansen’s own version (1949) there are various options
regarding model equations (Whale et al. 1987; AFPA 1999; Blass et al. 1999; Smith et al.
2001).

This paper is concerned with the logic for placement of various factors that enter
expressions for factored design resistance [Equation (1b)], and estimation of variability in

yield strengths of joints.
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Figure 1 — Failure modes for a single shear joint according to the Johansen theory

Yield equations and placement of factors within them

For simplicity this paper considers only the equations by Blass et al. (1999). These
equations use the original Johansen expression for calculating the limiting mode 3
capacity. Mode 3 is attained only once fasteners attain a critical slenderness'. For fasteners
with insufficient slenderness to attain the full (mode 3) capacity, the strength is taken to be
proportional to the ratio of actual to critical fastener slenderness. The Blass et al. (1999)
equations for a single shear joint are:
e Fuailure in the side member (Interpolation [)
PY =841 d f] Qr)[ ..................................................... (2)
where @ = 1/[1+ {(1+8)/ 3}*°]
o Fuilure in the main member (Interpolation 2)
Py =111 A G (3)
where @ = £/ [1 + {1+5}°°]
s Formation of plastic hinge in both members (Mode 3)
Py =4 My i di™ @5 e, (4)

where @3 =[8/ {1 + §)}1°°

' Slenderness is the fastener’s penetration into a joint member expressed as a ratio of its diameter.



In the above, d 1s fastener diameter and My fastener yield moment. Other terms are as

defined in Figure 1.

Let us suppose that it is required to predict the 5" percentile-based factored design strength
of a joint, Py q.00s, based on the equations by Blass et al. There are various ways in which
material properties, resistance factors and modification factors can be positioned in design
equation to predict the factored design resistance Ry (or Py gogs). Four alternative
expressions for calculating the mode 3 strength of a single shear joint are used to illustrate

this (ignoring any modification factors other than A, kvc and & ;;OL)zz

» Method I ~ Resistance and modification factors placed external to calculation of Py.

Ry = Py,d_()_()s = s ko kac k por [4 My 5191 dﬂ/ {1+ ,B}]O'S .............. (5)

where &, is a modification factor accounting for any effects from »; on the capacity
per fastener. This method is the concept underpinning current timber design code in
Canada (CSA 1994). Values for My are based on minimum specified yield properties
of fasteners, while s; values are 35" percentile embedment strengths or an
approximation to them. A factor of 0.8 adjusting from short-term strength to ‘standard

term’ duration of loading has been omitted here.

o Method 2 ~ 5" percentile sy & resistance and maodification factors placed internal to

calculation of Py.

R(l = PY,d-O.DS = Hy knf [4 M\’ 14,1 ¢fastencr @wood kMC ](DOLd ﬂ/ {I + ﬁ}}{]'s

This is the form employed in Eurocode 5 (CEN 1995). 1t is understood that My values
used are based on minimum yield strength for fasteners such as bolts, while s; values

are 5% percentile embedment strengths.

e Method 3— Normal distribution of Py & factors external to calculation of Py:

Rd = P\f,d_o_()s = ¢}1‘f f(nf kmck DOL PY,;W (l —1.645 pr) .................. (73)

} ke and kpep are the modification factors accounting for deviation from non reference conditions for
moisture conditions and duration of the loading.



where Pyq, = [4 Mysu,d B {1+ B (7b)

Vpy is the coefficient of variation for Py. Success of this method depends upon being
able to estimate Vp, with reasonable accuracy. Average values of properties enter
equation (7b). The theory for Generation of System Moments can be used to estimate

Py oy and Vpy (Appendix).
o Method 4 — Normal distribution of Py & factors internal to calculation of Py

Rd = Py,d.()_()s = Hr kanY,av (I - 1.645 pr) ................................ (83)

where P\’,av = [4 My su) ¢fastencr ¢ waoc kpoL fnve d ﬁf' {I + /6}]0'5 ------- (Sb)

Average values of properties enter equation (8b) and the theory for Generation of
System Moments can be used to estimate Fpy, (Appendix, with the modification that
Brasteners Pwoods kpoL  and knic be appropriately inserted in the numerator of the

equations).

The issue, as discussed below, 1s which of the above-mentioned ways of estimating Rq are

acceptable for code purposes.
Estimates Py 4.0.05 and Vpy g values

There have been numerous studies attesting to the ability of the Johansen model, and its
derivatives, to accurately predict the average yield strength of timber joints with a single
dowel-fastener (e.g. Daneff 1997; Ni 1997; Smith et al. 2001). Therefore, the ability to
calculate average design strength, Pya.a, 18 taken fo be an uncontested issue. What is
unresofved is how to reliably predict variability in Pyg, and thus how to predict
characteristic values at low levels of exclusion. As already noted, 5" percentile

t percentile values

characteristic values are of common interest. By using normalized 5
discussion of them is independent of specifics such as fastener diameter, fastener yield
moment and the embedment strengths of members. Normalization is performed by

expressing values as the ratio Py a.p.0s/ Py g-av. and using Fpy g the coefficient of variation in



Py q. Only single shear joints are discussed here but conclusions will also apply to double

shear joints.

Let us assume that joint yield strengths and all material properties entering yield equations
are normally distributed (Appendix). It wiil be noticed from approximate Equations (A7),
(A9) and (A12) that Vpye are independent of geometric variables, but differ between failure
modes. Figures 2 and 3 illustrate how Py 005 / Py.dav and Fpyg vary as a function of the
coefficient of variation for embedment strength Fgy,1. Values in those figures are a function
of the form of the design equation, i.e. of Methods 1 to 4 [Equations (5) to (8),
respectively]. In the case of Methods 1 and 2, Vpy 4 values were calcuiated assuming that st
percentile values of sy lie 1.645 standard deviations below average values (i.e. sy is
normally distributed). In the case of Methods 3 and 4, Fpygq is calculated using Equation
(A7), (A9) or (A12), taking Var; = Vazz2 (Beom = 1.0), Vay = 0.05 (based on various test data
collected by the authors), and Vieqe = 0.0 or 0.1. Assuming Vg = Va2 results in identical
solutions for modes corresponding to Interpolation conditions [Equations (2) and (3)].
Effects of kve and kpoL are neglected in the present discussion, i.e. results apply to a case
where kyvc = kpor = 1.0. Under this circumstance, solutions are identical for Methods 1 and

2, and for Methods 3 and 4.
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Figure 2 — Interpolation equations 1 & 2: effect of Vgy on Py goos/ Pyaavand Veyg
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Figure 3 — Mode 3 equation: effect of Vi on Py 005/ Py d-av 20d Py g

Using Equations (A7) and (A9), Vpy 4 for ‘interpolation modes’ is not a function of fastener
slenderness. It should be noted that this result would not hold if another version of the
yield equations were adopted. As would be instinctively expected, Vpy 4 is lower for mode
3 than for interpoiation modes. In general, joint yield strengths become less variable as
sienderness of the fastener is increased, i.e. moving from failure modes la and 1b to mode
2 then to mode 3 (Figure 1), This is in agreement with numerous data collected by the

authors (Smith et al. 2000) and others.

As seen in Figures 2 and 3, there is fairly strong dependence of Py g.g.0s/ Py da.avaind ¥pygon
Vs p. In the case where model uncertainty is ignored, i.e. Vo0 = 0.0 (Methods 3 and 4),
solutions from all Methods of formulating the design equation give comparable results.
However, in the case where Ve = 0.1 (Methods 3 and 4), solutions from all Methods do
not sensibly agree, with Methods 3 and 4 leading to the highest estimates of Vp, 4 and the
lowest estimates of Py g.0.0s. As models can never be totally precise it is unwise to presume
Viodet = 0.0, The figures suggest another very simple approach can also work reasonably
well. Test data available to the authors suggests that most often 0.2 < ¥y < 0.25, which

implies:

o Forinterpolation mode failures:

Rd = PY,{1~0.05 = 055 ¢.’1f knfp\',m; ................................................ (9)



o Formode 3 fuilures:
Rd = PY,(I‘O.DS = (.7 @??f knf‘PY’a\r ................................................ (10)

The ratios of average strength suggested in Equations (9) and (10) are only indicative, but
the appeal of such a simple approach is obvious. It should be noted that values of ¢ should

differ in proportion to Fpy g.
Effect of using minimum rather than actual My values

As mentioned previously, it is presumed in some design codes that the fastener yield
moment My should be calculated based on minimum specified yield strength of the
fastener. This practice is most common for bolts. Daneff (1997) estimated that for SAE
Grade 2 bolts, which are those commonly used in timber construction in Canada, the
average yield strength in bending is between 514 and 437MPa (coefficient of variation <
0.03 for bolts from one batch). The upper strength is for 6.35mm bolts and the lower
strength for 25.4mm bolts. These values can be compared with 310MPa as specified in the
Canadian timber design code (CSA 1994), i.e. the value actually being used by engineers.
Ignoring the small variability in Daneff’s bolt strengths, it can reasonably be concluded
that the actual My of bolts is between abouf 1.4 and 1.67 times that being assumed in
design. The implications of this are underestimation of joint strengths and in some cases
prediction of the wrong failure mode. In cases where bolts are slender enough to develop a
mode 3 failure, actual capacities are probably between 1.2 (25.4mm Dbolts) and 1.3
(6.35mm bolts) times those predicted. ‘Errors’ from this source are less for other failure

modes degrading to zero for failure modes Ia and 1b, Figure 1.

Although it 1s likely that the effects of using minimum rather than actual My values are
much less for fasteners such as nails and wood screws, it is clear that efforts should be

made to use realistic My values.

Placement of ¢ fasteners ¢w00d9 kMC and & DOL

As already mentioned, there is divergence in practice regarding placement of resistance
factors and ‘wood related’ modification factors within design equations. Placement of

8



Grastener AA @ wooq initernal to the calculation of Py as in Methods 2 and 4 [Equations (6) and
(8)] is hard to justify as the practice will lead to variations in reliability levels between
joints exhibiting the different yield modes in Figure 1. The importance of moisture
condition and duration of loading modification factors (ke and kpor) is well established.
Mechanics arguments dictate that the most logical placement of such factors is internal to
the calculation of Py. The argument advanced, in North America at least, in support of
having these modification factors external to the calculation of Py is that it leads to a
consistent form of expression for calculating factored design resistances of members and
joints., There is relatively little hard evidence on which to base values for kvc and &por but
it has been clearly shown that moisture and duration of load effects are not independent
(Mohammad and Smith 1996, 1997). A composite modification factor accounting for the
combined influences of moisture and loading period, as in Eurocode 5 (CEN 1995), is
clearly prudent. Table 1 lists Eurocode 5 values for kvc.por. For a mode 3 failure, placing
the adjustment factor external to the calculation of Py results in a reduction of up to 21
percent in the factored design resistance, compared to if the adjustment factor is internal to
the calculation of Py (permanent load in service class 3). Mode 3 maximizes sensitivity to

placement of kyc.por. within the design equation.

Table 1. Values of composite modification factor kmepoL for solid and glued-laminated
timber and plywood [based on Eurocode 5 (CEN 1995)]

Load duration class Services class 1 Services class 2 Services class 3
(MC= 12%) (12% < MC < 20%) (MC unlimited)

Permanent 0.60 0.60 0.50

(=10 yrs.)

Long-term = 0.70 0.70 0.55

{6 mo. to 10 yrs.)

Medium-term 0.80 0.80 0.65

{1 wk. to 6 mo.)

Short-term 0.90 .90 0.70

(<1 wk.)

Instantaneous 1.10 1.10 0.90

Note: MC = moisture content typical of solid timber in the service class.

Reliability analysis

It is anticipated that resistance factors, ¢ values, will be calibrated based on closed form
first order reliability analysis as applied in the late 1970s to structural steel members and

connections (Ravindra and Galambos 1978). The form of the associated design equation is:

9




Ra= nplot Pyay €XP(-0.55 B Vo) ooveeeeer oo (11

where [ is the target reliability index for joints. Its value(s) will be selected based on
fundamental considerations and to avoid major discrepancies between new and currently
accepted factored design resistances. Although more advanced second order reliability
analysis has been used for calibrating design equations for timber members (Foschi et al
1989), it the opinion of the authors that such an approach is Inconsistent with the state of

engineering knowledge about strengths of timber joints (Smith and Foliente in press).

For design code purposes equation {1b), rather than equation (11), is likely to be used, in

which case the resistance factor will be;

¢= PY,E\\’ CXp(-O.SS ﬁl pr) /P\I,(]_()s ...................................... (12)

assuming that 5t percentile values are the characteristic resisfance level. As an illustration,
suppose that 5 is 4.0, Py sy / Pygosis 1.4 and Vpy is 0.2, then gwould be 0.58 which is in

line with currently accepted values for timber joints.

Conclusions

Variability in yield strength of dowel-fastener joints depends upon the Johansen failure
mode. Estimates of that variability should not only reflect the predicted failure mode but
also uncertainly in accuracy of the Johansen model. The approach in the Appendix to this
paper offers a relatively simple way of calculating variance and thus the coefficient of
variation in yield strengths from variability in fastener yield moment and member

embedment strengths.

Following the principle of mechanics-based design, the most appropriate format for

factored resistance calculations that are based on Johansen type yield theory is:

Ry = PY,(LO.OS = (b”f Fons PY,d-a\' (1 - 1.645 Vl’y)

with Py 4., being calculated using embedment strengths that have been adjusted to account

for effects such as the service environment and duration of the loading (su 1, fvc-por, &2
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...... k j). Adopting this format in a design code will have some practical implications,

which should be carefully considered.

Follow-up work will involve Monte Carlo simulation to validate the use of the
approximate equations to obtain the variability in Py and to conduct probability based

calibration of the resistance factor ¢ for EYM-based equations in limit states design.
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Appendix - Expected Value and Coefficient of Variation of Py

For the purposes of demonstration, consideration is restricted to single shear joints. The
expected (average) value, E(+), and variance, Var('}, of Py for particular failure mode can
be estimated using the theory for Generation of System Moments (Hahn and Shapiro
1967). It is reasonable to presume that terms in Equations (2) to (4) are not correlated, and
thus the expected value and variance can be determined from statistical distributions of
swuy, My, d 1, & B &), @ and @5, The mean value of Py for a mode of failure can be
estimated by a curtailed multi-variable Taylor’s series that takes the form:

E(z) = A[B(x;), B(x), ..., B)] + % Ty, 0°h0x7 Var () oo (A1)
where 9°h/dx;* denotes 9*h/0x;* evaluated at E(x,), i.e. E(x,) substituted for x,, » =1, 2,..., n.
Variance of Py for a mode of failure can also be estimated by a multi-variable Taylor’s

series that takes the form:

Var(z) = Zimy o (0570x)° Var (x) + Ti=p Oh/x) (*hidx) 113(x)
= Timin QRN VAU (X)) oo, (A2)

where (t4(x;) is the third central moment of x,. The approximate form of the equation for
Var(z) is adequate as distributions for sy, My, d, 1, erand £ are approximately normal
(tia(x;) = 0.0). The coefficient of variation is given by:

Vi = [Var)] ™ BLZ) e oo (A3)
Using the relationship = sy / sn,1, Equations (A2) and (A3) yield:

Vo= [Vl + V21 e, (A4)
where Vg and Vg, are the coefficients of variation for sy, and sy 2, respectively. Based

on numerical simulation, it was found that for values of / that are of interest, reasonable
approximations are:
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Var =Vl 6, Var =Vs; Vos =Vp/2 . {AS5)

Following from the above, the following are the expected values and coefficients of
variation of Py for each failure mode:

e Failure in the side member (Interpolation 1)

E(Py) = Blsi0) E(@) BUD E(DPY) oo (A6)
Vl’y = 1/6 [37VSH,!2 + VSH,22] O (A7)

where B(@) = 1/[1 + {(1+E(B) / BB = 17 [1 + {0+ Buon) ! Buom "1, with Buom
being the nominal value of 5.

o Failure in the main member (Interpolation 2)

E(Py) = E(s11) B@) BUY E(O E(DL) v, (A8)
Vg = 16 [Vags” + 37V 1" e (A9)

where E(@) =E(8)/[1+ {1-&}3(@}0-5] ~ Lhom ! [1 + {Hﬁmn}ﬂ.ﬁ]_
¢ Formation of plastic hinge in both members (Mode 3)

E(Py) =2 [E(My) E(sn1) E@)]®° E(@y) [1~ 1/32 (@Vy + Vi) + 4 VD]
= 2 [E(My) EGu ) B@DI™ BID3) oo, (A10)

Voy = Had {4V + 5V " + Vet +4VA1% (A11)

where E(@3) = [E(f) / {1 + E(B}]™ = [Buom / {1 + Boom}]’", and Py, and ¥y are
coefficients of variation for My and d, respectively. Usually ¥4 = 0.0 and Equation
(A1l) simplifies to:

Voy = VA4V + 5Vt + Va1 e, (A12)

NOTES: 1) Expression (A9) as shown here is not fully consistent with approximation for
Voo in equation (A5). This is because it is purely arbitrary which member is designated 1,
and which member is designated 2. What is done makes equations (A7) and (A9)
consistent. 2) There is always uncertainty associated with application of any model and
that can be allowed for by adding appropriate ferms to equations for Fp,. A term 36 Viodel”
should be added in Equations (A7) and (A9), and a term of 161'/,110(1032 in Equations (All} or
(Al12), these being placed under the root sign. Viede 18 the coefficient of variation
associated with model accuracy. In the absence of better information, a value of 0.1 is
initially suggested.
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H J Blass asked what spans were intended for these structures and how would one deal with
different roof angles.

J Nielsen answered 8 m to 10 or 11 m and most roof angles were 44 to 45 degrees.

V Enjily asked what were the produgction problems with the double plates.

J Nielsen answered the first plate was pushed in and then the second plate was slightly offset and
pushed in. Alignment and wood campreassion problems were observed.

H J Biass asked why thicker 2 mm plates were not used.

J Nielsen answered such plates were not available.

S Olsson commented that it seemed the timber structures had similar behaviour as steet structure
{no cracking); however, by increasing the plate thickness the structure had brittle failure mode
again. Was this desirable?

J Nielsen answered that it was a problem identified by the truss manufacturer. 1t was a good
solution to move the failure to the timber to obtain more uitimate use of the timber.

J Kangas commented that the title promised too much and asked why existing models were not
considered.

J Nielsen agreed and stated that additional work would be needed to address the compression
failure parallet to grain and crack failures. Rotational stiffness of plate was already included in the
modet! and it could predict the deflections and forces. Refinements have been initiated to improve
predictions.

V Enjily commented that usually 4 small plates were used as a solution and bigger plates would be
a good idea if manufacturing issues were resolved.

J Nielsen agreed.

F Lam commented that moving the failure mode to the wood would increase variability in the load
capacity which would not be good from reliability perspective.

B Kallsner asked about the potential damage in the timber at the boundaries of the two-plate
system.

J Nielsen agreed and stated that same size plates were used to ensure second plate would not
cause problem at the boundaries.
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1 Abstract

The work on modified attic trusses has been continued at Aalborg University. 60 tests
divided into 25 different test series are made on truss segments with a knee joint. The
influence of type and number of plates, cutting of the timber members, and compound
rafters have been tested. Some of the tests and the results are described in this paper.
Finally a few load-displacements curves of the tests are compared to a numerical model.

2 Introduction

During the last 15 years modified attic trusses have been used for Danish buildings, see
figure 1.

Typical attic truss Modified attic truss

Figure 1: Shape of a typical attic truss and a modified attic truss.

The modified attic trusses are an attractive alternative to the typical trusses caused by better
utilisation of the upper floor. The slope of the rafters is normally around 45°. However, the
behaviour of the modified attic trusses is very dependent on the stiffness and the strength
capacity of the knee joint, see figure 1 right. When the truss span in below 8 m the knee
joints can be produced with punched metal plate fasteners. Above 8 m the knee joints have
to be produced with steel gussets or nail-glued plywood, which are very costly connection
types compared to punched metal plate fasteners.



In order to improve the design of the knee joints with punched metal plate fasteners the
Department of Building Technology and Structural Engineering has cooperated since 1989
with the Association of Danish Manufactures of Roof Trusses.

In 1990 some {ull-scale static and dynamic tests have been performed on modified attic
trusses with different designs of the knee joints. In addition to the full-scale tests a number
of short-term tests were conducted on the truss segment including the knee joint, see
figures 1 and 2.
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Figure 2: Test set-up of a truss segment. Dimensions in mm.

The average ultimate moment capacity of the knee joint designs with punched metal plate
fasteners was found as 4.7 kNm with 45 x 220 mm leg and rafter. In some series the legs
were designed with two parallel-connected timber beams increasing the leg width to 290 or
440 mm and causing an increased moment capacity of 8.3 and 11.6 kNm, respectively. In
all cases the failure modes were affected by splitting in the wood and it was found that a
location of punched metal plate fasteners close to the upper edge of the rafter prevents
splitting of the rafter and increases the moment capacity significantly. The tests and some
numerical analysis are described in Hansen et al. (1990) and Mortensen et al. (1992).

In the autumn of 2000 the work was continued with a number of experimental and
numerical tests. The objectives of the work are twofold:

» to develop improved designs for knee joints with punched metal plate fasteners.
» (o develop, calibrate and test a numerical model.

The experimental work was divided into two test programmes each with 30 tests. 15
different joint designs were tested in test programme 1. The experience of test programme
1 was used to design further 10 test series in test programme 2,

The dimensions of the test set-up give a combination of section forces at the joint, which
corresponds to a modified attic truss, spanning 8 m, hinged at the legs and loaded with
dead load only (roof and ceiling).

Each test specimen is loaded according to EN 26891.

Load-displacement curves of the tests are compared to the results from the numerical
model. A detailed description of the whole work is given in Ngrgaard et al. 2001.
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3  Description of tests and results in test programme 1

Test programme 1 contained 15 different test series each with 2 tests, see figures 3, 4 and
5.

In each test series the joint design is different as the number, location and type of the
punched metal plate fasteners were varied as well as the cutting of the beams at the joint.
The size, location and type of the lower plates in the leg were not changed.

The rafters were made of one or two parallel-connected timber beams, i.e. the total
dimension of the rafter was 45x245 mm. The legs were made of two or three parallel-
connected timber beams, i.e. a total dimension of the leg of 45x360 mm, see figures 3, 4
and 5.

In general, two plate types from Mitek Inc. were used: GNA-20S and a GNT-150S. The
plates have the following properties:

Plate type | Thickness | Nail density | Nail length
min nails/cm’ mm

GNA-20S 1,0 1.47 8

GNT-1508 1.5 0.67 14

Table 1: Properties of the plate types used.
The same steel quality is used for both plate types, and the yield stress is at least 350 MPa.

The numbers 20 and 150 in the series name denote the plate type used in the knee joint and
series with compound rafter were denoted 2. Two 174x350 mm GNT-150S plates are used
to connect the legs 50 mm from the end.

A large trapezoidal shaped plate was used as the primary connector in the knee joint for
both plate types, see e.g. series A to E in figures 3 and 4. These plates are not standard and
they were cut specially for this project. The dimensions of the vertical and the sloped plate
edge were about 480x429 mm and 480x410 mm for the GNA-20S and GNT-1508S,

respectively.

Swedish spruce of strength class K24 (S10) was used. To get some knowledge of the
stiffness properties of each timber member the E-modulus of the uncut timber beams
(45x245 mm and 45x120) were measured according to EN 408. However, to save time the
beams were conditioned at 85 % relative humidity, which gives an average moisture
content about 16 % before the stiffness testing.

After measured E-modulus the test specimens were conditioned according to prEN1073
and cut and assembled at a truss plant.
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Figure 3: Series 1 - 6 in 15 test series of test programme 1. Dimensions in mm.
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Figure 4: Series 7 - 12 in 15 test series of test programme 1. Dimensions in mm.



GNT-150% 145x508

GNT-1508 1012184

GNT- 1505 123x308

G-150
H-150

1000

766

500

KN ) BN

F180 180 ¥ 120 . " 240 r

GNT-1508 280x205

I-150

1800

120 o . 240 o

Figure 5: Series 13 - 15 in 15 test series of test programme 1. Dimensions in mm.

The designs of the knee joints are based on a brainstorm. Some of the test series e.g. test
series B, C, and I are not optimal from a practical point of view and they only have
theoretical interests.

3.1 Results

In table 2 the average failure load, the average failure moment, the failure type and load
level at 5 and 10 mm displacement are given. The displacements are given as the horizontal
movement of the rafter end, see the loading point on the rafter in figure 2. The failure
moments are based on an initial eccentricity of 40 c¢m, see figure 2. The failure moments
based on the deformed eccentricity are about 8 % higher.

During testing contact between the leg and the rafter was observed and further loading
generated large compression deformations perpendicular to the grain at the contact zone of
the rafter. Furthermore, close to failure, compression failure parallel to grain (kinking



band) was observed in the rafter just above the contact zone and hereafter only plastic
deformations developed.

In table 2 the failure types for each series are denoted as follows: SI: Splitting in the leg, Sr:
Splitting in the rafter, P: Plate failure, W: Withdrawal of the nails and Tr: Tension failure
in the rafter outside the plate area.

35,3 14,1 Sl 10,4 20,0
31,0 12,4 P 10,6 19,6
38,0 15,2 Sr 11,7 213
333 13,3 W 12,8 21,9
38,6 15,4 Tr 10,4 20,5
32,9 13,2 W 10,6 18,9
33,9 13,6 Tr 11,1 20,5
32,3 13,1 p 10,5 20,6
40,5 16,2 Tr 12,1 22,7
40,9 16,4 Tr 12,0 22,9
28,6 11,5 W 8,7 17,1
29,3 11,8 W 7,1 14,0
34,8 13,9 W, Sr 11,5 21,2
35,5 14,2 Tr, Sr 11,3 20,1
282 11,3 W 7,6 14,9

Table 2: Average failure load/moment, failure type and average load
level at 5 and 10 mm displacement.

In general the deviation around the average was below 6% (note: only 2 tests).

By comparing series A to E the influence of the cutting and plate type can be found. Test
serics E obtained the maximum failure capacity and stiffness properties with both plate
types and in these cases the fatlure occurred in the rafter just outside the joint area.

When comparing the influence of the plate types the thick plate GNT-150S increases the
bearing capacity. However, the stiffness is not affected by the plate types, as the values of
Fsand F;p are almost the same.



By comparing F-150 and F-150-12 the effect of two beams in the rafter is found. The
bearing capacity is the same, but the stiffness is decreased by almost 20% in tests with a
compound rafter.

4  Description of tests and results in test programme 2

Based on the results of test programme | further 10 test series were developed and 8 of the
series are shown in figures 6 and 7. Additional tests of series E-150 and 3 new test series
based on series E-150 were made. The influence of 290 and 360 mm leg width and 2 or 4
embedded plates at the knee joint was analysed, see figure 6. A “t” in the series name
denotes “thin” leg width (290 mm) and “2P” denotes series with 2 embedded punched
metal plate fasteners on each side.

1000

1000

GNT-150S 1743350 GNT-1508 174x265

E-150-2P E-150-t2P

1000

1000

GNT-150S 174%x265

GNT-1508 174x350

120 . . 240 o, 45 145,

Figure 6: Series 1 - 4 in 8 test series of test programme 2. Dimensions in mm.



In series J a single-sloped plate was tested. Also in these series the influence of leg width
and numbers of embedded plates was analysed, see figure 7.

Y- 1508 1012308
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* B
145,215 . A48 345,

Figure 7: Series 5 - 8 in 8 test series of test programme 2. Dimensions in mm.

4.1 Results

In table 3 the average failure load, the average failure moment, the failure type and the load
level at 5 and 10 mm displacement are given. The same observations as in test programme
1 were made.

Several production problems were encountered (bending of nails, wood crushing) when

embedding 2 plates on each side of the timber, and if this joint is to be utilized the plate
design and the embedding tool must be redesigned.



4 Tr, Sl

4 40,8 16,3 Tr, Sr 10,3 19,5
2 43,6 17,5 Tr,S1 13,5 26,1
2 51,3 20,5 SI,Shr 12,1 22,2
4 42,5 16,9 Tr,S1 11,1 21,3
4 35,2 14,1 Tr,S1,Sr 9,9 19,2
2 39,5 15,6 Tr 12,9 24.9
2 40,4 15,8 Tr.Sr 9,5 19,1

Table 3: Average failure load/moment, failure type and load level at 5
and 10 mm displacement,

In table 3 the failure types for each series are denoted as follows: S1: Splitting in the leg, Sr:
Splitting in the rafter, Shr: Shear failure parallel to grain in the rafter P: Plate failure, W:
Withdrawal of the nails and Tr: Tension failure in the rafter outside the plate area.

In general the deviation around the average is around 5-10 %.

A decreased leg width decreases the average bearing capacity by 10-20 % in tests with one
plate on each side. However, an incrcased capacity is observed in series E-150-12P and J-
150-t2P. In all tests the stiffness at 5 and 10 mm is increased by 10-20 % in tests with a
“thin” leg.

The influence of 2 plates on each side is not obvious. In tests with 360 mm leg a “double
plate” decreases the capacity and stiffness, however, in tests with 290 mm leg the “double
plate” mcreases the capacity and stiffness.

In general a knee joint design with a trapezoidal punched metal plate fastener is a
promising design type as it increases the bearing capacity to 16 and 18 kNm for the leg
width of 290 and 360 mm, respectively. This is approximately twice the capacity obtained
by the tests described in Mortensen et al. (1992).
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5  Numerical analysis

The test series have been modelled by a finite beam element program called TRUSSLAB.
‘The programme is described in detail in Ellegaard et al. (1999). However, the plate element
has been further developed. The plate clement consists of a number of small beam elements
located over the joint line. In order to model yielding in tension and buckling in
compression the stress-strain relation for these beams 1s non-linear, see figure 8. The axjal
force and the moment given at the ends of the beams determine the distribution of the axial
stresses. The shear force is determined by establishing equilibrium.

The properties of the nail and plate elements have been calibrated by basic tensile,
compression and shear tests, see Ngrgaard et al. (2001) and Ellegaard (2000}).

o

4

—

-
X

Figure 8: Stress-strain relation for axial stresses in beams in plate element.

In figures 9 to 12 the load-displacement curve from TRUSSLAB is compared with the test
results in series E-150, E-150-t, J-150 and J-150-t. The thick solid line gives the numerical
result.

The numerical results are based on the following:

* An average E-modulus of each of the timber parts (leg or rafter) within a series has
been used.

* The second order displacements are added by increasing the output displacement by
8%.

¢ The initial position of the numerical load-displacement curve has been moved to the
initial part of the reloading curves of the test results.

¢ The gap between the timber members is 1 mm.

In figure 9 to 12 it is seen that TRUSSLAB is able to predict the initial stiffness of the truss
segment. However, during loading the model underestimates the deformation, which is
caused by the fact that the timber is modelled by linear elastic Timoshenko beam elements
and therefore is unable to model splitting and plastic deformation parallel to the grain at the
compression zone. The compression between the timber members is modelled by contact
elements with bi-linear properties.

In general, buckling and contact are obtained in the numerical model, but no plastic
deformation perpendicular to the grain is obtained in the compression zone. This might be
because the buckled beams of the plate element do not lose their load capacity after
buckling, which is observed in basic compression tests.

11
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Figure 9: Load-displacement curves of series E~150.

The load-displacement curves for the (2+4) tests in series E150 in test programmes 1 and 2
are shown in figure 9.
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Figure 10: Load-displacement curves of series E-150-t.
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Figure 12: Load-displacement curves of series J-150-t.
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6  Conclusion
Based on the results the following conclusions can be made:

* A knee joint design with a trapezoidal punched metal plate fastener is a strong and
stiff joint type as the bearing capacity is doubled compared to the tests described in
Mortensen et al. (1992). The above design gives a bearing capacity of 16 and 18
kNm for tests with 290 and 360 mm leg width.

¢ The influence of embedding 2 plates on each side of the joint is not clear and the
production of these kinds of joints causes production problems.

¢ A numerical model is able to predict the initial stiffness of the joint types. At load
levels above half the failure load the displacement is underestimated as modelling
of wood with cracks and compression failure parallel to grain is not possible with
TRUSSLAB.
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H J Blass asked why use the average values for the penetration depth of the head and point side
nail.

R J Bainbridge answered that it was a simplification as the penetration depth was governed by the
explosive charge delivery and there would be fluctuation.

H J Blass suggested that the minimum penetration depth should be considered for design.

R J Bainbridge agreed.

H J Larsen commented that the stated objective seemed to promise 100 much. He asked would
anyone take up this connection method commercially. Also he guestioned how much was the gain
by using finch beams rather than timber in terms of economy and performance.

R J Bainbridge answered the commercial aspect is a separate issue from this paper. The industry
was encouraged by the potential use of lower grade timber.

H J Blass stated that in Germany 3.2 mm nails driven with airgun have been available.

H J Larsen commented that these systems have not been frequently used either.

H J Blass asked what was the final angle of the failed nails.

R J Bainbridge answered the angles were not measured and the information was not available at
hand.

H J Blass commented corrosion might be a problem as zinc coating could be damaged during
installation.

R J Bainbridge answered the manufacturer did not think it would be a problem.

V Enjily commented that the distortion of timber after installation from moisture effects might be an
issue.

| Smith commented that the friction between timber and steel plate might change after installation
thus influencing the performance.

R J Bainbridge answered this was not considered in the initial study.

J Ehlbeck asked which equation was used to predict the characteristic load Rk. with reference to
information on Page 7. This is an issue related to characteristic versus design loads.

R J Bainbridge clarified that there was a misprint in Pg 7. The correct term should be
characteristic values not design values (Fig 10).
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Abstract

Composite timber/steel structural elements have the potential to combine the benefits of timber construction
{ease of working, readily available resource, simple connection of ancillary components) with the strength
and stiffhess of structural steelwork.

Conventional flitth members constructed using boits in clearance holes are time consuming and labour
intensive. However, modern shot fired nails can be used to achieve an alternative connection, which is both

fast and easy-to-achieve,

This paper presents findings from experimental trials of these fasteners in steel to timber joints and compares
their performance to that modelled through application of the equations for dowel-type fastener joints
presented in Eurocode 5: Part]-].

1. Introduction

Conventional flitch members constructed using bolts in clearance holes are time consuming and labour
intensive, However, a fast, easy-to-use, modern shot fired dowel connection system, capable of penetrating
through both materials without pre-drilling, can be used with refatively thin gauge steel to produce more
efficient and commercially viable alternatives. The concept is iliustrated in Figure 1.

Figure 1 Conceptual and Prototype Timber / Steel Flitches Employing Shot Fired Nails

The work described herein is the part of a research and development project with the following stated aims:

* develop an identified value added use of UK grown softwood — especially Sitka spruce.

*  show that innovation can work in the construction and timber industries, by delivering a commercially
viable engineered timber product in joint partnership with members of the UK timber supply chain and
fabricators.

The main application areas for modern steel-timber composites are envisaged to include:

* Floor and roof beams/trimmers/lintels. o Post and beam construction.

¢ Footbridge beams and transoms. * Bespoke structural joinery, conservatory construction.

e Portals and tied roof frames. * In-situ restorations, including partially prefabricated kits,
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2. System Basis and Considerations for Performance Prediction

The shot fired steel nail system used in this study comprises 3.6mm diameter high tensile steel nails (80 mm
long), shot using an explosive charge nail gun, shown in Figure 2a. The nails are driven into a clamped lay-up
of timber and steel plate with such force that the nails penetrate the steel undamaged and become friction
welded to the plate in the process, as shown in the disassembled joint in Figure 2b. The force that drives the
nails is controlled by the charge strength and can be varied for different applications.

The tested configuration in this paper comprised 47mm thick Sitka spruce (Picea sifchensis) and 6mm mild
stecl plate. In this configuration, the nails were found to penetrate the steel to an extent whereby the heads
become sunk a few millimetres below the surface of the timber. This was found to be reasonably consistent
throughout specimens. This results in a joint as described in Figure 2¢, whereby the outer member thickness
cannot be used to describe the thickness t1 used in standard nail equations. The nails also have significant
penetration on the pointside of the steel plate (t1b), as can be seen from the photograph in Figure 2b.

¢)

tha f2 tud
Figure 2 Shot Fired Nail System Used In Timber/Steel Connection

The shot fired joints differ from the traditional normal nail model as there is absolutely no rolerance hole in
the steet plate, and furthermore a true rigid relationship is established between the plate and nail.

3. Experimental Investigations

The work reported herein is part of a
technology demonstration project, which
includes a limited test programme, performed

to support the design and fabrication of e gtg‘;?
prototypes. The iitial tests comprised short- :

term ramp ioad tests, as described below, and 7 #

duration of load tests, which are still in 47 x 195 mm
progress at the time of writing. Tirber

3.1 Ramp Load Tests To Failure

A small series of short-term joint tests were
carried out on double-ended assemblies of this
form of joint. The test specimens,
manufactured from 47 x 195mm section, ...k

260 mm
120mm

strength class C16 (machine graded) Sitka E

spruce, and 6 x 180 mm section steel plates, Sl Baahay
were assembled using 4 no 3.6mm diameter x . :
80mm long shot fired dowels, driven from ,,Lal%gﬂm_/

one side only, as shown in Figure 3,

The test specimen was developed to reflect a

target configuration in the flitch beam

application. It is of note that this configuration

employs non-standard nail spacings, as can be Figure 3 Schematic of Test Specimens
seen from Table 1.
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SR i Nal! Spacing (Load parai!e! To Graln) :
: Jo:ntTypelCode Gm lan _e‘ oAy : ST Ay
Sl paraite! to gram i joaded end -
Shoi F|red Nax s (as reported herem) i2d 40d 14d
) predrilled holes 7d 3d 124
DDENV1998-1-1 0wt prodiiled holos T0d 5q 15d
BS5268 Part 2 predrilled holes 10d 3d 104
timbes-to-timber without predrilled holes 20d 10d 20d
B55268 Part 2 steel plate to timber 14d 7d 14d
Table 1 Comparison of Shot Fired Nail Spacings with Standard Nail Spacings
Fa:lure load {kN} -
The samples were loaded to failure in pecim, _.--;ota[ e ERe pgr Rall*
tension. The foad at failure was recorded in N R ‘g"a‘g‘""
each case, together with load deformation i3 5555 EE7 -
recordings at each end of the test samples. A3 21,14 579
Ad 2253 5.53
The results of the joint tests are A5 19.86 4.97
summarised in Table 2 and load-deflection A 1611 £.93
- mean 20.32 5.08
curves are shown in Figure 4. Notow:
* average based on assumed uniform load share between nails

Forcel/kN

The modes of failure comprised substantial
deformation of the nails (as evidenced in the
opened joint in Figure 5), accompanied by eventual
splitting along the grain in the timber. A selection

25

Table 2 Summary of Tests in Ramp Load To Failure

20
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of failed specimens is shown in Figure 6.

The distortions in the specimens further evidence
the significant deformation throughout the nailed
groups prior to eventual failure, suggesting a high

degree of load sharing across the fasteners.

Slip of plate/mm
Figure 4 Load- Slip Curves For Short-term Load Tests

Figure 5 Nail Deformation in Failed Speimen
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Figure 6 xamples of Failure Modes in Samp
The mean strength derived from the tests reflect a degree of variation in the ultimate capacities of these joints.
The ultimate limit state design may be calculated from 5" percentile characteristic test values (Fi) modified
by the material partial safety factor ym and the appropriate service class and duration of load factor kmed.
Derivation of these figures falls outside the scope of this paper. However, as the test set is 1o be used as a
reference for a series of duration of load tests and assistance in design of a prototype bridge, an approximation
of the 5th percentile characteristic value of the load-carrying capacity of the joint was calculated, assuming a
normal distribution as in equation (1), Whilst it is appreciated that with a limited test set, the characteristic
strength approximated will be a pessimistic value, it was deemed to be appropriate in this exercise.

~ '3
_ Z(F ~Fon) =  3.72kN/nail or 14.88 kN/ test joint (i)
F, =k iF —t kg T J
k 1] 7 mean n
n-1

Ko = the fesser of 450/pye, and 1.0 Puen = Mean density of conditioned members at time ol test

Fuen = mean value of ¥ for the test series Ka = Student-T factor related to n resulls for a 5 perceatile probability level, (2.02 for n=6)
Fo = yltimate load in each test n = mumber of tests in the test series

3.2 Duration of Load Tests

‘The short-term tests were used to determine the loads to be
used in the DOL test, since these are performed at high
fractions of the estimated short-term failure loads. Similar
specimens to the short-term tests were tested through
application of constant loads in the region of 70-80 % of the
mean ultimate capacity in tension and maintaining this load
untif failure. The specimens were installed in purpose made,
double-cantilever test rigs, located outside and under cover -
a broad definition often applied to exemplify the Service
Class 2. Dead weights were attached in order to induce axial
load in the specimens. The dead weights were enclosed in
waterproof jackets to avoid moisture uptake over the
duration of the tests.

A similar method has been used previously to test bonded-in
rod specimens [6] and relative humidity and air temperature
in the test are known to be undoubtedly more severe than
Service Class | and might even be considered as reflecting
Service Class 3. The duration of load tests are still in
progress at the time of writing, with the recorded failures
and outstanding {ests summarised in Table 3.

F :girre 7 Duration of Load Tests

F(kN) oo 18.68 18.18 18.15 18.00 17.96 17.65 16.37

Time to Failure {(hrs) - 21.2 72.5 140.8 140.8 70.8 72.8 120.4
CUOELRN) 16.98 15.96 15.63 15.62 15.42 14.03 14.03
Time to Failure (hrs) 143.0 50.5 166.3 120.6 146.3 143.4 863.3
CooFA{RNY 14,02 14.02 14.00 14.00 13.99 13.98 13.97
‘Time to Faiture (iws) 100.0 292.0 118.5 22.3 28.3 196.5 723.8

Table 3 Swummary of Duration of Load Results Obtained in Medium Term
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4. Eurocode Equation Based Prediction of Strength

4.1 Lateral Load Carrying Capacity of Dowel Type Fasteners
There are two configurations in which this technique is practical - either a single shear steel to timber joint or

in a three-member double shear joint, where the steel forms the inner member, as shown in Figure 8a and 8b
respectively. The work described herein reflects the latter.

A series of dowel-type fastener design equations for steel to timber joints is presented in ENV 1995-1-1 [4].
In the case of single shear, these are differentiated with respect to the relationship of the fastener diameter (d)
to steel plate thickness (tpia), thus resulting in definition of a thin plate model (tpae < 0.5d)} or thick plate

model (toiae > d). In double shear with steel as the centre plate, there is no such differentiation, the calculation
model being defined as shown in Figure 9.

LI 4td (mode e)
. o =ming L1 t,d 2+W 1 node s
a) single shear b} double shear h1a™h
1.5/2M f . ,d (mode g)
Figure 8 Alternative 3 Member Connection Figure 9 Fuailure Models For Double Shear
Configurations Steel- to-Timber Joints

Treatment of nails employs these basic equations, with ti taken for design purposes as the lesser of headside
timber thickness and pointside penetration in double shear Jjoints. It can be seen that selection of the lesser
value of t1 will result in a conservative estimation. A more realistic value of 1 can be derived by taking t1 as
the mean of the headside member and pointside penetration. This also addresses the issue of variation of
penetration and head embedment across the sample set. Thus, in the case of these specimens:

tr=05Lattib)=05(Lmi-tz) /2

The characteristic embedding strength for non-pre-drilied nails (as in ENV1995-1-1 equation 6.3.1.2a) is
derived from the expression:

ok = 0,082 px 4™ Nmmn’ 1

DDENV 1995 further advises that the yield moment of nails be derived for round nails produced from wire
with tensile strength of 600 N/mm” from the expression:

Myk=1804d 6 Nmm {4

The types of shot fired nails by necessity of their application method are of a higher grade steel, the ultimate
tensile strength being in the order of 2000 N/mm" (yield = 1700 N/mm’). Therefore the general nail
expression is not applicable for prediction of the strength of these nails. ENV 1995-1-1 further advises that
the yield moment shouid be determined in accordance with prEN 409 [3] ‘Determination of the yield moment
Jor dowel type fasteners - Nails' and Annex A of EC5:1-1 [4] (for determination of 5-percentile characteristic
values from test results and acceptance criteria for a sample). At the time of writing, the data from these nail
tests was not available, but for the study presented in this paper, two alternative approaches to derivation of an
approximate value were considered: .
~  enhancement of the yield moment derived from equation (4) based on the ratio of tensile strength (as in
equation (5)) a6
M yk=(fx/600) 180d " Nmm ()

— adoption of the general bolt expression (as in equation (6)).

My =08 fukd /6 (6
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Incorporation of the appropriate diameter and material properties results in calculated yield moments as
summarised in Table 4. Based on these material values and employing material safety factor {ym) and Kmed
values of 1.0 throughout the various combinations of equations 2-6, the projected values of characteristic
capacity per shear plane (Rx) are summarised in Table 5.

Equation .-~ 180d =° (F,/600) 1804d =" 0.8f,d/6
M. {Nmm) 5031 16770 (based on u%ti_mate strength) 12441(based on ulti_mate strer?gth)
AT bl it 14254 (based on yield capacily) 10575(based on yield capacity)
Table 4 Calculated Characteristic Yield Moments
) LT RS e T T T Predicted Ry (N)
e s T T T oo Predicted =
w7 Calewlation Model Basis | | failure .| - /Basedon " based onmean .
ST e T s e moeda gnimm_um__-h__ (R CRE
Standard nail equation* g 1192 1298
Ratio modified nail hased on nail vield strength f 1650 18146
equation hased on ultimate nail strength f 1765 1902
. based on nail yield strength f 1474 1677
Bolt Equation based on ultimate naif strength f 1564 1748

* Will underestimate all modes where nail deformation 1s crtical, due fo higher than standard strength of nafls used in fests
Table 5 Calculated Characteristic Capacity Per Shear Plane (using non-predrilled nails equations)

4.2 Modification Factors For Duration of Load

The effect of sustained actions on the performance of timber structures is treated through multiplication of the
design capacity by kmed, reflecting the load duration class and service class, as summarised in Table 6.

U Solid Timber - | order of accumulated [ T T T R g
Solid Timber. | | * " duration ofioad | T SEIRGE T s
Short Term less than one week 0.9 0.7
Medium Term 1 week - 6 months 0.8 0.65
Table 6 Summary of Shori and Medium-Term Load Duration and Knoa Treatment in ECS
5. Comparison of Test Results and Calculation Models
5.1 Characteristic Strength

The characteristic failure load obtained from the tests is compared with calculated results in Figure 10,

Derivation Basis

test

bolt equation, based on

Fult
Otest
it equation, based on B inodel with £y
Fy based on
rainirum nail
embedment
ratio modified nait length

equation, based on Fult & modal with t4
based on mean
nait embedment
length

ratio modified nail
equaticn, based on Fy

stanclard nall equation

0 2 4 G 8 10 12 14 18 18
Fk for 4 Nail Joint (kN)
Figure 10 Characteristic Specimen Capacities Calculated From Dowel Tvpe Fastener Models and Tests
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it can be seen that the test strengths show a slightly higher short term Jjoint capacity than that predicted by all
models except that based on a nail equation modified by an uitimate capacity ratio in the fastener and
employing the mean nail embedment length.

Itis also apparent that the model which best reflects the values obtained from test is based upon a nail
equation modified by a yield capacity ratio in the fastener and employing the mean nail embedment length.

Thus, it is recommended that the following approach be used to calculate the characteristic capacity of these
fasteners:

‘ here:
LI, 0t d (mode ¢) where

H 4Mvd
R, =min Lfy g td] 24— ]

2 03 2
Eradly (mode ) g =knoa 0.082 pxd”" /13 N/mm
L52M of;,, od (mode g} M yd = (fy.mil/ 600) 180d “°/ 1.1 Nmm

52 Strength Under Sustained Actions

The tests performed only extend as far as the medium-term. These are compared with the projected
performance on the basis of kmed treatment (as in ENV1995.-1-] Table 3.1.7} of mean and characteristic
capacities from the initial test set in Figure 11.

=03 (L oail - 1 steel } mm

25 ! 1 % & Test Results
t 1 {
cFmax - R ;
i ! !
i 1 1
o R YT T — - . :
1 T T P i i
G !
; B~ 1
? 8 E el
. Fiam - b L e B D < LTIV T A BT 1 SC2 (Fmean x k mod)
L — | T e — <, ; I
- ! T e 00, TSSO 00 Do
Z : e T < 5C3 (Fmean » k mod)
= e i T 8G1 15C2 (FK x K mod)
i B T T i |
10 ! ! e "'-*--%SCB(F'kkand)
i i i
i i i
| i !
1 1 I
5 E i i
] I 3
i i i
! short term ! med term !
1 ' 1
0 Ly : ‘ ot +
! ‘ !
-2 -1 0 1 2 3 ! 4
] 1 1
S mins log t (hrs) 1 week G months
Figure 1] Summary of Load Duration Observations to Date.

As shown in Figure 11, the experimental evidence suggests that the performance of the specimens under
sustained axial load exceeds the required level for application of the standard kmos values in ECS Part 1.1 for
all three service classes,

it should be noted that although some of the results are very close to the projected curve for service class |
and 2, in practice the design capacity would also be subject to material safety factors which are not included
in this graph, hence the design criteria curves would be lower than those in Figure 11,

6. Showcase of Application in Prototype Footbridge

The application of this technology has also been showcased in the form of a small prototype footbridge
structure, This has been manufactured from European Larch, another softwood produced in sufficient volume
by the UK forest industries to be worthy of promotion for structural applications such as this. The overall
tength of the bridge is 5.1m and the width between the handrail posts is [.2m. The main structure consists of 3
flitch beams, each made of two timber pieces of 63 x 295mm section and one steel piece of 6 x 250mm
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section (see Figure 12). Blocks of 63 x 295mm timber sections were installed at each end of the bridge, and at
the third points of the span.

Figure 12 Tec nology Dembm!rat:éf%““ﬁ;'b'téijpé F 'cio"!brzdgew

Handrail posts are of 100 x 100mm section
timber and the rails are of 150 x 47mm
section, except the top rail, which is made of
175 x 47mm section. The shot-fired nails
were also used in some positions for an
experimental  connection  between  the
handrail posts and the main beams, using
the same shot-fire nail method. This time a
recessed steel T section was employed,

fixed fo Fhe face of b'eam meml_)ers and F:gm-e 13 Hand Rail Upright Connection
recessed in a groove in the uprights, as Employing Shot-fired Nuil Fixing
shown in Figure 13.

7. Conclusions

Concerning the ultimate limit states performance of a non-standard shot-driven nail system for timber-to-steel

connections, it has been found that:

* the characteristic strength demonstrated by tests of this particular nail system can be predicted using
slightly modified versions of the nail equations in EC5:Part1.1

* in the absence of full nail bending data, the yield moment of this form of high tensile steel nails can be
reasonably approximated for use in these situations by consideration of the léatio of the yield strength of
the high tensile nail material to that of the standard reference nail {600 N/mm")

* the experimental evidence generated to date support the use of the kmea values for timber published in
ECS to adequately describe the ultimate limit state performance of this type of connection under
sustained loads

The system used has been shown to be both practical and efficient in its application to construct a prototype
steel flitched timber footbridge, whereby the nails form a interconnection device within steel/timber
composite members and are used to achieve connections between structural COmponents,
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Presented by: M Hansson

+ HJ Blass asked abcut the first slide and how was the composite action taken into account.

+ M Hansson explained that McCutcheon model took compasite action into consideration.,

« V Enjily asked about T&G floors and commented that it would be nice if the model could consider |-
beam.

¢« M Hansson answered they were not considered in this study.

« HJ Blass commented that uniformly distributed load was considered here and concentrated loads
would be more important for the |-Beam case. He aiso question the term “Weakest” beam in the
paragraph above Fig 8.

+ M Hansson agreed that wording needed to be refined.

+ F Rouger questioned why mean strength rather than minimum value was used in the single T-
peam modei stated in paragraph 3 on Page 10.

¢ P Glos commented that system effect is a function of the timber quality and only high quality of
timber was considered in this study. One would get lower system factors compared to those
obtained by Foschi.

e M Hansson agreed.

e A Jorissen asked would DOL also affect system behaviour.

« M Hansson answered that it was not considered.
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1 Abstract

The paper presents a study on the system effect of sheathed timber structures, such as roof
elements. For such structures Eurocode gives a system factor of 1.1. Using Monte Catlo
simulations together with input from an experimental investigation of sheathed parallel
timber beam structures, a parameter study of the system behaviour is performed.
Parameters such as number and length of beams, type of connection between beam and
sheathing and the variability in bending strength within and between members of the
systern are taken into account.

Systems are generated using Monte Carlo simulations and the system effect 1s evaluated by
direct comparisons of strengths and by reliability methods, resulting in a calibration of the
parameters in the code.

p Introduction

The design of timber structures or systems is mainly based on the design of single
elements. That is, the benefit of single elements interacting in a system is usually not taken
into account.

This paper presents a study on the system effect for a flat roof or floor joist system, sce
Figure 1. Such a system is typically built up by beams of structural timber and a sheathing
of plywood. The joint between the sheathing and beam can be nailed, screwed or glued
resulting in a different effective bending stiffness.

Sheathing

Figure 1, Example of timber system, a floor structure or a flat roof.



The increase in load carrying capacity of a system compared to a single member is mainly
due to two factors. First, the positive correlation between stiffness and strength. That is, a
beam of low strength also has a low stiffness, which means that this beam will carry less
load. Secondly, the increase in load carrying capacity can be due to the load configuration
effect, 1.e. the probability of having the highest load at the weakest position of the system.

A system like the one shown in Figure 1 can be analysed in several ways. The simplest
way is to define failure of the system as the failure of the first beam within the system.
This corresponds to a series system. The load carrying capacity of the system, g, is given

byeq.(1).

g = min{g,) (1)
where

qi is the maximum load on beam i {1:x}

i number of beams in the system

If the sheathing is able to distribute the applied load so that all beams in the system reach
their bending strength we have a perfect parallel system. The load carrying capacity of the
system, g, is given by eq. ( 2 }. This results in a high system effect.

i

q=>.4q (2)

i=l
The “true” behaviour should be somewhere between the values given by egs. (1) and (2).

In Eurocode 5 a system strength factor, ky, is used to increase the single member design
strengths. The following requirements should be fulfilled:

e The load-distribution system (the sheathing) is designed to support the applied
permanent and variable loads.

e Each element of the load-distribution system (the sheathing) is continuous over at
least two spans, and any joints are staggered.

For a roof or floor joist with a maximum span of 6 m and a load-distribution system of
boards or sheathing the system strength factor & equals 1.1.

Foschi et. al. (1989) presented a reliability study of a floor structure (or flat roof) and
found, for Canadian conditions, a higher system effect factor compared to the one in
Eurocode 5.

The present study of the system effect uses Monte Carlo simulations to generate systems
and calculate their load carrying capacity. A parameter study of the system properties s
performed together with an evaluation of the system effect using reliability methods and
the code format.



3 Modelling of the system

The system studied in this paper is built up by beams of structural timber and a sheathing
of plywood, see Figure 1. The sheathing can be nailed, screwed or glued to the beam.

3.1 Bending strength and modulus of elasticity of the beams

The bending strength is modelled using a statistical model of the variability within and
between members, Isaksson (1999). The strength of a section i in beam j is given by eq.
( 3), see also Figure 2. The LN50step model, Isaksson (1999), is used in the simulation

study.

fy=explu+r, +e,) (3)

where

7 is the logarithm mean of all weak sections in all beams.

T is the difference between the logarithm mean of weak sections within a beam / and
4. The mean equals zero and the standard deviation is o;.

& is the difference between weak section j in beam i and the value ¢+ 7. The mean

equals zero and the standard deviation is oj.

fi

2

Bending strength
=

Longitudinal direction of the beam

Figure 2. Modelling of longitudinal variation of bending strength, Isaksson (1999).

The length of a weak section is given by a gamma distribution I'(2.5445, 194.12), i.e. the
mean length of a weak section is around 500 mm, Isaksson (1999).

The modulus of elasticity (MOE) of the beams is estimated by a linear regression, sce eq.
( 4 ) (all values in MPa) and Figure 3. The MOE is assumed to be constant within each

beam.



MOFE =185.58- f, +4323.1 (4)

”m

where f,, is the strength of the weakest section within each beam.
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Figure 3. Relation between bending strength of weakest section and modulus of elasticity.

3.2 Composite cross sectional properties

The effective stiffness EI, of the composite member (the T-beam), sce Figure 4, is
determined according to McCutcheon (1977), eq. ( 5 ). The expressions below give similar
results to the ones in Eurocode 5.

El

El, = L (35)

ET

1+ 1
f{ﬂu |

where

EA NEA
El =El, +£——'—I"Xw~i2h2

EA; + EA,

El, =El, + £l

10
Ja = (La) +10
aZ . ]72(](”/.3‘”) EIJ
" El, -EI\ EI,
hi+h,

7 =

2

EI,  cffective bending stiffness of a T-beam

EI.  bending stiffness if the sheathing is rigidly connected to the beam
EI,  bending stiffness of an unconnected beam and sheathing

EI;  bending stiffness of a single beam

EI,  bending stiffness of the sheathing (in the beam-direction)

EA;  axial stiffness of the beam

Ed,  axial stiffness of sheathing (in the beam-direction)



L clearance between boards in the sheathing in the beam direction (width of panel)
In this study set to 1.2 meter.

ky stiffness of connector between beam and sheathing

S5 distance between nails/screws

E; Modulus of elasticity for sheathing. Deterministic value equal to 13 000 MPa.

The plywood thickness is set to 12 mm. Two out of five layers are in the direction of the
main axis of the solid timber beams.
See also Figure 4.
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Figure 4, Behaviour of the T-beam.
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The normal stresses are calculated according to Eurocode 5, see Figure 5. For the timber
beam the stresses can be written according to eq. ( 6 ).

Ea,
9= My
” ; (6)
E.h,
o—m i = L T
YEl 2
where
y;=1
4 = ySEAx (hj + hs)
Iy EA +EA, 2
and
-1
7’EA, s,
v, =1+ ————
Lk
J i
L; is the free span between supports.

The effect of clearance between boards in the sheathing on the bending strength of the T-
beam is not included in study.



Figure 5. Normal siresses in the T-beam.

3.3 Beam-Spring model

The load distribution in the transverse direction to the beams is calculated using an
analogue beam model according to Figure 6. This model was originally proposed by
McCutcheon (1977, 1984) for analysing deflections of a system in the serviceability limit
state. The springs were elastic brittle.

Analogue beam

Composile member spring

Figure 6. The beam - spring model. The ends are supported by walls.

In this study focus is on the ultimate limit state. To be able to account for the behaviour of
a T-beam after first failure, the spring model is extended to be trilinear (Liu and Bulleit
1995), see Figure 7. After first failure of the beam, the remaining strength equals &R,
where R is the original strength and @ is reduction parameter. The stiffness of the spring
after failure is 7K, where K is the stiffness of unbroken beam and 7 is a reduction

parameter.
Loadg

R
Rh‘

QR

» Deflection

O A e

Figure 7. Load-Deformation curve for the spring, Liu and Bulleit (1995).



4 Experimental tests of systems

In an experimental investigation by Hikansson and Mauritz (1999) the system effect was
studied. Three systems were built up and loaded to failure, see Figure 8. Prior to testing a
parameter study was performed and the conclusion was that the spacing between the beams
was the major influence on the system effect. The parameter study was based on a system
model according to McCutcheon (1977, 1984) and a bending strength model by Isaksson
(1999).

Before assembling the system the modulus of elasticity of each beam was measured
according to EN 408 for the full span of 4 m and for the T-beam in the system, see Figure
9. The material for the beams (cross section 45 x 145 mm?) was Norway spruce —
ungraded. The sheathing (12 x 1200 x 2400 mm’) was plywood, quality P30.

The beams and sheathing were screwed (diameter 4.2 mm, length 42 mm) with a spacing
of 150 mm.

Figure 9. Measuring the stiffness of the T-beam.

For the three systems built up, the distribution of beam MOE’s throughout the system was
kept as identical as possible. The uniform load was applied using an air balloon and the
reaction force for each beam was measured enabling to see the load during the whole test.

One important input when simulating the behaviour of a system is the failure criteria. The
test results indicate that the failure of any three beams or the failure of two neighbouring
beams means the collapse of the system, i.e. the maximum load on the system is reached,
sce also Figure 8.



5 Simulation and Parameter study

5.1 Bending strength variation

The bending strength of a timber beam depends on the applied load and the bending
strength variation along the beam (see Figure 10). The bending strength variation is
implemented according to section 3.1. The bending strength has been determined for two
different load configurations, a constant bending moment (weakest section) and a uniform
load, f; and fys respectively (see Figure 10).

For the whole population (15 000) of simulated timber beams, the mean value and
coefficient of variation (COV) for £, and fi, for three different lengths ( 3, 4 and 5 m) are
calculated, see Table 1. In order to reduce the variability between samples of beams due to
the simulation, the shorter beams are “cut” out from the longer beams.

Table 2 shows the results from selecting the weakest beam in a group of 15 beams. This
corresponds to weakest link thory without load sharing. Using the whole population of
beams (see Table 1) 1000 groups can be generated. The table shows the 5™ percentile,
mean and COV for a span of 3, 4 and 5 m. Table 3 and 4 show results from groups with 10
and 3 beams respectively.

fa
Jia

Longitudinal direction of the beam

Figure 10. Evaluation of bending strength for different load configurations.
g uniformly distributed load and M constant bending moment.



Table 1. The 5" percentile, mean bending strength and COV for the two load configurations

(see Figure 10) for all beams (15000).

L Ja Jar
5" pere. mean cov 5" perc, mean cov
{m] [MPa] [MPa] [Y06] [MPa] [MPa] {%]
3 34,81 51.20 21.99 31.90 46.16 21.08
4 34.25 50.18 21.66 31.38 45,14 20.81
5 33.81 49 .40 21.47 30.92 44.42 20.66
Table 2. The 5" percentile, mean bending strength and COV for the two load configurations
(see Figure 10) for groups with 15 beams each (weakest link, no load sharing).
L Ja S
5" perc. mean cov 5™ perc. mean cov
[m] [MPa] [MPa] [%] [MPa] [MPa} [%)]
3 27.35 34,36 12.15 24.95 31.44 11.84
4 27.31 33.81 11.75 24.69 30.92 11.74
5 26.38 33.36 11.85 24.26 30.50 11.78
Table 3. The 5" percentile, mean bending strength and COV for the two load configurations
(see Figure 10) for groups with 10 beams each (weakest link, no load sharing).
L Ja Iu
5" perc. mean cov 5™ perc. mean cov
[m] [MPa] [MPa] [%] [MPa} [MPa] [Yol
3 28.20 35.87 12.67 26.07 32,75 12.50
4 27.86 35.24 12.56 25.64 32.17 12.39
5 27.31 34,78 12.87 25.03 31.72 12.37
Table 4. The 5" percentile, mean bending strength and COV for the two load configurations
(see Figure 10) for groups with 5 beams each (weakest link, no load sharing).
L Ja S
5" perc. mean cov 5" perc. mean Ccov
[m] [MPa] [MPa] [%] [MPa] [MPa] [%]
3 29.74 39.01 14.79 27.29 35.42 1422
4 28.84 38.26 14.64 26.76 34.76 13.92
5 28.69 37.66 14.85 26.55 34.31 13.99

5.2 Parameter study

Using the beam-spring model and the material properties described in section 3, Monte
Carlo simulations have been performed for a sheathed parallel timber beam structure. The
intention is to reproduce the behaviour of systems similar to the experiments carried out by
Hakansson and Mauritz (1999), see section 4.

In this paper the only failure criteria is bending failure in the timber beams. Other types of
failures, such as shear failure, buckling of the sheathing or failure in the connectors, are not
included in this study. The failure load for a system can be computed using the formulas
for calculating the stresses in the beams, see section 3. The uniform load is increased until
the bending stress ¢ is equal to the bending strength f; (see Figure 10). The failure of the

9



system is defined as the failure of two neighbouring beams or the failure of any three
beams, see section 4.

The output from the simulations is the 5" percentile and the mean failure load ¢y for the
system and the corresponding COV, see Table 6. Every simulation in the parameter study
is done for 1000 systems. The parameters studied are given in Table 5.

Included in Table 6, is the failure load gyeatest 1ink for a group of T-beams when no structural
load sharing is employed. This is calculated using the mean value for f, given in Table 2,
Table 3 and Table 4 and transform it into a T-section for the parameters given in Table 0.

Further the values for the 5™ percentile of the strength found in Table 1 is transformed into
a T-section (geoqe). This is in some sense what is done when designing a system according
to the code.

Table 5, Input values to the parameter study,

Parameter | Description Reference Alternative
value values
& Remaining bending strength of the beam 0.5 0.2and 0.7
at failure, see Figure 7.
7 Remaining stiffness of the beam at 0.1 0.2 and 0.7
failure, see Figure 7.
fa Degree of rigidity between sheathing and Oand 1 0.5

timber beams, see eq. ( 5).
f+= 0 rigid connection
f+= 1 no connection

¢ Centre to centre distance of the timber 0.6 0.4
beams. [m]

i Number of timber beams in each system. 15 S5and 10

L, Floor/roof span [m] 4 Jand 5

6  Evaluation of the system effect

There are several possibilities of evaluating the system effect, from a simple comparison of
means to a calibration of the code format. Below these evaluations are presented.

6.1 Comparison of means

A direct comparison of mean load carrying capacity for a system and for single beams can
be made using the values in Table 6. The ratio between gy and Gueakest link is given in the
left cotumn of the table. This ratio should not be understood as a system effect factor as the
one found in the code bul as a factor to be able to compare the effect of different
parameters in the parameter study.

The following properties of the system resuits in a higher ratio (in no specific order):
Low rigidity between sheathing and board (high f1)

Long span, L;, of the system

A Tow number of beams, #, in the system

Higher stiffness after first failure in the broken beams (high 1)

Higher remaining bending strength after first failure of a beam (high ©)

10




In general, systems with a weak connection between beam and sheathing results ina 15 to
20 % higher load carrying capacity for the system compared to the single beam. The more
beams in the system the lower the effect. This is due to the higher probability of having a
weaker beam when the number of beams in the system is increased. For systems where the
sheathing is glued to the beam, the load carrying capacity is between 5 and 15 % higher for
the system, again depending on number of beams in the system.

If the load carrying capacity for the simulated system with structural load sharing, ¢sy 1S
compared with the value g.eq, no extra safety is found on this level. However the safety of

the system is also depending of the variability in both g, and geode-

Table 6. Parameter study of failure load for the system, g, (The rows for f;=1 are light shaded and
the parameter values different to reference are dense shaded).

* qs}’b/ FET
g Parameter sys qwea’{\"gﬂ Gweakest | Yeode
= Hnk
2 link
2, 5“‘ 51]1
& | O fa c no\ L perc mean COV | mean | mean perc
il {1 [ [m] (1 1 [m [kN/m:“'] (kN (] fkeN/m] [l (kN
1 0.6 4.20 4.96 9.27 4.21 1.18 4.26
2 0.6 7.07 8.30 8.78 7.83 1.06 7.93
3 050 06 5.26 6.20 9.11 547 1.14 5.54
4 1 0.6 7.35 8.79 9.55 7.60 1.16 7.70
5 0 0.6 12.64 14.84 8.74 14.13 1.05 14.31
0 1 0.6 2.71 3.19 3.94 2.66 1.20 2.69
7 0 0.6 i 4.57 5.32 8.54 4.95 1.08 5.01
8 1 0.6 4 4.38 5.43 12.08 4.23 1.28 3.79
9 0 0.6 4 7.43 9.06 11.26 7.81 1.16 7.05
10 1 0.6 4 4.29 5.13 10.10 4.25 1.21 4.13
11 0 0.6 4 7.23 8.56 9.53 7.90 1.08 7.69
12 1 0.6 15 1 4 4.23 4.99 9.19 4.21 1.19 4.26
13 0 15 1 4 7.17 8.37 8.62 7.83 1.07 7.93
14 i 15 | 4 4.32 5.09 9.00 4.21 1.21 4.26
15 0 15 | 4 7.40 8.61 8.35 7.83 1.10 7.93
13 1 15 | 4 6.48 7.64 8.83 6.29 1.22 6.37
i7 0 15 1 4 10.17 11.84 8.50 11.13 1.06 11.26
18 1 151 4 4.30 5.07 8.95 4.21 1.21 4.26
19 0 15 | 4 7.30 8.50 8.39 7.83 1.09 7.93
20 1 15 | 4 4.11 4.89 9.72 4.21 1.16 4.26
21 0 i5 1 4 6.93 8.14 5.30 7.83 1.04 7.93
* Maximum load carrying capacity for simulated systems using the beam-spring model and

trilinear load - deflection relationship and the failure criteria: two neighbouring beams or

any three beams.

o Weakest link from a group of T-beams. Values for the strength of the solid timber are given
in Table 2 to Table 4.

ok Strength values from the whole population of beams (see Table 1) are transformed to a -
section.
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6.2 Calibration of the code format

The parameter study produced the 5™ percentile, mean value and coefficient of variation
for the ultimate load g, (KN/m?) of a system. This information can be used to calibrate the
partial coefficient ¥y, for a system. In this study the difference in COV for the load carrying
capacity for the whole population of beams and for the system is taken into account. T he
Swedish code BKR 99 is used for the evaluation. For a more detailed presentation of the
calibration procedure see for example Isaksson (1999).

The code format can be written as eq. ( 7). R is the resistance and S the action.

R, _Z%‘Shzo 7
y"lyﬂ'
%, ¥ and % are partial coefficients related to the material, safety class and action,
respectively.
The characteristic strength is given by eq. ( 8 ).
R, =Cyxf,a (8)
where
Ck uncertainty in the model
K reflects climate and duration of load (not included in this study, set to 1)
Jr characteristic strength
a dimension variable

The designing load combination according to BKR 99 {(dominating variable load) is given
byeq. (9).

Sd:?’(;Gk'i'?’QQA- (9)

where
76 =1

}/Q =13
G, is the characteristic permanent load equal to its mean.

Oy is the characteristic variable load equal to the upper 98th percentile.

The probabilistic format for the strength can be written as a product of several stochastic
variables, eq. ( 10 ). These variables are all assumed to be lognormally distributed.

R= Cf(IK' ( 10)
where

C uncertainty in the calculation model
f strength

a uncertainty in dimensions

K climate and duration of load parameter (x =1)

i2



The product Cf is given by the simulations of systems. Since they are assumed to be log-
normally distributed the means are related according to eq. (11 ).

Hp T HcHrH, (11)

The coefficient of variation of R is given by eq. ( 12 ).

COV; =COV} +COV} +COV,} (12)

The probabilistic format of the action can be written as eq. { 13 ). The actions are assumed
to be normally distributed.

§=0,(en+q) (13)

where

Orand Gy are characteristic values of the variable and permanent load respectively.
GA'

7w ——
O
- S e ne,); cov, =cov,
gmae !O-ga g G
Q

g=—"¢ N(uq,aq); Cov, =Cov,

}
p, =22 Ho
©T 0, poll+@7(0.98)cOV, )

The probabilistic format given by the failure function is given by eq. (14)
g(R,S)=R-S=R-0,(gn+q) (14)

Combining the code and probabilistic format results in the following failure function,
eq. (15).

g(R,S)zR_W 0 (15)

Yell ¥ 70

The normalised variables R’ , g’ and ¢' are now introduced into the failure function, eq.

(16).

(nug(l_gICOVg)n+#q(1_q'COVq)) (16)
Yellt¥o

Hp exp(— R'COV, ) =R,

R, g'and ¢’ are substituted by az B, o 8 and ¢, £ at the design point. S 1s the reliability
index, set to be 4.3 in this study, and « are sensitivity factors. Since there are four
unknowns in eq. ( 16 ) (ar , &, ¢, and i), it must be solved iteratively.
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The partial coefficient reflecting the material, ., is given by eq. ( 17 ). y, is dependent on
the relation between the coefficients of variation for the strength and the calculation model.
However, the end result, the design value Ry, is independent of this relation. Thus, it is
only a matter of giving a suitable value of COV}. 3, equals 1.1 for reliability index 4.3.

Cofs S
R, = S },m:fox (17)
}/Hl?/?f er }/n

Table 6 shows the coefficient of variation COV for various assumptions regarding the
model and behaviour of the system. As can be seen the COV is around 9.3 %. A system
with few beams shows a little higher COV around 11.5 % and the length of the beams also
has a minor influence on the COV.

Table 7 summarises the assumptions made regarding COV for the different parameters of
the calibration. The target reliability index is 4.3 for both single members and a system.

Table 7. Summary of assumptions macde for calibration.

COV [%] Single beam System
Strength and model uncertainty 21.5 9.3
Strength 20 8
Model uncertainty 7.9 4.7
Geometry 2 2
Variable load 40 40
Permanent load 5 5

Figure 11 shows the results of calibrating y, for single beams and for systems. As can be
seen the single beam results in a higher partial coefficient, yu,singtes than for the system,
Yonsystem THiS is due to the higher coefficient of variation for the single beam compared to
the system. For timber structures the ratio & between variable load ¢ and the total load,
O+G, is typically above 0.5.

1.4
Ym
1.3 4
1.2 4
1.9 4
|
ﬁ—ﬁ_‘h—“‘—‘.ﬁw—-—‘-ﬁ_.._._,._______,‘M______m,_,i,,,____.,_..a——--—l
1 4
—o- Y msingle
0904 -
—*-Ymsystem
oL
08 T T T Y T L] T
0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1
. : G
Figure 11. ¥, as funetion of a.. & = ———"—
O + G,
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Returning to the code format and the equation for determining the designing strength, eq.
{ 18). Ky 1s the system effect factor. For a single beam /&, =1.

Kr.fm.(’ (18)
}/H}/”l

R, =k,

[¢

%, for a single beam is given in the code. Using the following relation between design
strength for a single beam and a beam in a system, the system factor can be evaluated, eq.

(19).

. ’grmk
Rd,siugic - ( 19 )
7;:7»1,5511;;](:
_ ’9‘r mk,Svs
Rd,s_ys.’em -

?/n ym,syslcm

In this study fusys is not evaluated and is set 1o fu.

1 k,
. _ s
R(!,sysrem = k:’s Ra"singic = =
?a)l,s_vsrem ym‘ss‘ng!c
ym,sing!c
= k!x =
Y tn sysiem

Figure 12 shows the system effect factor ki as a function of « (ratio between variable load
and total load). The system effect decreases with increasing percentage variable load.

1.25 : .

kls .‘--\

121 T,
145 - \ \.

1.1 - ? e

1.05 4 —

1 LI ¥ ¥ LI L] L] L)

0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 i

Figure 12. The system effect factor k as a function of .

For a typical timber system, ¢ is somewhere between 0.4 and 1. In Thelandersson et al
(1999) weighting for different intervals of « is suggested, sec Table &. If this weighting is
used, k;; equals 1.147.
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Table 8. Weighting of structures according to the ratio between variable and total load,

Interval for ¢ Percentage of structures within the respective interval [%]

0-04 0
0.4 0.6 20
06-038 60
0.8 -1 20

7 Conclusions and further work

The present study uses a statistical model of variability of bending strength within and
between beams to investigate the magnitude of the system effect for sheathed parallel
timber beam structures.

Limited experimental investigations have shown that the failure criterion for a system
corresponds to the failure of two neighbouring or any three beams.

The connector between the beam and sheathing influences the behaviour of the system in
such away that a nailed connection gives a higher coefficient of variation of the system
strength than a glued connection.

Compared to single beams where the coefficient of variation is around 20 %, the variation
in strength of a system is around 10 %. The parameter study showed that the COV for the
system is more or less independent of the studied parameters.

When calibrating the partial coefficient related to the material properties, ¥, the low COV
for the system results in a low %,. For a typical ratio between variable load and total load,
the results indicate that the system effect factor k&, can be set equal to 1.15. This is based
on the difference in COV for the load carrying capacity for the single solid timber beam
and the structural system.

In the calibration of the system effect factor the reliability index for the system is set to 4.3,
However in the code the reliability index is defined as the safety of the single member in

this case the solid timber beam.

To be able to find a system effect factor that can be used in the code, further studies are
needed.
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G Schickhofer asked about the definition of beam and commented that with the LVL reinforcement
the member behaved more like an I-beam. He also asked what were the volume factors used for
the LVL and Glulam.

B Yeh responded that different volume factors for the LVL and Glulam were used. The idea was to
provide design values for designers.

P Glos questioned the last conclusion in the paper on the relationship between heam bending
strength and laminate strength.

B Yeh stated that joint type would affect tensile strength of LVL because load transfer from lumber
to LVL would not be the same as lumber to lumber; therefore, the relationship between beam
bending strength and laminate tensile strength would be manufacturer dependent.

M Yasumura asked about the size effect of the product.

B Yeh stated that volume effect with exponent of 1/10 was used which would be appropriate for
Douglas fir.

G Schickhofer restated that the member behaved more like an | beam

B Yeh stated that all beam failures were in the LVL (iension}. This member had no failure in the
finger joints.






High-Strength I-Joist Compatible Glulam
Manufactured with LVL Tension Laminations

Borjen Yeh, Ph.D., P.E.
Thomas G, Williamson, P.E.
APA - The Engineered Wood Association, U.S.A.

Abstract

In recent years, the growing popularity of I-joists in residential construction has spawned
strong demands for high-strength structural glued laminated timber (glulam) with I-joist
compatible (IJC) depths in North America. Using the model prescribed in ASTM D3737,
Standard practice for establishing stresses for structural glued laminated timber, APA -
The Engineered Wood Association has developed glulam layup combinations using full-
length (without end joints) laminated veneer lumber (ILVL) as tension laminations to
satisfy the market needs. These high-strength 1IJC glulam products have a characteristic
flexural strength (f,, ,x) of 43 MPa (6300 psi} and a mean modulus of elasticity (Ep g mean)
of 14.5 GPa (2.1 x 10° psi), which represent the highest performance level that has ever
achieved by the commodity glulam used in North America.

This paper describes the details of the layup combinations and the results of full-scale
glulam beam confirmation tests. For quality assurance purposes, the required control
values for the LVL tension laminations are established and reported. These layup
combinations are being recognized by the evaluation service agencies of the major
building codes in the United States.

Results obtained from this study suggested that relationship between the characteristic
tensile strength of the LVL tension laminations (fig;:) and the characteristic flexural
strength of the glulam beams (f,, 41} is likely to depend upon not only the LVL, but the
glulam manufacturers. It was noticed that the relationship between f g, and f, o x did not
necessarily follow the American National Standards Institute (ANSI) A190.1, American
National Standard for Wood Products -- Structural Glued Laminated Timber. Therefore,
the required f o value for QA purposes should be confirmed by LVL tension and full-
scale glulam beam tests. Without the confirmation data, the f; g should be assigned the
same value as f, o .

1. Introduction

The development of high-strength layup combinations for I-joist compatible (IJC)
structural glued laminated timber (glulam) was an interest of several glulam manufacturers
in North America. This product is intended primarily for residential and light commercial
and industrial buildings where the flexural strength or stiffness controls the design.
Examples include floor or roof beams and garage door headers. The maximum depth for
this product is typically limited to 457 mm (18 inches).

Based on the current glulam manufacturing specifications [1,2], the most common glulam
produced in the United States has a characteristic (5" percentile with 75% confidence)
flexural strength (f,, 1) of 35 MPa (5040 psi) with a mean modulus of elasticity (Epgmean)
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of 124 GPa (1.8 x 10° psi). In some instances, glulam beams manufactured from Southern
pine can achieve a characteristic flexural strength (£, ox) of 43 MPa (6,300 psi) and a mean
modulus of elasticity (Fo g mean) OF 14.5 GPa (2.1 x 10° psi), which represent the highest
performance level that has ever achieved by the commodity glulam used in North America.
In the working stress design, which is still the mainstream methodology used in wood
design in the United States, these high-strength Southern pine glulam beams have an
allowable flexural stress (Fy) of 21 MPa (3000 psi) with a beam MOE of 14.5 GPa (2.1 x
10° psi). This product is typically referenced as 30F-2.1E glulam in the marketplace and
will be used in this paper.

These 30F-2.1E Southern pine glulam beams are limited to a maximum of 152 mm (6
inches) in width due primarily to the difficulty in manufacturing wider end joints with
consistent quality at this strength level. In addition, a very high grade of E-rated Southern
pine lumber required for the outer 10% of the tension zone for this high-strength glulam is
getting difficult to procure.

Laminated veneer Jumber (LLVL) has been used in North American for more than 30 years.
With improved technology in venecer grading, adhesives, and machining, LVL is known
for its excellent load-carrying capacities and consistent quality. Since the grade and
quality of each individual layer of veneers can be closely controlled in the LVL
manufacturing processes, the variability in product properties is typically lowered than that
of sawn lumber. Due to its unique manufacturing processes, LVL can be customized, just
like glulam, to a wide variety of widths, thickness, and lengths. Most importantly, the end
(scarf or lap) joints within the same veneer layer are staggered to minimize the strength
reducing effect on the flexural and tensile strengths of LVL. Therefore, LVL is a natural
choice for the tension lamination of high-strength glulam. In addition to its high tensile
strength, the use of LVL tension laminations eliminates the need for high-strength and
consistent-quality end joints in the glulam manufacturing.

APA has practiced the development of commercial glulam layup combinations for years
using the GAP computer program that is recognized by the major building code evaluation
services as an alternative method for determining design stresses of a given layup
combination of glulam [3,4]. Even though the majority of glulam layup combinations
developed by using GAP have been applied to sawn lumber laminations, prior experience
showed that the GAP program could be used to predict the performance of hybrid glulam
using LVL tension laminations [5]. This paper provides background information for the
development of two 30F-2.1E IJC glulam layup combinations, both of which are now
commercially available in the United States.

2.  Objective

The main objective of this study was to develop high-strength 30F-2.1E [JC glulam layup
combinations with LVL tension laminations. The maximum depth of the layup
combinations was limited to 457 mm (18 inches). The layup combinations were
developed using the GAP computer program and confirmed by full-scale beam tests.
Results from this study were also intended for use to evaluate the relationship between the
characteristic tensile strength of the LVL tension laminations and the characteristic
flexural strength of the glulam beams.



3. Layup Development

Given the targeted design values at 30F-2.1E, and the specific depths of 241, 302, 356, and
406 mm (9-1/2, 11-7/8, 14, and 16 inches), which are l-joist compatible depths, APA staff
developed the first layup combination using GAP. This layup combination, as shown in
Table I, was assigned a combination symbol of 30F-E2M2. It should be noted that the use
of the Southern pine rather than other softwood species laminations in the core of the
glulam ensures the highest design shear stress for commercial glulam.

Table 2 shows another 30F-2.1E layup combination, which was assigned a combination
symbol of 30F-E2M3. The 30F-E2M3 layup combination has a maximum beam depth of
457 mm (18 inches).

Table 1. Layup combination for 30F-E2M2%@

44mm 24ELVL

383mm Li23E/DF 33mm  24ELVL

35mm  N2MSB/SP 3B8mm LI23EDF

35 mm  N2MS/SP 34 mm  N2MB/SP 44mm 24ELVL

34 mm  N2MS/SP 34 mm  N2MB8/SP 36 mm NI1D2.3E/SP 38mm 24ELVL

34 mm  N2MB/SP 34 mm  N2MS8/SP 36mm  N2ME/SP 33mm  NI1D 2. 3E/SP
34 mm  N2MB/SP 34 mm N2MB8/SP 35mm N2MS8/SP 33mm  N2MBE/SP
3I5mm  N2ZMB/SP 34mm N2ZMS/SP 35 mm  N2ZME/SP 33mm  N2ME/SP
3I5mm  N2ME/SP 34 mm  N2MS/SP J6mm  N2ME/SP 33mm  NZME/SP

38 mm L1 23E/DF 3 mm Ll 2.3E/DF Jomm NiD2.3E/SP 33 mm  NID235/SP
44 mm 2.4ELVL 38mm 24ELVL 44mm 24ELVL 38mm  24ELVL
406 mm (16 inches) 356 mm (14 inches) 302 mm (11-7/8 inches) 241 mm (9-1/2 inches)

@ Grade designations for the laminating lumber are in accordance with EWS Y117 [1] or AITC 117 [2].

Table 2. Layup combination for 30F-E2M3®

44mm 24ELVL

3dmm  NID 2.3E/SP

34 mm  NID2.3E/SP 44 mm  24ELVL

34mm  N2MS8/SP 38 mm  NID23E/S8P 44 mm 24ELVL

33mm  N2MS/SP 35 mm  N2MSE/SP 34mm NID23E/SP

33mm  N2MS8/SP 35mm  N2MS8/SP 34 mm  N2MB/SP

33 mm  N2MS/SP 34 mm N2ZME/SP 33mm  N2ZMB/SP

33mm  N2MS8/SP 34 mm NZME/SP 33mm  N2MB/SP

33 mm  N2MSE/SP 34 mm  N2MBE/SP 33mm  N2ZMR/SP

34 mm  N2M8/SP 35 mm N2M&/SP 33mm  N2MBE/SP

34mm NID2.3E/SP 35mm  N2ME/SP 34 mm N2ME/SP

34 mm  NID 2.3E/SP 38mm NID 2.3E/SP 34mm NID 2.3E/5P

44mm 24ELVL 44 mm 24ELVL 44mm 24ELVL
457 mm (18 inches) 406 mm (16 inches) 356 mm (14 inches)

44mm 24ELVL

36mm NID2.3E/SP 35mm  24ELVL

36 mm  N2MB8/SP 34 mm NID2.3E/SP

35mm  N2MB/SP 34 mm  N2MBE/SP

35 mm  N2ME/SP 35mm  N2ZMB/SP

36mm  N2ZMS8/SP 34 mm  N2MB8/SP

36mm NID2.3E/SP 34 mm NI1D 2.3E/SP

44mm 24ELVL 35mm 24ELVL

302 mm (11-7/8 inches) 241 mm (9-1/2 inches)

@ gee footnote to Table I.




The 30F-E2M2 and 30F-E2M3 layup combinations were intended to follow the existing
30F-E2 layup combination recognized in ICBO ER-5714 [3] and NES NER-486 [4]. For
modeling purposes, the “equivalent characteristic knot” required for GAP input for the
2.4E LVL tension lamination was conservatively assumed to be the same as those reported
by Yeh [5] for the 2.0E LVL tension lamination. In addition, the “bending stress index
value,” as documented in ASTM D3737 [6], for the 2.4E LVL tension lamination was
conservatively assigned as 28 MPa (4,000 psi), which is the same as the value assigned to
2.3E sawn lumber lamination in accordance with ASTM D3737 [6].

Based on the layup combination given in Tables 1 and 2, and the input properties
mentioned above, the properties for each beam depth were predicted by GAP, as shown in

Tables 3 and 4 for 30F-E2M2 and 30F-E2M3, respectively.

Table 3. Predicted properties for 30F-E2M2 using GAP

Depth fm,g k ﬁ‘ 0.0k ﬁ 0.0k fq 90 ¢ mean f;ﬂ,g.k EO, g Hiedan
406 mm 47 MPa 185MPa | 245MPa | 7.4 MPa 4.3 MPa 14.5 GPa
(16in.) (6830 psi) | (2710 psi) | (3550 psi) | (1090 psi) | (630 psi) | (2.1 Mpsi)
356 mm 47 MPa 185 MPa | 24.5MPa | 7.4 MPa 4.3 MPa 14.5 GPa
(14 in.) (6870 psi) | (2690 psi) | (3590 psi) | (1090 psi) | (630 psi) | (2.1 Mpsi)
302 mm 48 MPa 200 MPa | 26.0MPa | 7.4 MPa 4.3 MPa 15.2 GPa
(11-7/8 in.) | (7020 psi) | (2920 psi) | (3760 psi) | (1090 psi) | (630 psi) | (2.2 Mpsi}
241 mm 48 MPa 20.5MPa | 26.5MPa | 7.4 MPa 4.3 MPa 15.2 GPa
(9-1721in.) | (7020 psi) | (2970 psi) | (3850 psi) | (1090 psi) | (630 psi) | (2.2 Mpsi)
AL 48 MPa 190MPa | 24.5MPa | 7.4 MPa 4.3 MPa 14.5 GPa
(6930 psi) | (2730 psi) | (3610 psi) | (1090 psi) | (630 psi) ! (2.1 Mpsi)
@ For all depths after rounding in accordance with ASTM D3737 [6]).
Table 4. Predicted properties for 30F-E2M3 using GAP
D epth ﬁn, gk f!, O.a.k ﬂr,O ok fc 96, g mean ﬁﬂ, ok EG. gmean
457 mm 49 MPa 20,0 MPa | 25.5MPa | 59 MPa 4.3 MPa 14.5 GPa
(18 in.) (7160 pst) | (2880 psi) | (3670 psi) | (850 psi) (630 psi) | (2.1 Mpsi)
406 mm 47 MPa 205MPa | 245MPa | 59 MPa 4.3 MPa 14.5 GPa
(16 in.) (6830 psi) | (3000 psi) | (3550 psi) | (850 psi) (630 psi) | (2.1 Mpsi)
356 mm 47 MPa 21.5MPa | 250 MPa | 5.9 MPa 4.3 MPa 14.5 GPa
(14 in.) (6860 psi} | (3140 psi) | (3610 psi) | (850 psi) {630 psi) | (2.1 Mpsi)
302 mm 48 MPa 230MPa | 26.0MPa | 59 MPa 4.3 MPa 15.2 GPa
(11-7/8 in.) | (7020 psi) | (3320 psi) | (3760 psi} | (850 psi) (630 psi) | (2.2 Mpsi)
241 mm 48 MPa 225MPa | 26.5MPa | 59 MPa 4.3 MPa 15.2 GPa
(9-1/21n.) | (7020 psi) | (3290 psi) | (3820 psi) | (850 psi) (630 ps1) | (2.2 Mpsi)
Al® 48 MPa 21.0MPa | 24.5MPa | 59 MPa 4.3 MPa 14.5 GPa
(6930 psi) | (3050 psi) | (3520 psi) | (850 psi) (630 psi) | (2.1 Mpsi)

@ see footnote to Table 3.

4. Materials

4.1 LVL tension laminations

The 2.4E LVL products were manufactured by 2 different LVL plants. For the 30F-E2M2,
the LVL products were manufactured using all G1 Douglas fir veneers of 2.5-mm (1/10-
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inch) thick. On the other hand, the LVL products for 30F-E2M3 were manufactured using
a combination of G1 and G2 Douglas-fir veneers of 3.2 mm (1/8 inch) in thickness. The
veneers were graded using a machine grading setting specified in the Manufacturing
Standard of each LVL plant. The veneer suppliers for each of the LVL plant were not the
same. APA staff verified the veneer grades and witnessed the LVL manufacturing.

Given the difference in the LVL layup, veneer resource, and manufacturing parameters
(glue spread rate, joint type, compression ratio, ... etc.) between these 2 LVL plants, the
mechanical properties of the 2.4E LVL were not expected to be the same. Therefore, the
tensile strength and long-span E of the LVL products were independently evaluated prior
to the beam manufacturing in accordance with ASTM D4761 [7] and D3456 [8]. APA
staff conducted the sampling and witnessed the LVL testing, Summary statistics for the
LVL test results are given in Table 5.

Table 5. Summary statistics for 2.4E LVL

Tensile strength(a), psi Long-span E® psi

For 30F-E2M2 | For 30F-E2M3 | For 30F-E2M2 | For 30F-E2M3
N 53 54 30 54
Mear 50 MPa 58 MPa 18.6 GGPa 19.3 GGPa

(7190 psi) (8460 psi) (2.7 x 10" psi) (2.8 x 10° psi)
COV 0.124 (0.080 0.054 0.046
(© 38 MPa 50 MPa

Jroix (5580 psi) (7230 psi)

@ Tested with a 4-ft gauge [ength in accordance with ASTM D35456 [8].
®) Tested with a span-to-depth ratio of 100 in accordance with ASTM D4761 [7].

As shown, the characteristic tensile strength (f,0,x with a 4-ft gauge length) and mean
long-span E (£p;meany for the LVL tension laminations manufactured for 30F-E2M3 were
higher than the LVL manufactured for 30F-E2M2. In addition, the long-span E for the
LVL tension laminations is substantially higher than the value of 16.6 GPa (2.4 x 10° psi)
used in the layup design, suggesting that the test beams are likely to have a higher Ep g mean
than the predicted values given in Tables 3 and 4.

It should be noted that according to the provisions of American National Standards
Institute (ANSD A190.1, American National Standard for Wood Products -- Structural
Glued Laminated Timber [9], the required characteristic tensile strength of the tension
lamination, f0.4 can be correlated to the characteristic strength of the glulam beam, £, ¢ £,
by a factor of 1.67/2.1 or 0.8. In other words,
S0k =08 X fin ok [Eq. 1]

Therefore, for a 30F glulam with a f;, . of 43 MPa (6300 psi), the required f,, is 35 MPa
(5010 psi). As noted from Table 5, the f,4, values for both LVL products meet this
requirement for 30F glulam beams. However, the applicability of Equation 1 has been
validated with glulam made of lumber tension laminations and its applicability with
glulam made of LVL tension laminations has not been fully established.




4.2 Glulam beams

With the purpose of confirming the predicted f,, ¢ and Ep g yeqn Of the glulam layups given
in Tables 1 and 2, it was determined that full-scale glulam beam tests should be conducted.
For 30F-E2M2, 15 glulam beams with a nominal dimension of 140 mm x 302 mm x 7010
mm (5-1/2 inches x 11-7/8 inches x 23 feet) and another 15 glulam beams with a nominal
dimension of 140 mm x 406 mm x 9140 mm (5-1/2 inches x 16 inches x 30 feet) were
manufactured by an APA glulam member.

For 30F-E2M3, 17 glulam beams with a nominal dimension of 89 mm x 302 mm x 7010
mm {3-1/2 inches x 11-7/8 inches x 23 feet) and another 18 glulam beams with a nominal
dimension of 178 mm x 457 mm x 10360 mm (7 inches x 18 inches x 34 feet) were
manufactured by another APA glulam member. The choice of the glulam beam sizes was
based on the consideration of the largest beam depths from Tables 1 and 2, and the
predominant size of 302 mm (11-7/8 inches) in the market place.

All test beams were manufactured following the provisions of ANSI A190.1 [9]. Face
bonding of the LVL to lumber was previously qualified in accordance with AITC 402,
Standard for Laminated Veneer Lumber (LVL) Used in Structural Glued Laminated
Timber [10]. A phenol resorcinol-type adhesive was used for all face bonding, while a
melamine-formaldehyde adhesive was used for end (finger) joints of the Jumber
laminations. There were no end joints in the LVL laminations. The position of the end
joints in each beam was random and not specifically excluded from the center one-half
(high tensile stress) portion of the lamination. APA staff witnessed the beam
manufacturing.

S.  Test Methods and Data Analyses

All beam tests described in this paper were conducted at the APA Research Center in
Tacoma, Washington, in February and May 2000. A four-point load method, as shown in
Figure 1, was applied to test each beam using a constant span-to-depth ratio of
approximately 21. This loading configuration resulted in a similar moment distribution as
uniform loads, while giving a shear-free section between loading points. The test
apparatus, including rocker-type reaction supports, reaction bearing plates and roliers, load
bearing block, and load bearing rollers were set up following ASTM D198 [11]. A load
button was installed between a 222-kN (50000-1bf) capacity load cell and load bearing
block/rollers to function as a load-alignment device. Lateral supports were provided to
avoid [ateral buckling during testing,.

Before testing, the cross-sectional dimensions of the beam were measured at loading
points. The mean of the readings was used to calculate the sectional properties of the
beam. A 9.5-mm (3/8-inch) hole was drilled at the neutral axis of the beam above one end
reaction point. The same size of steel pin was then driven into the hole to provide a
support for a stranded 890-N (200-1bf) capacity steel wire. A pulley was attached at the
neutral axis above the other end of the reaction point. The wire was then tensioned
between the steel pin and the pulley with a 445-N (100-1bf) dead weight. At the neutral
axis of the midspan, a linear potentiometer (LP) with accuracy to 0.025 mm (0.001 inch)
was attached on the beam. The frictionless shank of the LP was connected to the wire to
measure beam deflections.



P/2 P/2

L = 6400 mm (21 ft); a = 2286 mm (7-1/2 ft) fér the 302-mm (11-7/8-inch) deep beams
1. = 8534 mm (28 ft); a = 3048 mum (10 ft) for the 406-mm (16-inch) deep beams
L =9144 mm (30 ft); a = 3353 mm (11 ft) for the 457-mm (18-inch) deep beams

Figure 1. Schematic loading configuration for flexure tests

Load was applied by a hydraulic cylinder at a constant rate to fail the beam in flexure in
about 10 minutes. Both load and deflection were continuously recorded by a computerized
data acquisition system. At about 75% of the estimated maximum load, the LP was
removed from the beam to prevent damage when the beam failed. The load was
continuously recorded up to the ultimate load.

Based on the theory of elasticity, the modulus of rupture (MOR) and apparent modulus of
elasticity (MOE) were calculated using the following equations:

3P, a 3wf’

MOR = + Eq.2
bd*  4bd? B9 2]
Ba(34*-4a")
MOE = Eq. 3
4bd’ (Eq. 3]
where: MOR = modulus of rupture (MPa or psi),
MOE = apparent modulus of elasticity (MPa or psi),
Py = ultimate total load excluding the dead weight of the specimen (N or Ibf),
a = distance between the reaction to the nearest loading point {mm or in.),

b = measured beam width (mm or in.},

d = measured beam depth (mm or in.),

W = measured beam weight (N/mm or Ibf/in.},

4 = test span {mm or in.), and

5] = slope of load vs. deflection plot below the proportional limit (N/mm or
Ibf/in.).

For determining the characteristic flexural stress of the beam, the MOR value calculated

from Equation 1 was adjusted by a volume factor, C, (as given in Equation 4), in
accordance with the 1997 National Design Specification for Wood Construction {12].

~ 5125 .1 2 0.1 -25_2' 0.1
(e o



where: C, = volume factor, and
b, h, £ = as defined in Equations 2 and 3.

In addition, another adjustment factor was needed to account for the variation from the
standard 12% moisture content. This moisture content adjustment factor, Cy, is shown in
Equation 5 based on ASTM D2915 [13]. As a result, the adjusted MOR and MOE values
given in this paper were determined by using Equations 6 and 7.

_a—px12

= Eq. 5
M o—PxM [Eq. 5]

C

= moisture content adjustment factor,

M  =actual moisture content of the beam, %,
o =1.75 for MOR and 1.44 for MOE, and
B =0.0333 for MOR and 0.02 for MOE.

where: Cum

CalculatedMOR (Eq. 2)

Eq. 6
c [Eq. 6]

AdjustedMOR=

v

Adjusted MOE = Calculated MOE from Eq. 3 x Cy from Eq. 5 (Eq. 7]
After the flexure tests, a S1-mm (2-inch) section was cut from each tested beam at about
457 mm (18 inches) away from each beam end to determine the beam moisture content,
and density and specific gravity in accordance with the oven-drying method of ASTM
D4442 [14] and D2395 [15], respectively. The mean of these two measurements was
reported as the beam moisture content, and density and specific gravity. 'The mean density
was used to calculate the beam weight for use in Equation 2, and the mean moisture
content was used to calculate the moisture content adjustment factor based on Equation 5.

6. Results and Discussions

6.1 30F-E2M2 Glulam

All 30F-E2M2 glulam beams failed as a result of tension failure in the LVL tension
lamination. Summary statistics for the 302-mm (11-7/8-inch) and 406-mm (16-inch) beam

groups are given in Table 6.

Table 6. Summary statistics for 30F-E2M2 glulam beam tests

406 mm (16 in.) 302 mm (11-7/8 in.)
MC | SG® | MOR® | MOE® | MC | sG® | MOR™ | MOEY

N 15 15

55MPa | 16.5GPa 54 MPa 15.9 GPa
Mean | 11.3% | 038 | 9980 neiy | 2.4 Mpsi) | 101% | 98 | (9000 psi) | (2.3 Mpsi)
cov | 0.025 | 0.013 1 0070 0,039 | 0.030 | 0.029 0.066 0.028

47 MPa 47 MPa
Jngk (6860 psi) (6860 psi)

®) Density based on weight and volume at beam test.
® Adjusted MOR based on Equation 6.
© Adjusted MOE based on Equation 7.




Based on the Smith-Saterthwaite statistical test [16], which is an alternate statistical t-test
for equal/unequal sample sizes and/or non-homogeneous variances, the adjusted MOR
data obtained from the 302-mm (11-7/8-inch) and 406-mm (16-inches) beam groups are
not statistically significantly different at the 5%-a significance level. This is also evident
from the observation that the mean and COV between these 2 beam groups are very
similar. Therefore, it is justifiable to combine the data obtained from these 2 beam groups
for deriving the characteristic flexural strength, Table 7 shows the summary statistics of
the adjusted MOR and MOE based on the combined data.

Table 7. Summary statistics of combined data for 30F-E2M?2

MOR® MOE®™
Normal | Lognormal Normal
N 30
Mean 55 MPa (7940 psi) - 16.3 GPa (2.4 Mpsi)
COV 0.067 - 0.034
Sonok 48 MPa (6940 psi) | 48 MPa (6960 psi) -
SEE“) 2.4% 2.1% N
(a,b)

see footnotes to Table 6.
©) A standard error of estimate (SEE) of 5% or less is generally considered acceptable
for engineered wood products.

The data distribution for the adjusted MOR is shown in Figure 2, which suggests that the
data can be fitted well with either normal or lognormal distribution. The goodness-of-fit
by the Kolmogorov-Smirnov statistical test indicates that both assumed distribution
functions cannot be rejected at the 20% statistical significance level (the higher the
significance level, the easier to reject the null hypothesis that assumes the test data can be
characterized by the underlying empirical function). The Kolmogorov-Smirnov D for the
test data was 0.11 and 0.12, respectively, for the normal and lognormal distributions,
whereas the critical D at the 209% statistical significance level is 0.19 for 30 observations.

100 7
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Figure 2. Adjusted MOR with empirical distribution functions overlaid for 30F-E2M?2
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As shown in Table 7, the characteristic flexural stress (f, ¢1) is practically the same for
both distribution functions. As a result, the f, .+ value for the 30F-E2M2 layup
combination can be estimated as 48 MPa (6940 psi). This f, .« value is identical to the
value predicted by GAP (see Table 3), confirming the appropriateness of using GAP to
predict the glulam beam performance with LVL tension laminations.

As also noted from Table 7, the Ep g mean value obtained from full-scale beam tests was
16.3 GPa (2.4 x 10° psi). This value is significantly higher than the Eg g ycan value of 14.5
GPa (2.1 x 10° psi), as predicted by GAP (see Table 3), due primarily to the fact that the
VL tension laminations had an Ep;ean value of 18.6 GPa (2.7 x 10° psi) (see Table 5)
instead of the assumed 16.6 GPa (2.4 x 10° psi) used in the layup design.

6.2 30F-E2M3 Glulam

All 30F-E2M3 glulam beams also failed as a result of tension failure in the LVL tension
lamination. However, there were 6 beams that were noted to have a questionable face
bond between the LVL tension lamination and the adjacent lumber lamination. Summary
statistics for the 302-mm (11-7/8-inch) and 457-mm (18-inch) beam groups are given in
Table 8.

Table 8. Summary statistics for 30F-E2M3 glulam beam tests

457 mm (18 in.) 302 mm (11-7/8 in.)
MC | sG® | MOR® | MOE® | MC | sG® | MOR™ | MOEY

N 18 17

59MPa | 17.0GPa 56 MPa 17.6 GPa
Mean | 124% | 060 | gor0 sty | 2.5 Mpsi) | 1147 | 299 | 8100 psiy | (2.6 Mpsi)
COV | 0.051 | 0.027 | 0.060 0.034 | 0.025 | 0.030 0.085 0.058

52 MPa 47 MPa
Jugk (7520 psi) (6750 psi)
(a,b,c)

see footnotes to Table 6.

The adjusted MOR data obtained from the 302-mm (11-7/8-inch) and 457-mm (18-inch)
beam groups are not statistically significantly different at the 5%-ct significance level
based on the Smith-Saterthwaite statistical test [16]. Therefore, it is justifiable to combine
the data obtained from these 2 beam groups for deriving the characteristic flexural
strength. Table 9 shows the summary statistics of the adjusted MOR and MOE based on
the combined data.

Table 9. Summary statistics of combined data for 30F-E2M3

MOR® MOE®™
Normal | Lognormal Normal
N 35
Mean 57 MPa (8315 psi) — 17.3 GPa (2.5 Mpsi)
COV 0.076 - 0.034
Sigk 49 MPa (7150 psi) | 50 MPa (7190 psi) -
SJEE("} 2.5% 2.1% -
(a,b,c

) see footnotes to Table 7.
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Figure 3 shows the data distribution for the adjusted MOR, which suggests that the data
can be fitted well with either normal or fognormal distribution. The goodness-of-{it by the
Kolmogorov-Smirnov statistical test indicates that both assumed distribution functions
cannot be rejected at the 20% statistical significance level. The Kolmogorov-Smirnov D
for the test data was 0.11 and 0.12, respectively, for the normal and lognormal
distributions, whereas the critical D at the 20% statistical significance level is 0.18 for 35
observations.

100 1
90+
80 |
70 :._
60 .:_.
50 L
40 :._
30 .:..
20 :".
10 &
0_ s e s e e p At

% 35 40 45 SO 55 G0 65 70 75 80

MOR, MPa

I
w
w

Lognormal
------ Normal
O  Test Data

Cumulative refative frequency, %

Figure 3. Adjusted MOR with empirical distribution functions overlaid for 30F-E2M3

The characteristic flexural stress (f,q:) is practically the same for both distribution
functions, as shown in Table 9. As a result, the f, .« value for the 30F-E2M3 layup
combination can be estimated as 49 MPa (7150 psi). This f, .« value is very similar to the
value of 48 MPa (6930 psi) predicted by GAP (see Table 4). In addition, the Ej g mean value
obtained from full-scale beam tests was 17.3 GPa (2.5 x 10° psi). This value is
significantly higher than the Eg g0, value of 14.5 GPa (2.1 x 10° pst), as predicted by
GAP (see Table 4), due primarily to the high Ep;mesn value from the LVL tension
laminations.

6.3 Relationship between f, 5, and f,,, . «

Based on Tables 5, 7, and 9, the relationship between f;5,« and f,, .« can be expressed as
follows:

For 30F-E2M?2 Jronk =08 X finok [Eq. 8]
For 30F-E2M3 ﬁ,O,!',k =1.0 Xf,\,,,g'k {Eq 9]
In other words, the relationship between the characteristic tensile strength of the LVL
tension laminations and the characteristics flexural strength of the glulam beams does not

necessarily follow the relationship prescribed in ANSI A190.1 {9] (see Equation 1). [t was
originally theorized that the high ratio for 30F-E2M3 might have been associated with the
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questionable face bond between the LVL tension lamination and adjacent lumber
lamination, as previously noted. It was suspected that the questionable glue bond might
have caused an incomplete stress transfer between the inner laminations and the LVL
tension lamination, thereby demanding a higher share of tensile stress on the LVL tension
lamination.

This hypothesis, however, could not be substantiated in 2 other similar testing programs
conducted for the same glulam manufacturer soon after the completion of this study. The
glue bond did not have any problems in those 2 studies. However, the relationship
between the characteristic tensile strength of the LVL tension laminations and the
characteristics flexural strength of the glulam beams was the same as that described by
Equation 9. Likewise, another similar testing program conducted for the same glulam
manufacturer who produced the 30F-E2M2 glulam tested in this study showed a consistent
relationship as that described in Equation 8. Details of those 3 studies will be reported in
the near future.

Results obtained from this study suggested that relationship between the characteristic
tensile strength of the LVL tension laminations (fis;z) and the characteristic flexural
strength of the glulam beams (f,, ) is likely to depend upon not only the LVL, but the
glulam manufacturers. It was noticed that the relationship between f; g« and fi, o« did not
necessarily follow ANSI A190.1 [9]. Therefore, the required f; g, value for QA purposes
should be confirmed by LVL tension and full-scale glulam beam tests. Without the
confirmation data, the f; o4 should be assigned the same value as f}, ¢ 4.

6.4 Control Values for 30F-E2M2 and 30F-E2M3

As the LVL tension laminations are crucial to the glulam beam performance, control
values for the LVL should be established for quality control purposes when the layup
combinations given in Tables 1 and 2 are implemented in production. Based on the full-
scale beam test results given in Tables 7 and 9, it appears that the beam performance can
be justified at f,, 4« of 48 MPa (6940 psi) and Ey,g speqn 0f 16.3 GPa (2.4 x 10° psi) for 30F-
E2ZM2, and f, ¢4 of 49 MPa (7140 psi) and Ep g mean of 17.3 GPa (2.5 x 10° psi) for 30F-
E2M3, provided that the control values for the LVL tension laminations are established
based strictly on the LVL test results given in Table 5. However, as the targeted f,, ¢ and
Ep g mean are limited to 43 MPa (6300 MPa) and 14.5 GPa (2.1 x 10° psi), respectively, the
control values for the LVL tension laminations can be adjusted accordingly.

In lack of further supporting data, the required LVL characteristic tensile strength based on
a 4-ft gauge length may be established based on Equations 8 and 9. In other words, the
Jio.x value should be required at 43 MPa (6300 psi) x 0.8 = 34 MPa (5040 psi) for 30F-
E2M2. On the other hand, the f, g, value should be required at 43 MPa (6300 psi) for
30F-E2M3. Apparently, the required LVL long-span E can be established at 16.6 GPa (2.4
x 10° psi) as the glulam beam MOE is very predictable using GAP or the transformed
section method.

7. Conclusions

The following conclusions are supported by the results obtained from this study:
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10.

11,

12.

LVL could be used as tension laminations for high-strength glulams up to, but not
limited to, an fy, ¢« value of 43 MPa (6300 psi) and £y ymear value of 14.5 GPa (2.1 x
10° psi).

The layup combinations given in Tables 1 and 2 could meet the values given above
provided that the LVL tension laminations are properly quality-controlled.

It is also important to recognize that relationship between fi o and fi, 44 is likely to
depend upon not only the LVL, but the glulam manufacturers. Therefore, the required
fro1x value for QA purposes should be confirmed by LVL tension and full-scale glulam
beam tests. Without the confirmation data, the f; g+ should be assigned the same value

as fiy, .k
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Abstract

The shear strengths of structural glued laminated timber (gilulam) have been traditionally
evaluated in the United States based on the procedures set forth in ASTM Standards
D3737 and D2555 using small block shear values of clear wood specimens. For most
glulam products, the design shear stresses so derived are conservative. In recent years, the
demand to optimize the design shear stress has been increased due (o a higher design shear
stress offered by competing structural wood composites, such as laminated veneer lumber
(LVL) and parzalle! strand lumber (PSL).

Since 1997, APA has conducted a series of full-size shear tests on glulam manufactured
with Douglas fir, Southern pine, and Spruce-Pine-Fir. A four-point load method with a
clear distance between the edge of the reaction bearing plate to the edge of the nearest
curved Joad bearing block of at least 2 times the specimen depth was used to test all
specimens. Based on this experience, the full-size shear test method has been adopted in
ASTM D3737 as a standard test method for determining the horizontal shear strength of
glulam. This paper provides detailed descriptions of the test methods, experimental
results, and data analyses.

The test results obtained from this study indicate that the characteristic shear strength
values based on full-size shear tests are approximately 70% of the values determined from
small block shear tests, However, the allowable horizontal shear stress could be increased
by a factor of at least 1.25, including a 10% reduction to allow for occasional seasoning
checks. This increase can be attributed in part to the difference in the procedures used to
derive the design value between the full-size and small block shear (ests.

1. Introduction

Glued laminated timber (glulam) has been extensively used in North America in both
residential and nonresidential applications. Nonresidential uses include commercial and
industrial buildings, marinas, transmission structures, and pedestrian, highway, and
railroad bridges. While most applications are controlled by bending stress or stiffness,
there are situations in which horizontal shear is the controlling design stress. Examples
include heavily loaded floor beams, bridge stringers, and cantilever or continuous beams.

In the United States, the design (allowable) shear stresses for glulam have been
traditionally determined based on the procedures set forth in ASTM D3737 [1] and D2555
{2] using small block shear values of clear wood specimens. The shear reduction factor
customarily applied to test results of smalt scale block shear specimens is 1/4.1, which is
composed of the effects of load duration (10/16) and stress concentration (4/9), and a
factor of safety (8/9).



In recent years, however, information has been generated, indicating that the allowable
shear stresses so derived are overly conservative for glulam when compared to the results
of full-size shear tests [3,4,5]. Based on the available data, it has been determined that the
stress concentration factor of 4/9 is only applicable to small block shear specimens and
should be removed from the reduction factor for use with the results of full-size shear
tests. It has been further determined that the factor of safety should be revised to be the
same as the allowable flexural stress (10/13). Combining this with the duration of load
factor of 10/16 results in a net reduction factor of 1/2.1 that can then be applied to the 5th
percentile shear results obtained from full-size glulam shear tests to establish design shear
values.

Since 1997, APA has conducted a series of full-size shear tests on glulam manufactured
with Douglas fir, Southern pine, and Spruce-Pine-Fir. This report provides detailed
descriptions of the test methods, experimental results, and data analyses.

2. Objective

The main purpose of this study was to systematically evaluate the shear strengths of
glulam for various wood species used in the manufacture of glulam in North America
based on a full-size four-point test method.

3. Materials

Three major wood species used in the manufacture of glulam in North America, these
being Douglas fir (DF), Southern pine (SP), and Spruce-Pine-Fir (SPF), were identified for
testing in this study. As the primary goal was to evaluate the shear strengths, it was
essential to fail as many glulam specimens in shear as possible. In addition, it was
considered ecritical that the specimen dimension should be sufficiently large so as to
prevent the shear stress distribution from being affected by the interaction of the
compressive stress perpendicular to grain.

Consequently, a specimen depth of approximately 457 mm (18 in.) with a simply
supported test span (from the center of support to the center of support) of 3048 mm (10 ft)
was selected, resulting in a span-to-depth ratio of approximately 6.7. This specimen
dimension was also selected to represent the boundary size in which the allowable shear
stress governs the design of typical residential floor beam construction [6]. It can be
expected that either bending or deflection will control the design as the span-to-depth ratio
increases.

All specimens were manufactured using full-length laminations without any end joints to
induce fatlures in shear, but not at an end joint, in the critical tension zone of the test
beams. The manufacturing processes followed the provisions of American National
Standards Institute (ANSI) A190.1, American National Standard for Wood Products --
Structural Glued Laminated Timber [7]. Wet-use adhesives were used for face bonding of
the laminations. APA staff was present during the lumber selection and manufacturing for
all test specimens.

A series of glulam beams, as shown in Table 1, were tested at the APA Research Center in
Tacoma, Washington, in the as-received indoor conditions without any moisture pre-



conditioning. The layups for these beams are shown in Table 2, which were designed to
achieve a targeted 70% failure rate in shear using the test method selected.

Table I. Specimen cross sections

Species DF SP SPF
Replicates 39 40 42 40 40
Net width 171 mm 79 mm 171 mm 79 mm 105 mm
(6-3/4 in.) {3-1/8 in.) (6-3/4 in.) (3-1/8 in.) (4-1/8 in.)
457 mm 457 mm 454 mm 454 mm 429 mm
Net depth . . . . .
(I81n.) (18 in.) (17-7/8 in.,) (17-7/8 in.) (16-7/8 in.)

Table 2. Specimen layups

Species Tension zones Core Compression zones
DF [- 1- 1- G- 1- 1- l-
302-26 Ll L2 L3 L2 L1 302-26
3P 1- 1- 2- 5- 2- 1- l-
302-26 | NID14 | NIDS N2MS§ NI1DS§ NIDI4 | 302-26
SPF 1- I- -~ g - - 1 - 1-
302-24 1.8E3 1.4E2 [.8E3 302-24

This shear failure rate was estimated by equating the predicted 25" percentile of the
bending strength to the anticipated 935" percentile of the shear strength of the glulam. The
bending strength of the glulam was predicted by using the GAP computer program that
was developed by APA and is recognized by the major building code evaluation services
as an alternative method for determining design stresses of a given layup combination of
glulam [&8]. The shear strength of the glulam was estimated based on the authors’
experience and the information obtained from the literature [3,9,10,11].

The layups shown in Table 2 were based on commercially available combinations except
that the tension laminations were generally up-graded to increase the probability of shear
failure. The shear-critical core laminations were all carefully selected as being “on-grade.”
The faminations used for manufacturing the specimens were Douglas fir grown weslt of the
Cascade Mountains, Southern pine grown in Southern Alabama and Southern Arkansas-
Northern Louisiana, and Spruce-Pine-Fir grown in Southeast British Columbia, Canada,
The actual sub-species of the species group were not microscopically determined.

4. Test Methods

A four-point load method, as shown in Figure 1, was applied to test all specimens. In this
case, the four-point load method is considered superior to the center-point load method as
the compressive stress perpendicular to grain under the load point is reduced to 1/2 of the
compressive stress perpendicular to grain under the center-point load. This test setup
significantly alleviates the wood crushing under the load point, which could interfere with
the shear stress distribution in the specimen [9].
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Figure 1. Test setup (see Table 1 for the depth, h, of each tested species)

The test apparatus, including rocker-type reaction supports, reaction bearing plates and
rollers, foad bearing blocks, and load bearing rollers were set up following ASTM D198
[12]. The curved load bearing blocks had a chord length of 356 mm (14 in.) and a radius
of curvature of 711 mm (28 in.). The clear distance between the edge of the bearing plate
to the edge of the nearest load bearing block was 914 mm (36 in.) for all specimens, which
was al least 2 times the specimen depth. This clear distance was regarded as critical to
prevent the shear stress distribution from being influenced by the compressive stress
perpendicular to grain {9]. All specimens were cut to the exact length of 3404 mm (134
in.) and no overhangs were allowed. Load was applied by a hydraulic cylinder at a
constant rate so as to reach the ultimate load in about 10 minutes. Load readings were
continuously recorded by a computerized data acquisition system up to the ultimate load.
The deflection readings were not recorded.

5.  Analysis Methods

Based on the theory of elasticity, the flexural (fy) and shear (f,) stresses at the time of
specimen failure were calculated using the following equations:

3P . a
1:' = ult’) [E i 1]
v bhe q
3p .
f omu Eq. 2
= 4bh (Eq. 2]
where:
fp = flexural stress, MPa (psi),
f, = shear stress, MPa (psi),
Py = ultimate total load, N (1bf),
a = distance between the reaction point to the nearest loading point, mm (in.),
b = measured beam width, mm (in.), and

h = measured beam depth, mm (in.)

The flexural stress of each specimen, as calculated from Eq. 1, was adjusted by a volume
factor, C,, in accordance with the National Design Specification for Wood Construction
[13]. In addition, as the members were not pre-conditioned prior to testing, the moisture



content adjustment factor, Cy, as shown in Eq. 3 based on ASTM D2915 {14], was used to
adjust the test results to the standard 12% moisture content.

C, -C,xl12
¢ = T2 Eq. 3
Ry (Eq. 3)
where;

Cwm = moisture content adjustment factor,

M = actual moisture content of the specimen, %,
Cy =1.75forf, and 1.33 for f,, and
Cy, =0.0333 for f, and 0.0167 for f,.

After testing, a 51-mm (2-in.) section was cut from each tested specimen at approximately
305 mm (12 in.) in from each beam end. The laminations other than the core laminations
(L3 for DF, N2MS8 for SP, and 1.4E2 for SPF) were then removed from these end sections.
The resulting sections, which represented the core laminations, were then used 1o
determine the moisture content and specific gravity of each beam in accordance with the
oven-drying method of ASTM D4442 [15] and D2395 [16], respectively.

6. Results and Discussions

6.1 Modes of failure

The summary of the failure modes for each tested species is shown in Table 3. Typically,
the shear failure was initiated at one end of the specimen near the neutral axis or in the
bottom half of the cross section, which is consistent with the observations reported by
Freas and Selbo [10]. The patterns of failure surface were similar for all tested species. In
general, the failure surface followed a growth ring along the late wood and earty wood
interface of a flat-grained lamination and in some cases then jumped over to the adjacent
growth rings or laminations.

Table 3. Summary of failure modes

Percentage of specimens failed in each mode
Modes of DF SP SPF
failure 171 mm 79 mm 171 mm 79 mm 105 mm Total
(6-3/4in.) | (3-1/8in.} | (6-3/4in.) | (3-1/8in.) | (4-1/8 in.)
Shear 82% 73% 62% 92% 43% 70%
Flexure 18% 22% 38% 8% 57% 29%
Bearing 0% 5% 0% 0% 0% 1%

From Table 3, the overall percentage of shear failure is 70%, which coincides with the
anticipated shear failure rate previously mentioned. However, due to the relatively low
percentage of shear failure for SPF, the test results were highly censored when the analysis
1s performed using all data combined. Therefore, it is necessary to conduct a censored data
analysis for each species and tested width.

For the censored data analysis, the uncensored mean and standard deviation can be
estimated by using the maximum likelihood estimators (MLEs) described in Lawless [17].
The estimates of the uncensored statistics from the highly censored data are critical due to
the fact that although the uncensored mean is expected to be higher than the censored
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mean, the uncensored standard deviation might be also higher than the censored standard
deviation. As a result, the characteristic value (5th percentile with 75% confidence) based
on the uncensored data may or may not be actually higher than the value determined from
the censored statistics.

6.2  Shear and flexural strengths

Table 4 shows the summary statistics for the moisture content and specific gravity of the
core materials obtained from all specimens. The summary statistics for the calculated
shear and flexural strengths after being adjusted to the standard moisture content of 12%
are given in Table 5. The flexural strengths have been further adjusted by a volume factor.
It should be noted that the dead weight of the specimen was not included in the
calculations. In addition, the calculated shear and flexural strengths represented the stress
states at failure and might not represent the ultimate shear and flexural strengths unless the
specimen happened to fail in the specific mode.

Table 4. Summary statistics for moisture content and specific gravity

(a)

DF SP SPFE
171 mm 79 mm 171 mm 79 mm 105 mm
(6-3/4 in.) (3-1/8 in.) (6-3/4 in.) (3-1/8 in.) (4-1/8 in.)
N 39 40 42 40 40
Mean MC 11.4% 11.5% 11.0% 10.3% 14.5%
Mean SG 0.43 0.43 0.51 0.47 (.40

@ Based on the oven-dry weight and as-received volume of the core Jaminations only.

Table 5. Summary statistics for shear and flexural strengths

(a}

DF SP SPF
171 mm 79 mm 171 mm 79 mm 105 mm
(6-3/4 in.) (3-1/8 in.) (6-3/4 in.) (3-1/8 in.) (4-1/8 in.)
Shear failure only
N 32 29 26 37 17
¢ 4.40 MPa 4.66 MPa 5.38 MPa 5.24 MPa 4.34 MPa
Y Mean (639 psi) (676 psi) (780 psi) (760 psi) (630 psi)
p 48.9 MPa 48.0 MPa 59.8 MPa 55.7 MPa 51.8 MPa
b (7095 psi) (6957 psi) (8669 psi) (8075 psi) (7507 psi)
fy. fi, | COV 0.070 0.085 0.098 0.092 0.130
All failure modes combined
N 39 40 42 40 40
¢ 4.33 MPa 4.60 MPa 5.41 MPa 5.22 MPa 4.18 MPa
Y Mean (628 psi) (667 psi} (785 psi) (757 psi) (616 psi)
. 48.1 MPa 47.4 MPa 60.1 MPa 55.5 MPa 50.6 MPa
b (6970 psi) (6868 psi) (8718 psi) (8045 psi) (7341 psi)
f, f, | COV 0.089 0.086 0.100 0.092 0.112

@ Calculated stresses adjusted for moisture content and volume effect (f}, only) at time of
specimen failure,

The data distribution for those specimens that failed in shear is shown in Figure 2 with an
empirical normal distribution function overlaid. It should be noted that there was one 79-
mm (3-1/8-in.) wide DF specimen that was noted to contain an off-grade ring shake that
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extended from the wide face into the thickness at an angle less than 45 degrees from the
wide face, which is not permitted by industry standards {18]. This specimen ultimately
failed at the lowest shear value of 3.35 MPa (486 psi} among all 40 specimens of the same
size, including those that failed in a flexural or bearing mode. Although this test result can
be statistically quantified as an outlying observation at the 5% significance level in
accordance with ASTM EI178 [19], it was still included in the data analysis to be
conservative. Similarly, the SPF specimen that failed at the lowest adjusted shear strength
of 2.88 MPa (418 psi) was included in the data analysis even though it can also be
statistically justified as an outlying observation.
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Figure 2. Shear strengths with an empirical normal distribution function overlaid

Using the MLE method, the uncensored mean and standard deviation for the shear strength
of each tested width were calculated based on all data combined (censored data), as shown
in Table 6. When compared fo the results obtained from the specimens that failed in shear
(see Table 5), the MLE method in general gives a comparable mean and COV,

Table 6. Estimated statistics from the censored data analyses using the MLE technique

DF SP SPF
171 mm 79 mm 171 mm 79 mm 105 mm
(6-3/4 in.) (3-1/8 in.) (6-3/4 in.) (3-1/8 in.) (4-1/8 in.)

Normal Distribution

Mean 4.43 MPa 4.73 MPa 5.66 Ml?a 5.26 Ml?a 4.66 MPa
(642 psi) (686 psi) (821 psi) (763 psi) (676 psi)

COvV 0.070 0.082 0.110 0.090 0.122

Lognormal Distribution

Mean 443 MPa 4.74 MPa 5.67 MPa 5.26 MPa 4,72 Ml?a
(642 psi) (687 psi) (822 psi) (763 psi) (684 psi)

COV 0.073 0.090 0.115 0.094 0.144

According to the statistics given in Tables 5 and 6, the parametric estimates of the shear
strength at the S5th percentile with 75% confidence (characteristic values) can be
determined following the procedures given in ASTM D2915 [14]. The characteristic value
for each tested species will be discussed below.



7.  Characteristic Shear Strength

7.1 Douglas fir glulam

Table 7 shows the estimated characteristic values for DF glulam based on normal and
lognormat distribution functions. The assumed normality for both distribution functions
cannot be rejected at the 20% statistical significance level for all tested species and widths
in accordance with the Kolmogorov-Smirnov test statistics (the higher the significance
level, the easier to reject the null hypothesis assuming the same distribution). In fact, the
characteristic values determined from both types of distribution functions are generally
similar.

Table 7. Parametric estimaltes of the characteristic shear strengths for DF glulam

[71 mm (6-3/4 in.) 79 mm (3-1/8 in.)
N Characteristic value N Characteristic value

Normal Lognormal Normal | Lognormal

: 3.83MPa | 3.85MPa 3.92MPa | 391 MPa

ar : 2

Shearfailureonly | 32 “ess G | (ss8psi) | 20 | (569 psi) | (568 psi)
All failure modes 39 3.62 MPa 3.63 MPa 40 3.88 MPa | 3.88 MPa
combined (525 psi) {527 psi) {562 psi) (562 psi)
: 3.86 MPa | 3.84 MPa 4.02 MPa | 3.96 MPa

MLE estimates 391 se0psi) | 557ps) | Y0 | (583psi) | (574 psi)

As noted from Table 7, the characteristic values for DF, as derived from the shear-failure-
only data and the MLE method, are all higher than the values determined from the all-
failure-modes-combined data. From a statistical viewpoint, the values obtained from the
MLE method can be inferred as being better than the conservative estimates calculated
from the censored data (all failure modes combined). Therefore, it is justifiable to
establish the characteristic shear value for ecach tested width based on the lower value
between the MLE estimates and the characteristic vaiue determined from the shear-failure-
only data. As a result, the characteristic shear value of 3.83 MPa (555 psi) based on the
normal distribution and 3.91 MPa (568 psi) based on the lognormal distribution was
determined, respectively, for the 17l-mm (6-3/4-in.} and 79-mm (3-1/8-in.) wide
specimens.  These values are significantly lower (approximately 30%) than the
characteristic value of 5.50 MPa (798 psi) derived from the small block shear values given
in ASTM D2555 [2] and adjusted to the standard moisture content of 12%.

Using the reduction factor of 1/2.1 (see Section 1), the allowable shear stress can be
calculated as 3.83/2.1 or 1.83 MPa (265 psi) for 171-mm (6-3/4-in.) wide and 3.91/2.1 or
1.87 MPa (270 psi) for 79-mm (3-1/8-in.) wide DF glulam. Due to the small difference in
the allowable shear stress between the tested widths, a single allowable value of 1.83 MPa
(265 psi) was established for DF glulam of all widths, This value is significantly higher
(approximately 35%) than the allowable shear value of 1.35 MPa (195 psi) based on the
characteristic shear strength of the small block shear (5.50 MPa or 798 psi) multiplied by
the reduction factor of 1/4.1 (see Section 1). This increase can be attributed in part to the
difference in the adjustment factors used to derive the allowable shear stress based on full-
size and small block shear test results.



7.2 Southern pine glulam

Table 8 shows the estimated characteristic values for SP glulam based on normal and
lognormal distribution functions. As noted from Table 8, the characteristic values for SP,
as derived from the shear-failure-only data and the MLE method, are not always higher
than the values determined from the all-failure-modes-combined data. For example, for
the [71-mm {6-3/4-in.) wide specimens, the characteristic value determined from the all-
failure-modes-combined data is higher than the value obtained from the shear-failure-only
data due in part to the large difference in the sample size. As the characteristic value based
on the all-failure-modes-combined data can be regarded as a conservative estimate of the
actual shear strength, it is prudent in this case to use such a value for deriving the
characteristic shear strength even though the use of a higher value based on the MLE
method may be justifiable.

Table 8. Parametric estimates of the characteristic shear strengths for SP glulam

171 mm (6-3/4 in.) 79 mm (3-1/8 in.)
N Characteristic value N Characteristic value
Normal Lognormal Normal | Lognormal
Shear failurc only | 26 | oo MPa 446 MPa) ., ) 435 MPa | 4.38 MPa
(6306 psi) (646 psi) (631 psi) (635 psi)
All failure modes 42 443 MPa | 4.48 MPa 40 434 MPa | 437 MPa
combined (642 psi) {650 psi) (629 psi) (634 psi)
: 4,52 MPa | 4.48 MPa 4,39 MPa | 4.36 MPa
MLE estimales Y21 65spsi) | 650psiy | 0 | (636 psi) | (632 psi)

As a result, the characteristic shear value can be estimated as 4.43 MPa (642 psi) for 171-
mm {6-3/4-in.) wide and 4.34 MPa (629 psi} for 79-mm (3-1/8-in.) wide SP glulam based
on the normal distribution. These values are approximately 25% lower than the
characteristic value of 5.66 MPa (820 psi) derived from the small block shear values given
in ASTM D2555 [2] and adjusted to the standard moisture content of 12%.

Again, the allowable shear stress can be calculated as 2.10 MPa (305 psi) for 171-mm (6-
3/4-in.) wide and 2.07 MPa (300 psi) for 79-mm (3-1/8-in.) wide SP glulam using the
reduction factor of 1/2.1. Due to the small difference in the allowable shear stress between
the tested widths, a single value of 2.07 MPa (300 psi) was assigned to SP glulam of all
widths., This value is approximately 50% higher than the allowable shear value of 1.38
MPa (200 psi) based on the characteristic shear strength of the small block shear (5.66
MPa or 820 psi) muitiplied by the reduction factor of 1/4.1 (see Section 1).

7.3 Spruce-Pine-Fir glulam

As the difference in the allowable shear stress between the tested widths for both DF and
SP was negligible, only one net width, 105 mm (4-1/8 in.), was tested for SPE. This width
was selected based on the available resource at the glulam plant fabricating the SPF
specimens. Note that the width effect on the shear strength of SPF glulam was previously
reported as insignificant in another study [1].

The estimated characteristic values for SPF glulam based on normal and lognormal
distribution functions are given in Table 9. As noted from Table 9, the characteristic



values for SPF, as derived from the MLE method, are all higher than the values
determined from the censored data (all failure modes combined). In addition, the
characteristic value determined from the all-failure-modes-combined data is higher than
the value based on the shear-failure-only data. As the characteristic value based on the all-
failure-modes-combined data can be regarded as a conservative estimate of the actual
shear strength, it is appropriate to use such a value for deriving the characteristic shear
strength even though the use of a higher value from the MLE method is justifiable.

Table 9. Parametric estimates of the characteristic shear strengths for SPF

105 mm (4-1/8 in.)
N Characteristic value
Normal Lognormal
Shear failure only 17 3.23 MPa (469 psi) 3.26 MPa (473 psi)
All failure modes combined 40 3.38 MPa (490 psi) 3.40 MPa (493 psi)
MLE estimates 40 3.61 MPa (524 psi) 3.48 MPa (504 psi)

Therefore, the characteristic shear value for the SPF glulam can be estimated as 3.38 MPa
(490 psi) based on the normal distribution. This value is approximately 20% lower than
the characteristic value of 4.10 MPa (595 psi} derived from the small block shear values
given in ASTM D2555 [2] and adjusted to the standard moisture content of 12%.

Again, the allowable shear stress can be calculated as 1.62 MPa (235 psi) for SPF glulam
using the reduction factor of 1/2.1. This value is approximately 60% higher than the
allowable shear value of 1.00 MPa (145 psi) based on the characteristic shear strength of
the small block shear (4.10 MPa or 595 psi) multiplied by the reduction factor of 1/4.1.

7.4 Allowance for checking

An important consideration when establishing the design shear stress for large dimension
timber is the allowance for checking or splits which may occur in service. Although the
degree of in-service checking normally observed for glulam, as compared to sawn timber,
1s considerably less severe, it has been a common practice for the glulam industry in the
U.S. to publish reduced allowable shear stresses to account for possible in-service
checking. The APA Glulam Technical Advisory Committee adopted a 10% reduction in
1997 to allow for checking based on full-size shear test results and the past industry
practice.

Note that seasoning checks in glulam most commonly occur along the first glueline
adjacent to an outer lamination due to the exposure of the larger surface area of the outer
lamination to the environment. However, at a given cross section along the beam length,
the shear stress at the first glueline is significantly lower than the shear stress at the neutral
axis and varies with beam depth. Therefore, the 10% checking allowance should permit
typical in-service checks (occurring at the first glueline) that are considerably deeper than
10% of the glulam width without impairing the structural integrity of the member.

In addition, checks frequently occur in the radial direction of a lamination and do not
coincide with the shear surface, which typically occurs along growth rings. This is
distinctly different from sawn lumber joists whose checks often occur near the neutral axis
in the radial direction of the growth rings and are mostly likely to coincide with the
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maximum shear plane. As such, the 10% checking allowance is likely to still be
conservative even when a 10% deep check does occur at the neutral axis of a glulam beam
that is controlled by shear.

7.5 Procedural calibration factors

The characteristic shear strength and allowable shear stress for glulam have been
traditionally developed in the U.S. based on the provisions given in ASTM D3737 [I]
using the small block shear data published in ASTM D2555 [2]. For SPF glulam, the
calculated values for all sub-species in the SPF species group are in the range of 1.00 to
L.G7 MPa (145 to 155 psi). As the actual sub-species for the SPF glulam tested in this
study was not determined, the ratio between the minimum and maximum calculated shear
stresses for this species group, 1.00/1.07, was used to adjust the characteristic and
allowable shear values derived above to account for the possibility that the actual tested
sub-species might have been the higher strength sub-species, such as Black spruce, Jack
pine, and/or Lodgepole pine. It should be noted that the species calibration factor is equal
to 1.0 for both DF and SP glulam.

According to the discussions given above, Table [0 compares the characteristic and
allowable shear values derived from this study with those previously published based on
the traditional small block shear values. The variation in the new and previously published
values can be regarded as the difference in the procedures used to derive the design value
between the full-size and small block shear tests. Then, when generalized, this
information can be used as a calibration factor for adjusting the design values derived from
small-clear block shear data.

Table 10. Procedural calibration factor

DF SP SPF
fosk Allowable ook Allowable Fook Allowable
Full-size 3.83MPa | 1.66 MPa | 4.34MPa | 1.86MPa | 3.16 MPa 1.35 MPa
shear™ (555 psi) | (240 psdD® | (629 psi) | (270 psD)® | (458 psi)®@ | (195 psi)®?
Small block | 5.50MPa | 1.35MPa | 5.66MPa | 138MPa | 4.10 MPa 1.00 MPa
shear” (798 psiy | (195psi) | (820psi) | (200 psi) | (595 psi) (145 psi)
Ratio 0.70 1.23 0.77 1.35 0.77 1.35

@ Based on the results obtained from this study.
®) Reduced by 10% to allow for checking,

© Adjusted for the sub-species effect.

“V Based on ASTM D3737 and D2555.

It is noted that the three species tested in this study represent about 85% of total glulam
production in North America today. Since it is not feasible to conduct full-size shear tests
on ail species used in the manutacture of glulam in the U.S., it was decided that the lowest
ratio given in Table 10 could be used to determine the shear stress for those species not
tested. As a result, the characteristic shear strength and allowable shear stress for the
species other than DF, SP, and SPF can be established by multiplying the small block
shear value by the procedural calibration factor of 0.70 and 1.25, respectively. The
allowable shear stress derived using this procedural calibration factor includes a 10%
allowance for checking.
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7.6 Limitations on use of results

[t is very imporiant to realize that these new allowable shear values obtained from this
study are intended to be limited to prismatic glulam members subjected to typical dead,
live, snow, wind, and earthquake loads only. The allowable shear stresses for impact or
cyclic loading, such as may occur in bridges or crane rail applications, have not been
evaluated. Neither have the effects of these higher shear stresses been accounted for in the
design of non-prismatic members which are typically subjected to an interaction of shear
stresses with other siresses. For these applications, the previously published shear values,
which have been proven adequate through years of experience, should be retained for
design use.

8.  Conclusions
The following conclusions are based on the results obtained from this study:

* The setup used in this study can be used to evaluate the shear strength of full-size
glulam. ASTM D3737 adopted this test method in October 2000 as an alternative
standard test method for determining the horizontal shear strength of glulam. Since
then, this test method has been used by other researchers in the United States for
evaluating glulam shear strength of ponderosa pine with equally satisfactory results
[20].

» The width effect on the characteristic shear strength was determined to be negligible
for DF and SP glulam members and assumed to be negligible for all other species.

s The characteristic shear strength and allowable shear stress for the species other than
DF, SP, and SPF can be established by multiplying the small block shear value by the
procedural calibration: factor of 0.70 and 1.25, respectively. The allowable shear stress
derived using this procedural calibration factor includes a 10% allowance for checking.

¢ Results obtained from this study have been accepted by the major building code
agencies in the U.S. and the new allowable shear values are being used by the wood
engineering community.
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V Enjily asked about the manufacturing issues.

M Romani answered that it would be similar to normai glulam manufacturing and no problem for
the manufacturer.

A Jorissen asked about the improvement of stiffness.

M Romani answered that the stiffness improvements (15%) were less than strength improvements
(34%). It would be similar to normal glulam manufacturing and no problem for the manufacturer.
B Yeh commented that there have been much activities in the US in this area.

H J Blass commented that they were aware of the US groups but information exchange was only in
one direction.

B Yeh asked about volume effect.

H J Blass answered that it was not considered In this study.

[ Smith commented that one of the US patents dealt with the process of “hairing-up”. In this study
and in the University of Maine study, it seemed that this was not required.

F Lam asked whether pre-pregnated fibre glass could be considered.

M Romani answered no but thicker glass may be needed.

G Schickhofer asked whether shear fajlure would become an issue.

M Romani answered no shear failures were observed,






Design model for FRP reinforced glulam beams

M. Romani and H.J. BlaB
University of Karlsruhe (TH), Germany

1 Abstract

For several years possibilities to reinforce glulam beams parallel to the grain to increase
bending and axial stiffness and ultimate load have been investigated. One method is to use
Fibre-Reinforced Plastics (FRP) as a tensile reinforcement. Fibres used were glass fibres,
aramid fibres and carbon fibres.

At the University of Karlsruhe a research project was carried out where the load-deformation
behaviour of reinforced glulam beams was studied. Thin carbon FRP and aramid FRP were
used as reinforcements. Within this research project a design model was developed taking into
account the plastic behaviour of timber loaded in compression parallel to the grain. This paper
presents the design model and test results of beams loaded to failure to verify the design
model.

2 Introduction

Glulam beams loaded by bending moments fail at the tension side at the position of knots or
finger joints. Due to this failure mode glulam beams are mainly reinforced at the tension side
to strengthen the weak cross-sections.

The reinforcement for glulam beams should have a high modulus of elasticity (MOE) and a
large tensile strain at failure. Materials considered in the past were steel, glass fibre reinforced
plastic (GFRP) and since a few years carbon fibre reinforced plastic (CFRP) and aramid fibie
reinforced plastic (AFRP). Fibre reinforced plastic (FRP) has the advantage of a high MOE —
although generally lower than steel — and a high tensile strength. The disadvantage of steel is
the low yield strength leading to plastic deformations before the timber fails. FRP
reinforcements do not show this behaviour.

An effective reinforcement leads to a plastic behaviour on the timber compression side. In
unreinforced glulam beams this effect hardly occurs and design models therefore do not take
into account this effect, For FRP reinforced beams therefore different design models are
necessary.

3  Structure and failure modes of reinforced glulam beams

Figure | shows the types of cross section studied. 30 beams of type I and 8 beams of type 2
were loaded to failure. In practice, for reasons of fire safety or for esthetical reasons a facing
consisting of a load carrying timber lamination is applied below the reinforcement (type 1).
Nevertheless 8 beams without a timber facing were tested to study the influence of the timber
facing on the load deformation behaviour. The width of the reinforcement always equals the
width of the cross section.



type 1 type 2
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Figure 1: Cross section of the test speciniens

For reinforced glulam beams different failure modes are possible. Assuming constant MOE,
constant tensile and compressive strength and a linear-elastic-ideal-plastic stress-strain
relationship within a cross section the following failure modes are considered.

e) faiture compression sidge ) fallure compression side

elastic-ptastic; position 1l etastic-plastic; position i}
timbher facing failed

{ Z i Z R :

a} failure tension side  b) failure tension side ¢} failure tension side d) fatlure tension side
elastic; pesition ! elastic; position 1 elastic-plastic; position | elastic-plastic; position If
timber facing falled timber facing failed

Figure 2: Failure modes

Global failure modes at the tension side:

Mode a:  Failure of the timber facing while the cross section is in a linear-¢lastic state

Meode b:  Failure above the reinforcement while the cross section is in a linear-elastic state

Mode ¢:  Fatlure of the timber facing while the cross section is in a linear-elastic-ideal-
plastic state

Mode d:  Failure above the reinforcement while the cross section is in a linear-elastic -
ideal-plastic state

Failure at the compression side by a defined ultimate compression strain:

Mode e:  Compressive failure before the timber facing fails in tension

Mode f:  Compressive failure after the timber facing failed in tension with subsequent
tensile failure above the reinforcement

Using a tensile reinforcement the compressive stress will exceed the timber tensile stress in
beams loaded in bending. Therefore plastic deformations are more probable in beams with
tensile reinforcement. Using both, compressive and tensile reinforcement the linear modes
will mostly occur due to the reduction of the plastic area in the compressive zone.



4  Design model

Figure 3 illustrates the notation and the assumed stress-strain relation. The design model
reduces the calculation to unreinforced glulam beams by using absolute geometrical factors o
and general factors k;. These factors allow to calculate geometrically similar cross sections by
calculating just once these factors o and k;.
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Figure 3: Notation and stress-strain relationship of a type 1 cross section with plastic
compression area
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The effective height h is the remaining height of the cross section. With intact timber facing h
is equal to hg. After failure of the timber facing the effective height h is reduced by the height
of the timber facing.

4.1 Calculation of the load carrying capacity

Because of the non-linear stress distribution, an ultimate moment instead of an ultimate stress
is used to express the load carrying capacity. This ultimate moment depends on the failure
mode (see figure 2). Failure at the tension side is assumed when the outermost timber fibre of
the effective cross section has reached the ultimate strength fi or the ultimate strain &,
respectively. The strain at the compression side is limited to the ultimate compression strain
&cu- Below the strain g, ¢ the timber behaves linear-elastic (see Figure 3).

The equilibrium of the resulting forces in the cross-section yields the position of the neutral
axis h-ona. After failure of the timber facing the neutral plane changes. The absolute
parameters o; then relate to the reduced height h=hy — hp,. Separate equations for cross-
sections with or without timber facing are used, because of the different position of the
outermost timber fibre below or directly above the reinforcement.

The ultimate moment of a reinforced glulam beam is calculated as:

Mu = ft ) W ) kM,Mode (4)

where: kv Mode 18 @ failure mode based factor (see figure 2)



h: effective height of the beam
fi: bending strength

The design model is an extension of a design model for tensile bending failure of cross
sections without timber facing presented by Ehlbeck and Colling (1987).

4,1.1 Tensile failure

Bending tensile failure is equivalent to reaching the ultimate tensile strain g, = & at position I
or position I, respectively. According to the observations during the tests failure at position 11
occurs after failure and subsequent separation of the timber facing (then h=hgy — hp,) along
the beam length.

Mode a (h = hg; 03 =1j; o1 < fo):
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Considering a plastic behaviour of a not reinforced cross-section in the compression zone, the
factor kym o according to Ehlbeck and Colling (1987) may be used to calculate the necessary
height of a not reinforced beam with the same ultimate moment. The factor kg is based on
the assumption of a failure at the tension side.

k

hM,unrcin :h' M (15)
kM,O
where
K, L k<1
Kyo = I+k, (16)
] ke >1

The factor ko takes into account that plastic strains are also possible in a not reinforced
timber cross section. Inserting kmgo into equation (4) yields the ultimate moment of an
unreinforced cross section considering plastic behaviour in the compression zone.

In general, the effect of a plastic compression zone in unreinforced glulam beams is
neglected. For a comparison between reinforced and not reinforced glulam beams, however,
the same assumptions for the behaviour in the compression zone are made.

For a tensile failure first the timber facing fails (mode a, mode ¢). When a load increase is
possible the global tensile failure starts above the reinforcement (mode b, mode d). Figure 4
shows the tensile failure history.

Tensile failure mode
|
| |

Modea Mode ¢

Timber facing intact: elastlc 6138‘[10
Timber facing failed: Modeb| |Moded| |Moded
-elastic: | | plastic | | plastic

Figure 4: Tensile failure history

The highest ultimate moment depends on the possibility of a load increase after failure of the
timber facing.



4.1.2 Compressive failure

The compressive failure depends on the ultimate strain e, = g2 at the outermost fibre of the
compression zone. A condition for a compressive failure is that no tensile failure occurs, i.e.
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By setting ap; equal to zero and inserting the adjusted o in the equations for mode e, the
equations for mode f result. This is possible because the modes ¢ and f are independent of the
tension stress since no tensile failure occurs, This is checked using equation (22).

Oina — Opye

with &, =1t (22)

£, 2E,, -
t,u 2, tu
I=ay, E,

Compression failure is defined as reaching of the ultimate compression strain at the outermost
compression fibre at position III. The ultimate compression strain is a defined value. This
value is higher than the strain at which a timber fibre begins to behave plastically.

Figure 5 shows the compression failure history.

Compression failure history

Modea| |Modec

Timber facing intact: . elas‘uc p}agtlc
Timber facing failed: MOdef
splastic:

Figure 5: Compression failure history
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4.2 Calculation of the bending stiffness

The stiffness is calculated according to the theory of composite cross sections in the linear-
elastic state (according to the position of the neutral axis for modesa and b). Plastic
deformations are not considered, since the stiffness is used for serviceability limit states.
Stiffness in the linear-elastic state:

ef(El)=Y n, -1, +n; Az} =ky E,, -1 (23)
| g, +a i Y
ky =0 +n oy, +op, H2-0, -(54—%—%“} +12:n, -ty -[am +-—5’~5~}
2 (24)
a]’,l
+12’0f.],,1 {aNA “Tj
3
with  I= b-h
12

ana: according to mode a or mode b (with op = Q)

The factor kg indicates the stiffness increase of reinforced beams. For not reinforced beams
the following height of the cross section is necessary to reach the same bending stiffness:

hy, =h-4ky

(25)

5  Experimental study

30 reinforced glulam beams of type 1 and 8 beams of type 2 were tested to failure. Table |
summarises the FRP properties, table 2 the adhesives being used and table 3 the test program.

Table 1: FRP

Shortcut.|  Type of Tensile MOE " | Tensile strength | Thickness | Width
FRP mean value mean value hr, b
[N/mm?] [N/mm?] [mm] [mm]
LI CFRP 173.000 3.050 1,2 100
L2 CFRP 304.0060 1.680 1,4 50
L3 AFRP 74.000 995 1,8 132
L4 CFRP 199.0060 2.570 1.4 100

" from tension specimen of 50 mm width, average of 5 specimens
Table 2: Adhesives

Shortcut Name of product Manufacturer / distribution
K1 Stkadur-30 Sika Chemie Gmbi
K2 Ispo Concretin SK 41 ispo GmbH
K3 Collano Purbond HB 110 Ebnéther AG
K4 Dynosol S-199 with H-629 Dyno Industries A.S.

For the test specimens it was decided to use timber with a low MOE and a low density in
order to maximise the reinforcement effect. The MOE and the density of every single board



was determined before the glulam production, The boards with the smallest MOE and density
values were arranged in the outer areas of the cross-section. The mean dynamic MOE of the
boards was 9800 N/mm? for MS 10 {according to German Standard DIN 4074} boards which
correspond to strength class C24 according to EN 338.

The tests were performed as four point bending tests with a span of 4,20 m and a distance of
1,35 m from the support to the loading point. The thickness of the timber facing was 34 mm
(Tr-5;Tr-6) and 35 mm (Tr-1 to Tr-4).

Table 3: Test programme for bending tests

Test | Number Grade of Grade of Mean FRP Ad- | Finger
series of faminations | timber facing | height/width | (number | hesive | joint
specimens ho/b of layers)
[mm]

Tr-1 5 MS7/MS10 | MS7/MS10 | 308/100 Li(l) K2 no
Tr-2 5 MS7/MSI0 MS7/MSI0| 312/100 L4 (2) K2 no
Tr-3 5 MS10 MS10 308/100 L1(1) K2 yes
Tr-4 5 MS10 MS10 312/100 L4 (2) K2 yes
Tr-5 5 MS10/MS17 MS17 312/100 1.3 (4) K3 yes
Tr-6 5 MS10/MS17 MS10 312/100 L3 (4) K3 yes
Tr-7 5 MS10 - 308/100 L1 (1) K3 yes
Tr-8 3 MS10 - 310/100 L4 (2) K3 yes

The specimens of the test series Tr-1 to Tr-6 first failed due to tensile/bending failure of the
timber facing. After the first failure, the load generally could be increased. The timber facing
of test specimens with CFRP (FRP L1 and L4) delaminated after failure. The timber facing of
test specimens with AFRP (FRP L3) partly failed at two locations and delaminated less than
with CFRP. Table 4 shows the test results.

Table 4: Test results

Test series Tr-1 | Tr-2 | Tr-3 | Tr-4 | Tr-5 | Tr-6 | Tr-7 | Tr-8
Frnax [kN] 44,1 | 57,7 | 43,0 | 58,1 | 60,5 | 59,1 | 49,8 | 66,5
My mean [kNm] 595 | 77,9 | 58,1 | 784 | 81,7 | 79,8 | 67,2 | 89,8
fn=Mumean/W  [N/mm?] | 37,6 | 48,0 | 36,7 | 48,3 | 50,4 | 492 | 42,5 | 56,1
COV [%] 12,5 4,7 13,0 5,9 6,8 3,5 5,0 6,9
Deflection [mm] 70,2 | 86,6 1 64,0 | 97,5 | 88,6 | 83,2 | 61,7 | 74,8
Ccov [%] 16,1 6,5 334 5,8 12,1 6,6 4.8 12,3
Failure at K& | KGO K@) | KM | FG KO | K@) K@)
(number) F(2Y | FG) |AR2) L F2) | FG)Y | F)
T(1) A(2)
Failure mode (D) | d@) | ¢(3) | d5) | ¢ | d#&) | d(5) | d(3)
(number) d@) | (1) | d(2) d(2y | f(b
ef MOE [N/mm?*] |{10.400(11.400|10.300|11.500(12.700|12.200|11.100|13.100
COoVv [%] 5,9 4,2 1,7 5,0 4,5 2,3 3,6 0,9
K: knot T: timber
F: finger joint A: abort of test




In Figure 6 the load-deflection curve of test specimen Tr-3.4 is presented with a first failure at
the timber facing, a consequent global failure starting above the reinforcement after 30 % load
increase.
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Figure 6: Load deflection curve of test specimen Tr-3.4

6 Comparison of the Design model with the test results

The calculation model allows to design reinforced beams according to Eurocode 5. As input
values for the glulam strength and MOE the values according to glulam BS 11 of the German
National Application Document for Eurocode 5 are applied. This strength class is very similar
to GL 24. For the modes ¢ and f g5 o was set to 1,3 times ;.

Table 5: Material properties for the calculation model

fi fe k¢ MOE
[N/mm?] [N/mm?] [~] [N/mm?]
Glulam 24,0 (=lpgx) 24.0 (=f0g4) 1,00 11.500
BS11/GL24
CFRP L1 3.050 - - 173.000
AFRP L3 995 - - 74.000
CFRP L4 2.570 - - 199.000

Because of f;= f; only modes ¢, d, ¢ and f are possible.

The design model relates to a beam cross-section. Because of the not complete delamination
of the timber facing for different adhesive-FRP combinations, the assumption of a complete
delamination over the length of the beam is conservative.

The comparison shows a mean ratio of about 1,49 between the load-carrying capacity in the
test and the governing calculated characteristic load-carrying capacity. The characteristic
value of that ratio based on the single test results is 1,24, the minimum value from 38 tests is
1,18. Taking into account the unfavourable lamination properties, the calculation model yields
conservative values of the beam bending capacity.



Table 6: Ultimate Moment capacity according to the calculation model

Mode Tr-1 | Tr-2 | Tr-3 | Tr-4 [ Tr-5" | Tr-6"| Tr-7 | Tr-8

¢ | My {kNm| 430 | 51,9 | 43,0 { 51,9 | 499 | 499 | NP NP
e [-] 0,042 | 0,109 | 0,040 | 0,108 { 0,091 | 0,091
My meanMue  [-] 1,38 | 1,50 | 1,35 | 1,51 | 1,64 | 1,60

d | Myg [kNm] 374 1 50,1 | 372 | 498 | 484 | 484 | 46,3 | 60,1
Oc [-] 0,066 0,176 | 0,064 | 0,177 1 0,173 | 0,173 | 0,059 | 0,158
Mu mcan/Mu,d ["] 1,59 1,55 1,56 1,57 1,69 1,65 1,45 1,49

e | Mye [(kNm] 492 ¢ 536 | 53,0 | 53,5 { 52,6 | 52,6 | NP NP
O [-] 0,12210,128 | 0,121 | 0,128 [ 0,127 | 0,127
O reauired [N/mm?®] | 28,0 | 24,9 | 28,1 | 24,9 | 25,6 | 25,6

f My [kNm] 519 | 596 558 | 59,6 | 57,9 | 57,9 | 51,4 | 58,9
Cle {-] 0,124 {0,133 1 0,123 10,133 |1 0,131 | 0,131 ]0,123 1 0,133

[

required N/mm?]| 27,0 | 22,8 | 27,1 | 22,8 | 23,7 | 23,7 | 27,3 | 22.8

NP: Mode not possible
Y The MS 17 timber lamella was not considered.

A comparison of the failure modes ¢ and d shows higher values for the mode ¢ failure. The
ultimate moment of mode ¢ is the proper value according to the failure history. A load
increase after failure of the timber facing seems not possible. This is in contradiction with the
observed failure behaviour of the test specimens. A reason for this is that the design model for
mode d just takes into account the geometrical change as a result of the failure of the timber
facing into and assumes a beginning failure directly above the reinforcement at position II. In
reality there are crack effects at knots or finger joints above the reinforcement before a global
failure occurs. The “real position 1I” is at the beginning of the global failure above the
assumed position I1. Further investigations for this unknown “real position 11" are necessary.

In Table 7 a fictitious MOE as a parameter for the bending stiffness of the test series and the
calculated MOE values are summarised. For every board used in the glulam beams the
dynamic, lengthwise MOE was measured before glulam production. The calculated MOE of
the beams were determined using the MOE of every single board with the theory of composite
cross section for the elastic state. In row [ the measured values of the test specimens, in rows
2 and 3 the calculated values of the reinforced and unreinforced beams are presented.

Table 7: Calculated MOE versus MOE of the fest series

Tr-1 Tr-2 Tr-3 Tr-4 Tr-5 Tr-6 Tr-7 Tr-8
{IMOEciniest  [IN'mm?] | 10.400 | 11.400 | 10.300 [ 11,500 12.700112.200| 11.100| 13.100
2IMOE cincatle  [N/mm?] [ 10.100]11.100{10.300 | 12.000113.500 | 12.900 | 11.100 ] 13.700
3| MOE urein.cale [N/mm?] | 9.100 | 8.700 | 9.200 | 9.300 | 11.50010.800| 9.400 | 9.300
4
5

1/2 [-] 1,03 | 1,03 | 1,00 | 0,9 | 0,94 | 0,95 | 1,00 | 0,96
1/3 (-] 1,14 | 1,31 12 1 1,24 1 L10 | 1,13 ] 1,18 | 1,41

The calculated values of the fictitious MOE with the composite theory assuming a stiff
connection between the reinforcement and the glulam show a good agreement with the test
results.




7 Summary

For the calculation of the load-carrying capacity and stiffness of tensile reinforced glulam
beams a model is derived taking into account the plastic behaviour of glulam loaded in
compression parallel to the grain. The model is based on an analytic solution and allows a
simple calculation without any iteration steps based on design values of non-reinforced
glulam. Different failure modes of FRP reinforced glulam beams are considered. Test results
with reinforced beams loaded to failure show that the proposed model leads to conservative
values of the load-carrying capacity. This is especially true considering the low quality of the
timber used in the tests,

The test specimens mainly failed at the tension side. With a different cross-section set-up
reinforced beams are possible failing in a more ductile way on the compression side. The test
specimens mostly showed a significant load increase after failure of the timber facing. This
was mainly caused by an effective reinforcement even after a bending failure above the FRP
layer. Further research will quantify this effect and permit a more economic use of FRP
reinforced glulam.
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Abstract

Preliminary results from an experimental investigation to determine the internal stress state
perpendicular to grain in glulam were presented at the CIB meeting in Delft, see Jonsson
and Svensson, (2000). Further results from this research are presented in this paper
together with improvements of the experimental methodology. The modifications concern
digital camera equipment for strain measurements with better optics, fixtures for holding
the camera, the method of releasing the deformation and the technique to moisture seal
specimens. Altogether the changes in methodology has made the testing more rational and
increased the reliability of the measurements. However, repetition of tests made before
these improvements have confirmed the results presented in the previous paper.

Three categories of tests are presented where strain and stress distribution in the cross grain
direction are determined. The different categories are specimens seasoned in constant
humidity, specimens exposed to an artificial single climate change and specimens exposed
to natural climate outdoors under shelter. Results for seasoned specimens show that
internal stresses exist in glulam without the presence of moisture gradients. Results for
specimens with induced moisture gradient show that the stresses become larger when
moistening from a specific climate A to another climate B than when drying from B to A.
The largest stress level found in the tests was about 0,6 MPa. The last category of test
(natural climate) shows a large variation in strains and stresses. The tensile stress level in
the outer part of the glulam cross section exceeds the characteristic strength of 0,5 MPa
during a period of approximately 80 days.

1 Introduction

Due to the hygroscopic behaviour of wood, the variations in surrounding climate indoors
as well as outdoors will impose continuous moisture changes in wood elements. The case
when relative humidity and temperature are constant is very rare. The change in moisture
state often affects untreated wood in a negative way, with respect to shape stability, change
in mechanical properties parameters and increased creep. These effects are rather well
documented and they are accounted for in timber design codes in a reasonable manner.
Another effect related to moisture exposure is internal stresses perpendicular to grain
caused by moisture gradients. This is normally not considered in design of timber
structures. The presence of moisture gradients leads to tension and compression stresses
which may combine with stresses perpendicular to grain caused by external loading.
According to Ranta-Maunus (2001) moisture action should be treated as a variable load to
be combined with other load effects. In recent years the study of the influence of moisture
gradients has been quite intensive see e.g. Aicher and Dill-Langer (1997), Svensson and
Toratti (1997).

The most common type of failure for timber structures in practice is actually caused by
tension perpendicular to grain. Failure modes in tension perpendicular to grain are difficult
to predict correctly in many situations, and one of the main complications is the influence



of moisture induced internal stresses. To predict the magnitude of moisture induced
stresses correctly is difficult due to the complex material response of wood when i1t is
exposed to moisture changes. Numerical methods based on complex constitutive models
are often used, but systematic experimental verification of such models are uncommon.
The purpose of the present research is to measure moisture induced stresses in wood cross
sections under moisture action. The results will be used to verify and develop models,
which can predict moisture induced stresses in a reliable way.

2 Material and method

2.1 Test specimen

All specimens used in the experiment were sawn from glulam beams with the standard size
90x%270 mm. The beams contain 6 lamellae of Norway Spruce. The glulam beams were
manufactured by Moelven Toéreboda Limtrd AB, Sweden and taken directly from the
production line. The thickness of the test specimens was chosen to 16 mm, giving the
specimens the dimensions h=270, w=90 and t=16 mm. Only specimens more or less free
from knots were used. Markers, white dots on a black background were glued along each
short side of the specimens see figure 1. These markers are measuring points and enable
deformation measurement using a digital camera technique, described in the next section.

Figure 1. Test specimens sawed into eleven slices.

Prior to testing, the specimens are placed in different climates until they reach equilibrium.
After this they are moisture sealed on four sides, ensuring one-dimensional moisture
transport, when placing them in a different climate see figure 1. For the surface
perpendicular to the grain a special moisture sealing tape was used. On the two remaining
sides sealing was made with silicone. A 5-millimetre rubber plate was placed between the
specimens and a package of specimens was tightened with two straps ensuring that the tape
stays in place, see figure 2.
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Figure 2. Moisture sealing of the specimens.

2.2 Measuring released deformations

Deformations were measured with a contact free technique, using a digital camera as
measuring device. The specimens were photographed, just before and just after sawing into
slices, with a band saw. The slices were put together after sawing with a thin strip of steel
between them, before taking the second photo. This strip has the same thickness as the saw
notch and was used for two different reasons 1) to prevent the slices to interlock with each
other, giving non accurate deformations 2) to replace the saw notches and thereby give the
test specimens the original size, which is important when comparing the photos. The
wooden slices are approximately 7 mm wide and from each test specimen eleven slices are
sawn, implying that deformations were measured at eleven discrete points. The
photographed images are then processed in a commercial computer program, Matlab® with
an image process application, developed by Heyden (1996). With this application the
positions of the markers on the specimens are determined for both images.

The positions of the markers are determined in the following way. The user points out the
marker” manually” with the help of the computer mouse. The program then scans an area,
which includes a certain number of pixels outside the white marker. A limit intensity
between black and white is preset in the program. The area of the marker is defined where
the intensity is greater or equal to the limit. The position of the centroid of the marker area
is calculated with each pixel weighted with respect to its output intensity. In the image plan
there is also 22 reference markers, 11 markers on both sides of the test specimen. These
markers are placed in a fix position, and are used to determine a scale factor when
comparing the two images before and after sawing into slices. When comparing the
reference length between the two images, there is a small significant difference, in the
range of 0.2-0.3 pixels where the larger length is recorded in the second image. The reason
for this is unknown, but is probably related to the function of the camera. To compensate
for this, the lengths in the second image are scaled with a factor determined from the
reference markers, this makes the lengths in both images comparable when calculating the
strain. Deformations in each slice were calculated from the change of position for the two
markers, Due to the chosen location of the markers, end effects on the internal stress field
are included in the measured result. The stresses, later presented, are calculated directly
from these measurements and are therefore the average stress (7)in each slice given as

o = eE(u) = 9[1 E@) (1)

where € is the released strain, E the modulus of elasticity as a function of moisture content,
Al is the length change and ! is the initial length between the two markers. The modulus of
elasticity was measured with a dynamic method in each individual slice and then



transformed to a static modulus of elasticity, see Jonsson and Svensson (2000) .The
average stresses based on the released strain over the measuring length should be corrected
for end effects since the stress is zero at the ends of the specimen. The real stress in the
central part of the specimen is therefore higher than the average stress determined from
equation (1). Such corrections are not made for the results presented later in this paper.
According to Alhassani (1999), who measured internal stresses in circular logs with similar
methods, the correction for end effects in logs can be made by using an effective length
equal to about 75% of the measuring length instead of I in equation (1). This means that the
maximum stress is about 30% higher than the average stress over the measuring length.
This correction is not necessarily valid in this case since the orientations of material
directions as well as the geometry are different, but could be seen as an indication of the
order of magnitude for the correction. A more detailed analysis of the end effects in this
case will be made in future presentations of results from the present research.

The moisture content in each slice is determined using the oven method. This means that
the weight in each slice is measured directly after sawing and after being placed in an oven
(100 degrees Celsius) for approximately 48 hours. The moisture content (mc) is calculated
according to

A% 100 (2)
W

e

me =

where Aw is the difference between the weight before and after drying and wyry the weight
after drying. There must be force and moment equilibrium in the test specimens. This is
not initially obtained for several reasons: incorrectness in the measuring of the dynamic
modulus of elasticity, incorrect translation from the dynamic modulus of elasticity to static
modulus of elasticity and errors when measuring the width and height in each thin slice.
The final result is obtained by adjusting the stress distribution under the condition that the
force and moment equilibrium is fulfilled. The correction is in the range of approximately
0,03-0,05 MPa, and is mainly due to a translation of the measured values. This evaluation
of the correction is based on 374 test results.

2.3 Camera equipment, experimental work and accuracy of
measurement

A digital camera is used to measure deformations, The camera is a Nikon D1 with a total
of 2.6 millions pixels. The photo taken has 2000 pixels in width and 1312 pixels in height.
There are a number of file formats, in which the photo can be saved, raw, tiff, jpeg etc.
Different file formats requires different file spacing due to the degree and method of
compression. In this work the file format jpeg is used. The resolution i.e. the number of
pixels per millimetres is dependent on three factors, namely the size of the specimens, the
cameras distance from the specimen and the total amount of pixels. In the present
application the resolution is about 7 pixels per millimetre. Nikon D1 has one major
advantage compared to other digital cameras, since it is possible to use replaceable lenses.
A macro lens was used and gives an image, which is more or less non-distorted. Using an
ordinary lens means that distances are not invariant with respect to position in the image
plan. This means that a length in reality becomes different whether it is in the centre or
periphery of the taken photo.

As mentioned earlier one photo before and one after sawing was taken, the camera was
placed in a copying easel and adjusted so the camera always stays in the same position see
figure 3. For all photos, the light, shuiter time and diaphragm were the same. It is
theoretically possible to determine the position of markers to within 1/256 of pixel length,



due to the fact that there are 256 grey-scales from black to white. But according to Heyden
(1999) it is more reasonable to believe that the resolution is 1/100-1/10 of a pixel. This
means that when determining a specific length between two markers in the image plane,
the resolution becomes, in the worst case, 1/50-1/5 of a pixel. When determining the
current resolution in this study, the random errors in measurements were evaluated from
eleven pairs of images of the same object with 11 fixed reference lengths in each image,
1.e. 110 measured values. The error was found to be normally distributed with a zero mean
and a standard deviation of 1/9 pixel. The corresponding error of strain is also normally
distributed with zero mean and standard deviation of 0.006 %, when using the measuring
length 1830 pixels. Using typical values for the modulus of elasticity in the outer and inner
part of the specimens i.e. 150 and 400 MPa, the standard error in stress then becomes 0.009
and 0,024 MPa respectively.

=

Figure 3. The camera was placed in a copying easel when taking photos,

3 Test program

The test program are separated in 3 different categories A, B and C; seasoned specimens,
specimens exposed to an artificial single climate change and specimens exposed to natural
climate.

Al In the first category the specimens were seasoned in 40 and 80% relative humidity
(RH), 20 C° for about four months. These tests are to study strain/stress state present in
specimens without moisture gradients.

B: The specimens in the second group were also seasoned in RH 40 and 80%, 20 C°
and then moisture sealed. After this a climate change took place, i.e. specimens seasoned in
RH 40% where put in RH 80% and vice versa. It is here possible to evaluate the influence
of moisture gradient perpendicular to the grain direction on the strain/stress distribution.

C: In the last category the specimens were seasoned in RH 60%, 20 C° corresponding
to a moisture content of approximately 12%, then moisture sealed and placed outdoors
under shelter. The specimens were not exposed to rain or sun during the test period. This
test was designed to evaluate the influence of “real conditions”. In this case the test started
out in the winter and the test is still in progress.



Table 1 Test program

Test Seasoned in Climate Total number | Specimens Day of testing
category relative exposure of specimens tested each
humidity time
A 40% - 14 (10)* - -
80% - 14 (12)* - -
B 40% 80% 14 2 1,3,5,6,11,24,38
80% 40% 14 2 1,3,5,7,11,24,38
Natural 0,3,11,20,33,42,
C 60% climate' 60 (30)%* 2 62,69,76,90,104,
118,132,146,161

*When sawing the seasoned specimens into slices some of them were broken due to microscopic checks
and were rejected,

**The testing of this category is not finished when writing this paper 010505,

4 Results and discussion

Category A, seasoned specimens

Figure 4 to 6 shows the internal strain and stress distribution determined in specimen
seasoned in RH 40% and 80%. When the glulam beams were manufactured in the factory
the moisture content were between 10-14%. When the test specimens were seasoned in RH
40% and RH 80% desorption and absorption, respectively, occurred. The
shrinkage/swelling is larger in the tangential direction than in the radial direction. This is a
possible explanation for the observed stress state for the seasoned specimens. For the case
RH 40% the outermost part of the specimens is constrained from shrinkage by the middle,
which results in the internal stresses presented in figure 4 (right). For the other case RH
80% the result will be the opposite as shown in figure 5 (right). The largest tensile stress,
approximately 0,2 MPa was found in this case.
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Figure 4. Internal strain (left) and stress (right) for 12 different specimens seasoned in RH 40%.
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Figure 5. Internal strain (left) and stress (right) for 12 different specimens seasoned in RH 80%.



Category B, artificial single climate step, RH 40% to 80%

Figure 6 shows the distributions in moisture content in each slice during the tested period.
The inner part of the specimens is not initially responding to the moistening in the outer
part, according to figure 8 it takes about 11 days until the inner part is affected. It can also
be observed that the shape of the curves differs a great deal compared to the opposite test
L.e. drying the specimens from RH 80% to 40% see figure 9. The differences in the
moisture content between adjacent slices 1.e. moisture gradients create strain and stress
distributions according to figure 7 to 8.
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Figure 6. Moisture content after day 1,3,5,6,11,24 and 38. Climate variation from RH 40% to RH 80%.

Figure 7 (left) shows three measured specimens at day 3, 11 and 38. This figure reveals
that after 3 days the strains in the outermost slices reach high levels, the inner part seems (o
have a constant strain level. With increasing time the inner part of the specimen becomes
more affected and the constant level is replaced with a local maximum strain value and at
this time the strain level in the outer part is decreasing. After 38 days the moisture gradient
is reduced and the strain level in the entire specimen decreases. Figure 7 (right) shows the
corresponding internal stress distribution and the same pattern is shown. The stresses are
however more irregular due to the influence of the modulus of elasticity in each slice. The
maximum tension and compression stress during the tested period are 0,56 and 0,72 MPa
respectively.
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Figure 7. Internal strain (left) and stress (right) for specimen tested day 3, 11 and 38. Climate variation
from RH 40% to RH 80%,.

Figure 8 shows how strain and stress varies in the outer slice 1,11 and the middle slice 6

with increasing time. Each value is taken as the average between two measured specimens
see table 1.
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Figure 8. Internal strain (left) and stress {right) in slice 1, 6 and 11 versus time, Climate variation from
RH 40% to RH 80%.

Category B, artificial single climate step, RH 80% to 40%

The moisture distributions displayed in figure 9 show a different pattern than figure 6 when
it comes to the shape of the curves. It seems that the inner part of the specimen is affected
earlier during drying, than during absorption.
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Figure 9. Moisture content after day 1,3,5,7,11,24 and 38. Climate variation from RH 80% to RH 40%.

For this test group the internal strain distribution is the opposite and the outer part wants to
contract, Tensile stress arises in the outermost slices and compression stress occurs in the
middle. The strain distribution in figure 10 shows the same pattern as figure 7, but less
pronounced in the middle part. Drying specimens give lower stresses than moistening. The
largest stresses in these two test groups differ in the outer and inner part approximately by
a factor 2 and 3 respectively, The maximum tension and compression stress during the
tested period are 0,33 and 0,25 MPa respectively
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Figure 10. Internal strain (left) and stress (right) for specimen tested day 3, 11 and 38. Climate
variation from RH 80% to RH 40%.

Figure 11 illustrates the absolute value of the difference between the moisture content in
slice T and 2 for the two fests in category B versus time for testing. It can be seen that the



difference in moisture content are almost the same the first days. After the initial phase the
difference between adsorption and desorption can clearly be seen i.e. a hysteresis effect.
One reason for this is that desorption isotherms give a greater difference in moisture
content than the corresponding adsorption isotherms for a given relative humidity change.
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Figure 11. The difference between moisture content {(moisture gradient) in slice 1 and 2 versus time.
Figure 12 below shows how strain and stress vary in the outer slice 1,11 and the middle

slice 6 with increasing time. Each value is taken as the average between two measured
specimens see table 1.
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Figure 12, Internal strain (left) and stress (right) in slice 1, 6 and 11 versus time. Climate variation
from RH 80% to RH 40%.

Category C, natural climate

The glulam specimens are placed outdoors but sheltered from rain and sun. The test started
out in November the 16 and the last value recorded for this paper was April the 26. Figure
13 and 14 below shows data logged by an electronic thermohygrograph called Testostore
[71-3. Temperature and relative humidity are logged each hour during the tested period. It

is shown from data that 73% of the time the RH was above 90%, the mean RF was almost
92%.
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Figure 13. Temperature versus time, natural climate
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Figure 14. Relative humidity versus time, natural climate

The moisture content, strain and stress distribution in specimens exposed to natural climate
is shown for 15 different occasions shown in figure 15, 16 and 17 (left). Figure 15, 16 and
17 (right) show the results for slices 1,6 and 11 versus time. The value in each slice is
taken as the average measured values between 2 slices. There is a large fluctuation in strain
and stress in the slices during the test period. According to figure 16 the strain in the outer
slice varies between —2,2 and 5,7 %o and in the middle slice from —1,9 to 0 %.. The

corresponding stress in figure 17 varies from -0,65 to 0,32 and 0 to 0,85 MPa.
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Figure 15. Moisture content after day 0,3,11,20,33,42,62,69,76,90,104,118,132,146 and 161 (left) and
moisture content in slice 1, 6 and 11 versus time (right), natural climate,
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Figure 16, Internal strain for specimen tested day 0,3,11,20,33,42,62,69,76,90,104,118,132,146 and 161
(left) and internal strain in slice 1, 6 and 11 versus time (right), natural climate.
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Figure 17. internal stress for specimen tested day 0,3,11,20,33,42,62,69,76,99,104,118,132,146 and 161
(left) and internal stress in slice 1, 6 and 11 versus time (right), natural climate,

Figure 18 is a “simplification” of figures 16 and 17, only showing selected test results.
When observing only the outer part of the specimen it is evident that the initial behaviour
follows the same pattern as for moistening specimens in Category B. From approximately
day 69 to day 104 the relative humidity is decreasing and the specimens are drying, this
can be seen in specimens tested at day 104 where the strain is negative and tension stresses
are developed. After day 104 the relative humidity is increasing again giving compression
stresses in the outer part (day 118). Once again the specimen are drying, from day 118 to
day 132. The moisture content has dropped almost 10%, giving large tensile stresses in
outer parts and approximately zero (-0,005 MPa) stresses in the middle. The last recorded
days shows an increase in relative humidity, the strain and stress has once more changed
signs {(day 161).

According to the Swedish code the characteristic value for tension perpendicular to grain is
set to 0,5 MPa. This value was exceeded for approximately 80 days, during a total testing
period of 161 days, see figure 17 (right).
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Figure 18. Internal strain (left) and internal stress (right) for specimen tested day 20,62,90,104,118,132
161, natural climate.
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Conclusions

The stress values given below refer to average stresses along slices disregarding end
effects. The maximum stress levels in the cross section are significantly higher. A
preliminary estimate is that the stresses may be about 30 % larger than the values quoted
below. The following conclusions can be drawn from the tests.

— Significant internal stresses were found in seasoned specimens with uniform moisture
content.

- The maximum tension and compression stress for seasoned specimens is of the order
0,2 MPa.

— For specimens with induced moisture gradient, the stresses become larger for
moistening from a specific climate RH 40% to another climate RH 80% than for drying
from RH 80% to RH 40%.

— The tensile siresses are twice as high and the compressive stresses are three times
higher under moistening between RH 40 % and 80 % than under drying or vice versa.

— The largest tension stress level observed was about 0,6 MPa, which is larger than the
characteristic tensile strength perpendicular to the grain.

— Specimens exposed to natural climate outdoors under shelter show a large fluctuation
in released strains and internal stresses during a 160-day period from November to
April,

— The stress level varied in the outer part of the cross section from 0,65 to 0,32 MPa and
from 0 to 0,85 MPa in the middle part.

— The tensile stresses exceeded 0,5 MPa during a period of 80 days, out of a total testing
period of 160 days.

— The main conclusion is that moisture induced stresses must always be taken into
account in one way or another for failure modes involving tension perpendicular to
grain.
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S Thelandersson commented that there was agreement with displacement but what about
strength,

V Krdmer answered that the exact bending capacity was not known and linear elastic behaviour
was assumed. In the second step realistic load-slip behaviour of the nails would be needed.

| Smith commented the in service nail might loosen and gaps might occur. He asked how could
these moisture related effect be taken into consideration.

V Kramer answered that work has been initiated ¢ test nail connections,

H J Blass added that this would only be a limited study as the system was intended to be used in
building not bridges.

[ Smith added that empirical rules were available for bridges.

G Schickhofer commented that nail laminated deck is in EC5 therefore study with regard to gaps
would be important,

V Kramer agreed.

V Enjily commented that he saw the benefits and asked whether such system would be intended
for low quality timber.

H J Blass explained that in effect high quality timber would be used.
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1 Introduction

A laminated timber element is a plane structural component composed of single, edgewise-
oriented lamellas. These lamellas are mechanically jointed usually by nails, alternatively
by dowels made of hardwood. In the following, only nail-laminated timber elements are
considered, which are mechanically jointed by nails and loaded by central concentrated

loads.

The aim of a research project was to derive design-equations for the effective bending
stiffness, for the resulting bending stresses, and for the nail loads. It would have been quite
expensive to obtain the design-equations by running a large number of tests. This is why
the tests were simulated on the computer. For the simulations, the parameters ¢/h (span /
height of the element), the nail diameter, and the nail spacing were varied. The simulations
were conducted on the basis of realistic stiffness-values of the lamellas and of the nails.
The lamellas were generated on the basis of Gérlacher [1], the nails on the basis of the de-
formation characteristics given in EC5 [2]. To guarantee statistically reliable results, 36
different systems of nail-laminated timber elements were simulated. Each system of the
nail-laminated timber elements was simulated 500 times. The design equations were de-

rived from the results of these 18,000 simulations.

The results of the design equations show a good agreement with the results of 6 tests.



2 Basis of the Simulations

2.1 Lamellas

The strength and stiffness properties of the lamellas were simulated on the basis of the
work of Gorlacher and Colling [3]. Investigations of lamellas used in glued laminated tim-
ber served as a basis for these simulations, A virtual lamella (1 = 4.5m) is subdivided into
30 segments with a length of 15 cm each. The values of MOE, the Knot Area Ratio (KAR)
and the density are assigned to each single segment. The distribution of the MOE-values

within a simulated Jamella is shown as an example in figure 1.

According to Glos {4], the values of the simulated lamellas correspond to strength class

C24 [5).
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Figure 1 Example of the simulated within member variability of a lamella

(MOEean = 15959 N/mm?)

2.2 Dimensions of the nail-laminated timber elements

The nail-laminated timber elements (NLTE) were simulated as simply supported beams
(sce figure 2). The span (£) of the NLTE was kept constant at 3.6 m. The depth (h) of the
lamellas was varied in the range of 140, 160 and 180 mm. Consequently, the £/h-ratios

ranged from 20 up to 25.7, which are close to the ratios used for floors [6]. The width (1) of

the lamellas was varied in the range of 30 mm, 35 mm, and 40 mm.

To keep the computing time at a reasonable level, each virtual NLTE consisted of 30

lamellas.



Figure 2 Nail-laminated timber element

2.3 Nails

The simulation of the nails was conducted on the basis of a nailed double shear timber to
timber connection. The nail length consequently resulted as three times the lamella width.
With the available smooth nails commonly used, the nail diameter (dy) then depends on the
width (t) of the lamella. The dimension of the nails corresponded to dimensions given in
DIN 1151 [7] and in DIN 1143 [8)]. For example, for t = 30 mm the nail 3.4 x 90 mm is

used. The nails are assumed to be arranged in a zigzag pattern, as shown in figure 3.

oo

|

| 1‘

Figure 3 Nail arrangement

(3]



3 Finite Element Model

A grid was chosen as the mechanical model of the NLTE. The girders in longitudinal di-
rection represent the lamellas. The shear stiffness of the nails was modelled by the bending
stiffness of the girders in transverse direction. The lamellas of the NLTE are supported in

X-, y-, and z-direction (left end) and in y-, and z-direction (right end).

The NLTE's were [oaded with a single load of 1.0 kN. To simulate the spatial distribution
of a single load (approximately Scm/5cm), the single load was subdivided into 6 parts. The

assembly of the mechanical model of the NLTE is shown in figure 4.
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Figure 4 Mechanical model of the NLTE

3.1 Simulation of the NLTE

First, the files with the material properties of the lamellas and of the nails were generated.
The files for the FE-calculation were generated on the basis of these material properties
and on chosen geometric values of the NLTE. The calculations were performed with the
FE- program ANSYS. Due to the fact that the calculations were linear-elastic, the results
could be linearly extrapolated. Table 1 shows the parameters of 36 different simulated
NLTE-systems [9]. 500 simulations were calculated and evaluated for each of the 36

NLTE-systems.



Table | Simulation table

Nao.| Spacing {Nail}i Heigih (Lam.)| Width (Lam.) Diameter {Nail}
at [mm] h {mm] t [mm] d [mm}
1 75 140 30 3.4
2 75 140 35 3.8
3 75 140 40 4,2
4 75 160 30 3.4
5 75 160 35 3.8
8 75 160 40 4,2
7 75 180 30 3.4
8 75 180 35 3.8
9 75 180 40 4,2
10 150 140 30 3.4
1 150 140 35 3.8
12 150 140 40 4.2
13 150 160 30 3.4
14 150 160 35 3.8
15 150 160 40 42
16 150 180 30 3.4
17 180 180 35 3.8
18 150 180 40 4,2
19 225 140 30 3.4
20 225 140 35 3.8
21 225 140 40 4,2
22 225 160 3¢ 3.4
23 225 160 38 3.8
24 225 160 40 4.2
25 225 180 3¢ 34
26 225 180 35 3.8
27 225 180 40 4,2
28 300 140 30 34
29 300 140 35 3.8
30 300 140 40 4.2
31 300 160 30 3.4
32 300 160 35 38
33 300 160 4C 4,2
34 300 180 3¢ 3.4
35 300 180 35 3.8
36 300 180 40 4,2

4 Evaluation of the Simulations

For each of the 36 NLTE’s the 95%-fractile-values of the bending stresses of the lamellas

and of the nail loads and the mean-values of the deformations were determined. The design

equations were derived from these 95%-fractile- and mean-values.

4.1 Bending stresses of the lamellas

The maximum bending stress of lamellas in a NLTE under a centric single load can be

calculated using equation 1:

M

ef

[N/mm?]

Op =



The bending moment is calculated according to equation 2:
M= % [Nmm] (2)

where F 15 the concentrated load in midspan and ¢ is the span of the NLTE.

The effective section modulus W resulted as:

t-h- g
W, = 3)
ef 45. 810'3
where t and h are the width and the depth of the lamellas [mm]

£ 1s the span of the NLTE [mm)]

aj is the nail spacing [mm]

4.2  Nail loads

The nail loads depend on the parameters ¢/h and a,. Thus, the equation to calculate the nail

loads are given as:

%
('
Fra =F"“‘"“"§:§“““— [N] 4)
where
F is the concentrated load [kN]
4 is the span of the NLTE [mm]
h 15 the depth of the lamellas {mm]
a is the nail spacing [mm]



4.3 Deformation of the NLTE

The elastic displacement of the NLTE under a concentrated load is calculated with equa-

{ion 5:

F.0

48-E

[mm] (5)

ef

The modulus of elasticity is assumed as the mean value of the simulated MOE-values and
resulted as 12600 N/mm?. The effective second moment of area of the NLTE cross section

l.r was determined as:

___t'hz .LJO,SG

= (6)
o 09 af)'4
where
4 is the span of the NLTE [mm]
t/h are the width and the depth of the lamellas [mm]
ay is the nail spacing [mm]

S5 Validating tests

A total of 6 tests were conducted to validate the simulation results. The test parameters are

shown 1n table 2.

Table 2 Test Parameters

Test Span (Element) | Spacing (Nail) | Depth (Lam.} { Width (Lam.) Diameter {Nail)
No. ¢ [m] a, [mm] h {mm] t {mm] d [mm]

1 3,75 150 180 35 3.8

2 4,50 150 155 28 3.1

3 4,50 150 140 30 3.4

4 3,75 75 180 28 3.1

5 3,75 150 180 28 3.1

6 3,60 225 180 28 31

The material properties (density, MOE, KAR and moisture content) of 248 lamellas were
determined and used for simulating the tests in advance. Thus, the position and the material

properties of each lamella in the NLTE were known.



Figure 5 shows the comparison of 248 values of MOE (lamellas) with 248 simulated mean

values of MOE.
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Figure 5 Comparison of measured and simulated values of MOE versus density

The test results agreed with the results of the simulations. The comparison of the test re-
sults, the simulations result, and the results of the design equations for the vertical dis-

placement under a load of 5.0 kN is shown in figure 6.
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Figure 6 Comparison of the results of the tests, simulation, and equation



6 Summary

A mechanically laminated timber element (NLTE) is a plane structural component which is

made of single, edgewise-oriented lamellas. The lamellas are mostly jointed by nails.

The aim of a research project was to derive design-equations for the bending stiffness, for
the bending stresses of the lamellas, and for the action effects of the nails. The design-
equations were derived from the simulation of thousands of nail-laminated timber ele-
ments. In these simulations, the parameters ¢/h (span / height of the element), the diameter
of the nails, and the nail spacing were varied. The simulations were conducted on the basis
of realistic stiffness-values of the lamellas and the nails. The lamellas were generated on
the basis of the work of Gérlacher, the nails on the basis of the slip moduli given in ECS.
To guarantee statistically reliable results, 36 different systems of nail laminated timber
elements were simulated. Each system of nail-laminated timber elements was simulated
500 times. The design equations were derived from the 95%-fractile-values and from the

mean-values of 18,000 simulations.

The results of the design equations were compared with the test results and demonstrated

good agreement with each other.
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H J Larsen commented that standard test methods for shear strength were available and asked
whether such test have been performed with the point that the standard test wouid be more cost
effective.

G Schickhofer answered that EN408 test configuration was not tried.

H J Larsen commented that one should not standardise complicated beam test methods if cheaper
tests were available,

G Schickhofer agreed but stated that real glulam behaviour would also be important,

P Glos commented that he agreed with the results in general; however, there appeared to be some
contradiction of resuits between the visually graded and the machine stress rated timber of the
same strength class with reference to the generat conclusion in the paper.

G Schickhofer agreed and explained only a limited sample size of 15 specimens were avaitable.

P Glos commented that the conclusions should be qualified with limited sample size.

B Yeh commented that he agreed with the concept that shear strength should be tensile strength
independent. He questioned the use of overhang in the test which could increase the measured
shear sirength.

G Schickhofer answered that only a small overhang was used and it was chosen via the
optimisation step to reduce the compression perpendicular to grain stresses in the wood near the
support. Tests comparing 50 mm and 500 mm of overhang did not show increases.

B Yeh asked how the |-section was made with the web centered.

G Schickhofer answered that there was no manufacturing probiem.






Determination of Shear Strength Values for GLT
using Visual and Machine Graded Spruce
Laminations

G. Schickhofer
Graz University of Technology, Austria

1 Abstract

The aim of this research project was to conduct tests to determine load-based shear strength
values for GLT components subject to bending load. In order to achieve this objective it was
necessary to develop a suitable test set-up for glued laminated timber. Although extensive
research of the literature revealed that such tests have been conducted for solid timber, the
lack of standardised test set-ups is equally a problem in this arca. Recent analyses have been
performed by B. Yeh, T.G. Williamson and G. Schickhofer and B. Obermayr on glued
lammated timber. On the basis of preliminary tests on 24 glulam beams (I-cross section,
rectangular cross section with reinforced edge zones, h = 320 mm, h = 608 mm) and finite
clement analyses aimed to optimise the load introduction arca and the cross-sectional form,
further tests were based on an I-cross section. Visually and machine graded laminations were
used to build the cross-section of the test pieces (S10, S13, MSI0, MS13 and MS17 in
accordance with ON DIN 4074). A total of 75 test glulam pieces were analysed (5 series with
different glulam strength classes) taking into account the optimised three-point loading test
set-up with cenfral load introduction (single-span, three-point loading test setup), 5 pieces
taking into account an overlap on both sides of 500 mm, and 10 picces taking into account a
two-span, five-point loading test setup. With the aid of the results it was not possible fo
confirm the formal correlation between shear strength of glued laminated timber £, and the
tensile strength of the laminations f ) in accordance with EN 1194/1999. Rather, in contrast
to the normative rising shear strength values with increasing glulam strength classes, a
reduction in shear strengths was displayed. It would seem appropriate to discuss the EN
correlation.

2 Introduction

Bending MOE and flexional strength constitute two major properties for the design of GLT
components subject to bending stress. However, these are not the only two figures; shear
strength and the allowable values for shear for a bending-stressed component are also
important properties in the design process. Very frequently, it is shear that must be verified as
the decisive factor for cross section. However, the figures available in the national design
standards are mostly based on shear tests on small clear wood specimens. Nevertheless, 1t 1s
clear that tests on small specimens cannot do justice to the actual load on a beam subject to
bending stress. The shear design properties derived from these tests are thus of only limited
informative value with respect to the shear design process for a beam subject to bending
stress. EN 1194 “Timber structures — glued laminated timber - strength classes and



determination of characteristic values” defines the material properties of glued laminated
timber as functions of the characteristic tensile strength or the mean tensile MOE of a
lamination. According to EN 1194 [1], the characteristic bending strength for glued laminated
timber is:

fungx = 7.0+ 115 * fio 1k

This function (basic model) was developed on the basis of numerous tests [15]. In contrast,
there are no sufficient investigations available for determining the characteristic shear
strength, and for this reason it has been necessary to have recourse to strength values in
existing standards in order to derive the function of EN 1194 [1]:

_ 0.8
k=032 *1f 01

The objective is to verify the extent to which this function — shear strength of glued laminated
timber dependent on lamination tensile strength — represents the actual stress-based shear
behaviour of glued laminated timber, whereby, given the load situation, it should be noted
inter alia that the tensile strength of the lamination will only constitute an insufficient
parameter for determining the shear strength value. In order to obtain shear properties that do
Justice to the load, it is necessary to abandon shear tests on small specimens and to define a
corresponding shear test configuration,

3  State of knowledge and research

3.1 Solid timber

A work by F. Lam, H. Yee and J.D. Barrett [6] used a five-point bending test configuration,
with the test beam being stressed in the middle of the span with a single load. The
investigation used 100 specimens of dimensions 38 x 185 x 3000 mm for each of the wood
types Douglas Fir, Hem Fir and Spruce-Pine-Fir. One half of the specimens were tested with a
span to depth ratio of 5:1 and the other half at a ratio of 6:1. The contribution made by shear
force on the middle support is 2.2 times higher than the amount of shearing force on the end
supports. Thus, using the classical theory of elasticity, there is a calculated maximum shear
stress value of Tnaxclassicat = 33¥P/64*b*d. Fig. 1 shows the selected test set-up for a span to
depth ratio of 6:1. As a result of the work, the following table 1 shows the mean values for
shear strength resulting from the tests for all three wood types for | = 5h and 6h. It should be
noted that there is a reduction of shear strength for a larger h ratio, which is due to the
influence of the volume. The low shear failure rate of only 40% (1) of all tests was not
satisfactory.

;185

4625 . 4625 ' 185

. reaction piéte
"~ 40/160/420 mm

A0/109/120 mm

Fig.1 Two span five point loading test configuration for a span to depth ratio of 5:1



Experimental Results
Median Failure Stresses [N/mm?} "

Test Span to Specimens
Depth Ratio

L:H = 5:1 (5D) L:H =6:1(6D)

Wood Douglas-Fir 9,47 8,61
species Hem-Fir 7,82 6,20
Spruce-Fine-Fir 7.65 6,70

" Table 4 of the CiB-paper 28-6-1 [6] refer o the shear failures only [F. Lam]
Tab. 1  Experimental results in accordance to table 4 of the CIB-paper 28-6-1 [6]

B. Madsen [11] carried out a broad series of tests on bridge ties — 200 new undapped tics, 60
new dapped ties, 200 old dapped ties, 20 untreated and un-framed ties — in order to determine
the shear strength of Douglas Fir solid timber bridge ties of 240 x 290 x 3660 mm (new ties)
and 3960 mm (old ties). Using two different configurations (see Fig. 2) and after conducting
1033 tests (four series) under a proof load of 220 kN and 250 kN, a total of 338 tics failed as a
result of bending and only 53 ties revealed shear failure. In all the series, B. Madsen found
that the ties had a greater shear strength than bending strength under load. For the 452 tfests
based on the configuration with a 761 mm cantilever at each end measured from the middle of
the outer loading plate to the end of the tie (Sce. Fig. 2), B. Madsen specifies an 0.7% fractile
level for shear strength of > 4.7 N/mm? (6 shear failures). Taking into account the shear test
set-up without cantilever, 557 tests resulted in 47 shear failures and a 5% fractile value for the
Douglas Fir ties of 4.5 N/mm?. The importance of a beam cantilever on the increase of shear
strength under load was also noted. B. Madsen {11] speaks of conservative and hence
uneconomic allowable shear stress properties in the “Code for engineering design in weod
(CSA-086)”. These are still based on block shear tests on small clear wood specimens and
thus not on the actual stress situation of a beam subject to bending stress.

e 3900 (3660) e
.583(433) , 356 ..2082 L. 356, 533 (433)
. {F ! bearing plate bearing plate ¢
. 240/ 356 mm 240/3% mm |
o)
bearing plates N
|F 2401356 mm S e :
i i | H ;
TB161) . 457 1524 L 457, T781(61)

Values in brackeis are applied to the oid ties

F F

; ; F |
‘F 3 :
78], 457 1524 457 1344 (1044)

Fig. 2  Testing set-up in accordance to the CIB-paper 28-6-2 [11]



D.R. Rammer and D.I. McLean [13] in their work examined the influence of wood moisture
content and wood splits on shear strength of structural timbers subject to bending stress.
These mvestigations were conducted on the wood types Douglas Fir (DF), Engelmann Spruce
(ES} and Southern Pine (SP) with cross section dimensions from 51 x 102 mm to 102 x 356
mim, taking into account a single-span three-point (span to depth ratio = 5:1) and a two-span
five-point (2 x 5:1) bending test set up. In total, 1279 failure tests were carried out. The tests
on DF, SP and ES with a wood moisture content of > 20% using the two-span five-point
bending test set up revealed an influence of volume for all three wood types and hence a
decline of the mean shear strength value with increasing beam volume.

Cross Section Shear Strength

[mm/mm] IN/mm#)
517102 12,76
517203 10,71
102 /203 11,27
102 /305 8,33
1027356 7,39

Tab. 2 Shear strength of Southern Pine (12 % moisture content) in accordance to table 3 of
the IWEC’96 paper by Rammer / McLean [13]}

Table 2 shows the influence of beam volume. Related to the cross section 102 x 356 mm,
there is an increase of 73% of the mean shear strength value for the cross section 51 x 102
mm at a wood moisture content of 12%. In addition, the influence of wood moisture content
specifically on the material property shear strength was confirmed. For Southern Pine, there
resulted a fis0ay @ fi 50, geen factor of between 1.25 and 1.59 differing according to cross
section. According to D.R. Ramer and D.I. McLean, the comparison of the present results
with those from tests on Southern Pine glued laminated timber shows a similar behaviour with
respect to the influence of volume and shear area. The shear strength values for solid timber
are slightly lower and, as a result of the greater tendency to crack, have a greater spread than
for glued lammated timber. With respect to the influence of cracks on shear strength, D.R.
Rammer and D.I. McLean found that although there was a reduction in strength as the fault
arca resulting from cracks increased for DF, nevertheless the determination of crack fault
arcas and failure areas following the failure of the beam proved to be difficult. The low shear
fatlure rate for Southern Pine was 35%(!) and 48%(!) for Douglas Fir.

R.H. Leicester and F.G. Young [9] conducted tests on LVL specimens with a cross section W
x H =120 x 45 mm. The test set-up was a three-point and a five-point test set up with a span
to depth ratio of 6:1. In the three-point set up with L:H = 6:1, shear failure occurred in all 70
specimens, with a mean shear strength of 5.4 N/mm? (COV=0.08). In the five-point test sct
up, only 2 of the 14 specimens suffered shear failure, resulting in a calculated mean shear
stress value of 7.6 N/mm? at a bending strength of 50 N/mm?.

The aim of the work by U. Korin {5] was to develop a shear test set-up to determine shear
strength of structural timbers of construction element size subject to bending stress. In order
to achieve this, a total of 50 structural timbers with a cross section of 45 (40) x 95 mm in 5
types of wood were tested in two test set-ups — three-point (span to depth ratio = 5:1) and
five-point (span to depth ratio = 5,5:1). It was found that the I-cross section constitutes an
ideal cross section shape for obtaining high shear failure rates. The I-cross section proposed
by U. Korin [5] was achieved by cuiting a groove of dimensions t = 3mum and by = 0.3 x b
on both sides along the neutral axis of the rectangular cross section. This left an undisturbed
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cross section width of 0.4 x b. The shear failure rate was 72% (18 of 25 tested specimens) for
the three-point shear test set-up with I-cross section, and 68% (17 of 25) for the five-point set-
up with rectangular cross section.

B. Madsen [10] developed a testing machine to determined the shear strength of solid timber
— known as the “shear tester” — and used this machine to conduct a broad test programme. He
was primarily concerned with the influence of the size of the specimens, the rate of loading
increases, the wood moisture content, the state of the annular rings and the failure shapes on
shear strength. Using a test of 1120 specimens (14 series of 80 specimens each) with different
specimen dimensions (length, width, thickness), it was possible to show very clearly the
marked influence of volume on shear strength. B. Madsen proposes a reference specimen
dimension of 35 x 140 x 560 mm for his test set-up. The important influence of wood
moisture content on shear strength was demonstrated using two series of 100 specimens each
(u = 25% and u = 12%). Three series with a total of 400 specimens were used to mvestigate
the influence of the orientation of the annular rings — flat, diagonal, vertical — as related to the
cross section of the specimen. B. Madsen was unable to determined any significant influence.
The values are summarised in the following table.

N fv.05 fus0

[ [N/mm?]  [N/mm?]
Flat Grain 185 3,6 57
Diagonal Grain 89 43 57
Vertical Grain 126 38 59

Tab.3 Number of specimens and percentiles of strength of different grain orientation in
accordance to [10]

Using 379 failure results, the influence of failure shape — longitudinal failure with tomn fibres,
failure along the annular rings, failure triggered by properties of the wood such as knots,
combination of longitudinal failure and annular ring failure, failure in the jaws and no failure
— on shear strength was also investigated. Different shear strength properties resulted
depending on the failure form — and the influencing factors. This relationship could
accordingly also apply to different grading classes.

V.R. Ordonez-Candelaria and R. Davalos-Sotelo [12] also used the shear test set-up of B.
Madsen [10] for their shear investigations of Mexican Pine. A total of 794 specimens of
varying dimensions — 35 x 140 mm, 35 x 190 mum, 35 x 240 mm, each 560 mm in length, and
with two different wood moisture contents — 14% +/- 3% and at fibre saturation point — were
examined. The influence of wood moisture content and volume and the failure form on shear
strength was also confirmed in this work.

H.G. Larsen [7] in his work pointed out that block shear tests are not suitable for determining
the shear strength of beams because of the unequal stress distribution. He proposes
determining shear strength of beams subject to bending stress with I-cross scction in order to
obtain the desired high shear failure rate.



3.2  Glued laminated timber

The aim of the research project by B. Yeh and T.G. Williamson [18] was to determine the
characteristic shear strength properties for glued laminated timber made up of Douglas Fir,
Southern Pine and Spruce-Pine-Fir. As with F. Lam, H. Yee, J.D. Barrett {6] and B. Madsen
[L1], the article by B. Yeh and T.G. Williamson [18] points out the current unacceptable
situation, namely the determination of allowable shear properties taking into account a
reduction factor of 4.1 (based on small scale block shear specimens). On the basis of a three-
point loading test set-up (see Fig. 3) with a span to depth ratio of 6,7:1 (for series with DF and
SP) and 7.1:1 (SPF), 201 beams were tested up to failure in 1996 and 1997. Of these, 141
beams (70,1%) suffered a shear failure mostly in the neutral axis and in the lower area of the
beam along an annular ring at the point of transition between early and late wood. All the
glued laminated timber beams were structured symmetrically, with lower grading classes
being used in the core arca at risk of shear failure, while specifically visually sorted tension
laminations without dove tail joints were used for the edge laminations subject to tensile
stress. Two series each of widths b = 79,4 mm (40 DF, 40 SPYand b = 171.5 mm (39 DF, 42
SP) were tested for the two wood species Douglas Fir and Southern Pine. Since the influence
of width proved negligible once the results had been obtained, only one serics (40 SPF) with a
beam width of b = 104,8 mm was tested for the wood species Spruce-Pine-Fir. After the tests
had been conducted and evaluated, B. Yeh and G.T. Williamson, using a reduction factor of
2.1 {including the safety factor and a factor for the duration of the cffect of the load), a 10%
reduction to fake into account possible cracks and a 7 % reduction to take into account the
effect of the wood species group for SPF, specified allowable shear stress values for glued
laminated timber: 3.83 N/mm? (characteristic value, account only taken of shear
failures)/2.1/1.1 - > 1.65 N/mm? for Douglas Fir (DF), 4.35 N/mm? (characteristic value,
account only taken of shear failures)/2.1/1.1 - > 1.88 N/mm? for Southern Pine (SP), and 3.38
N/mm? (characteristic value, account taken of all failure forms)/2.1/1.1/1.07 - > 1.35 N/mm?
for SPF. On the basis of the results obtained, it is proposed that the allowable shear
stress values be raised by 25% as compared with the properties obtained from the block
shear tests,

3404 ,
152
G270 o 358 570 355, e Y210 b

* 1 457 mm (DF)
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,178, SR T A . 508 127¢

Fig.3  Test setup in accordance to the CIB-paper 31-12-3 (not presented) [18]



3.3 Development of an optimised test configuration to determine the
shear strength of glued laminated timber [16]

Almost all the research work draws attention to the unsuitability of using the results from
block shear fests to draw conclusions about shear design values for structural timber or glued
laminated timber beams subject to bending stress. Both for structural timber and for glued
laminated timber, there is on the one hand no standardised shear test configuration for testing
beams of construction element sizes with standardised specimen dimensions, nor on the other
hand are there the necessary modification factors and functions, for which reason a
comparison with results from known work is regarded as being of little value. There is wide
correspondence in the span to depth ratio of a shear test configuration. This ranges between 1:
h = predominantly 5:1 to maximum 7,1:1. With respect to the optimum choice of cross
section, H.J. Larsen [7] and U. Korin {5] refer to the importance of an I-cross section for a
standard shear test configuration in order to achieve a high shear failure rate. B. Yeh and T.G.
Williamson [18] achieve the advantages of the I-cross section through the symmetrical
structure of the glued laminated timber cross section and the reinforcement of the edge zones
by using specific tension laminations. The works taken into account also show that the mean
shear strength properties with a wood moisture content of roughly 12% are between 25% and
60% above the shear strength properties for solid timber at a wood moisture content >220%
(and up to fibre saturation point). In addition, the available research work shows a marked
influence of volume for solid timber cross sections of 51 x 102 mm to 102 x 356 mm and for
35 x 140 mm to 35 x 240 mm. Consequently, the following conditions have been derived
from the literature for the development of the proposed standard shear test configuration for
glued laminated timber [16]:

- A span to depth ratio of 1 : h = 5:1 was selected.

- The cross section selected was an I-cross section or a rectangular profile with
reinforcement of edge zones.

- In order to determine the influence of volume for glued laminated timber, two beam
heights of h = 608 mm and h = 320 mm were taken into account.

- The measured wood moisture content of the test glued laminated timber beams was, as
a result of manufacture and in accordance with the standards, 12% +/- 2%.

- Impairment of the test results as a result of unexpected cracks close to the supports
were excluded or were not taken into consideration, since no significant wood
moisture content differences were registered between manufacture and laboratory.

In order to specify and optimise a shear test configuration for glued laminated timber, a total
of 24 glued laminated timber beams (5 test series) of construction element size were tested. A
comprehensive presentation of the results can be found in the articles by G. Schickhofer and
B. Obermayr [rescarch report] [16]. The cross sections of the 5 test serics are shown in the
following figure 4 and table 4.
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Fig. 4  Cross sections of the five test series in accordance to the CIB-paper 31-21-1 [16]

Number of Cross section Test Symmetrical build-
specimens configuration up of the cross
section

flange
web

. ) . . 2 GL28 spruce
Series 1 6 I-cross section Config. 1 GL28 spruce

. i . , GL28 spruce
Series 2 ¢ |-cross section Config. 1 GL38 spruce

KERTO-8
GL28 spruce

GL Robinia
GL28 spruce

GL28 spruce
GL28 spruce

Series 3 3 rectangular  opt. Config. 2 ¥
Series 4 3 rectanguiar opt. Cenfig. 2
Series 5 6 [-cross section  opt Config, 2

;’ BS14 {S13) ~ GL28 (C30)
) Configuration 1 was presented in CIB-W18 1998 / paper 31-21-1 [16]

The optimised configuration 2 (extension of the suppori-plate, shift of the rolter bearing,
introduction of an overlap was aiso presented in CIB-W18 1998 / paper 31-2%-1 {16]

Tab. 4 Test serics in accordance to the CIB-paper 31-12-1 [16]

The tests carried out on the first two series (series | and series 2 = 12 beams) already showed
the efficiency of the I-cross section as the standard cross section for a shear test configuration.
Of the 12 beams, only one beam broke as a result of bending — caused by a large spike knot.
With all the other beams, shear failure or a failure combination resulting from shear and
compression perpendicular to the grain (in the transitional arca between lower flange and
web) or tension perpendicular to the grain in the transitional area between top flange and web
close to the supports) occurred. Thanks to the location and dimensions of the support plates
for configuration I [16] for series 1 and 2, a high local compression stress perpendicular to the
grain occurred in the transitional area between lower flange and web. The finite element
analyses revealed a compression stress perpendicular to the grain of around -6.0 N/mm? for a
resulting flat load on a loading plate of Fr = 400 KN (in the area of the failure loads). This



compression stress perpendicular to the grain applies at the beam end in the middie line of the
cross section between lower flange and web. These concentrations of compression stress
perpendicular to the grain at the end of the beam are due to a lack of overlap in configuration
I A further finite element analysis showed the influence of these compression stress
perpendicular to the grain on failure behaviour. The distribution of compression stress
perpendicular to the grain over the web lamination width from -6,0 N/mm? (middle of web) to
> -8,0 N/mm? (edge of web) resulted in shear stresses in the annular rings of a magnitude of
3,5 N/mm? to 4,0 N/mm?. As a result of this, the failure probability along the annular rings
increases (the sliding of the late wood rings on the early wood rings).

The following table shows the test results for series 1 (h = 608 mm) and series 2 (h = 320
mm).

All Specimens Specimens with Specimens with shear-
shear-failure failure

Shear strength in the Shear strength in the Shear strength at the position

middle of the beam middle of the beam of the shear-fracture

Series Depth Specimens fy.0.50 Specimens  f 450 Specimens fug.50

[mm] [-] [N/mm?] [-1 [N/mmZ] [-] [N/mm?]

1 608 6 4,18 5 4,10 5 3,53

2 320 6 4,94 6 4,94 6 4,38

A [%] 18,2 20,5 24,1

Tab. 5 Test results of series 1 and 2 (test configuration 1)

The examination of the shear stress values in the middle of the beam at the time of failure
(breaking load) shows a mean value of fy ;50 = 4.18 N/mm? for h = 608 mm and a mean value
of £ gs0 = 4.94 N/mm? for h = 320 mm. This difference of 18.2% between the mean values
for series 1 and for series 2 also reveals an influence of volume for glued laminated timber.

The tests on series 1 and series 2 had shown that the following assumptions for a standard
shear test configuration 1 had been chosen correctly:

- The selection of an [-cross section for the test beams lead to a high (and desirable)
shear failure rate;

- The three-point loading test configuration with an individual load introduction (3-
point load configuration) and a span to depth ratio of 5:1.

In contrast, problems arose as a result of the high compression stress perpendicular to the
grain between lower flange and web occuring at the end of the beams. Consequently, the
support area was optimised following a further finite element analysis. The measures were as
follows:

- Extension of the support plate from I = 250 mm to 1 =350 mm;
- Shift of the roller bearing inwards;

- Introduction of an overlap of 50 mm.



These measures achieved a balanced compression stress perpendicular to the grain of roughly
—3.0 N/mm? (middle of web) in the support area. On the basis of this optimised configuration
2, a further 12 beams were tested in the form of three test series (series 3 and series 4:
rectangular cross section, series 5: I-cross section). The following table shows the results of
series 5. The results for series 3 and series 4 are to be found in the literature [16].

All Specimens Specimens with Specimens with shear-
shear-failure failure
Shear strength in the Shear strength in the Shear strength at the position
middie of the beam middle of the beam of the shear-fracture
Series Depth Specimens fyg.50 Specimens  fygs0 Specimens fogs0
[mm] ] [N/mm?] [-1 [N/mm?] [-] [N/mmZ]
5 608 6 4,33 6 4,33 6 3,92

Tab. 6 Test results of series 5 (optimised test configuration 2)

4  Load-appropriate shear strength values for glued laminated
timber

As already mentioned in chapter 3.2, only a few investigations of glued laminated timber are
available. Accordingly, it must be assumed that the shear function in product standard EN
1194 [1] has a basis that is insufficiently secured through tests. The same is probably also true
for the shear function for structural timber pursuant to EN 338. On the contrary, these
functions are derived relationships without, in particular, sufficient knowledge of the
influence of different strength classes on shear strength properties. In order to have a greater
insight into the problem of shear for glued laminated timber, it is therefore necessary to
conduct shear tests on configurations with a suitable load.

On the basis of the present optimised shear test configuration (optimised test configuration 2),
a test programme for determining load-appropriate shear strength properties for glued
laminated timber was organised within the framework of a further research project at the Graz
University of Technology, with the following aspects to the fore:

- Verification of the shear test configuration optimised within the framework of
preliminary tests and the finite element analysis of usability with respect to a standard
configuration for series tests capable of being laid down as official standard.

Proof of sufficiently high shear failure ratio when using the present optimised test
configuration.

- Determination of the influence of the visual and machine strength grading of glued
laminated timber laminations (determination of the essential lamination properties for
the wood species in question, spruce: tensile strength, tensile MOE, density) on shear
strength and shear failure form of glued laminated timber.

- Consideration of different glued laminated timber strength classes BS11v (visually
from S 10}, BS 11 (by machine from MS 10), BS 14 (visually from S 13), BS 16 (by
machine from MS 13} and BS 18 (by machine from MS 17) and a presentation of the
results in the form of major relationships (tensile strength of laminations to shear
strength of beam).
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- Clarification of the influence of different configurations on the shear behaviour under
stress and the failure forms. Using the optimised three-point load test configuration,
the question arises of whether higher shear strength values are to be expected from a
three-point loading configuration with overlap (beam overlap: 500 mm) or a two-span
five-point loading configuration (continuous beam).

~ Comparison of the shear strength properties obtained from the test with the design
properties laid down by national regulations. In addition, the aim is to check the
accuracy of the shear function in EN 1194 and in EN 338.

- Presentation, description and analysis of the failure forms in order to achieve a better
understanding of the failure mechanism.

- The influence of different cross section structures in terms of the opposing position of
the top lower flange lamination and the bottom web lamination on shear strength
properties.

5  Test programme

The entire test programme is shown in the following table 7 in total, in addition to the 5
preliminary test series already available (24 glued laminated timber beams) — series 1 to series
5 — used to determine an optimised test configuration, a further 90 ghied laminated timber
beams of construction element size were tested in the form of 7 test series.

Series Specimens Subseries Grading Grading Free Beam Test configuration
Classes Method span  depth
[mm]  [mm]

optimised single-span three-

5 5] BS14 visual 3040 608 point |Oading Setup

6 15 5 5 5 BSN visual 3040 608

7 15 5 5 5 BS14 visual 3040 608 optimised single-span three

8 15 6 7 2 BS11 masch. 3040 608 paint loading setup

9 15 § 5 5 BS16 masch. 3040 608

10 15 § & 5 BS18 masch. 3040 608

11 5 BS11 masch. 3040 eog OPL Single-span three-point
loading setup with overlap

12 10 BS{1  masch. 2X 220 two-span five-point {oading

1565 setup

Tab. 7 Test programme

5.1 Test configurations

For the three-point load beam without overlap, 5 series were tested: series 6 with BS1lv
(visual), series 7 with BS 14 (visual), series 8 with BS 11 (machine), series 9 with BS 16
(machine) and series 10 with BS 18 (machine). Each series comprises 15 beams and is broken
down into 3 sub-series of 5 specimens each (with the exception of series 8), which differ by
virtue of different lamination layers. Thus 75 three-point load beams without overlap were
tested. The evaluation also takes into account series 5 with 6 beams. This was tested within
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the framework of the development of the test configuration [16] and is identical with series 7
both in terms of structure and in terms of glued laminated timber strength class, namely BS 14
(visual). In series 11, a further 5 three-point load beams were tested but with an overlap of
500 mm. This series was manufactured using MS 10 laminations (machine) and is thus to be
ascribed to strength class BS 11 (machine). 10 continuous beams were tested in series 12. The
cross section height in this series was 320 mm, in contrast with the beam height of 608 mm
for all other scries. Like series 11, series 12 was also manufactured using MS 10 lamination
(machine graded) — hence BS 11 (machine graded). The following shows the test
configurations and cross section structures.
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Fig. 5  Stress distribution for the single-span beams with and without overlap
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Fig. 6 Stress distributions for the continous beam

5.1.1 Series 6 to series 10

The primary objective of all five test series was to achieve a high shear failure rate in order to
confirm the configuration seclected and to be able to put forward this configuration as a
possible standard configuration for EN 1194 and EN 408. In all five series, account was also
taken of the structure of the beams in terms of the orientation of the annular rings, in order in
particular to investigate the influence of the opposing position of the top lower flange
lamination and the bottom web lamination. In addition, a major objective was to identify the
influence of the glued laminated timber strength classes on the relevant shear strength values.
Series 8, 9 and 10 were expected specifically to provide information on this point. The
objective was also to be able to verify the relationship given in EN 1194 between shear
strength of the glued laminated timber and lamination tensile strength.

5.1.2 Series 11 and series 12

In series 11, a further 5 three-point load beams were tested, but with an overlap of 500 mm.
This series was manufactured using laminations of grading class MS 10 (hence glued
laminated timber strength class BS 11 = GL 24 pursuant to EN 1194) and was expected to
help clarify whether the given overlap influences shear strength. In series 12, 10 continuous
beams were tested. In contrast to the other series (h = 608 mm), the cross section height of
this series was 320 mm. The beams were manufactured using laminations of grading class MS
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10 (hence glued laminated timber strength class BS 11 = GL 24). This series was intended to
determine the increased influence of the continuous beam effect on shear strength.

5.5 Starting material

The starting material consisted of 176 specimens of spruce from an austrian sawmill with a
cross section of [50 x 35 mm.

The tensile tests were carried out in accordance with the regulations to EN 408. The free test
length was 2860 mm. The required measurements for determining the modulus of elasticity
were carried out by means of inductive transducers and a test length of 5*w., i.e. 750 mm on
two opposite points.

Notmal-Distribution Log-Normal- Weibull-
Distribution Distribution
(2p)
Pro- Cross Grading Speci- 5% mean Cov 5% 5%
perties  section Classes” mens
[mra/mm] [Nfmm?]  [Nfmm?] [] [N/mm?] [N/mm?]
Density 150735 S10 45 385 451 0,09
S13 45 383 443 0,08
MS13 45 408 475 0,08
MS17 41 433 506 0,09
Tensile 150735 510 45 8242 10969 0,15 8506 7360
MCE 313 45 8664 12810 0,20 8980 8297
MS13 45 12162 13813 0,07 12261 11297
MS17 41 13654 16352 0,10 13874 12530
Tensile 150735 310 45 10,45 21,83 0,32 12,62 9,95
strength
513 45 16,66 34,83 0,32 18,94 16,45
MS13 45 18,31 32,78 0,27 2047 16,68
MS17 41 25,57 44,51 0,26 28.04 23,48

Y Grading classes in accordance to DIN 4074-]; machine grading was done with GRADEMASTER 403

Tab. 8 Test data of the starting material

5.3 Conduct of the shear tests

The shear tests were carried out in the Experimental Laboratory for Structural Engineering at
the Graz University of Technology under the direction of K. Kernbichler.

The load was applied at a constant advance speed via the load piston. The speed was 0.1
murv/sec. This ensured compliance with the requirement of EN 408 that the maximum load be
reached within (300 +/- 120) sec. when determining bending strength, and for the
determination of shear strength.

Figs, 7 and § show the optimised test structure (I-cross section, stress-optimised beam
geometry, 40 mm thick support plates and eccentric roller bearings).
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Fig.7 Optimised test configuration Fig. 8 Support and eccentric roller bearing

5.4 Test results and assessment

Thanks to the cross section structure selected and the optimised test configuration — three-
point load beam, continuous beam — a shear failure rate over all series (series 6 to series 12) of
82 % was achieved. Only in series 7 (BS 14 = GL 28) did a compression perpendicular to the
grain failure of the upper flange in the area of the loading plates occur on 40% of the test
beams. This was associated with the upper flange cracking open in the middle in the
longitudinal direction. In the other series, this failure was avoided by specifically selecting
“upper flange laminations” with higher density and annular ring density and a corresponding
arrangement — right-hand side facing downwards. As a result of these measures, series 9 to 12
achiecved (more or less) a 100% shear failure. As a result of the high shear failure rate, it can
be concluded that the selected optimised shear test configuration combined with a specific I-
cross section structure appears suitable for the definition of a standardised shear test
configuration,

5.5 Shear strength
On the basis of the mndividual results of the 7 individual test series set out in the schedule, the

statistical properties set out in the following table — 5% fractile value, mean value and
variation cocfficient - were calculated on the basis of different distribution functions.

15



Test results of the visual graded laminations built-up GL.T beams

T l.og-Normal- Weibull-
Normal-Distribufion Distribution Distribution (2p)
Series  All/  Grading 5% mean  COV 5% mean COV 5 % mean
Shear Class
INfmm® [Nfmm?] [l Nimm? [Nfmm?) [ |[Nfmm?3  [N/mm?]
6 All BS11v 3,79 4,42 8,61 3,78 4,40 9,27 3,80 4,48 |
6 Shear BS1i1lv | 3,65 436 982 | 365 434 1045| 3,73 442 |
5+7 Al BS14 3,63 4,22 8,43 3,63 4,20 8,90 3,59 4,26 |
5+7  Shear BS14 3,46 4,20 10,73 { 347 418 11,291 345 4,26 |
5+6+7 All visual 3,69 4,30 8,70 3,68 4,28 9,22 3,68 4,35 |
5+6+7 Shear  visual 3,55 4,27 1025 | 3,56 425 10,84 | 3,56 4,33 |
Test results of the machine graded [aminations built-up GLT beams
Ce Log-Normai- Weibull-
Normal-Distribution Distribution Distribution (2p)
Series  All/  Grading 5% mean COV 5% mean COV 5% mean
Shear  Class
[Nfmm?3  [N/fmm?) [} [Nfmm?]  [N/fmm?) [-] [N/ [N/mm?]
All BS11 3,76 4,17 6,09 3,77 4,17 | 6,00 3,60 4,20
8 Shear BS11 3,77 4,10 4,80 3,78 4,09 ! 477 3,68 4,12
9 All B316 3,67 4,11 6,51 3,69 411 | 8,57 3,59 4,15
10 All BS18 3,14 384 11,09 | 3,97 3,82 11,43 3,12 3,90 |
5+6+7+ All 81 single
8+9+10 heams 3,53 4,16 9,17 3,54 4,15 9,57 | 3,47 4,21
12 All BS11 3,86 564 19,13 | 3,98 565 20,36 3,80 5,72

Tab. 9  Shear strength values for the different test series and GLT strength classes

5.5.1

Three-point lead beam

For the two glued laminated timber strength classes made of visually graded laminations —
series 6: BS 11v = GL 24, series 7: BS 14 = GL 28 — the mean values for the shear strength
properties tend to be higher than for the high glued laminated timber classes. Compared with
the mean value f, 450 = 4.21 N/mm? over the series 5 to 10, there was a 6.4% higher mean
value at £, 50 = 4.48 N/mm? for BS 11v (= GL 24) for the lowest strength class and a mean
value 7.4% lower at f,450= 3.90 N/mm? for the highest strength class BS 18 (= GL 36). This
result of the test is shown in figure 9 This clearly shows the falling tendency of the shear
strength properties. A reason for this can be derived from the different failure forms and

causes.
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Fig. 9 Relationship between GLT grading classes and GLT shear strength
5.5.2 Three-point load beam with overlap

The small number of test beams with an overlap of 500 mm (N = 5) prevented statistical
evaluation. The arithmetic mean of the shear strength of serics 11 (BS 11 with overlap) is
fuas0 = 3.97 N/mm?2 At -7.8%, this is substantially below the mean value of serics 8 at £, 550 =
4.17 N/mm?. The small size of the specimen means that it is not possible to make any general
statements about the influence of a cantilever on shear strength. However, it can be assumed
that with the present geometry dimensions, an overlap of 500 mm appears to be too small in
order to have any positive effect on an increase of shear strength.

5.5.3 Continuous beam, two-span five-point set-up

The appendix to the present paper sets out a summary in tabular form of the results from the
continuous beam tests. This shows clearly that a total failure of these beams did not occur
immediately upon the first crack, but only after a certain load history in the form of a bending
failure. The first crack around the middle support was a shear failure in each of the 10 beams.
The remaining area up to the edge of the beam meant that the load bearing capacity could
continue to increase. Taking into account the first cracks (shear failures around the central
support), series 12 results in a mean value of fy g 50 = 5.72 N/mn®. Related to the mean value
of series 8 {fi 550 = 4.17 N/mm?, likewise BS 11 = GL 24}, but without taking into account the
influence of volume (h fuee-point = 608 MmN, I fivepoine = 320 mm), series 12 reveals a mean
value 37% higher than for series 8.
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5.6 Failure mechanisms

Fundamentally, the 4 following failure forms occurred:

~ Shear failure
- Bending failure

- Compression and Tension perpendicular to the grain failure of the upper flange (load
introduction area)

- Tension perpendicular to the grain between upper flange and web (bearing arca, top).

5.6.1 Shear failure

A typical shear failure is characterised by a reciprocal shift of the two beam parts separated by
the failure. A friction surface is created along the transition from early to late wood along an
annular ring. The failure line, however, may jump over to adjacent annular rings and can also
continue in adjacent laminations.

5.6.2 Bending failure

A failure as a result of bending commences around the middle of the lower flange. Mostly, it
begins at a spike knot, which weakens the cross section at the point that is subject to the
highest bending load.

5.6.3 Compression and tension perpendicular to the grain failure of the upper flange

A failure of the upper flange as a result of compression perpendicular to the grain under the
loading plate occurs if the upper flange is too soft. In this case, the edges of the loading plate
cut mnto the upper flange, causing considerable compression. As a further consequence, the
web shifts into the soft upper flange, which arches downwards over the web and as a result
tension stress perpendicular to the grain occurs on the upper side of the upper flange,
ultimately capable of leading to the cracking open of the upper flange longitudinally.

5.6.4 Tension perpendicuiar to the grain between upper flange and web

As the finite element analysis showed, tension arises at right angles to the fibre at the ends of
the beams at the transition between the web and the upper flange and is increased by the large
deformations of the upper flange in the load introduction arca. The considerable deformation
under the loading plate causes the ends of the upper flange to bend upwards. However, the
unity of the web and the lower flange is not impaired by the compression and remains very
rigid as compared with the upper flange. The tension stresses perpendicular to the grain
arising in this way lead to a failure as a result of the low tension strength perpendicular to the
grain of the timber (see figure 10).
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Fig. 10 Failure caused by tension perpendicular to the grain between the upper flange and the
web

6  Importance of the results for the shear function in EN 1194
and effects on national standards

The shear function specified in EN 1194: 1999, appendix A/Table A.1
fugh = 0.32 % f01,>*

has thus not been confirmed. The relationship therein between the shear strength of the glued
laminated timber f,,x and the tensile strength of the timber laminations fig ) should be
withdrawn. As is shown in the following diagram, shear strength — contrary to the
specifications in the standard — falls with increasing tensile strength of the timber laminations.

4,50
4,30 S
e T
E gop 1202, 3,77 20,47 .
+ 1 [
Z 280, 289 (22,0 i -
= 370 - - N 5 E ~ &= [isually graded laminations
& D P % AETRAAAANAAANRASIRANASANRAR AR AR # _Machine graced faminations
£ 116,661 I
B 330 fo :;g 1 S Shear functicn in
5 ' S =% T — accordance to EN 1194:
3,10 = ® 1999
5 : 3 2 e s
290 - 14,5 u [28,94] sererens Proposed level for all
’ M/ [3.42 grading classes f, 4« =
270 | 3,56 Nimmy?
2,50 : : :
10 C2415 C30 20 C35 25 c40 0

Tensile Strength [N/mm?]

Fig. 11 Relationship between the shear strength of GLT and the tensile strength of the
laminations

It is therefore to be assumed that it is not the tensile strength of the timber laminations but
rather microscopic and macroscopic timber features (“friction surface” between carly and late
wood, knottiness) that influence the shear strength properties. In this connection, reference is
made to the contributions by P. Glos and M. Tratzmiller [3] and D. Larsson ct al [8]. From
this it can be concluded that higher knottiness in the trunk core area must be associated with
high shear properties in these zones. It was possible to confirm this indirectly with our own
results presented here. The lower glued laminated timber strength classes had higher shear
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strength values than the high strength classes. A reason is probably fo be found in the grading
parameter knottiness for timber laminations. Grading classes S10 and MSI0 usually have
greater knottiness than grading classes S13 and MS13 or MS17. At the same time, the yield of
high lamination strength classes increases with the distance from the pith, indicating that the
location of the cut timber in the frunk cross section has a decisive influence on strength class
and hence on the mechanical and physical properties. Coniferous wood cut close to the pith is
usually associated with the following characteristics: high knottiness, low tensile and bending
strength and MOE, low density, large width of annular rings but a high shear strength and a
high shear modulus. The presence of higher shear properties in the area close to the pith is
probably primarily due to the following causes:

- A higher so-called “dowelling effect” resulting from the higher knottiness in the core
area;

- The following illustration shows the failure surfaces of shear failures with differing
knottiness. The knots at right angles to the annular ring surfaces (= failure surface) can
be clearly seen. These act like a dowel and thus have the effect of increasing shear
strength. This may also be a possible plausible reason for the decline in shear strength
as the strength of glued laminated timber increases.

Fig. 12 Failure surface with (*dowelling effect’) and without knots
Other causes may be:

- A larger number of resistant late wood shear zones in the case of tangential cuts
(possible shear area in failure condition);

- Larger surface and hence larger shear arca between the early and late wood zones
within one annular ring;

On the basis of the known work and our own resecarch results presented here, the following
can be proposed for the European standardisation work:

- Establishment of a standardised shear test configuration appropriate to the load in
order to determine the shear strength values for glued laminated timber. A three-point
load beam with I-cross section is recommended [16];

- Using the said shear test configuration and the recommended I-cross section structure,
a shear failure rate of over 82% (for series 9, 10 and 11, even 100%) could be
achieved.
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- The relationship laid down in the standard between shear strength of the glued
laminated timber beam and the tensile strength of the laminations could not be
confirmed. On the contrary, increasing glued laminated timber strength class is
associated with a decrease of shear strength values.

- For continuous beams (with the exception of the areas at the end supports) higher
shear strength values can be assumed in corresponding load situations in the glued
laminated timber (loads causing compression perpendicular to the grain).

- It is recommended that the relationship £,k = 0.32 * £,0,¢** laid down in the standard
be deleted and at least a constant shear strength value be formulated for all strength
classes (of one wood species). For the coniferous wood species spruce, this could be
in the range of around f, g = 3.50 N/mm?. On the basis of this value, this would result
for glued laminated timber classes GL24 and GL2R8 in an increase of around 22.9%
and around 8.6% respectively, and a reduction of around -8.6% and around -22.9%
for GL32 and GL36 respectively.

- The failure is essentially influenced by timber properties of relevance to shear strength
(form and condition of the shear arca = usually the area of transition between early
and late wood).

- It was not possible to demonstrate that shear strength properties are influenced by
different cross section structures in terms of the opposing position of the top lower
flange lamination and the bottom web lamination.
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Appendix

The following table A.1 shows the results from 5 series with three-point load beam “without
overlap™ and series 11 of the three-point load beam with 500 mm overlap.

Speci- Failure Fracture Weight Density Moisture  Density f, f,
mens Force Content at 12%
MC
{at the (at the
middle of crack]
the beam)
[ [kN] kgl [kg/m?] (%] [kg/m?]  [N/mm?]  [N/mm?
S6/181 Shear 306,60 13500 40524 10,30 408,69 3,46 2,81
S8/182 Bending, Shear 420,00 141,20 423,85 9,80 428,52 4,74
S6/1B3 Bending 407,40 143,40 430,46 11,50 431,54 4,59
S6/1B4 Shear 423,40 150,80 452,67 11,30 454,26 4,77 4,18
S6/1B5 Shear 411,70 146,80 440,67 10,77 443,38 4,64 4,29
S56/2B1 Shear 42530 136,90 410,95 13,70 407,45 4,80 4,73
$6/2B2 Comp.perpend. UF 397,60 148,10 444,57 11,87 444,86 4,48
$6/2B3 Shear 378,70 144,45 433,61 11,10 435,56 4,27 4,11
$6/2B4 Shear 404,70 144,45 433,61 11,20 435,35 4,56 3,71
S6/2B5 Shear 392,30 152,50 457,78 11,97 457,84 4,42 3,80
S6/3B1 Shear 327,80 13520 405,84 12,30 405,24 3,70 3,01
56/382 Shear 403,60 142,80 428,66 11,70 42930 4,55 3,70
S6/3B3 Shear 403,00 141,65 42521 12,20 424,78 4,54 4,36
S6/3B4 Comp. perpend. 403,80 140,80 42265 10,80 425,19 4,55
$6/3B5 Shear 373,10 140,20 420,85 10,90 423,17 4,21 3,42
S57/1B1 Shear 356,40 149,70 448,37 11,43 450,65 4,02 3,27
S§7/1B2 Comp. perpend. UF 38760 14505 43541 11,17 437,22 4,37
87/1B3 Shear 376,50 150,40 451,47 11,87 451,77 4,25 4,24
S7/1B4 Shear 398,60 147,15 441,72 10,83 444 30 4,49 3,66
57/18B5 Comp.perpend. UF 375,30 151,00 453,27 11,83 453,66 4,23
57/281 Shear 318,20 148,50 44577 11,13 447,71 3,59 3,14
sSr/z2B2 Shear 286,50 149,20 447,87 12,53 446,68 3,23 3,19
S7/2B3 Comp. perpend. UF 391,60 145,80 437,66 14,20 432,85 4,42
S7/2B4 Tension UF-Web 377,20 148,10 444,57 12,60 443,23 4,25
S7/2B5  Comp. perpend. UF 365,30 147,45 442,62 11,63 443,44 4,12
S7/3B1 Shear 387,30 14755 442,92 11,33 444 40 4,37 4,20
§7/3B2 Shear 414,80 160,50 451,77 12,23 451,25 4,68 4,11
$7/383 Tension UF-Web 374,9¢ 14580 437,06 12,47 436,04 4,23
S7/3B4 Comp. perpend. UF 377,30 14840 44547 11,97 4485 53 4,25
S7/4B1 Comp. perpend. UF 365,30 151,06 453,27 13,07 450,85 4,12
58/1B1 Tension UF-Weh 41220 14570 437,36 10,97 453,44 4,65
58/182 Shear 357,70 145,25 436,01 12,00 453,39 4,03 3,53
58/183 Shear 384,00 149,20 447,87 9,97 465,05 4,33 4,16
3$8/1B4 Shear 343,00 14575 437,51 10,07 455,30 3,87 3,49
S8/1B5 Tension UF-Web 373,00 143,75 431,51 9,83 448,32 4,21
S8/1B6 Bending 410,20 142,75 428,51 10,23 444,30 4,63
$8/2B1 Shear 392,40 14120 423,85 9,90 439,92 4,42 4,36
5$8/2B2 Shear 357,80 137,85 414,10 10,07 430,60 4,03 3,63
8$8/2B3 Shear 34350 143,15 429,71 11,03 447,18 3,87 3,74
38/28B4 Shear 360,00 143,75 431,51 11,10 448,64 4,06 4,05
S8/2B5 Shear 379,20 145,00 435,26 11,75 452,08 4,28 422
58/2B6 Comp.perpend. UF 358,00 14545 436,61 11,47 453,97 4,05
58/2B7 Shear 352,40 146,50 438,76 9,00 457,42 3,97 3,88
S8/3B1 Shear 347,70 141,95 426,11 10,90 443,32 3,92 3,27
s88/38B2 Shear 379,80 146,60 438,76 9,60 456,74 4,28 3,96
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Speci- Failure Fracture Woeight Density Moisture  Density fy f,
mens Force Content at 12%
MC
(at the (at the
middle of crack]
the beam)
[l (kN] tkgl  [kg/m?] (%} [kg/m?]  [N/mm?  [N/mm?]
$9/1B1 Shear 372,30 156,64 470,20 10,07 474,74 4,20 4,14
$9/1B2 Shear 369,00 150,32 451,23 9,87 456,04 4,16 4,10
S9/1B3 Shear 347,40 162,56 457,96 11,43 459,26 3,92 3,78
S9/1B4 Shear 370,10 156,46 469,66 12,10 469,43 417 3,65
S9/1B5 Shear 346,80 162,66 458,26 10,77 461,07 3,91 3,78
58/281 Shear 396,50 154,88 464,92 9,83 469,96 4,47 4,22
Sg/z2B2 Shear 339,30 154,43 463,57 10,53 466,98 3,83 3,77
59/2B3 Shear 398,10 156,85 470,83 10,47 474 44 4,49 3,65
59/2B4 Shear 388,90 153,20 459,88 12,07 459,72 4,40 3,58
$9/2B5 Shear 362,90 160,80 452,67 11,40 454,03 4,09 3,33
S9/3B1 Shear 367,20 153,29 480,15 12,80 458,31 414 3,37
$9/3B2 Shear 340,20 147,80 443,67 12,87 441,74 3,84 3,46
S9/3B3 Shear 358,10 151,70 455,37 13,27 452 48 4,04 3,28
S9/3B4 Shear 318,60 153,26 460,06 14,03 455,39 3,59 2,92
S9/3B5 Shear 396,20 167,76 473,56 12,93 471,36 4,47 4,13
S10/1B1 Shear 306,40 172,08 516,55 11,80 517,07 3,45 3,19
510/1B2 Shear 385,40 171,02 513,37 12,23 512,78 4,35 4,32
S$10/1B3 Shear 348,80 163,91 492,03 12,93 489,74 3,93 3,20
St0/1B4 Shear 367,80 166,94 501,12 13,80 496,61 4,15 4,14
S10/1B5 Shear 373,70 167,44 502,62 12,77 500,69 4,21 4,15
s10/2B1 Shear 309,50 158,89 476,96 12,03 476,89 3,49 3,07
s10/2B2 Shear 383,40 163,55 490,95 12,07 490,77 4,32 3,80
S10/283 Shear 370,20 184,57 494,01 12,03 493,03 4,17 4,12
S10/2B4 Shear 287,70 168,27 505,11 12,60 503,60 3,24 2,84
s510/2B5 Shear 276,30 168,27 505,11 11,97 505,19 3,12 2,90
S510/3B1 Shear 363,30 174,01 522,34 13,77 517,72 4,10 3,33
510/3B2 Shear 379,20 165,81 497,73 11,53 498,90 4,28 4,22
$10/3B3 Shear 335,10 166,73 500,49 12,30 499,74 3,78 3,49
510/3B4 Shear 330,50 167,13 501,69 12,60 500,19 3,73 3,15
S10/385 Shear 294,50 167,30 502,20 12,00 502,20 3,32 2.9
511/B1 Shear 317,40 12,73 3,58 3,44
s11/B2 Shear 397,40 12,47 4,48 3,93
S11/B3 Shear 287,00 12,67 3,24 2,85
$511/B4 Shear 345,10 12,57 3,89 3,74
511/B5 Shear 370,80 11,53 4,18 3,68
Tab. A1 Testresults of series 6,7, 8,9, 10 and 11

The following table A.2. shows the shear stress values in the middle of the cross section of the
continuous beams. Since in most cases the failure of the beam did not occur immediately
upon the first crack, and instead it was possible to increase the load, all the strength values at
which cracks occurred are listed.
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Specimen 1*'crack  2™crack  3“crack  4"™crack 5" crack
Faifure Shear Shear Shear Shear Bending
S12 B1  Failure Force [kiN) 265,6 346,8 436,7 438,6 430,8
fv,middle [N/mm?] 3,75 4,89 6,16 6,19 6,08
Failure Shear
S12 B2 Failure Force [kN] 440,6
fv,middle [N/mm?) 6,00
Failure Bend.+3hear,
S12 B3 Faiture Force [kN] 506,5
fv,middle [N/mm?| 7,15
Failure Shear
§12 B4  Failure Force [kNj 426.,5
fv,midle [N/mm?] 6,02
Failure Shear Bending
S12 B5 Faiture Force [kN] 503’9 492,1
fv,middle [N/mm?] 7,11 8,94
Failure Shear Bending
S12 B6 Failure Force [kN] 386,7 476,0
fv,middle {N/mm? 5,46 6’72
Failure Shear Shear
S12 B7 Failure Force {kN] 400,0 417
fv,middle [N/mm?] 5 64 5,88
Failure Shear Shear
S12 BS Failure Force [kN} 3721 465,86
fv,middle [N/mm?] 525 6,57
Failure Shear Bending Shear Bending
S12 B9 Failure Force [kN] 385,5 422,6 447 1 459,9
fv,middle [N/mm?] 5,44 5,96 6,31 6,49
Failure Shear Shear Bending
$12 B10  Failure Force [kN] 305,09 348,5 425,5
fv,middie [Nfmm?] 4,32 4,89 6,00

Tab. A.2 Test results of series 12
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+ A Jorissen questioned why a zero shear zone existed in Figures 13 and 14 in the paper.
» H Kreuzinger stated that this was a beam with two parts and the zone of zero shear corresponded
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Mechanically Jointed Beams
Possibilities of Analysis and some special Problems

Heinrich Kreuzinger
Technische Universitit Miinchen

1. Introduction

Mechanically jointed beams have a higher load capacity than the sum of the single beams. One
beam must be situated over the other beam and the connectors must transport shear forces
from one to the other beam. Figure 1 shows a simple bridge with a ,,flitch beam®. The single
beams may also be laminates, horizontally or vertically situated like shown in figure 2.

Figure 1: Flitch beam Figure 2: Mechanically jointed laminates

Regarding cross sections made of two parts - the situation is presented in figure 3:
a) two beams jointed with shear connectors

b) aframework with two flanges, connected by the diagonals

c) vertically situated laminates, jointed by nails or screws

The three cross sections have the same definitions:

a (m) the distance of the axes of the single parts 1 and 2

k (MN/1112) stiffness of the shear connection K/e with
K (MN/m): stiffness of one connector, e (m): distance of the connectors
The distance e of the connectors in direction of the axis may be changing. There
may be also few strong connectors or a lot of weak connectors.

El; (MNm?) bending stiffness of part 1

EA; (MN)  stretching stiffness of part 1

El, (MNm?) bending stiffness of part 2

EA, (MN)  stretching stiffness of part 2



If the bending stiffness of the single beams is zero there is the situation of framework with
hinges

a) b) c)
Figure. 3: cross sections

The connection is not only necessary to transport the shear forces from one part to the other
but also to have the same deformation w of the two parts. Cross sections made of more than
two parts are also possible. An example are the ribs of shells like shown in the figures 4a and
4b. The formulas for a approximation of cross sections with more than two parts are given in E
DIN 1052, Mai 2000 /1/.

Figure 4a:  ribbed timber shell /3/ Figure 4b: node /3/

2. Calculation

2.1 General

Eaclh part is regarded as a beam. The shear deformation of the single parts is neglected and the
classic theory of bending of beams is valid. The different deformations of the beams on the
place of the connectors give forces in the connectors. The differential equations of the problem
are known /4/, /6/.



2.2 Analytical solution

For single supported beams with constant cross section and connection along the length and
sinuslike load along the axis the analytical solution is very simple, given in the codes EC5 /2/
and DIN 1052 /1/. To use this solution for other systems it is necessary to estimate a length in
order to compare the given situation with the sinuslike situation. The length may be the
distance between the points where the bending moment is zero. But for to know this situation
it is necessary to know the solution!

The following formulas are given in the mentioned codes. In the middle there is the real cross
section, on the left side there are the formulas with the reduced stiffness v;EA; of part 1 and on
the right side there are the formulas with the reduced stiffness y,EA; of part 2. The results of
both sides are of course the same.
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stress:

shear flow:
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2.3 Calculation with programs for framed structures

The parts of the construction are regarded as a beam. The connection is simulated by members
/5.

2.4 Sandwich analogy

The differential equations of a mechanically jointed beam built by two parts are identically
with the differential equations of two beams with the same deformation w: one beam A with a
bending stiffness El4 and an other beam B with a bending stiffness Elg and a shear stiffness S.
Figure 5 shows the situation.



Real system
EJ

1

A EJ,; EA, AN

Transformed system

JIB" LT\, EJ,=EJ,+E],
A EA,-EA,

EJ, =a’

e S = €0
EA, +EA,

Figure 5: Sandwich analogy

This method is shown in the draft of DIN 1052, Mai 2000 /1/. The calculation for different
loads, boundary conditions and changing cross sections is possible with simple beam
programs.

The calculation of the fransformed system results in:
Beam A: YV, Mg

Beam B: Vi, Mp
To go back in the real system the following calculation is necessary:
. . El.
Bending moment in the parts M; =M, —
El,
. El,
Shear force in the parts V.=V, e
EI,
The stresses o and © may be calculated by the rules of the classic theory of beams.
. |
Normal forces in the parts N, =My —
Shear flow between the parts ty = Vg 1
a

3. Special problems
The differential equations for an element of a beam like figure 6 are:

a: p,+N =0 binc¢: M'+p,-m'=0
b: p,+V =0 M +pE =0
c: m+V-M=0 pE=p, —m'
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dx
Figure 6: beam element dx

The load m results from the shear flow with the excentricity e (fig. 7). The bending moment -
but not the shear force V- produced by m may be the same produced by p,” = m’. This is
important for the interpretation of the shear forces V. The equation b results in:

V'=-p, =—p-—m’ (and not V'=p,"1)

o]
t,
Ca e s
S
m, =t_-e, m, =t -e,

p, =t (e, —e,))

Figure 7: Joad m or p,”

If the shear flow t, is in the position of a), the following equations and figure § show the
distribution.

l B 4 ~
- 4]
Figure 8: distribution of shear force t



It 1s surprising, that the position of the shear connection has no influence on the result.
Whether the analytical solution or the sandwich analogy have a possibility to regard the
position. Reasonable for this effect is the neglect of the shear deformation of the single parts.

The position of the shear connection influences the shear forces Vi gum and Va sum.

e o o i o

~——

[ ]

o

Figure 9: position of the shear connector

This phenomena is also shown in the example of figure 10. A framework has different
situations of the diagonals (figures 10a and 10b) with a spring to transport the shear forces.
The normal forces in the lower flange and the upper flange are equal in both models, also the

deformation.
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3. Example

Two beams (figure 11) are mechanically jointed in the range from a to b, ¢ to fand g to i. The
single beams have hinges in a and d, the supporting is in a and e. The supporting in a does not
allow deflections of the beams in the direction of the axis but there is no bending moment.
Between a and f there are single loads and also in h there is a single load.

-~

1225 kN SKN
bbb bbb bbby !
§> KEATAAVAYAYAYAYS RYAYAYAVAVAVAYAYAYAYAYAVAVAVA \/ TAY \/\f\i/ AYA a M —
a b c d e f g h o
El, = EI, =1,66 MNm?
a=02m 1,=65m I,=35m
k =5 MN/m?
Figure 11:  real system
| d
£ 7 AT
: : B b
§ iy
a b c d e f g h i

El, = El, +EI, = 2,66 MNm*
El, =a®-EA, -EA,/(EA, +EA,) =8 MNm’
S=k-a’=5-0,2 =02 MN

Figure 12:  transformed system
Obviously the analytical solution of paragraph 2.2 does not work here.

The transformation from the real system to the calculation system (figure 12) using the
sandwich analogy results in:

i0



Beam A: The bending stiffness is the sum of the stiffness of the single parts, the shear
stiffness is infinite.

Beam B: The bending stiffness results from the stiffness and the dictance of the two
beams, the shear stiffness (figure 13) from the stiffness k from the connectors
and the distance a.

The same deformation of the beams is obtained by a rigid member between the nodges of
beam A and B (figure 12, right side). To avoid differences due to this connection it is
necessary to use single forces in the nodes and not distributed load.

a b ¢ d e f g h i

Figure 13:  Distribution of shear stiffness S

The calculation of the coupled beams is resulting in the bending moments M and My and also
in the shear forces V4 and Vi (figure 14).

The transformation back to the real system allows to have the bending moments M; and Mo,
the shear forces V, and V, in the two parts and the shear flow between the two parts. It is to
mention that the total vertical forces Vi gum and Va g result from Vi, V; and t, a.

Results:
a The bending moment My gives the normal forces in the support points

Z, My 93 46,5 kN = D,
a 0,2
The bending moment in the two parts is 0 because there is a hinge.

‘The supporting reaction is 3,59 + 10,53 = 14,12 kN

btoc Vpis 0 because there is no shear stiffness. My must be constant.
d In the two beams there is no bending moment.

e The supporting force is 11,57 +6,12 + 4,3 - 1,12 = 20,87 kN. Together with the
supporting force in a the vertical equilibrium is o. k.

ftog Vpgis 0 because there is no shear stiffness. Mp must be constant.
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Figure 14:  results: Va, Vg, Ma, Mpand w

Between h and 1 there is no shear force and no bending moment but there are stresses.
Figure 15 shows the values.

El M B
MleA'”ﬁL GI,M:WI V1=VA'“§%J”" t1="}]“}"'1=5
A 1 LA 1)
-M N V
N, = . Oy = to = —2
a A a

The resulting vertical shear force in section 1 is:
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Figure 15:  shear flow and stress

5. Summary

The connections of mechanically jointed beams are quite different. For example there are
nails, screws or notches. They are arranged continuously or on single points along the length
of the beam. The beam itself may be supported like a simple beam or may be part of a system.
All these must be taken into account by calculation.

For calculation different methods are available:

- The analytic solution, given in the codes, is strongly valid only for single supported
beams with constant cross section and connection along the length sinuslike load.

- Frameworksystems allow to calculate more complicated systems.

- Regarding the deformation of the connectors as a shear deformation, it is possible to do
the calculation with beams with bending- and shear stiffness (sandwich analogy).

To use the different methods and to interpret the results, the knowledge of the different
distribution of shear forces over the cross section is necessary. The basic case is a beam with a
shear flow as load. The shear flow in the direction of the axis acts in a distance to the axis.

There are also some peculiar problems with single loads or different boundary conditions. An
examples was shown by using the calculation method with the sandwich analogy.

For cross sections built with two parts the sandwich analogy is theoretical correct. For cross
sections consisting of more than two parts, the sandwich analogy is a good approximation
calculation. The real system is also transformed in the two girders A and B like shown in
figure 5. The bending stiffness of beam A is the sum of the bending stiffness of the single
beams, the bending stiffness of the beam B results from the stretching stiffness and the
distance of the single beams. The shear stiffness S is calculated with the values of the stiffness
of the connection and the shear module of the parts. The formulas are documented in E DIN
1052, Mai 2000, Annex F.



6. References

/17

12/

/3/

14/

/5/

16/

7/

8/

Entwurf DIN 1052, Mai 2000, Entwurf, Berechnung und Bemessung von
Holzbauwerken, Allgemeine Bemessungsregeln und Bemessungsregeln fiir den
Hochbau, E DIN 1052:2000-05

EC S5, DIN V ENV 1995-1: Entwurf, Berechnung und Bemessung von Holzbauwerken,
Teil 1: Allgemeine Bemessungsregeln, Bemessungsregeln fiiv den Hochbau, Deutsche
Fassung, Oktober 1993

Natterer, J.; DBurger, N.; Miller, A.. Natterer, Jo.. Holzrippendidcher in
Brettstapelbauweise, Bautechnik 77(2000), H.11, S. 783-792, Verlag Ernst & Sohn,
Berlin

Kreuzinger, H.: Tréger und Stittzen aus nachgiebig verbundenen Querschnittsteilen. In:
Arbeitsgemeinschaft Holz e.V. (Hrsg.): Step 1: Holzbauwerke nach Eurocode 5 -
Bemessung und Baustoffe. 1. Aufl. Fachverlag Holz Dusseldorf, 1995, S. B11/1-B11/9

Kneidl, R.; Hartmann, H.: Triger mit nachgiebigem Verbund - Eine Berechnung mit
Stabwerksprogrammen. In: Bauen mit Holz (1995) S. 285-290

Schelling, W.: Zur Berechnung nachgicbig zusammengesetzter Biegetriger aus
beliebig vielen Einzelquerschnitten. In: Ehlbeck, J.; Steck, G. (Hrsg): Ingenieurholzbau
in Forschung und Praxis, Karlsruhe: Bruderverlag, 1982, 155-162

Platten, Scheiben und Schalen, ein Berechnungsmodell flir gingige Statikprogramme,
Bauen mit Holz, 1/1999, S, 34-39, Bruderverlag

Kreuzinger, H.: Flachentragwerke; Platten, Scheiben  und  Schalen,

Berechnungsmethoden und Beispiele. In: Informationsdienst Holz, Briicken aus Holz,
Konstruieren-Berechnen-Ausfithren, 1999, 42-60

14



CIB-W18/34-15-1

INTERNATIONAL COUNCIL FOR RESEARCH AND INNOVATION
IN BUILDING AND CONSTRUCTION

WORKING COMMISSION W18 - TIMBER STRUCTURES

A SIMPLIFIED PLASTIC MODEL FOR DESIGN OF PARTIALLY ANCHORED
WOOD-FRAMED SHEAR WALLS

B Kéllsner
Tréatek - Swedish Institute for Wood Technology Research

U A Girhammar

Liping Wu
Department of Applied Physics, Umea University,

SWEDEN

Presented by: B Kéllsner

V Enjily asked how was the shear wall fixed to the foundation.
B Kéllsner said that the practice in Sweden was not clear.

» V Enjily commented that the assumptions in the modet were not realistic with respect to the
directions of the nail forces as the walls are subject to both racking and overturning.

+ B Kallsner agreed that the model did not fully describe the real case; however, equilibrium
conditions were met and the model worked well.

* YV Enjily commented that ring shank nails were used which might not be realistic as the failure
mode would be biased towards pull through failure.

+ B Kallsner answered that the fasteners showed plastic behaviour. Failure in the nails were nail
withdrawal and sometimes puli through were observed.

+ S Thelandersson commented that in Sweden one or two stories o med rise houses wind loads
would be important. In the one to two stories houses simple metal plate anchorages were used.
For the higher houses the calculations would become a problem. He also commented that the
model presented was elegant; however, one must be careful with the assumptions as the assumed
force distribution might be different from reaiity.
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Abstract

This is an introductory paper in which the structural behaviour and design of partially
anchored wood-framed shear walls are studied.

A simphified plastic model is proposed for design in the ultimate limit state. The model
covers only static loads and can only be applied when mechanical fasteners with plastic
characteristics are used.

A few tests of shear walls have been conducted in which the influence of vertical loads and

anchorage of bottom rail was investigated. A comparison between measured and calculated
load-carrying capacities indicates that the proposed model is suitable for design purposes.

1 Introduction
1.1  Background

Shear walls are constructed in different ways depending on local traditions. They can be
prefabricated in a factory or built on site. The prefabricated shear walls can consist of one or
several wall assemblies of different sizes. The structural behaviour of wall diaphragms is to
a large extent determined by the sheathing-to-timber joints and how the diaphragms are
connected fo the surrounding structure. Of particular importance is the anchoring of the
shear wall to the substrate. Sometimes tie-downs are used for anchorage of the end studs of
the shear wall. On other occasions only the bottom rail is anchored to the substrate. Due to
economic reasons the building industry, at least in the Nordic countries, desires to reduce
the number of tie-downs, najls and screws to a minimum.

In Eurocode 5 a simplified method for the design of wall diaphragms is given. When this
method is used, the code stipulates that the tensile studs at the end of the diaphragm must
be anchored to the substrate or secured against uplift by vertical actions.

An alternative method for the design of wall diaphragms, in Eurocode 5, is to determine the
racking resistance by festing according to test standard EN 594. This standard stipulates
that the bottom rail of the shear wall is bolted to the test rig and uplift is resisted by the
sheathing-to-timber joints and also by the vertical loads on the top rail of the wall panel.
Since the end stud on the tensile side of the wall panel is not directly anchored to the base of



the test rig, this stud will normally be subjected to substantial vertical displacement.
Consequently, the structural behaviour will deviate considerably from what is assumed in
the simplified calculation procedure. This means that the sheathing-to-timber joints located
along the bottom rail on the tension side of the test panel will be subjected to vertical tensile
forces which strive to draw the sheet apart from the bottom rail. This redistribution of the
fastener forces will result in a lower racking capacity for a tested wall diaphragm according
to EN 594 than for a diaphragm designed according to the simplified theory with a fully
anchored tensile stud.

In an ongeing Nordic project, dealing with the design of wood-based diaphragm structures,
it has become obvious that there is a need for developing a general method for simplified
design which can be used for wall diaphragms that are incompletely anchored to the
substrate. In this introductory paper the principles of a possible method is presented.

1.2 Objective

The main objective of this study is to present a simplified method for design of wood-
framed shear walls that can be used for various boundary conditions between the wall
diaphragm and the substrate. The following requirements are made on the model:

it should be suitable for calculation by hand

it should explain the structural behaviour of the shear wall in the ultimate limit state

it should handle the influence of adjacent wall and floor diaphragms

it should give results that are somewhat on the safe side

it should lead to economical structures,

1.3  Limitations

The simplified model can only be applied on shear walls where the sheet material is fixed by
mechanical fasteners to the frame members and where these sheathing-to-timber joints show
plastic behaviour.

The model covers only static loads in the ultimate limit state. The model can not be used for
determination of deformations in the serviceability state.

In this introductory paper shear walls with openings are not dealt with.

In some cases there are risks of brittle failure modes in the shear walls, An example of such
a failure mode is when cracks occur in the frame members due to small edge distances of
the fasteners. The influence of such failure modes is treated incompletely.

2 Models for simplified design of fully anchored shear walls

The purpose of this section is to present two simplified methods for design of fully anchored
shear walls, that are commonly used in the Nordic countries and which may contribute to a
better understanding of the structural behaviour of such walls. By a fully anchored shear
wall is meant a wall where the vertical stud on the tension side is fully anchored to the
substrate.



2.1 Elastic model

A typical part of a shear wall is shown in Figure 1. An elastic model suitable for calculation
by hand has been presented by Kiillsner et. al (1995). The model is based on the following
assumptions:

+ the shear wall 1s fully anchored to the substrate
» the frame members are rigid and hinged to each other
« the sheet is rigid

» the load-displacement relationships of the sheathing-to-timber joints are linear-elastic
until failure.

» the displacements are small compared with the width and height of the sheet.

[bssian —

= —

Figure 1: A shear wall unit built up of a timber frame and a sheet.

In order to determine the forces acting upon the individual fasteners, the displacement of the
sheet relative to the frame members must be formulated. In Figure 2, a static model of the
wall unit in the unloaded and loaded states is shown. The studs have been given the rotation
¥ and the sheet the rotation ¢ in relation to their original positions. The coordinate axes X
and 9 refer to the centre of gravity (CG) of the fasteners.

!

Figure 2: Static model of a shear wall unit in unloaded and loaded states.




Using the principle of the minimum of the potential energy of the structure the angles ¢ and
y are derived as:
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where K denotes the slip modulus of the fasteners, (%£,,9,) denotes the coordinates of

fastener number i and N denotes the total number of fasteners. The horizontal displacement
of the top rail is given by:
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Denoting the shear capacity of each sheathing-to-timber joint by F, the horizontal load-
carrying capacity H of the wall unit becomes
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where (£, 9. are the coordinates of the fastener which is the most remote one from the
center of gravity of the fasteners,

For the shear wall in Figure 1, the calculated distribution of the fastener forces is shown in
Figure 3.

Figure 3: Force distribution on the sheet according to a linear elastic model.



2.2  Plastic model

In the elastic analysis, a linear elastic load-displacement relationship until fathure was
assumed. From tests of nailed joints it is well known that the load-slip curves are often
characterised by plastic deformations. Methods for determination of the lower and upper
bounds of the plastic load-carrying capacity of a shear wall have been presented by Kiillsner
et al (1995). The following assumptions are made:

« the shear wall is fully anchored to the substrate
+ the frame members are rigid and hinged to each other
» the sheet is rigid

« the load-displacement relationships of the sheathing-to-timber joints are completely
plastic.

+ the displacements are small compared with the width and height of the sheet.

2.2.1 Lower bound method

A lower bound of the plastic load-carrying capacity of a shear wall can be obtained by
assuming a force distribution that fulfils the conditions of force and moment equilibrium and
where the force on each fastener is at most equal to the plastic capacity of the fastener. For
a wall unit as in Figure 1, where the distance of the fasteners along the edges is constant, it
is possible to find a simple force distribution according to Figure 4. Each edge fastener,
except those in the corners, may be assumed to carry the same plastic load F parallel to the
edge. Bach corner fastener is asswmed to carry one load component F/2 paralle]l to each of
the associated sides of the sheet. The fasteners in the centre stud are assumed not to carry
any load. With the chosen force distribution, which corresponds to a pure shear flow along
the edges of the sheet, the horizontal load-carrying capacity H is

H=nF (5)
where n = number of fastener spacings along the top rail
F = load-carrying capacity of a fastener loaded in shear
r— - - ri.-b'
Y
4
F
¥
4
y L re
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Figure 4: Force distribution on the sheet according to a plastic lower bound model.



2.2.2  Upper bound method

An upper bound of the plastic load-carrying capacity of a shear wall can be obtained using
the principle of virtual work, by making the internal work of all the fasteners equal to the
work of the external force. In the formulation of the internal work, each timber member can
be regarded as a rigid body rotating around its own centre of rotation on the sheet. The true
plastic load-carrying capacity of a shear wall is obtained when the internal work of all the
fasteners reaches its minimum value. The principle is demonstrated in Figure 5 for the
previously studied wall unit, where the assumed positions of the centre of rotations (CR)
and the matching fastener forces are shown.

Figure 5: Force distribution on a sheet according to a plastic upper bound model.

2.3 Elastic versus plastic model

For the fastener configuration shown in Figure 1, the elastic model and the plastic lower
bound model give almost the same load-carrying capacity for the shear wall. The
distribution of the fastener forces is, however, fairly different as is evident from Figure 3 and
Figure 4. In the ultimate limit state the force distribution according to the plastic lower
bound model can be justified for different reasons. One reason is that the joints between the
timber members often tend to yield which means that the force components perpendicular to
the length direction of the timber members can not be fully built up. Another reason is that
at high loads some bending deformations in the timber members can almost always be seen,
that also lead to reduced force components perpendicular to the timber members.

3  Simplified design model for partially anchored shear walls

3.1 Basic assumptions

For design of partially anchored shear walls a plastic lower bound method, see section
2.2.1, 1s proposed in this study. This means that a force distribution is chosen that fulfils the
conditions of force and moment equilibrium for each timber member and sheet. The
following basic assumptions are made:



- the sheathing-to-timber joints, referring to the vertical studs and the top rail, are assumed
to transfer shear forces only parallel to the timber members

- the sheathing-to-timber joints, referring to the bottom rail, are assumed to transfer forces
both parallel and perpendicular to the bottom rail

- compressive forces can be transferred via contact between adiacent sheets.

In order to obtain simple expressions for the racking resistance of the shear walls, the
fasteners are assumed to be continuously distributed along the timber members. The load-
carrying capacity of the fasteners is consequently given in force per unit length. In all the
examples presented below, it is assumed that the fastener spacing around the perimeter of
the sheets is constant.

3.2 Fully anchored leading stud

Shear walls with a fully anchored leading stud, i.e. walls where the end stud at the load-
application-point is fully anchored to the substrate, can be designed according to the
principles given in section 2.2.1. For a shear wall consisting of four sheets, the force
distribution can be chosen as in Figure 6. In the upper part of the figure, the external and
internal forces acting on the frame members are shown. In the lower part of the figure, the
internal forces acting on the sheets are shown. All timber members and all sheets are in
force and moment equilibrium. The force distribution corresponds to a pure shear flow.
From a horizontal equilibrium equation for the top rail, the racking resistance H of the shear
wall is obtained as

H=f1 (6)

where [ length of the wall

fo

From a vertical equilibrium equation for the leading stud, the anchorage force F, is

plastic fastener capacity per unit length of timber member

obtained as
F,=f,h )

The load case shown in Figure 6, is identical to the case where a diagonal force is applied
on a shear wall with no anchorage of the leading stud.
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Figure 6: IForces acting on the timber frame and the sheets in the case of a fully
anchored leading stud.

3.3  Fully anchored bottom rail - no vertical loads

A shear wall where the bottom rail is fully anchored to the substrate will now be studied.
The leading stud is assumed to be completely free from the substrate and the framing joints
are assumed to not transfer any tensile forces. The forces acting on the wall in the ultimate
limit state are assumed to be distributed according to Figure 7. The forces acting along the
lower part of the wall are shown in a section immediately above the bottom rail and
represent the sheathing-to-timber joints. The factor i opens for the possibility of using
reduced strength properties when the fastener forces act perpendicular to the sheet edges. If
nothing else is said, it is assumed that g = 1 in this paper. The notation [, s used to

indicate that this length of the wall is fully effective for horizontal load transfer.
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Figure 7: Forces acting on a shear wall in the case of a fully anchored bottom rail.



Moment equilibrium around the lower right corner of the wall diaphragm gives

, L+,
Hh=pf,d=1,)C") (8)
Force equilibrium in horizontal direction gives
H=fl, 9
By mtroducing the notation
bl (10)
h
and using equations (8) and (9) the effective wall length can be calculated as
Ly = /( ! [+ (1)2 - Ij (1D
Voo o
The anchorage force is obtained as
Fo=uf,U~1;) (12)

It is easy to show that this anchorage force is always less than the anchorage force f, h

corresponding to a fully anchored leading stud according to equation (7). This means that
the transferred shear flow between the sheets and the frame members is always less than the
plastic fastener capacity f,. The shear wall in Figure 7, will consequently work as a rigid
body and the load-carrying capacity is determined by the plastic failure mechanism along the
bottom rail.

By studying the force and moment equilibrium of the individual sheets in Figure 7, it is
obvious that the proposed model will only work if compressive forces are transferred
between the adjacent sheets, Since one of the basic assumptions of the simplified model was
(see section 3.1) that the vertical studs can only transfer shear forces parallel to the timber
members, the compressive forces must be transferred by direct contact between the sheets.

An alternative way of analysing shear walls with a fully anchored bottom rail is to assume
that no compressive forces can be transferred between adjacent sheets. This leads (o a stress
distribution of the type shown in Figure 8. The force and moment equilibrium of each sheet
is studied starting from the left end of the wall (see the right part of Figure 8). The unknown
quantities b, , , H and V| are determined using the equations (9)-(11) and replacing I by 5.
When the force and moment equilibrium of the second sheet from the left is studied the
force V, must be considered in the equations. For further details see equation (15) in
section 3.5. The load-carrying capacity of the shear wall is obtained as the sum of horizontal
forces acting on the top of the sheets.

The calculated effective wall length I, according to equation (11) is given in Table 1 for

shear walls built up of different number of sheets. As is evident from equation (11), the
distance /-1, over which the anchorage force acts is always less than /. For the case of no

contact between the adjacent sheets, the lengths [, and [—{, are shown in the two last

columas of Table 1. The load-carrying capacity of a shear wall is only slightly lower if it is
assumed that there is no contact between the sheets.
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Figure 8: Fully anchored bottom rail. Force distribution in the case of no contact
between the sheets.

Table 1: Lffective wall lengths in the cases of contact and no contact between the
sheets (h/b=2 and g=1).

Number of sheets Contact No contact

lcﬂ‘ I~ lcjf' [ aff - lcf]‘
l 0,24 b 0,76 b 0,24 b 0,70 b
2 0,835 1,170 0,79 b 1,21 5
3 1,615 1,39 b 1,514 1,49 b
4 2,470 1,53 b 233D 1.67 b
5 3,39 b 1,615 3,22°h 1,78 b
6 4,32 b 1,68 b 4,15 b 1,855

3.4 Not anchored boftom rail - vertical loads

Vertical loads in the form of dead load have normally a large influence on the load-carrying
capacity of shear walls. The distribution of these loads depends to a large extent on the
rigidity of the structure above the wall. If that structure is flexible the loads will be relatively
uniformiy distributed over the wall. If the structure is rigid the loads will be concentrated to
the uplift points of the shear wall.

A shear wall with no vertical anchorage and with distributed vertical loads V according to
Figure 9 is studied. In the upper part of the figure the external and internal forces acting on
the frame members are shown. In the lower part of the figure the internal forces acting on
the sheets are shown. For small loads V, the shear flow in all sheathing-to-timber joints will

be less than the plastic shear flow f, and the shear forces can be determined by

systematically analysing the equilibrium of each sheet from the left to the right in the figure.
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Thus, the horizontal force components acting on the top and bottom of the sheets are
obtained by studying the moment equilibrium of each sheet. The studied load case in Figure
9 is of course trivial as long as the plastic shear flow f, has not been attained in any point.

The wall will in this case work as a rigid body and the load-carrying capacity  of the shear
wall can directly be determined by studying the moment equilibrium of the whole wall.

If the plastic shear flow is attained in a point within the shear wall the calculations become
more complicated. The force distribution within the previously investigated shear wall Is in
Figure 10 shown for the case when the plastic shear flow has just been attained in the whole
of the sheet furthest to the right. The two vertical loads V furthest to the right are now
transferred directly to the substrate since the sheet can not carry any more loads. The wall
consisting of the three sheets to the left will work as a rigid body while there will be a
plastic failure mechanism in the sheet furthest to the right. The load-carrying capacity H is
calculated by summation of the horizontal forces acting on the top of each sheet.

In order to simplify design of shear walls it is possible to produce diagrams of the type
shown in Figure 11. Relationships between load-carrying capacity H and vertical load V are
given for shear walls assembled of 1 to 4 sheets. The bold lines in the small figures indicate
where the plastic shear flow f, has been attained in the sheathing-to-timber joints.
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Figure 9: Forces acting on the timber frame and the sheets in the case of no vertical
anchorage. The plastic shear f, flow has not been attained.
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Figure 10: Forces acting on the timber frame and the sheets in the case of no vertical
anchorage. The plastic shear flow f, has been attained in the sheet furthest to the
right.

Vifoh

Iigure 11: Relationships between load-carrying capacity H and vertical load V in the
case of no anchorage. All studs are loaded, /b = 2 and y =1. The progress of
plastification in the walls is indicated by the bold lines in the small figures.
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3.5 Fully anchored bottom rail - vertical loads

The shear wall in section 3.3 will now be analysed when a vertical load is acting on the
leading stud. The assumed forces acting on the wall are shown in Figure 12. The vertical
load V can be expressed by the factor J defined as

sV
f » h
The case f= 1 corresponds to a fully anchored leading stud. A moment equation around the
lower right corner of the wall gives

(13)

‘ [+ f«;f
Hh=Vi=pf,d=1y)C ") (14)
From the equations (9), (10}, (13) and (14) the effective wall length is obtained as
[, = g(‘ 1+ (1)3 + 216 - 1} (15)
) ¥ o7 o au

The value of the factor £ in equation (15) may not be larger than unity. If § < I then the
expression within parenthesis in equation (15) will always be less than unity. This means
that the transferred shear flow between the sheets and the studs is always less than the
plastic shear flow f, . An alternative design procedure would have been to systematically

study the moment equilibrium of each sheet from the left end of the wail to the right one, as
in section 3.3.

Relationships between the load-carrying capacity H and the vertical load V are given in
Figure 3 for shear walls consisting of different number of sheets. It is assumed that the

depth-to-width ratio of a sheet #/b = 2 and ¢ = 1. For V = 0 the same racking load is
obtained as was given in Table 1.
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Figure 12: Forces acting on a shear wall in the case of a fully anchored bottom rail
and a vertical load on the leading stud.
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Figure 13: Relationships between load-carrying capacity H and vertical load V in the
case of a fully anchored bottom rail. Only the leading stud is loaded, ii/b = 2 and p =1.
The small figures indicate the number of sheets in the shear walls.

We will now study a load case where the vertical load V acting on the leading stud has been
replaced by a vertical load V acting on each stud according to Figure 14, The forces are
assumed to be transferred in the same way as previously was described. This means that it is
assumed that the plastic shear flow has not been attained along any of the vertical studs.
Consequently for the sheathing-to-timber joints furthest to the right, the shear force must
fulfil the condition

i, d=1,)+0, DV <[, h (16)
where 71, =number of vertical loads V.

Now the moment equilibrium of the shear wall can be expressed as

i . [+1,

Hh— 1y Vo /lfp (] — ]{ﬁ )() (17)
2 2

By introducing the factor

o= v (18)

f ., h
and using the equations (9), (10), (17) and (18) the effective wall length is obtained as
Ly =] (- 1)2 PR (19)
- Vo o QU

If condition (16) is not fulfilled, the expression for the effective length [, becomes fairly

complicated. In such cases, a reasonable approximation is to determine [, according to

14



equation (19) for those vertical loads where plasticity starts in the different sheets and then
use linear interpolation between these points. The relationship between load-carrying
capacity H and vertical load V from such a calculation is presented in Figure 15 for a shear
wall consisting of 4 sheets. As a comparison the results from a calculation with a shear wall
without vertical anchorage are shown. The bold lines in the small figures show where a
plastic shear flow has been attained in the sheathing-to-timber joints.
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Figure 14: Forces acting on a shear wall in the case of a fully anchored bottom rail
and vertical loads on all studs.
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Figure 15: Relationships between load-carrying capacity # and vertical load V. The
upper curve refers to the case of a fully anchored bottom rail. The lower curve refers
to the case of no anchorage. All studs are loaded, /b = 2 and p =1. The progress of
plastic flow in the walls is indicated by the bold lines in the small figures.
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4  Experimental work

4.1 Tests of shear walls

Some introductory racking tests of shear walls have been conducted, where the influence of
different kind of anchorage and load configurations has been investigated. A few tests of
shear walls with openings were also conducted but the results of those will not be reported
here. The test results are preliminary and need to be further evaluated.

A specification of shear walls tested is shown in Table 2. All walls tested consisted of four
sheets of fibreboard fastened to a timber frame where the centre distance between the studs
was 600 mm. The supplier of the medium density {ibreboard was Masonite AB 1 Sweden.
The thickness of the fibreboard was 8,0 mun and the size of the sheets was 1200 x 2400 mm.
The dimension of the frame members was 45 x 120 mm and the timber quality corresponded
to C24.

For the sheathing-to-timber connections, annular ringed shank nails of dimension 50 x 2,3
mim were used. The nails were attached by a handheld nailing gun. The distances between
the fasteners were 100 mm along the perimeter of the sheets and 200 mm along the vertical
centre lines of the sheets. The nominal edge distance was 11,25 mm along the vertical studs
and 22,5 mm along the bottom and top rails. For each framing joint two annular ringed
shank nails of dimension 90 x 3,1 mm were used. These nails were applied in the gramn
direction of the vertical studs.

The horizontal load was applied by a hydraulic jack in line with the top rail except for the
first test specimen where the load was applied diagonally. A deformation speed of 8
mm/min was used. This corresponds to a time to failure of about 5 munutes. The vertical
loads were applied manually by hydraulic jacks. The test specimens were prevented from
slipping along the substrate by a horizontal support that was in contact with the end of the
bottom rail.

Some observations regarding the tests should be given. The positions of the nails deviated in
many cases considerably from the nominal ones. This resulted sometimes in splitting of the
frame members due to small edge distances. In other cases local edge failures occurred
around some of the nails in the fibreboard. The behaviour of the sheathing-to-timber joints
was often somewhat brittle. The nails were sometimes torn to pieces.

After the testing of the first three walls it was observed that there had been some contact
between one of the sheets and the support. It is possible that this had a slight effect on the
load-carrying capacity of the walls.

Some test results are presented in Table 3. Measured load-carrying capacities are given in
the second column. Test specimen | served as a reference test for the other tests. The load
was in this case applied in the diagonal direction of the wall diaphragm but the horizontal
load component is given in the table. Using equation (6), the plastic shear flow is obtained
as f,= 51,7/4,8 = 10,8 kN/m. In the third column of the table, the theoretical load-
carrying capacities are given. The simplified model in section 3 has in this case served as a
basis for the expressions. The calculated load-carrying capacities in the fourth column of the
table have been obtained by inserting numerical values in the expressions. Finally, in the last
column of the table, the ratios between measured and caleulated load-carrying capacity are

shown.,

16



Table 2: Specification of shear walls tested

Test wall L.oad configuration Anchored bottom rail | Vertical load V [kIN]
1 = No
Ao
2 - Yes
3 — Yes
No framing joints
4 EREREEREEE Yes 1,29 (0,057, k)
5 WRERSREREE Yes 3,23 (0025f, 1)
6 EREERNENEE No 6,46 (0251, h)
7 —t Yes 12,9 (0,501, h)

Table 3: Measured and calculated load-carrying capacities,

Test wall Load-carrying capacity H —
eedetdated
Measured Theoretical Calculated
[kN] [kN]
1 51,7 4,00 f,b 1,00 (reference)
2 33,2 247 f,b 31,9 1,04
3 29,4 2,47 f,b 31,9 0,92
4 50,1 2,86 f,b 37,0 1,35
5 52,5 322 f,b 41,6 1,26
6 48,2 3,25 f,b 42,0 1,15
7 53,1 3,29 f,b 42,5 1,25

The difference between test specimen 2 and 3 was that the nails in the framing joints were
removed along the bottom rail in specimen 3. The reason for doing so was to study the
influence of the frame member connections on the load-carrying capacity. The tests indicate
these joints contribute to about 10 percent higher load-carrying capacity.
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The obtained ratios between measured and calculated load-carrying capacity are according
to Table 3 in the range between (0,92 and 1,35. The lowest ratios are obtained for those test
walls that are not subjected to any vertical load. A possible explanation is that these walls
are subjected to high tenstle forces in the sheathing-to-timber connections along the bottom
rail, which might lead to more brittle failures.

5  Design aspects

The transfer of forces within a shear wall is strongly dependent on how the timber frame
and the sheet material are assembled and how the diaphragm is connected to the
surrounding structures. Of particular interest is the anchoring of the shear wall to the
substrate.

The presented simplified model is based on the assumption that the sheathing-to timber
joints have a plastic behaviour. In reality there will almost always be parts of the shear wall
that have a somewhat brittle behaviour. It is, however, important that the brittle failure
modes do not dominate the behaviour of the structure. Brittle failure modes can oceur as a
consequence of

- small edge distances for the fasteners

- small distances between the fasteners

- brittle material properties of the fasteners
- bad anchorage of the bottom rail

- openings in the shear wall

6 Conclusion

The basic principles of a simplified plastic model for design of incompletely anchored wood-
iramed shear walls have been presented. The model can be used if the sheet material is fixed
by mechanical fasteners and if these sheathing-to-timber joints show plastic behaviour. The
model can only be applied on static loads in the ultimate limit state.

Some introductory tests of shear walls have been conducted where the bottom rail was
completely fixed to the substrate or free with respect to vertical displacements. Some of the
tests included vertical loads The test results indicate that there is a reasonable agreement
between measured and calculated load-carrying capacities,

The model explains the structural behaviour of incompletely anchored wood-framed shear
walls and is suitable for calculations by hand. The model can be used to analyse the
influence of 3-dimensional load transfer within a building.

7 Future work

The simplified method has so far only been checked against some introductory experiments.
The intention is to repeat these experiments with specimens that have been manufactured
under more controlled conditions.
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The behaviour of a shear wall is to a large extent governed by the anchorage of the bottom
rail. In most of the tests performed so far the bottom rail has been completely fixed to the
substrate. Results from tests performed under more realistic boundary conditions are
needed.

In order to consider the 3-dimensional behaviour of a timber framed building, more data is
needed regarding the mechanical properties of the joints between different diaphragms
within the building.

When shear walls are tested brittle failure modes can often be observed. It is important to
give design rules that reduce the occurrence of such types of failure.

In this paper the simplified model has only been applied on walls without openings. Some
work has already been done in order to extend the model to include the influence of
openings, but the model must be developed further in this respect.

Finally there is a need to develop more diagrams and tables that can facilitate a structural
design.
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The effect of the moisture content
on the performance of the shear walls

Shiro NAKAJIMA
Building Research Institute, JAPAN

1 Abstract

Plywood sheathed or OSB sheathed shear walls were constructed by the 2X4-construction
system and tested in two environments, 20°C, 65% R.H. and 20°C, 90% R.H. to clarify the
effect of the moisture contents on the racking strength and stiffness of the shear walls.
The nail joints of the shear walls and the sheathing materials were also test in the two
environments to clarify the effect of the moisture contents on the strength and deformation
properties of the nail joints and the panel shear properties of the sheathing materials. The
reduction of the yield strength of the plywood sheathed shear walls after being conditioned
in the atmosphere of 20°C and 90% R.H. was 15% and that of the OSB sheathed shear
walls was 10%. The test results suggested that the durability of the shear walls against
water might not be adequately evaluated by the current evaluation method.

The yield strength and the initial stiffness of the shear walls were estimated from the
strength and stiffness properties of the nail joints and the sheathing materials. The results
of the calculation suggested that the simplified calculation method described in the 2X4
designers’ manual does not sufficiently predict the effect of the moisture contents on the
performance of the shear walls.

2 Introduction

The moisture contents of wooden materials and components affect on the strength and
stiffness properties of the joints and the shear walls of wooden structures (Arima et.al.
1981). In most cases the strength and stiffness properties of the joints and the shear walls
are evaluated from the test results of the test pieces that are conditioned in the standard
condition, temperature 20°C and relative humidity 65%. Wooden structures are used
under various humidity and temperature. And the performance of the joints and the shear
walls of these structures should be properly evaluated according to the conditions in which
they are used.

On the other hand the species or the grades of the lumbers that compose the shear walls
will affect on the performance of the shear walls, The effect of the performance of the
materials on the performance of the shear walls should also be clarified to enable the
optimal use of the materials.

“Methods for stipulating the allowable stress, and elastic modulus of framing and
sheathing materials” were announced in 1998 by the former Ministry of Construction
(Japan 2X4 Home Builders Association, 1998). Three service classes, service class 1,
service class2 and service class3 were proposed at that time.

Service class 1 is the environments in which structural members are directly exposed to the
outside or could be perpetually exposed to moisture. The representative temperature and



relative humidity for this service class are 20°C and 95%. Service class 2 is the
environments in which structural members are indirectly exposed to the outside or could be
intermittently exposed to moisture as sheathing materials of exterior wall, roof or floor.
The representative temperature and relative humidity for this service class are 20°C and
85%. Service class 3 is the environments other than those of service class 1 and 2. The
representative temperature and relative humidity for this service class are 20°C and 65%.
The above-mentioned methods require structural materials and components to be tested
according to the conditions they are used.

In Japan the allowable shear strengths of the shear walls constructions by the 2X4-
construction system were decided by analyzing the test data of the series of shear wall tests
conducted in 1975 (Building Research Institute 1975). In the process of calculating the
allowable shear strengths of the shear walls, the strength modification factors were
multiplied to the shear strength to give safety factors for the durability issues of the
sheathing materials against water. Table 1 shows the values of these strength
modification factors. Most of these values were derived from the test results of the lateral
nail resistance test of the nailed joints. The strength reductions of the nailed joints after
experiencing three cycles of wet and dry procedures were mainly considered when
deciding the values for the modification factor. The modification factors were not
directly derived from the test data of the shear walls.

Table 1 The shear strength modification factors for sheathed shear walls

Sheathing Type Modification factor
Plywood 9mm in thickness 1.00
Plywood 7.5mm in thickness 1.00
Insulation board 12mm in thickness 0.75
Particleboard 12mm in thickness 0.85
Hard board 5mm in thickness 0.65
Hard board 7mm in thickness 0.90
Hard cement particle board 12mm in thickness 0.75
Gypsum board 12mm in thickness 0.75

As there are limitations in the capacity of the testing facilities in most cases it is difficult to
condition full size shear walls in a certain atmosphere. And of course it is quite difficuit
to conduct a full size shear wall test in a chamber controlled to a certain temperature and
humidity. For these reasons the durability of the shear walls against water should be
evaluated from the durability performance of the composing materials and joints. The
object of this research is to evaluate the performance of the shear walls and estimate the
effect of the moisture contents on the performance of the shear walls from performance of
the nail joints and the sheathing panels.

3 Testing

3.1  Racking test of shear walls

3.1.1  Test specimens

Figure 1 shows the size and assembly of the shear walls. The types and grades of the
materials are also described in this figure. The shear walls were 2460mm in height and
948mm in width and sheathed with 9.0mm thick CSP plywood panels (JAS Grade S-2) or
9.5mm thick OSB panels (JAS Grade S-4).

The moisture contents and the specific gravidity of the structural lumbers and the sheathing
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Figure 1

panels were measured before assembling the test specimens.
the lumbers composing every test specimens were controlled so that there would be no
significant difference among the average specific gravidities of the lumbers composing

each test specimen.

The test specimens were assembled following the specification stipulated in the
Notification no.56, “Establishment of technical standards for ensuring structural safety of

Size and assembly of the shear wall test specimens.
The specific gravidities of

wood frame construction (Ministry of construction, 1982)”.

3.1.2  Testing methods

10 plywood sheathed test specimens and
10 OSB sheathed test specimens were
tested to evaluate the racking strength and
stiffness. Half of the test specimens
were conditioned in a chamber controlled
to 20°C and 90% R.H and another half of
test specimens were conditioned in a
chamber controlled to 20°C and 65% R.H.
The relative humidity 90% was chosen
considering the maximum controllable
relative humidity of the chamber.  So the
temperature 20°C and relative humidity
90% dose not exactly represent the
environment of the service class 1. This
temperature and  relative  humidity
represent the intermediate circumstance of
service class 1 and service class 2. All
test specimens were controlled in the
chamber until the change of the mass of

Support Beam

Figure 2  Test set-up for the racking test.
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the sample test specimens (fumbers, oo
plywood panels and OSB panels) S ——

over 24 hours were less than 1%. L
160 |-

The shear walls were tested to
evaluate their racking strength and
stiffness under cyclic loading,
The loading schedule is shown in

00 |-
YT [EE———
200
-250

displacement({mm)
<

figure 3. The loading schedule 0 2000 4000 6000 800D 10000
follows the ISO TC165 protocol time{sec)
for joints (ISO/DIS 16670). The Figure 3  Loading Schedule.

ultimate deformation of the test

specimens was experimentally known to be approximately 125mm. A single cycle
reversed-cyclic load was applied at 1.25%, 2.5%, 5.0%, 7.5% and 10.0% levels of the
ultimate deformation. And three cycles of reversed-cyclic load was applied at 20%, 40%,
60%, 80%, 100%, 120% (continue) level of the ultimate deformation. The loading
velocity was approximately 80mm/min.

The load was applied to the top girder of the test specimens. Figure 2 shows the details of
the test setup. Lateral load was applied to the shear walls using the tie rods. The
horizontal movements of the test specimens were measured at the top, bottom and middle
of the walls and the lateral movements of the test specimens were measured at the bottom
of the studs. The relative movement of the sheathing panels against the framing members
and the strain of the sheathing panels were also measured to evaluate the slip of the nail
joints and the deformation of the sheathing panels.

3.2  Panel shear test of panels Load

3.2.1 Test specimens L o Bpec'menn )

20 pieces of plywood panels and OSB panels were tested (2gmm hlck plywood)
to evaluate their panel shear modulus of rigidity and panel
shear strength. Figure 4 shows the size and shape of the
test specimens. The panel size is 600mm in length and

400mm in width. The size and shape of the test °
specimens almost follow the regulation stipulated in the

final draft of prEN 798 (Final draft prEN 789 1995). =

After bonding two sets of rails on both sides of the panels Displacement

the test specimens were conditioned in a chamber. Half

of the test specimens were conditioned to constant mass in Load

an atmosphere of temperature 20°C and relative humidity Hoq-2804198 )

65% and half of them were conditioned in an atmosphere Figure 4 Test spemmflans
of temperature 20°C and relative humidity 90%. gﬁ;ﬁi‘g{me

30 pieces of gypsum boards were tested in the same way. One-third of them were
conditioned in an atmosphere of temperature 20°C and relative humidity 65% and another
one-third of them were conditioned in an atmosphere of temperature 20°C and relative
humidity 80%. The rest of the test specimens were conditioned in an atmosphere of
temperature 20°C and relative humidity 90%.

3.2.2  Testing methods
The testing methods stipulated in Annex B of the final draft of prEN 798 was used as the
testing method. The load was applied in a constant rate and the maximum load was



reached within about 300 seconds. The deformation of the test piece was measured at the
center on each side of the test piece, using transducers.

3.3 Reverse-cyclic test of nail joints

3.3.1  Test specimens

Three types of nail joint test specimens, S S s T
plywood connected to the stud (204) by 1 8
nails (CN50), OSB connected to the stud —1 \ B
(204) by nails (CN50) and gypsum board Nl (50 or GNF40) S““‘““I‘g Pansl  Lumber204
connected to the stud (204) by nails T T
(GNF40) were tested to evaluate the _
performance of the nail joints. Figure 5 '
shows the size and shape of the test
specimens. The size of the sheathing
materials was 250mm in length and
100mm in width. The sheathing materials were nailed on the edge-wise sides of the stud
(204) with four nails.

| 200 . oo 33200 200

Figure 5 Test specimens for the reverse-
cyclic test of nail joints.

20 test specimens were prepared for every nail joints type. After nailing the sheathing
panels to the studs the test specimens were conditioned in a chamber. Half of the
plywood nailed test specimens and OSB nailed test specimens were conditioned to
constant mass in an atmosphere of temperature 20°C and relative humidity 65% and half of
them were conditioned in an atmosphere of temperature 20°C and relative humidity 90%.
And half of the gypsum board nailed test specimens were conditioned in an atmosphere of
temperature 20°C and relative humidity 65% and half of them were conditioned in an
atmosphere of temperature 20°C and relative humidity 80%.

3.3.2 Testing methods

Both ends of the studs (204 lumber) were connected to the testing equipment and the
reverse-cyclic load was applied to the test specimens. The loading schedule followed the
ISO/DIS 16670 protocol. The slip between the sheathing materials and the studs were
measured, using transducers.

4 Results and discussion
4.1 Moisture condition of the test specimens
During conditioning the test specimens the
weight of the samples of the 204 Iumber,
plywood and OSB were monitored.
Figure 6 shows the weight increase ratio of
each sample. The samples conditioned in
an atmosphere of temperature 20°C and

h
o

{—o— Lumber 204 (Dry)
| ——Plywood (Dry) |
0= OSB (Dry)

+ Lumber 204 (Wez)i
-~ Plywood (Wer)

Weight Increase Ratio (%)

: o o ~a- 0SB (Wet)
relative humidity 65% had no significant I
weight increase (or decrease). The weight 0 5 10 15 20 25 80 35 40
of the samples conditioned in an Conditioning Period (days)

atmosphere of temperature 20°C and
relative humidity 90% increased in the first
15 days and the weight became almost
constant after conditioning 30days. The weight increase ratio of the plywood and the
OSB was around 20% and that of the lumbers was around 12%. The moisture contents of
these materials after conditioned in the humid atmosphere were almost 25%.

Figure 6 Weight increase ratio of the
sample test specimens.



4.2 Test results of the racking tests of shear walls
The  typical load -  true
displacement curves of the shear
walls are shown in figure 7. The
true displacement d,,,, is calculated
by the following formula;

disp, - disp, :‘

wxh &71/I

L

12— 5 12

=

Load{kN)
=

Load({kN)
=

=
[

drme = displ - dispz -

—_— 1 .12 H H } : :
( ) 130 0 150 1‘-2150 0 150

Trua dispiacement{imm) True displacemert(mm}

h is the height of wall o
(2450mm), (a) CSP (20°C, 65%R.H.) (b) CSP (20°C, 90%R.H.)

w is the width of the wall L) R S 12
(910mm). RN

disp, is the displacement
measured by transducer no.
n.

The first reversed cycles were used

to derive the envelope curves. | @ T ; "

The strength properties and the 150 0 150 150 0 150

deformation pI'OpCI'tiCS Of the shear Trua displagament{mim) True displacement(mm)

walls were evaluated from the (¢) OSB(20°C, 65%RH.) (d) OSB (20°C, 90%R.H.)

envelope curves. Yield strength Figure 7 Representative load - true displacement

(P,), yield deformation (D), curves of the shear walls.

ultimate strength (P,), ultimate

deformation (D,) and initial

where,

f=2N
f=2N

iy

Load{kN)
=]

Load{kN)
=

<
L=

.Pmlx

/ Uitiate Strength Py
M.

stiffness (K) were derived using the i 4 = YL
calculation methods shown in _ | // Skatton curve '
figure 8. § Py {fftoila Stiength Py

10,4 Emax . i . .
The test results of the plywood 'xsmmsm:pwoﬁ L R
sheathed shear walls and the OSB A L

Dy Du

sheathed shear walls are
summarized in table 2 and table 3.
The average P,, D,, P,, D, and K Figure 8  Calculation methods for P, D, P,, P,
and their coefficient of variation and K.

are tabulated in both tables,

Displacement

The weight of the shear walls increased more than 10% after being conditioned in the
atmosphere of 20°C and 90% R.H. The increase ratio was almost same between the
plywood sheathed shear walls and the OSB sheathed shear walls. The thickness swelling
of the two materials was not same and the thickness swelling of the OSB panels was more
than 20% when that of the plywood panels was less than 10%.

The reduction of the yield strength of the plywood sheathed shear walls after being
conditioned in the atmosphere of 20°C and 90% R.H. was 15% and that of the OSB
sheathed shear walls was 10%. The reduction of the ultimate strength was 13% for the
plywood sheathed shear walls and 9% for the OSB sheathed shear walls. The reduction
of the initial stiffness of the plywood sheathed shear walls was 21% and the initial stiffness
of the OSB sheathed shear walls increased 5% after being conditioned in the atmosphere of



20°C and 90% R.H. As mentioned above the strength modification factors for the
plywood sheathed shear walls is 1.00 and that for the OSB sheathed shear walls is 0.85.
The effect of the repetitive dry and wet condition and other factors should be considered
before making a conclusion though the modification factor 1.00 for plywood seems to be
too high and the modification factor 0.85 for OSB seems to be too conservative.

The reduction of the ultimate deformation was 5% for the plywood sheathed shear walls
and 8% for the OSB sheathed shear walls.  The ductility of the plywood sheathed shear
walls and the OSB sheathed shear walls seems to be almost same in both dry and wet

conditions.

Table 2 Summary of the test results of the plywood sheathed shear walls.

(1) 20°C, 65% (2) 20°C, 90% 1eY)]
Weight (kg) 3424 (4.2%) 38.56 (4.8%) 1.13
Panel thickness (mm) 925 (1.1%) 991 (1.7%) 1.07
Py (kN) 570 (3.8%) 4.85 (3.5%) 0.85
Dy (mm) 11.01 (6.3%) 11.79 (9.1%) 1.07
Pu (kN) 893 (2.7%) 7.72 (4.7%) 0.87
Du (mm) 94.44 (2.9%) 89.88 (4.5%) 0.95
K (kN/cm) 525 (5.0%) 4.17 (7.4%) 0.79

Note: The figures shown in the parenthesis are the coefficient of variation.

Table 3 Summary of the test results of the OSB sheathed shear walls.

(1) 20°C, 65% (2) 20°C, 90% (2)y/(1)
Weight (kg) 39.68 (3.7%) 44.02 (5.2%) 1.11
Panel thickness (mm) 9.85 (1.4%) 12.04 (4.0%) 1.22
Py (kN) 595 (6.6%) 536 (8.7%) 0.90
Dy (mm) 9.43 (11.3%) 8.25 (19.9%) 0.88
Pu (kN) 942 (3.2%) 8.57 (7.8%) 0.91
Du (mm) 92.25 (9.0%) 84.57 (11.5%) 0.92
K (kN/cm) 6.39 (5.8%) 6.70 (17.1%) 1.05

Note: The figures shown in the parenthesis are the coefficient of variation.

As the failure mode and the
yield mode of the nailed
joints would affect on the
yield strength and the
ultimate strength of the shear
walls the failure mode of
each nail joint was recorded
after the test.  Figure 9
shows the occurrence of each
failure mode. The punching
out failure mode seems to be

more dominant when the test specimens are in the wet condition.

20°C, 65%
(Fyw ood)

20°C, 90%
{Pyw ood)

1 B Complete punching out |
lm incomplete punching out%;
,'; Up lifting of the panels
‘ :

1) f :
20°C, 65% [ 1 | m Nall pull through

(0SB}

20°C, 90%
(0SB}

@ No damage o

0% 20% 40% 60% 80%
Qceurrence ratio (%)

Figure 9  Failure mode of the nail joints.

And the nail pull

through failure mode secems to be dominant when the test specimens are in the dry

condition.

4.3

Test results of panel shear test of plywood, OSB and gypsum board

The load - shear deformation curve of the panel shear tests of the plywood, OSB and
gypsum board are shown in figure 10 and the test results are summarized in table 4 and 3.
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Figure 10 Load - shear deformation curve.

The panel shear strength was calculated from the following formula:
F_ . cosl4®

£ 7 @
where:
F,,. is the maximum load.
[ is the length of the test specimens.
t is the thickness of the test specimens.

The panel shear modulus of rigidity was calculated from the following formula:
_0.5¢cos14%(F, - F),

Gp (e, —u)it ®)

where:

F,-F, is the increment of load on the straight-line portion of the load-deflection curve.
And F, is approximately 10% and F, is approximately 40% of the maximum load
Fma.x‘

u,-u, isthe increment of deflection corresponding F,- F),,

{ is the length of the displacement meter or gauge.

The reduction of the panel shear modulus of rigidity due to the wet condition was 24% for
plywood and 43% for OSB and the reduction of the panel shear strength was 24% for
plywood and 23% for OSB. Both sheathing materials particularly OSB becomes more
ductile when it is in a wet condition.

No reduction of the panel shear modulus of rigidity of gypsum board was observe when
the board was conditioned in the atmosphere of 20°C, 80% R.H. and 23% reduction was
observed when the board was conditioned in the atmosphere of 20°C, 90% R.H. The
panel shear strength of the gypsum board was reduced to 15% after conditioned in the
atmosphere of 20°C, 80% R.H. and 44% after conditioned in the atmosphere of 20°C, 90%
R.H.



Table 4 Summary of the panel shear properties of plywood and OSB.

Conditioning atmosphere

Properties Material (1)20°C, 65% (2) 20°C , 90% (2)/(1)
Shear modulus of rigidity ~ Plywood 0.46 ( 7.6%) 0.35 (15.0%) 0.76
(Gpa) OSB 1.65 (13.7%) 0.94 (13.1%) 0.57
Shear strength Plywood 4.11 (9.2%) 3.11(11.0%) 0.76
(MPa) 0SB 8.30 (7.7%) 6.40 ( 7.9%) 0.77
Increase ratio of weight Plywood 1.0(9.7%) 9.2 (5.4%) -
(%) 0SB 1.1 (18.1%) 8.7 ( 4.0%) -

Note: The figures shown in the parenthesis are the coefficient of variation.

Table 5 Summary of the panel shear properties of the gypsum board.

Conditioning atmosphere 2yA 3N

Properties 3 505C. 65% () 20°C, 80% _ (3) 20°C, 90%

Shear modulus

of tigidity (Gpy  000(16:6%)  069(174%)  053(100%) 100 077
She"z‘;ﬁfgﬂgm 107(7.6%)  091(13.4%)  0.60(10.4%) 085  0.56
Increase ratio o
ofweiant (7 083(23%)  3I1(40%)  6.63(37%) . .

Note: The figures shown in the parenthesis are the coefficient of variation.

Table 6 Summary of test results of the reverse-cyclic test of nail joints.

Conditioning atmosphere

Properties Material (1Y20°C. 65%  (2) 20°C, 00%" 2)/(1)
Plywood 461 (11.0%) 534 (5.2%) 1.16
P, (N/nail) OSB 516 (22.4%) 644 ( 7.2%) 1.25
Gypsum board 206 (12.2%) 210 (11.6%) 1.02
Plywood 739 (12.5%) 923 (4.6%) 1.25
P,(N/nail) OSB 807 (24.1%) 989 ( 8.6%) 1.23
Gypsum board 331 (13.7%) 316 ( 9.2%) 0.95
Plywood 6470 (12.8%) 6380 (24.1%) 0.99
K (N/cm/nail) OSB 8680 (28.2%) 14400 (24.0%) 1.65
Gypsum board 2370 (27.1%) 3850 (17.6%) 1.62
Plywood 0.75 (22.1%) 0.94 (24.4%) 1.25
D, (mm) OSB 0.63 (20.6%) 0.48 (9.2%) 0.76
Gypsum Board 0.94 (27.2%) 0.58 (16.0%) 0.62
Plywood 12.1 (10.7%) 11.6 (10.6%) 0.96
D, (mm) 0SB 13.4 (18.6%}) 12.5 ( 9.0%) 0.93
Gypsum board 12.5 (14.1%) 12.4 (21.1%) 0.99
Increase ratio l(’)lggood gg }gg
of weight(%) Gypsum board -1.0 - 3.0 - -

Note: The figures shown in the parenthesis are the coefficient of variation.
* ‘Gypsum board - nail - stud’ test specimens was conditioned in the atmosphere of 20°C,

80%R.H.



4.4 Test results of reverse-cyclic test of nail joints

The first reversed cycles were used to derive the envelope curves, The strength properties
and the deformation properties of the nail joints were evaluated from these envelope curves.
Yield strength (P,), yield deformation (D,), ultimate strength (P,), ultimate deformation
(D,) and initial stiffness (K) were derived using the calculation methods shown in figure 8.

The test results are summarized in table 6. The yield shear strengths of the plywood nail
joints and the OSB nailed joints in the wet condition (condition in the atmosphere of 20°C,
90%R.H.) were almost 10% higher than the yield shear strengths measured in the normal
condition, Similar test results was reported in 1975 (Arima et.al, 1975), 1t was reported
that the lateral nail resistance of the plywood increased almost 20% after immerged in the
water at normal temperature for 24 hours and the lateral nail resistance of the particleboard
increased almost 10% after the same treatment. Thickness swelling of the materials or
the physical changes of the materials is considered to be the reason for this but the
conclusion should be based on further research works.

4.5 Estimation of P, and K of the shear walls

The shear strength and the initial stiffness of the plywood sheathed shear walls and the
OSB sheathed shear walls were estimated from the simplified calculation method
described in the 2X4 designers’ manual (Japan 2X4 Builders Association, 1998).

The yield strength was calculated from the following formula:
P an’x’ xS$ T (4)

yeal = ¥
where:
P

veal is the calculated vield strength of the shear walls.
P

il is the yield strength of the nail joints.

5 is number of the nails calculated from the following formula:

d = minimum{m-1, (n-1) ‘w/h}

where:

m is the number of the nails nailed either on the left or right edge of the
shear wall,

n is the number of the nails nailed either on the top or bottom edge of the
shear wall.

w is the width of the shear wall.

h is the height of the shear wall.

The initial stiffness was calculated from the following formula:

1 2xh 1 h h
= X +— + - (5)
Kt Ko h(m = 1) w (" - l)) Gwt
where:
K., is the calculated initial stiffness of the shear walls.
K, is the initial stiffness of the nail joints.

G is the panel shear modulus of rigidity of the sheathing materials.
t is the thickness of the sheathing materials.

The results for the plywood sheathed shear walls are summarized in table 7. The
reduction of the initial stiffness of the shear walls due to the wet condition could be
predicted by the simplified calculation method but the reduction ratio was no well
estimated. And the reduction of the yield strength due to the wet condition could not be
predicted by the simplified calculation method. The characteristic of the nail joints

10



should be reviewed before making a conclusion but roughly speaking the simplified
calculation method described in the 2X4 designers’ manual seems not to be a good
predictor to evaluate the effect of the moisture contents on the shear walls.

Table 7 Summary of the results of the calculation.

. Conditioning atmosphere
Properties (20°C, 65%  (2) 20°C, 90% /(D)
Moasured 5.70 4.85 0.85
Py (kN) caiculated 4.44 5.15 1.16
Measured 5.25 4,17 0.79
K {(kNfem) -, culated 5.66 5.05 0.89
5 Conclusion

The reduction of the yield strength, ultimate strength and initial stiffness of the plywood
sheathed shear walls after being conditioned in the atmosphere of 20°C and 90% R.H. was
15%, 13% and 21%. The reduction of the yield strength and ultimate of the OSB
sheathed shear walls after being conditioned in the atmosphere of 20°C and 90% R.H. was
10% and 9%. And the initial stiffness of the OSB sheathed shear walls increase 5% after
conditioned in the atmosphere of 20°C and 90% R.H. The current modification factor for
the water durability issues of the shear walls should be reviewed as 1.00 for plywood
seems to be too high and 0.85 for OSB scems to be t00 conservative.

The reduction of the panel shear modulus of rigidity due to the wet condition was 24% for
plywood and 43% for OSB and the reduction of the panel shear strength was 24% for
plywood and 23% for OSB. Both sheathing materials particularly OSB becomes more
ductile when it is in a wet condition.

The yield shear strengths of the plywood nail joints and the OSB nailed joints in the wet
condition were almost 10% higher than the yield shear strengths measured in the normal
condition. Thickness swelling of the materials or the physical changes of the materials is
considered to be the reason for this but the conclusion should be based on further research
works,

The reduction of the initial stiffness of the shear walls due to the wet condition could be
predicted by the simplified calculation method but the reduction ratio was no well
estimated. The reduction of the yield strength due to the wet condition could not be
predicted by the simplified calculation method. The simplified calculation method
described in the 2X4 designers’ manual seems not to be a good predictor to evaluate the
effect of the moisture contents on the shear walls.
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A Ceccotti commented that that the 2% damping is only for the test specimens. For structural
design of real structures, 5% damping would be appropriate because other energy dissipation
components might not be considered in the test specimens.

M Yasumura agreed,

8 Dujic commented that the suggested 2% damping should be mode! dependent. A sophisticated
hysteretic model can use this.

M Yasumura agreed and suggested that for the simpler model higher damping level should be
used.

P Gilos questioned the loading rate effect on nail joints.

M Yasumura stated that the nail joints test showed higher loading rate effects compared to shear
wall tests. This can be explained because the speed of each nail in a wall test and the
displacement of each nail in a wall tests were not always the same as those in the individual nail
test. In the wall test the speed referred to the movement between the fop of the wall and the
support.

L Daudevile asked and received clarification on the relationship between energy dissipation versus
the loading rate.






Evaluation of damping capacity of timber structures

for seismic design

Motoi YASUMURA
Department of Forest Resources Science, Shizuoka University, Japan

1. Introduction

Linear equivalent response method is one of the seismic design methods to ensure the structural
safety of buildings against severe earthquake motion. This design method was introduced to
Japanese new building codes in June 2000, Different from the equivalent energy method, it does
not need the behavior factor (q) which depends on a lot of experiences and highly engineering
judgements. The major parameter required for the linear equivalent response method is a force-
displacement relationship and the equivalent damping of the structure. The equivalent viscous
damping ratio obtained from the static reversed cyclic test is generally applied to determine the
equivalent damping of the structure.

The structural behavior of wood-framed construction against horizontal loads is highly
dependent on those of shear walls. Therefore, monotonic and reversed cyclic loading tests were
conducted on wood-framed shear walls to obtain the parameters for determining the hysteretical
model of shear walls. Pseudo-dynamic test was also conducted on the same type of shear walls
and the experimental results were compared with the calculation by non-linear earthquake
response analysis and the equivalent linear response analysis.

Viscous damping is one of the issue difficult to determine. In general damping factor of 2 t05%
1s assumed for dynamic analysis. In this study, high-speed loading test was conducted to
determine the damping factor of wood-framed shear walls. It was found that the loading rate has
an effect on the lateral resistance at the horizontal displacement of 10 to 70mm, but it makes no
influence on the load carrying capacity of shear walls,

2. Specimens

Specimen had wooden frames of 1.82m and 2.44m height sheathed with ¢.5mm thick spruce
plywood on one side as shown in Fig 1. Sheathing materials were connected to frames of
nominal two-by-four lumbers of S-P-F Standard with JIS A5508 CN50 nails (50.8mm length
and 2.87mm diameter). Nails were spaced 100mm in the perimeters of a sheet material and
200mm on the central support. Studs were spaced 455mm and connected to bottom and double
top plates with CN90 nails (88.9mm length and 4.11mm diameter). End studs were doubled and
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Fig.1 Specimen for static and pseudo-dynamic test

connected each other with CN75 nails (76.2mm length and 3. 76mm diameter) spaced 300mm.

3. Test methods

3.1 Static test

The bottom plates of wall panels were connected to 89mm by 89mm sill and steel foundation
with four bolts of 16mm diameter. Double top plates were connected to 89mm by 89mm girder
with four bolts. Two hold-down bolts HDB15 were applied to both ends of wall connected to
the studs with three bolts of 12mm diameter and one was applied at the top of end studs to
connect to 4-by-4 western hemlock girder located at the top of wall. The monotonic and
reversed cyclic loads were applied at the end of girder by a computer-controlled actuator, and
horizontal and vertical displacements of wall were measured by electronic transducers. One
specimen was subjected to the monotonic loading, and then two were tested under the reversed
cyclic loading based on the loading protocol as (CEN, 1997),

3.2 Pseudo-dynamic test

Pseudo-dynamic tests were conducted on the same type of shear walls as mentioned above by
using two seismic accelerograms with different magnitudes. Accelerograms were based on the
records of N-S components of 1940 El Centro and 1995 JMA Kobe. The accelerograms were
linearly scaled to have the maximum acceleration of 0.4 and 0.6g in El Centro NS and 0.4 and
0.5g in JIMA Kobe NS. The damping factor and mass were assumed as 2% and 5000kg
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respectively for all the specimens.

The loading system was the same as static test except that each displacement increment of the
actuator was calculated on line based on the previous load response.

3.3 High-speed test

To investigate the influence of loading rate on the mechanical properties of shear walls, high-
speed tests were conducted on wood-framed shear walls. Loading system was the same as the
static tests except that the loading girder of four-by-four was replaced by four-by-eight. Lateral
forces were applied at the end of girder with the constant velocity of 0.05mm/sec. and
500mm/sec. Lateral force was applied in one direction until the horizontal displacement attained

to 180mm. Three specimens were tested for each velocity.

4. Dynamic analysis

4.1 Hysteretical model
A hysteretical model as shown in Fig.2 was assumed for the dynamic analysis of wood framed

structures. This model includes;

1) Loading on the primary curves up to the maximum load
2) Loading on the primary curves over the maximum load
3) Unloading from the peak on the primary curve

4) Reloading with soft spring

5) Reloading toward the previous peak with hard spring

6) Unloading from the inner peak

7) Reloading toward the peak without slips

(Xm,Ym)
P\ (Dm,Pm)

Fig.2 Hysteretical model for wood-framed shear walls



The parameters were determined from the experimental results of the reversed cyclic loading
test of shear walls. The primary curves up to the maximum load (1) and those over the
maximum load (2), are expressed as follows;

P=(P,+Cx)l-e %) M
P =Pm - CJx - Dn @

The primary curves over the maximum load was obtained as the straight line determined by the
drawn through the points corresponding to Pmax and 0.8Pmax.

Unloading stiffens (3) and the reloading stiffness toward the previous peak (5) were based on
the inclination of the straight line determined by the drawn through the origin and the peak on
the primary curve (k0). Reloading stiffness with soft spring (4) was based on the inclination of
the straight line determined by the drawn through the peak on the primary curve and the
crossing point of the X-axis.

3)
kJk=CXm +1
kolk, =1 - Cxm - x, [ )

=C, X 1
k. [k L Xm + )

4.2 Time-history earthquake response analysis

Time-history earthquake response analysis was conducted on the wood framed shear walls.
Single-degree-of-freedom lumped mass model was applied. The input earthquake ground
motions were based on the records of N-S components of the 1940 El Centro and the 1995 IMA
Kobe. The accelerograms were linearly scaled to have the maximum acceleration of 0.4 and
0.6g for El Centro NS and 0.4 and 0.5g for JIMA Kobe NS, The damping factor and mass were
assumed as 2% and 5000kg respectively for all the specimens.

4.3 Equivalent linear response analysis

Equivalent damping was obtained by comparing pseudo-dynamic test results and equivalent
linear response analysis. Linear response was calculated by using the stiffness giving the
maximum response in pseudo-dynamic test with different damping factor, and the damping
factor that gave the same maximum response in pseudo-dynamic test was obtained for each

specimen.

5. Results and discussions

5.1 Comparison of non-linear analysis and pseudo-dynamic test results
Figure 3 show the comparison of horizontal displacement response between non-linear time-

4
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Fig.3 Comparison of displacement response between non-linear analysis and Pseudo-

dynamic test results

history earthquake response analysis and pseudo-dynamic test results. They show that the
calculated displacement response by non-linear analysis agreed comparatively well with the
experimental results except for that of JMA Kobe NS scaled to 0.5g. In the response with JMA
Kobe NS 0.5g, the shape of response resembled each other but the simulated results slipped
upward.

Figure 4 shows the comparison of force-displacement relationships at the top of wall between
non-linear time-history earthquake response analysis and pseudo-dynamic test results. They
show that the calculated force-displacement relationships by non-linear analysis agreed also
comparatively well with the experimental results. In the response with JMA Kobe NS 0.5g, the
simulated lateral force tended to be smaller than the experimental results. This is because we
apply the reversed cyclic test results to simulate the envelop curves where the effects of cyclic
loading is significant in a large displacement.

5.2 Effects of loading rate

Figure 5 shows the load-displacement relationships at the top of the shear wall at the loading
rate of 0.05mm/sec. and S00mm/sec. The figure shows the average value of three specimens.
There were little difference in load-displacement relationships up to 10mm between loading rate
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Fig.4 Comparison of load-displacement relationships between non-linear analysis and
Pseudo-dynamic test results

of 0.05mm/sec. and 500mm/sec. As the displacement increased, the specimen of the loading
rate of 500mm/sec. showed higher load than that of loading rate of 0.05Smm/sec. As the load
approached the maximum, the difference of lateral loads between the specimens of loading rate
of 0.05mm/sec. and 500mm/sec.was quite insignificant.

Figure 6 shows the viscous damping (c) obtained by comparing test resuits of 0.05mm/sec. and
500mm/sec.loading, and Fig.7 shows the damping factor (h} for each displacement calculated
by the equation (6) assuming mass (m) equals to 5000kg. Viscous damping (c) increased as the
displacement increased and showed the maximum value at the horizontal displacement of
35mm. Then it decreased gradually and became null value at the displacement of 100mm. The
damping factor calculated with the mass of 5000kg showed similar tendency. It showed the
value of 2.5% at the displacement of 10mm, the maximum value of 5.5% at the displacement of
35mm, and null value at the displacement of 100mm.

These results indicate that we can expect 2 to 5% damping factor up to horizontal displacement
of approximately 70mm (story drift of 1/35), but we can not expect viscous damping at a large
deformation in wood-framed shear walls.



5.3 Equivalent viscous damping
ratio

Figure 9 shows the equivalent viscous
damping ratio obtained from the second
and third cycles in reversed cyclic loading
test. Equivalent viscous damping ratio
obtained from the second and third cycles
10% the
displacement was comparatively small. It

was approximately when
increased as the displacement was larger,
and showed maximum value of 18% at
of

Equivalent viscous damping (heq) of

the peak displacement 110mm.

plywood sheathed shear wall is expressed
by the following formula;

_ 01516 6
h,,=0.1062(D/D)*** ()

where, D and Dy are the horizontal

displacement  and yield displacement
(Dy=10mm).

5.4 Equivalent linear response
analysis

Damping factor for the equivalent linear
response was obtained by comparing linear
time history earthquake analysis and
pseudo-dynamic test results. Figure 10
shows the damping factor calculated by
the linear response analysis that gave the
same maximum response as pseudo-
dynamic test result, and the equivalent
viscous damping ratio obtained from the
second and third cycles in reversed cyclic
test. Damping factor obtained from the
comparison of linear response and

pseudo-dynamic  test  results  was
approximately 15% regardless of seismic
input and magnitude except for JMA

Kobe 04g. In JMA Kobe 04g, the

Load (kKN)
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obtained damping factor was somehow much larger than equivalent viscous damping. This
results shows that the equivalent linear response method represents well the non-linear seismic

response in general, however special consideration should be taken for some kind of seism.

6. Conclusions

Simulation by Non-linear time-history earthquake analysis agrees comparatively well with
pseudo-dynamic test results. This kind of model is appropriate for predicting seismic behavior
of wood-framed shear walls. Equivalent linear response method using equivalent viscous
damping ratio also gives generally good approximation to determine the maximum
displacement response, however special consideration should be take for some kind of seism.
High speed test of shear walls showed that we can expect 2 to 5% damping factor up to
horizontal displacement of approximately 70mm (story drift of 1/35), but we can not expect

viscous damping at a large deformation in wood-framed shear walls,
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H J Biass asked how were the beams graded for the thickness.

| Totev answered that they were cut.

J Kénig stated that the knots on the edge should be positive effect.

| Totev agreed but stated that if the knots had been located originally away from the edge, the
burnt member might have knots nearer to the edge.

J Kénig asked about the load level in relation to the code.

| Totev clarified that the load level was related to Bulgaria standard.

A Jorrissen commented on the low Coefficient of Determination <0.5 in Figures 8 and 9.

i Totev agreed and stated only 15 specimens were used.

J Kénig commented that the charring depth was found to be greater on the tension side in this
paper; this meant state of stress had some influence on the charring rate. However, the Swedish
tesis (7 years ago} showed state of stress did not have influence on charring rates.

| Totev stated that the tension side might have caused some of the char to fall of and might expose
more wood to the fire.






Influence of the Strength Determining Factors on the
Fire Resistance Capability of Timber Structural
Members

Ivan Totev, Dimitar Dakov
University of Architecture, Civil Engineering and Geodesy, Sofia, Bulgaria

1. Introduction

The main objective of this research is to obtain data for the influences of the strength
determining {actors on the fire resistance of softwood beams, subjected to bending. It was
researched the relationship between growth rate and chamring rate. It is easy to be
established the number of growth rings. It allows rapid approximate assessment of the fire
resistance through relationship between growth rate and charring rate.

Knots and fissures are important factors for assessment of the behaviour of the timber
elements in fire conditions as well.

2. Loading on beams and parameters recorded during the tests

The tests were carried out in the Laboratory of the Faculty for fire and accidental safety of
Higher iinstitute for training of officers and scientific activity of Ministry of Internal
Affairs. Leaning of the beam over furnace’s borders and loading is shown in Figure 1. The
loading consisted of two concentrated forces applied to the beams to the third points of
their effective span of 2320 mm.

714 ~i 12 ~i 774
T T L
S| ododod
. )
] A
[/ zgj 2 //]
1550 1am
2326 ram

Figure 1 Test layout

The specimens were exposed three sides to heating condition satisfying standard
temperature-time curve;

0y = 345.10g10.(8.t+1) +20° [°C] (1)

where O, - gas temperature in furnace;



t - time [min]

[t was recorded during the test:

e deflection of the beam under the loading at room temperature;

e temperatures were recorded at three points in furnace and at 8 different points into the
beam every 2 minutes [1]:

Either fracture or deflection greater than 10 c¢m (1/23 1) was adopted as the end of the fire
resistance.
Basic dates for the beams and some test results are given In Table 1.

Table 1 Beams data and test results

Ne b h g n E, by Iy Ling Pe Bb Bh Bh.l BSLI
mm | mm kg/m3 MPa | mm | mm | min | min mm/sec;mm/sec|mm/secmm/sec

! 2 3 4 3 6 7 3 9 10 11 12 13 14
1| 124 1201 477 10| 9580 84.2| 96.9; 3.4 32.00 0.62] 0.72| 0.70! 0.81
20 99 130] 419 10| 9820 63.6/106.6] 2.5\ 35.7. 0.50] 0.66; 0.53, 0.70
31921 931 430] 7| 11590 67.4| 79.5| 3.2) 16.0] 0.77] 0.84. 0.96; 1.05
40 1100 111p 367, 5] 6850 79.3] 91.9| 3.5, 234| 0.66| 0.82) 0.77] 0.96
5 119] 125 3790 5] 7430| 88.3|103.5) 3.3] 2397 0.64 0.90 0.75] 1.05
6] 901 97| 473 14]16000{ 64.7| 81.1} 2.0] 24.7} 0.51| 0.64] 0.56] 0.70
70 114 118 399, 10| 7370; 89.9| 954 3.3 20.8] 0.58] 1.09/ 0.69 1.30
8 1031 97/ 392 § 8830, 77.8] 73.9/ 3.8] 19.3] 0.65| 0.88) 0.81] 1.10
90 112) 117, 409 71107707 89| 98.7, 3.3] 18.8) 0.61| 0.97] 0.74] 1.18
10; 87, 88] 371 3| 66900 6421 73, 2.9 15.0{ 0.76] 1.00, 0.94| 1.24
L 115) 1207 442) 8 8100; 93/107.2] 2.8 20.3] 0.54 0.63] 0.63] 0.73
12 104; 1090 4231 6, 12000 794/ 927 33| 20.8; 0.59 0.82] 0.71] 0.98
13 98| 96| 382 5/ 8400 79.8; 78.4| 3.0[ 20.0| 0.46] 0.88) 0.54] 0.74
14\ 114; 951 453] 11} 13750 78.7| 59.3| 3.0} 28.0| 0.63] 1.04] 0.71] 1.17
15| 94, 97| 384] 8 10680] 68| 77.3] 4.0 21.6| 0.60; 0.66] 0.74] 0.8l

3. Analyses of test results

3.1 Causes which govern the limit of fire resistance

3.1.1 Deflection criterion

Ten centimetre deflections were reached by three beams - Ne 1, Ne 10 and Ne 14. This
deflection was reached by beam Nel after 32 minute. Beam Nel had high modulus of
elasticity and density. Its knot and fissures complied with quality-class grade according to
DIN 4074 [2] and grade 50 by BS CP112 [3]. The beam Nel0 had low modulus of
elasticity and reached deflection of 10 ¢m after 15 minute. The beam Nold was similar to
the beam Nel and had 28 minutes fire resistance.

3.1.2 Different types of destruction
The rest 12 beams can be divided into three groups according to main reason for their
destruction:

* knots were the cause for fracture in 9 cases — some of them given in Figure 2, 3 and 4



Figure 2 Fracture of beam Ne 3

Figure 3 Fracture of beam Ne 7

Figure 4 Fracture of beam Ne 15

¢ the fracture of two beams was induced by fissures with width of 5 mm. Beam No12 is
given in Figure 5.

Figure 5 Fracture of the beam No 12

* the fracture of beam Ne5 was caused by separation of the pith from the rest part of the
cross section — Figure 6



Figure 6 Fracture of the beam Ne 5

3.2 Relationship between modulus of elasticity, charring rate and growth
rate.

3.2.1 Relationship between growth rate and modulus of elasticity
The tests results allowed to establish relationship between growth rate and modulus of
elasticity. Correlation between these two parameters is shown in Figure 7. The following
relationship was established trough linear regression:

E=4551 +669. n (2)

where E —modulus of elasticity;

n — number of the growth rings per 25 mm.

£ 20000 -
= »
- 15000 : . 2.
5 .
= 10000 5 - - $ _‘_ ..
E 5000 ‘ . 7:E=668.91n+4550_._7f .
% ' R? = (.4449
5 7 9 11 13 15

n - number of growt rings /25 mm

Figure 7. Relationship between the number of growth ring per 25 mm and modulus of elasticity &

The correlation coefficient for this relationship is 0.67, which is due to the limited number
of tests.

3.2.2 Relationship between growth rate and charring rates.

The charring rate B was calculated according to ENV 1995 -1-2 [4] without reducing the
fire resistance with time to ignition. The charring rate on bottom edge of the beam is
greater than the charring rates on the two faces. In {5], [6] and {7] the authors explained
th's effect with the stress distribution — the greater the stresses — the greater the charring
rates are. We suppose that the level of strains is important, too. The strains produce
intensive fracture of the charcoal layer and thus the thermal protection of the bottom of the
beam is diminished and charing rate is speeded up.

Bh =(h-h)/Ps (3)



Bo=(b—by/Pr (4)

where 3, and Py, are the charring rates on the bottom and lateral sides of a beam;
b and h — width and depth of the initial cross section of the tested beam;
by and hy — width and depth of the section after the fire test;

Pr— fire resistance — duration of the fire test.

We can define precisely the charring rate when we take into account the real period when
wood is on fire. This period starts after the ignition of the beam.

The chasring rates 1 and P are defined when the time of ignition is taken into account:
Bin=(-h)/(Pr-ting) (3a)
Pia=(~b)/Pr-tny) (4a)
where 3y, and (31, are charring rates on bottom and lateral sides of a beam;
b and h — width and depth of the initial cross section of a tested beam;

brand hy— width and depth of the section after the fire test;

Py — fire resistance - duration of the fire test

The relationship between the growth rate and 3, and By, are presented in Figure 8 and
Figure 9.

The following relationships are obtained using linear regression:

B1v=0.89 - 0.023.n

(6)

Bry=1.29-0.0385.n {7)
The correlation coefficient is about 0.5,
B4 =-0.023.n+0.8043
& 2
= R =0.2097
g 1 S
& 35— : —__
Nol
0 5 10 15

n - number of growt rings per 25 mm

Figure 8. Relationship between the number of growth rings per 25 mm and charring rate B,
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Figure 9 Relationship between the number of growth ring per 25 mm and charring rate 3y,

3.3 Assessment of the knot influence on the fire resistance

The knots are the basic strength-reducing factor. The knots, which are situated near by the

bottom of the beams, are particularly unfavourable. In BS CP112 the term “margin knots”

is introduced for knots, which are situated outside of the central half of the lateral faces of

the beam. There is the stronger limitation for their sizes. There is no similar differentiation

for knots according their position in DIN 4074. The effective section after the fire tests is

smaller than the initial one. That lead to increasing the relative influence of the knots and

they get closer to the dangerous end areas.

Grading were carried out according both DIN and BS CP112 for all beams before and after

the tests. The results were :

¢ five of the beams did not changed their grades in both standards after the test;

¢ five of them changed their grade after the test when one of the standards was used and
kept its grade when other was used;

¢ the last five beams changed grades after test in both standards.

Influence of re — grading was checked out by comparative calculations of fire resistance.

These calculations are performed using following assumptions:

» an overall load reducing coefficient =2 ;

¢ diminished load-bearing capability of the remaining part of the cross section was
assessed by the simplified method with B, and with the sophisticated method with
reduced strength;

‘The resulis of these calculations compared with fire resistance reached in the tests are

shown in Table 2. Values displayed in column 5 and 6 are calculated without re-grading

the beams after the tests. Generally, all predictions are relatively close to the tests results.

However, the using of re-grading technique in some crucial cases of beams with many

knots gives more accurate prediction than conventional methods do.

The fire resistance is influenced by the distance between the bottom edge of the beams and

knots t, (Figure 10). These distances and their corresponding fire resistance of 6 beams

whit the shortest t; are shown in Table 3. It seems that the value of the distance [mm] is

close to the value of the fire resistance [min]. Because of a limited number of data it is not

possible to do quantitative assessment of the relationship between the distance t, and the

fire resistance..



Table 2 Comparison of experimental fire resistance with calculated ones.

Fire resistance [in minutes] obtained by
simplified method reduced strength method
experiment re-grading  jwithout; re-grading |without
DIN | Bs |9 pNy | Bs ['&9&
ding ding
Ne P Prai Py, Py Pr P P2
1 2 3 4 5 6 7 8
I 32 30 30 30 34 34 34
2 36 24 20 20 30 24 30
3 16 15 15 15 18 20 18
4 23 24 24 24 30 30 30
5 24 30 30 30 34 34 34
6 25 20 20 20 24 24 24
7 21 28 28 28 32 32 32
8 19 15 20 20 20 24 26
9 19 20 20 24 26 26 32
10 15 15 18 18 18 24 24
11 20 20 22 22 24 26 32
12 21 18 24 24 24 24 24
13 20 15 22 22 18 26 26
14 28 18 20 24 20 24 26
15 22 22 t5 22 26 20 26
Table 3 Comparison of distance t, with fire
resistance
o e . NG 5
T 3 16 16
4 15 23
Figure 10 Distance from edge to a margin knot > 20 24
8 17 19
9 10 19
13 14 20

4. Conclusions

Relationships are obtained between the number of growth rings, charring rates and the
modulus of elasticity. Estimations for fire-resistance of exiting timber structures are
possible because it is easy to determine the number of growth rings. The distance between
the knots and bottom edge of the beam is a useful bit of information about expected fire-
resistance. Re-grading of the beams helps us in carrying out the correct assessment
Methods that predict fire resistance based on data about growth rate, disposition and size of
knots and fissures could be developed. They could be employed by insurance companies
when assessing the fire risk of existing timber structures.
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H J Blass asked whether EC 5 part 5 will have only one simplified method.

J Kdnig answered no, The project team made a proposal but it was rejected.

R Marsh asked why not apply an adjustment factor to the current method.

J Kinig answered keeping the reduced properties method would be more logical and accurate.
More importantly accurate values to be used in the method would be critical.

A Jorissen questioned about structures exposed to real fire.

J Kénig answered that standard fire scenario was used as real fire would be too complicated.

R Marsh agreed that this was only an indicative method and could not be used to deal with real fire
situations.
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Summary

The Fire Part of Eurocode 5 gives the option of using methods of different complexity for
the determination of the uncharred residual cross section and the reduction of strength and
stiffness parameters. By using advanced methods of heat transfer calculations, using the
thermal properties of wood and the char layer given in Draft prEN 1995-1-2, it 1s shown
that the notional charring rates given in the code are reasonable, allowing the designer to
disregard corner roundings. This paper gives the background of the different methods for
the reduction of strength and stiffness. Advanced calculations using the thermo-mechanical
properties of timber given in Draft prEN 1995-1-2, show that the reduced cross section
method gives fairly accurate results for members in bending, while it is unsafe in relation to
the advanced method for members in compression or tension. The reduced properties
method, however, 1s unsafe for members in bending, compression and tension.

1 Introduction

The Fire Part of Eurocode 5 (ENV 1995-1-2) gives simplified rules for the determination of
the uncharred residual cross section and the reduction of strength and stiffness parameters.
For the determination of the charring depth, an increased charring rate is used in order to
take into account the effect of increased charring at cross-section corners. Following a
proposal by Konig (1998), in Draft prEN 1995-1-2 this charring rate is called the notional
charring rate.

For the reduction of strength and stiffness parameters, in both ENV 1995-1-2 and Draft
prEN 1995-1-2 two simplified methods are given:

1. reduced cross-section method

2. reduced properties method.

While in the reduced cross-section method the reduction of the strength and stiffhess
properties is replaced by an equivalent reduction of the cross section (that is a so-called
zero-strength layer is introduced), the reduced properties method, in general, is more
applicable and precise by giving modification factors for strength and stiffness parameters.

The first method using a reduced (or effective) residual cross section gives lower
mechanical resistance than the second one using reduced properties. The reason is that the
methods are based on different assumptions. The intention of the second method was to be



more precise, and that the designer should get a bonus by using it instead of the first more
simple one. Kénig (1998) argued for preference of the reduced properties method and
proposed to skip the reduced cross-section method in the code.

In the following, the basis of both methods is discussed. Performing an advanced analysis
using thermal and thermo-mechanical properties given by Konig et al. (2000) and Kiillsner
et al. (2000), now introduced in an informative annex of Draft prEN 1995-1-2, for some
specific cross sections new modification factors for fire are derived and compared with the
simplified methods.

2 Notional charring rates

2.1  Values of Eurocode 5

The Fire Part of Eurocode 5 gives two charring rates (using the notation of Draft prEN

1995-1-2):

e The basic charring rate [ for one-dimensional charring (i.e. one-dimensional heat
transfer)

o The notional charring rate B, including the effect of increased charring adjacent to
corners of the cross section and fissures often occurring in solid timber sections.

The notional charring rate should be the preferred alternative for designers since it i$ not
necessary to take into account the corner roundings when calculating cross section
quantities such as area, section modulus and second moment of area.

For softwood, L.e. solid and glued laminated timber, the charring rates are given in table 1.

Table 1 — Basic and notional charring rates for softwoods

/80 ﬂn /Bn/ ﬂ()

mm/min mm/min
Glued laminated timber 0,65 0,7 1,08
Solid timber 0.65 0.8 1,23

The main fields of application of the basic charring rate are glued laminated timber decks
where the heat flux is one-dimensional, and very large cross sections when the corner
roundings are taken into account separately.

In solid timber cross sections heat flux is predominantly two-dimensional. In small cross
sections as they are used in timber frame construction, the effect of corner roundings
becomes important in an early stage of the fire exposure. While small timber frame members
normally are kiln-dried such that the effect of fissures on charring can be neglected, this is
normally not the case regarding large solid timber members where the effect of fissures can
be considerable.

2.2  Calculations

A thermal analysis was performed as described by Kiillsner et al. (2000) of timber cross
sections fire exposed on four sides with the following sizes:

200 mm x 800 mm



140 mm % 300 mm
100 mm x 200 mm
45 mim % 120 mm

The first two of these cross sections would normally be glued laminated beams, while the
last two would be typical solid timber members. The element size of the grid used in the
thermal analysis was 2,5 mm.

The temperature at the char-line was assumed as 300°C and the residual cross section was
determined for specified times of fire exposure. The calculations showed that the charring
depth of the narrow sides was somewhat greater than the charring depth of the wide sides.
For each of these residual cross sections a notional charring depth was determined such that
the section modulus W and second moment of area I respectively of the simplified
rectangular (notional) cross section were the same as for the “real” residual cross section.
Calculating W and 7 the element size of the grid was 1,25 mm. The results are shown in
figure 1 as the ratio of charring rates f, and [ versus time.

1,6 ;
o = =~EC 5 solid timber
1.5 Oe EC 5 glulam '
* g ; B G140 x 300; W
BiBe 1.3 A S100x200; W
g 1 ® S45x120;W
T TTAT T R T T T T T 6 G200X800; |
O G140 x300; |
11 _ - a A $100x200; |
- v ¥ 3 o S45x120;!
0 10 20 30 40 50 60

Time [min]

Figure 1 — Charring rate ratios vs. time: Comparison of calculated values with
Eurocode 5 for solid (S) and glued-laminated (G) timber cross sections exposed on
four sides

The results show that the choice of notional charring rates of Eurocode 5 is a reasonable
simplification. Drying fissures in the wood, that can be expected in cross sections of solid
timber of size 100 mm x 200 mm and more, were not modelled. Such drying fissures would
cause increased charring adjacent to the fissures, giving somewhat higher values than
calculated. Several of the data points for cross section 45 mm x 120 mm seemn to give non-
conservative results, however they are based on charring depths of more than ten
millimetres and should be beyond limit of interest. Normally failure would occur after 10
minutes. Since such small cross sections normally are kiln-dried, they would not suffer from
drying fissures, which would require additional increase of the notional charring rate.



3 Reduction of strength and stiffness parameters

3.1 The reduced cross section method

The reduced cross section method adopted by ENV 1995-1-2 was presented by Schaffer et
al (1986). The effect of temperature within a zone of about 40 mm below the char layer was
replaced by a zero-strength Jayer, while the remaining part of the residual cross section was
assumed to exhibit unreduced strength and stiffness. Using the criterion of equal section
moduli, the thickness of the zero-strength layer was calculated as 0,3 inches (7,6 mm). The
value adopted by Eurocode 5 (ENV 1995-1-2) was 7 mm. It was assumed that this
reduction is fully effective after 20 minutes, and that the thickness of the zero-strength layer
increased linearly during the first 20 minutes of fire exposure.

In the calculation by Schaffer et al. (1986) strength and stiffness profiles in the member
adjacent to the char layer according to Schaffer (1984) were used, see figure 2 which is a
reconstruction from Schaffer (1984).

% —O—Tensile strength
L

B —O~ Compressive

_g strength

2 &= Modulus of

Q: L.Glasticity

G 10 20 30 40 50 60

Distance from charline [mm]

Figure 2 - Relative modulus of elasticity and compressive and tensile strength vs.
distance from char-line (Reconstructed from Schaffer, 1984)

The curves were derived from temperature-dependent values of strength and modulus of
elasticity, using the temperature profile in the wood, and were corrected with respect to the
influence of the moisture content profile. The curves have a minimum at a distance of about
20 to 25 mm below the char-layer, where the temperature in the wood is about 100°C.
Closer to the char-layer the values are increasing again due to the drying of the wood before
they reach minimum values at the char-line,

3.2 The reduced properties method

The reduced properties method (in ENV 1995-1-2 called reduced strength and stiffness
method) 1s based on the strength and stiffness values provided by Glos et al. (1990) and was
mtroduced in DIN 4102 Part 4 (1994). While DIN 4102 uses relationships of reduction
factors of properties as a function of the mean temperature in the residual cross section,
ENV 1995-1-2 uses relationships between the reduction of properties, i.e. the modification
factor for fire kyea i, as a function of the section factor p/A,

where

Iz perimeter of the fire exposed sides of the residual cross section in m

A, area of the residual cross section in m>.



The reason of this modification, made in analogy to design rules used for steel structures,
was to prevent potential confusion about the difference of mean temperatures of a cross
section and local temperatures in cross sections described by temperature profiles.

3.3 Calculations

Using the reduction of mechanical properties given in annex B of the first draft of prEN
1995-1-2 for compressive and tensile strength! and modulus of elasticity, for the cross
sections of section 2 modification factors for fire kueas were calculated for cross sections
exposed on four sides for bending, tensile and compressive strength. As above in 2.2, for
the geometrical and mechanical properties analysis the element size of the grid was 1,25
mm. The strength properties of the members used in the calculation are shown in table 2.

Table 2 — Properties of members used in the calculation

Member size | Strength | Bending Local Local tensile Strength
class strength | compressive strength ratio
strength

.ﬁ“ fC .fl fC/.ft

mm X mm N/mm’ N/mm* N/mn?
200 x 800 GL 32h 36,8 44 36,8 1,20
140 x 300 GL. 32h 39,4 44 39.4 1,12
100 > 200 C30 37,5 44 37,5 1,17
45 x 120 C 30 39,2 44 39,2 1,12

Since in prEN 1995-1-2 the strength for fire design is based on the twentieth percentile of
the strength at normal temperature, the fifth percentile values were multiplied by 1,15 for
glhulam and 1,25 for solid timber. Further, the size factor according to prEN 1995-1-1 was
used, given as

a1
k, = [—6—?&} for glued Jaminated timber (h
1
0,2
k, = [I‘rﬂ) for solid timber. (2)
1

The simplified strain-stress relationship according to figure 3 was used, where /. 1s the clear
wood compressive strength, see Konig ct al. (2000).

The clear wood compressive strength of spruce and pine is normally in the range from 40 to
50 N/mm?®. From Thunell (1941), for wood with a moisture content of 12 %, the following
relationship between compressive strength £, in N/mm’ and dry density po, in kg/m® can be
derived, see figure 4:

£ =0114p-9 ®)
Here the local compressive strength was taken as 44 N/mm®. Since the bending strength

values are smaller than 44 N/mm®, no plastic flow occurred at normal temperature.
Therefore, the tensile strength of the beams was put equal to the bending strength.

I'The co-ordinate of the temperature-tensile strength relationship given as (100; 0,63) should be changed to
{100; (,65), which is the correct result of the calibrations reported in the background literature.
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Iigure 3 — Simplified strain-stress relationship for wood
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Figure 4 — Compressive strength vs. density according to Thunell (1941)

The calculated strength reduction factors were compared with those according to the
reduced properties method and the reduced section method, see figure 5. Using the reduced
cross section method, the reduction of strength of the residual cross section was expressed
as the ratio Wo/W, where W, and W,; are the section moduli of the residual cross section and
the effective residual cross section respectively.

The load ratios, see figure 6, were calculated as

% = I;[; Koot (reduced properties method) )
and

R
M "_Vl_ & = & (reduced cross section method) 4)
R wWWwW W

respectively where the first term is the effect of charring and the second term is the effect of
strength reduction.

The results show that, with the exception of the initial phase of the fire exposure, the values
of the reduced properties method are higher than the values according to the reduced cross
section method, as anticipated in ENV 1995-1-2.
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Figure § — Comparison of calculated (advanced method) modification factors for fire
in bending with values according to reduced properties method (RPM) and reduced
cross section method (RCSM) of ENV 1995.1-2 for exposure on four sides
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Figure 6 — Load ratio vs. time for bending. Comparison of calculated (advanced
method) values with values according to reduced properties method (RPM) and
reduced cross section method (RCSM) of ENV 1995-1-2 for exposure on four sides



Comparing the results of the reduced cross section method with the calculated values
according to the advanced method, it can be seen that the assumption of 7 mm as the
thickness of the zero-strength layer is reasonable, see figure 5. For small cross sections such
as 45 mm x 120 mm, however, it would be better to assume that the reduction by 7 mm is
fully effective earlier than after 20 minutes. The second curve shown in figure 5 (dotted) is
shown assuming a linear increase to 7 mm during the first 15 minutes of fire exposure. For
cross sections of size 45 mm x 120 mm also the experimental results by Norén (1988) are
shown, where L and H refer to timber of low and high grade respectively, see below. For
other cross sections, no test results are available in literature, since normally no cold
mechanical properties of specimens have been determined.

From the graphs of figure 6, showing relationships between the load ratio and time, it can
be seen that the differences between the different methods are not as pronounced as in
figure 5, since the effect of charring is dominating. For cross sections of size 45 mm x 120
mm also the experimental results by Norén (1988) are shown.

For cross sections in bending, in figure 7, the calculated modification factor for fire are
compared with the values of ENV 1995-1-2. It is obvious that the section factor p/A,,
representing a measure of the degree of heating, is not an adequate parameter describing the
physics well, see discussion below.

B 1 Bendingl
0,8 = 7 T,
0,6 —h—200x800
Ko 04 - 140 x 300
T E - —4—100x200
0.2 — e 7O 4B X120
0 -

0 20 40 60 80 100 120
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Figure 7 — Modification factor for fire versus section factor — Comparison of
calculated values with ENV 1995-1-2. The figures in the graph refer to time of fire
exposure

Comparing the fire performance of timber members with and without knots, Norén (1988)
found that timber quality has a very small effect on fire resistance of load bearing timber
members, with a slightly better performance of low grade timber with large knots. A
sensitivity study was done for cross sections 200 mm x 800 mm and 45 mm x 120 mm, to
determine the effect of varying tensile strength when the compressive strength was kept
constant, and vice versa. The results can be seen in figure § and 9. Within the normal
interval of compressive strength from 40 to 50 N/mm’, the influence of varying compressive
strength is negligible. When the compressive strength was kept constant, increasing tensile
strength gives a small decrease of the modification factor for fire, being in line with the
results of Norén (1988).

The relationships for explicit strength values shown in figure 8 and 9 can be expressed as
relationships between the modification factor kyes and the strength ratio of compressive
and tensile strength £ and fi. The figure shows also, along the horizontal axis, strength
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Figure 9 — Effect of tensile strength on modification factor for fire for bending for
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Figure 10 — Effect of strength ratio on modification factor for fire for bending for
two cross sections

ratios f./f, for some strength classes between Cl4 and C40 according to EN 338, see table
3, giving the characteristic values for compression and tension parallel to grain for both
solid timber according to EN 338 and homogenous glued laminated timber according to
EN 1194. Since all strength ratios are greater than unity, no plastic flow would occur at
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normal temperature, With the assumptions of table 2, the strength ratios assumed in the
calculations are 1,22 for the large glued laminated cross section of figure 10 and 1,12 for
the small solid timber cross section, While the results of figures 5 and 6 are representative
for all strength classes of glued laminated timber, somewhat greater values are possible for
low strength classes of solid timber.

Table 3 — Characteristic strength values for compression and tension parallel to
grain for some strength classes according to EN 338 and EN 1194

Strength class Jeok frox Jeox! frox
N/mm’ N/mm®
Cl4 16 8 2,00
Cl18 18 11 1,64
C30 23 18 1,28
C40 26 24 1,08
GL24h 24 16,5 1,45
(G1.28h 26,5 19,5 1,36
GL32h 29 22,5 1,29
GI.36h 31 26 1,19

For tension and compression the calculated modification factors are shown for a glued
laminated cross section of 140 mm X 300 mm, see figure 11 and [2. They deviate
considerably from the values of both methods given by ENV 1995-1-2. The total effect on
the load ratio is shown in figure 13 and 14,
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Figure 11 — Comparison of calculated (advanced method) modification factors for
fire in compression with values according to reduced properties method (RPM) and
reduced cross section method (RCSM) of ENV 1995-1-2
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Figure 12 — Comparison of calculated (advanced method) modification factors for
fire in compression with values according to reduced properties method (RPM) and
reduced cross section method (RCSM) of ENV 1995.-1-2
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Figure 13 — Load ratio vs. time for tension. Comparison of calculated (advanced
method) values with reduced properties method (RPM) and reduced cross section
method (RCSM) according to ENV 1995-1-2
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Figure 14 — Load ratio vs. time for compression. Comparison of calculated
(advanced method) values with reduced properties method (RPM) and reduced cross
section method (RCSM) according to ENV 1995-1-2
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4 Discussion and conclusions

4.1 Notional charring rates

In order to simplify the determination of the residual cross section, Eurocode 5 gives the
option of applying notional charring rates and preventing tedious calculations taking into
account corner roundings. The values given by ENV 1995-1-2 and Draft prEN 1995-1-2
are reasonable approximations.

4.2 Strength and stiffness parameters

Above, two alternative simplified methods of taking into account the reduction of strength
and stiffness parameters of the residual cross section are compared with the advanced
method given in Draft prEN 1995-1-2. It has been shown that there exists good agreement
of the reduced cross section method and the advanced method for members in bending. The
intention of the somewhat more sophisticated reduced properties method was that the
designer should get an extra bonus by “better”, that is more precise and “economic” results.
However, comparing these values with those according to the advanced method, it seems
doubtful if these “more precise” values are still safe. In tension and compression, both
methods are unsafe. Using the reduced cross section method, the zero-strength layer should
be increased further. For practical reasons, however, it should be avoided to use different
effective cross sections dependent on the type of action effect.

The advantage of the reduced properties method is that it is, or could be, more applicable
and precise. The format of the method allows that modification factors for fire are derived
for other cases than rectangular cross sections exposed on three or four sides, see for
example modification factors for fire given in Draft prEN 1995-1-2 for timber members in
msulated wall and floor assemblies, or for glued laminated beams exposed to parametric
fires. Here the introduction of a zero-strength layer would not allow a simple sohution. For
timber cross sections exposed on four sides (and probably also for exposure on three sides),
there is a need to derive correct modification factors for fire such that non-conservative
results are prevented.

Contrary to steel sections, where the section factor is a good measure for the steel
temperature, which 15 almost the same in the entire cross section, the temperature
conditions of timber sections are much different. In timber cross sections large temperature
and moisture gradients occur, and the size of the zones not affected by elevated temperature
plays an important roll, as well as the time of fire exposure. The reduced properties method
cannot be used for the calculation of timber members exposed on one side, e.g. laminated
timber decks. In this case, new relationships between the modification factor for fire ke
and the section factor p/A; should be derived. Here, however, the reduced cross section
method is applicable,

In this paper, a comparison is made of modification factors for fire and load ratios versus
time with results according to the advanced method. Only for small cross sections of size 45
mm x 120 mm a comparison was possible with experimental results by Norén (1988).
Unfortunately no other experimental results are found in literature. Even though a large
number of tests have been carried out of timber beams in bending exposed to fire on three
or four sides, no information is available on predicted normal temperature strength of the
specimens.

In general, there is a need of carrying out more fire tests in order to obtain more robust
results. For special cases, more knowledge is needed. Especially for combined glued
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laminated timber with outer laminations of a higher grade, a greater decrease of Joad-
bearing capacity can be expected when exposed to fire than shown here.
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H J Blass asked why the behaviour of the glued-in rod at 80°C and 100°C did not coincide with
data from the manufacturer.

A Mischier agreed with the observation. He stated that steel piates might have been used on the
manufacturer tests as compatred to the wood-adhesive-steel interaction of the glue-in rod
connections. He commented that the manufaciurer test results could not be relied upon.

S Olsson commented on the Kollmann diagram and asked whether residual stresses in wood be a
means to expiain the observations.

A Mischler responded that this was a moisture effect according to Kollmann

V Enjily stated that he agreed with S. Olsson comment

J Kdnig commented on the effect of moisture and temperature on MOE. He stated that oven tests
were under steady state condition. Kolimann was able to keep the specimens moist although there
was some surface drying in the specimens. In fire situation cne would experience transient
conditions with movement of moisture front and it would be more complicated. He also stated that
temperature and shear strength relationships are available in the Euro Code.

S Thelandersson commented abolit more test with iSO fire and asked how much wood would be
needed to protect the glued-in rod for IS0 fire test.

A Mischler responded that models in the Euro Code could be used o estimate the amount of wood
needed and then {80 fire test could be conducted to confirm.

J Kangas commented that in the Finnish V-connections brittle behaviour was not observed. With
angle across the grain type fasteners used in the Finnish V-connections, it was not possible to
obtain the cyiindrical failures.






Pull-out tests on glued-in rods at high
temperatures

Adrian Mischler, Andrea Frangi
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1 Introduction

Connections and reinforcements with glued-in steel rods are becoming more and more
important in timber engineering. The load-carrying behaviour of this connection type at
room temperature is investigated in many research projects.

Not only the knowledge of the resistance at room temperature is needed but, in some cases,
also the fire resistance of a connection. At present, there is only little information available
about the fire resistance of this connection type. One problem is that the different adhesives
are more or less sensitive to high temperature. Therefore, the fire resistance of these
connections has to be investigated.

This paper presents results of tests at different temperatures with axially loaded rods glued
in glued laminated timber parallel to the grain.

2 Experimental Investigations

2.1 Specimen an Configuration

The tests were carried out during a diploma thesis [1] at the ETH in Ziirich. The specimen
consisted of glued laminated timber GL 24 with a moisture content of 12%. As the pull-out
resistance is affected by the timber around the drilled hole and not by the timber properties
of the whole specimen, the timber density was determined from the individual lamella
containing the rod. The mean wood density of the 10 specimens tested at room temperature
was 414 kg/m’ with a coefficient of variation of 5.7%. The threaded rods with an outer
diameter of 12 mm correspond to strength class 8.8 (tensile strength 800 N/mm?, yield
strength 640 N/mm”). The hole diameter in the timber was 16 mm. The adhesive was an
Epoxy: GSA produced by ASTORit AG, CH-8840 Einsiedeln. To avoid splitting of the
timber, there was a free length of 60 mm without bond between the timber and steel rod
(see figure 1). The subsequent anchorage length was 160 mm. The effect of the free length
is described in {2].
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Figure 1. Dimensions of the test specimens

The loading arrangement is shown in figure 2. The tests were performed by pulling out the
bar under counter-pressure on the end face of the timber. The load was applied by a
constant displacement. The load as well as the displacement were continuously measured.

Figure 2:  Test arrangement

2.2 Heating the test specimen

The specimens were heated in an oven to the corresponding temperature. The temperature
in the timber was continuously measured during the heating and during the loading of the
specimen. A typical heating curve is shown in figure 3. The temperature measure points |1

and 2 are in the middle of the timber cross section.
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Figure 3:  Typical heating curve

2.3  Testing Programme and test results

Seven series of 10 specimens each were to be tested. The specimens were heated before
testing at the following temperatures:

20°C, 75°C, 85°C, 95°C,105°C, 120°C, 175°C

The shear strengths in the bond line are given in Table 1. Figure 4 shows the effect of the
test temperature on the shear strength. The shear strength f, is defined in formula (1):

(1)

Ultimate fatlure load

Diameter of the hole in the timber

. F

Where: E,
dn
€.

Anchorage length

Table 1:  Tests results [1]

Test Number Mean shear stren gtk} in bond line | Coefficient of variation
temperature of tests [N/mm~] [%]
20°C 10 6.95 9.10
75°C 9 5.14 9.94
85°C 10 5.20 1.74
95°C 8 4.51 6.94
105°C 10 2.21 8.16
120°C 10 1.99 10.9
175°C 10 1.26 18.3
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Figure 4:  Shear strength in the bond line versus test temperature.

2.4  Failure modes

2.4.1 Test temperature 20°C

The specimens tested at 20°C showed a brittle failure of the epoxy adhesive (figure 5). The
individual failure loads laid between 50.9 kN and 65.5 kN. At this load level, the
elongation of the steel bar M12 was between 2.9 and 3.71 %o. The adhesive was not able
to follow the large strains of the steel bar. A brittle failure of the adhesive resulted, even if
the shear strength of the adhesive was not reached yet.

Figure 5:  Typical failure at 20°C.

2.4.2 Test temperature 75°C

The specimens tested at 75°C showed a shear failure of the timber (figure 6). The steel bar
with the adhesive was pulled out as an entire cylinder. The surface of the epoxy was
covered with timber.
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Figure 6:  Typical failure at 75°C.

2.4.3 Test temperature 85 and 95°C

Between 75°C and 95°C, the location of the failure moved from the timber to the adhesive.
Again, the adhesive was pulled out as an entire cylinder but there was only little timber at
the adhesive (figure 7). The mean failure load was higher at 85°C than at 75°C. A possible
reason for this fact is that the stiffness of the epoxy is reduced at higher temperature levels,
what could help to reduce the shear tension concentrations at the ends of the anchorage
length.

Figure 7. Typical failure at 95°C.

2.4.4 Test temperature 105, 120 and 175°C

At temperatures higher than 100°C, the epoxy adhesive was converted. The colour changed
from white to yellow-pink. The epoxy could be crushed to powder by hand. Therefore, its
strength was reduced considerably. In the tests, the epoxy adhesive was no more pulled out
as an entire cylinder, but it was partly removed from the stecl bar (see figure 8).

Figure 8:  Typical failure at 105°C.



3  Temperature behaviour of the timber and of the epoxy
adhesive

3.1 Timber

Pull out tests on self-tapping screws were carried out to study the behaviour of the timber
at different temperatures. The tested screws had an outer diameter of 8 mm and a length of
100 mm. The threaded length was 74 mm. The screw and the dimensions of the specimens
are shown in figure 9 and [0. The withdrawal shear strength was calculated without
considering the length of the screw point which is 6 mm. Therefore, the effective ancho-
rage length was 68 mm as shown in figure 9. The results are given in table 2 and figure 11.
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Figure 9:  Test specimen

Figure 1¢: Screw diameter 8.0 mm

Table 2:  Results of pull out tests at different temperatures with screws (10 tests per
temperature, moisture content after heating)

Test Density cov Withdrawal shear COoV Moisture
temperature [kg/m‘g] 9] strength [N/mmz} [%] content {%]
20°C 464 4.42 5.66 9.6 12.1
50°C 460 4.61 4.58 11.5 9.8
80°C 466 3.34 3.84 12.1 6.2
100°C 466 3.73 3.61 12.9 2.6
120°C 475 6.18 3.68 14.5 2.1
150°C 471 4.97 3.32 16.1 1.2
180°C 470 4.58 2.63 13.7 0.3
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Figure [1: Withdrawal shear strength of the screws versus test temperature.

3.2  Epoxy adhesive

The shear strength of the epoxy adhesive is given in the product specification of the
producer ASTORIt [3]. The tests were carried out according to the German standard DIN
53283. Figure 12 shows the influence of the temperature on the shear strength of the
applied epoxy adhesive.
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Figure 12 Shear strength of the epoxy adhesive in a tension test versus test temperature

[3].



4 Discussion of the results

4.1 Tests at 20°C

First, the shear strength in the bond line at room temperature was compared with values
from the literature: Aicher, Gustafsson and Wolf [4] obtained the following mean shear
strengths f nean for adhesives based on epoxies from tests of the GIROD-Program:

8.0 N /mm?* )

, .
Comean min I P 3

Where: d;, Diameter of the hole in the timber in mm
% Rodslenderness A= ¢ / d, , with {, = anchorage length

p  Timber density at 12% moisture content

For dy = 16 mm, A = 160/16 = 10 and p = 414 kg/m* formula (2) gives: fy men = 6.8 N/mm?®.
This matches very good with the tests results (f, = 7.0 N/mmz, see table 1),

4.2 Tests at higher temperatures

The shear resistance of the adhesive at room temperatures is higher than that of the timber.
The ultimate resistance of the connection is therefore governed by the timber resistance.
The strength of the epoxy increases with an increasing temperature up to 40°C, then it
decreases (see figure 12). The connection strength is governed by the timber strength up to
a temperature of approximately 90°C. Above that temperature the strength of the epoxy
decreases very fast, therefore the resistance of the connection is governed by the epoxy
adhesive. This behaviour can be explained when the relative strength of the glued-in rods is
compared with that of the screws (figure 13).
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Figure 13: Relative strength of the glued-in bars compared with the screws



From 20°C to 80°C, the decrease of strength is the same for the glued-in rods and for the
screws. Between 75°C and 85°C, there is a little increase of the strength for the glued-in-
rods probably because of a smoother shear strength distribution along the bond line. Above
90°C, the decrease of the resistance is much more pronounced with the glued-in rods than
with the screws.

4.3 Comparison with the tests of Barber

In 1994, Barber [5] carried out similar test at the University of Canterbury, New Zealand.
In his tests he used two different epoxy adhesives. The glued-in steel bars of 20 mm
diameter had an embedment length of 200 mm. The results of Barber and the trend line he
found are given in figure 4.
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Figure 14: Shear strength versus temperature of the tests carried out by Barber [5]

The failure was caused by splitting of the timber for most specimen. Therefore, it is
difficult to compare Barber’s results with the tests of the ETH were no splitting failure
occurred. Barber found no reduction of the strength up to a Temperature of 45°C. The loss
in strength of the epoxy begins at around 45°C compared to 90° in the tests of the ETH.
This shows that different epoxy adhesives has a very different temperature behaviour.

5 Comparison of tests with oven heated specimen and fire
tests

No fire tests were carried out with screws loaded parallel to the grain direction of the
timber. Therefore, the difference between tests with oven heated specimens and fire tests is
discussed in the following using tests on screws loaded perpendicular to the grain direction.
The tests were carried out at the ETH in a research project with the aim to enlarge the
experimental background of design models for the fire resistance of timber-concrete
composite floors [6, 7].
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The shear resistance of screwed connections between timber and concrete is mainly
governed by the withdrawal capacity of the screws. Pull out tests were carried out with
oven heated specimens and with specimens subjected to ISO-fire as well. A connection
which was experimentally analysed consisted of a self-drilling screw with a collar to limit
the screwing depth and a head for connection to the concrete. The threaded part of the
screw has an outer diameter of 7.3 mm and a net section of 4.3 mm. The threaded length is
95 mm. The screw dimensions arc shown in figure 15.
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Figure 15: Self-drilling screw for timber-concrete composite elements

When the connector is subjected to tension, the screw fails when the tensile strength of the
steel screw or the shear resistance between timber and screw is exceeded. The tests results
reported in this paper consider only the shear failure between timber and screw. The fire
behaviour of the screws subjected to tension was experimentally analysed with the test
arrangement shown in figure 16.
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Figure 16: Test arrangement for the pull out tests with the screws subjected to the ISO-fire

All fire tests were performed at the Swiss Federal Laboratories for Materials Testing and
Research (EMPA) in EMPA’s small furnace (1.2x1.0 m) using ISO-fire exposure. For each
fire test, two timber beams were placed in the small furpace and on each beam two
connectors were tested. The connectors were screwed 80 mm into the timber. In the fire
tests the temperature in selected focations, the deformation of the connectors and the tensile
force were measured. The fire tests were performed using two different procedures:

* The specimen was exposed to the ISO-fire for 20, 30 or 40 minutes with the permissible
load applied to the connectors. If no failure occurred in this time, the load was increased
until failure occurred.

* The specimen was loaded with the permissible load and then exposed to the ISO-fire
until failure.

The specimens consisted of squared timber beams with a moisture content of about 13%.
The mean wood density of the 11 squared timber beams was 383 kg/m® with a coefficient
of variation of 3.7%. Three squared timber beams were used to perform 19 pull out tests at
room temperature. The mean value of the withdrawal shear strength measured at room
temperature was 6.3 N/mm” with a coefficient of variation of 4.8%.
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Further pull out tests with oven heated specimens were carried out at the ETH in Ziirich.
The specimen dimensions are shown in figure 17 and consisted of glued laminated timber
with a moisture content of about 11%. The mean wood density of the 12 specimen was 442
kg/m® with a coefficient of variation of 4.4%. The mean value of the withdrawal shear
strength measured at room temperature was 7.0 N/mm” with a coefficient of variation of
5.7%.

longitudinal-section cross-section
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Figure 17: Test arrangement for the pull out tests with oven heated specimen

For each specimen, three connectors were screwed 80 or 70 mm into the timber. One screw
of each specimen was tested at room temperature. After heating the timber in an oven to
the corresponding temperature, the other screws were tested. The temperature in the timber
was continuously measured during the heating process and the loading of the specimen.
The relative withdrawal shear strength is given in figure 18 as a function of the wood
temperature. For the fire tests, the average temperature of the wood along the screw was
considered.
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Figure 18: Relative withdrawal shear strength versus wood temperature

Figure 18 shows that the reduction of the withdrawal shear strength in function of the wood
temperature for the fire tests is considerably greater than for the oven tests. The average
withdrawal shear strength for the oven tests at 110°C is 70% of the average strength at
room temperature, while the average strength for the fire tests at 105°C is only 45% of the
strength at room temperature.
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The observed different reduction of the withdrawal shear strength for the fire tests and the
oven tests in function of the wood temperature can be explained with several reasons.

The first reason is the influence of moisture content. For the oven heated tests the
specimens wete heated for several hours to the corresponding temperature. After heating
the moisture content was measured and a high drying rate of the timber was observed (see
table 2). The test specimens heated up to 100°C showed a moisture content of only 2-3%.
During the fire test on the other hand, the timber cross-section is subjected to a great time
dependent temperature and moisture gradient. In the timber part of the cross-section with
temperatures near [00°C the moisture content even increased up to 14-15%. Therefore
different level of moisture contents have to be considered for the fire tests and the oven
tests.

Kollmann {8] investigated the influence of a changing moisture content. He measured the
effect of temperature on the bending modulus of elasticity of heated specimens. The tests
were performed at room temperature and at constant temperature of 40, 60, 80 and 100°C
respectively. The specimen were repeatedly loaded and unloaded at time intervals of 1.5
minutes or more during a total test duration of 60 minutes. The fowest moduli of elasticity
were recorded at the second or third loading cycle when the target temperature in the
timber was reached but the moisture content was not vet decreased. During the following
loading cycles the modulus of elasticity increased again (see figure 19), due to the drying of
the timber beginning on the surface and then continuing to the middle of the specimens,,
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Figure 19: Time dependent reduction of the bending E-modulus versus wood temperature

Another reason for the observed different reduction of the withdrawal shear strength for the
fire tests and the oven tests is the effect of loading rate. The effect of the loading rate is
already considerable at room temperature. This effect could be much greater at elevated
temperature and sensttive to moisture changes.

12



Figure 20 compares typical load-deformation curves of the two different test methods. It
clearly shows that not only the strength but also the stiffness is considerably greater in the
fire tests than in the oven tests.
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Figure 20: Typical load-deformation diagrams of for the fire tests and the oven tests

Considerable creep deformations were observed in all fire tests. When the connectors were
pulied out at the end of the fire tests, a time dependent reduction of the withdrawal shear
stiffness and strength was measured.

In the oven tests on the other hand, the connectors were not loaded during the heating to the
corresponding temperature. The connection was loaded only during a short time period in
the pull-out test after drying of the timber. Therefore no creep effect in the oven test
occurred,

6  Conclusions

Tests on screws and glued-in rods with oven heated specimen showed the influence of the
temperature on the properties of the timber and the adhesive. Comparative tests with
specimen subjected to ISO-fire and oven heated specimen showed, that the strength and
stiffness values obtained in fire tests are smaller than the values measured on oven heated
specimen.
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Abstract

Many of the recently developed and emerging technologies aimed at enhancing the opportunities for
structural timber require the use of adhesives. Examples of innovative developments include timber
composite materials, structural connections, localised reinforcement and improved repair and renovation
work. These offer substantial benefit, but are reliant upon use of non-traditional timber adhesives, often with
thick bond line or *gap-filling’ capabilities.

[t is vital that users can specify an adhesive with the correct properties for the intended application, but
currently no performance classification system is available. Whilst, under laboratory conditions, innovations
employing adhesive bending methods and materials can achieve connections demonstrated to be
significantly more efficient than those used at present, these are specific to controlied conditions and a
single adhesive brand formulation. However, in industry there remain perceptual barriers coupled with a
lack of practical information that has prevented the technology from realising its considerable potential.

A provisional basis for the formulation of a performance-based classification of structural timber adhesives
is proposed in this paper, drafted in the context of the Furocode 5 structural design approach. This includes
review of CEN mandates on structural adhesives, polymeric sealant performance classification standards
and existing structural timber adhesive guidance. Recommendations are also made concerning the
development of the proposed classification basis.

1. Introduction

Many of the recently developed and emerging technologies aimed at enhancing the opportunities for

structural timber require the use of adhesives. Examples of innovative product and technique developments

include timber composite materials, structural connections, localised reinforcement and improved repair and
renovation work:

*  Glued laminated timber members with small volumes of bonded-in glass fibre reinforced composite
(GFRP) are reported to lead to substantial savings (24% on real case study bridges [1].

* Local Reinforcement in highly stressed areas such as notches and connector locations can also be very
beneficial — for example adhesive bonded glass fibre can increase bolt type shear joint strength by more
than 50% for additional costs of less than 10% [2].

*  Connection solutions reliant upon bonded-in rods are found to be extremely efficient - for example, full
size tests on moment resistant column-foundation joints have demonstrated joint efficiencies of 75%
compared to the moment capacity of the column itself {3]. Research on small scale joints has
hightighted the advantage of thick bondlines to transfer load efficiently [4].

All of these techniques are reliant upon use of non-traditional timber adhesives, commonly with thick bond
line or *gap-filling” capabilities. Considering the potential benefit achieved through use of low volumes of
adhesives in these applications, the efforts to realise the advantages must be focused upon establishment of
commonly recognised performance criteria. Experts and industrial specialists involved in other engineering
fields (mechanical and civil) have much to offer timber construction in such technology transfer.

Users need to specify an adhesive with the correct properties for the intended application, but currently no
performance classification system is available. Whilst, under laboratory conditions, innovations employing
adhesive bonding methods and materials can achieve connections demonstrated to be significantly more
efficient than those used at present, these are specific to controlled conditions and a limited number of
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single adhesive brand formulation. However, in mdustry and amongst construction professionals there
remain perceptual barriers, coupled with a lack of practical information.

Advice for actual structural engineering designs needs to take into account whether the intention is to use
either close-gap or gap-filling adhesives. Most well established timber adhesives are of the former type, and
there is a considerable lack of user knowledge and design information for timber adhesives other than those
for factory manufacture of glued laminated timber and finger joints. At present, where practitioners are
considering innovative developments employing adhesives for timber, they are tempted to extrapolate
information related to close gap timber-timber bonded joints. Research results [3] show that such
extrapolation is highly inappropriate and in some cases unsafe.

The solution is, therefore, to pay particular attention to the development of a framework for a performance
classification of adhesives for timber structures. This will also provide a method by which low-
envitonmental-impact adhesive types can be assessed, and subsequently introduced to replace less
environmentally acceptable materials. Such an approach is available for construction sealants within the
ISO 11600 classification scheme, and it is now being taken up strongly by that industry. The grouped
classification approach is also compatible with the developments underway through CEN Mandate 127 on
Construction Adhesives [5].

2. Adhesive Classification

A review has been made of CEN mandate M127 ‘Construction Adhesives (Drgfi)' [6] and the answer from

CEN TC193 [7]. This is of relevance to the subject of structural adhesive performance classification. In

addition, the following documents were also reviewed, due to their shared commonality of scope with

certain aspects of the research:

+ CEN Mandate M128, Products Related To Concrete, Mortar and Grout (Draft) {8] and the answer from
CENTC104 9).

o prEN 1504-4, "Products and Systems For The Protection and Repair of Concrete Structures -
Definitions , requirements, quality control and evaluation of Conformity - Part 4: Structural Bonding'
[10]

» EN 301, ‘ddhesives, phenolic and aminoplastic, Jor load-bearing timber structures: Classification and
Performance Requirements' [11]

Through this review, a number of key areas for reference emerged, which will be of use in defining the
performance classification methoedology:

+ scope: end use and field of application +  attestation of conformity
+ performance characteristics »  dangerous substances
»  performance requirements « product identification

3. Polymeric Scalant Performance Classification

An international standard, SO 176060:1993 Building construction- Sealants - Classification and
Requirements [12], is available as a basis for performance classification and selection guidance of those
products. Sealants are in many ways broadly similar to adhesives, and so there is potential for adoption and
incorporation of some attributes of the classification into draft timber adhesive performance specifications.
However, requirements of adhesives are more complex and structurally demanding, necessitating a more
involved system,

The key aspects identified as useful are:
+ the outline performance classification methodology
+ classification matrix identification
+  performance classification system
+  designation system approach to product description

4. Target Application Linked Design Considerations & Adhesive Performance Parameters

Key target construction applications in which adhesive materials may be used with timber, are identified in

Table 1. In order to integrate these with a performance based classification system, it is necessary to

identify:

+ the overall product type aimed at the application (whether thin bond lines, thicker gap filling bond
lines or adhesive resin based grouts or mortars are indicated)

» the substrates onto which bonding will be required (one of which will be wood, the other may be
wood, '"W', or a non-wood based material, "X, following the classification ethos of CEN M 127)
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On this basis, a provisional application related classification could be developed, as shown in Table 1.

G i Substrates il T
L T T "Nonowood substrate (X) e T
L Application voMigh e e s T JEpoxy; o Glass. |
B “Tensile: _:.ai_tgitr;!ec.fls_s.. _ - Coatedt | - Fibre . -
TR e Steelr ] NI e sl Rebar - Fabric
Bonded-in R . N .
rods
Bended-in
plates GF W-X * * * * *
Surface bonded GF W-W, W-X . .
reinforcement T8 WW, WX . .
) . GF W-W
Timber lap joints TE YT
- GF W-W
Crack/fissure filling VG W
Thin webbed box / | GF W-W
beams TB W-W
Replacement section .
repairg MG i} * *
Laminated timber
products 8 W
Notes:
* T8 = Thin Bondling, GF = Gap Fiting, MG = Adhesive resin based morar or grouf
** WA = wood-wood, W-X = Wood fo other substrate
" inchiding galvanised/sheradised steef rods
Tt acts as @ butk grout malerial normally taken that adhesion lo substrates nol generally critical

Table I Structural Application Related Reference Subsiraies

The performance characteristics for consideration in relation to these applications can be drawn from those
recommendations made in CEN mandates M[27 (Structural Adhesives) and M128 (Concrete Protection and
Repair Products) and viewed in relation to those products that have a history of use. This may have emerged
through common usage, and through research findings in relation to the specific applications. Such
information is compiled in Table 2. Internationally, this may be incomplete.

Product Type? :Performance Characteristics ‘Products 0
Surface bonded reinforcement
Timber lap joints .
8 Laminated timber products * * * ‘
B e As for 127
Boned-in plates Structurai Adhesives
Surface bonded reinforcement .
GF Timber lap joints M M
Narrow Crackffissure filling
Thin webbed box / | beams
MG Replacement section repairs Wide | As for M128° Conorele Protection .
Crack/fissure filing and Repair Products’
As for M127 .
TB/GF /MG Non-Structural ‘Adhesives For Tiles . . . .
Key:
* 7B = Thin Bondline, GF = Gap Filting, MG = Adhesive resin based mortar or grouf
** EP = Epoxy, PRF = Phenot Resorcinol Formaldehyde, AC = Acryiic, PU = Polyurethane, MF = Melamina Formaldehyde
*** Spacially filled formulations only

Table 2 Timber Adhesive Performance Requirements

5 Link Between Performance Parameters & Structural Design Codes
Considering both BS5268 and Euwrocode S, the latter presents the more realistic arena for these
developments. BS5268: Part 2 tends to be very prescriptive. This would not be in the spirit of a performance

classification, thus this section will focus upen potential development in conjunction with EC5 limit states
design of timber structures,

In structural timber design, amongst the most important issues in determining actual performance, are
service conditions and duration of load. Service conditions are considered with respect to temperature and
relative humidity, treated through design according to farget service class. Common service classes are
described in both BS5268: Part2 and DDENV1995-1-] (Eurocode 5: Part 1,1).
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The classification and performance requirements for traditional phenclic and aminoplastic adhesives
covered in EN301 identify climatic conditions and 'adhesive type' classifications, as in Table 3. These

classifications are also identified in EC5 (¢/. 3.5 £2) and el 3.5.(3}) and so there is sense in maintaining this
within the performance classification system.

imatic Equivalen Amples i
Not specified Prolonged exposure 1o high temperature |
> 85% rh at 20 °C Full exposure to the weather |
< 50°C Heated and ventilated building
< 85% rh at 20 °C Exterior protected from the weather 1l
$Short pericds of exposure to the weather

* 85% rh at 20°C wilt resull in a moisiure content of approximately 20% in softwoods and most hardwoods, and @ scmewhat lowe
moisture content in wood based paneis

Table 3 Adhesive Types for Use in Different Climatic Conditions, as Defined in EN 301 [11]

A basic classification compatible with this
scheme can be directly linked to the service
ciasses, as shown in Table 4, Since SC3 is a more

?e;?andl?g tE;,nvu'clnm(ljint'than SCl]) or 3(:.2’ E{ Table 4 Linkage of Service Class to EN 301
oliows that type | adhesives may be used in a Adhesive Type Definitions
service classes.

As an alternative classification route worthy of consideration, the adhesive type classification might be
extended to include a 'Type 111, specifically for Service Class | applications.

In the wider context of structural design and the scope of design codes, the essential design information to
be established, independent of specific code is summarised in Figure 113,14},

The treatment of such items in Eurocode 5 Part 1.1 is summarised in Table 5. Eurocode 5: Part 2, Bridges,
also contains additional information on design of bonded-in rods and fatigue performance verification. It is
important to bear in mind that items not specifically covered in sections of the code are not necessarily
prohibited and that the reference codes are themselves the subject of development.

Form of Adhesive
Material

"Storage Life

"~ Working
Characteristics

Adherends

Properties of
Adhesive Joint

S Quaﬁty
Control

g
Handling of

Instructions

Figure 1 Essential Design Information Elements (o be Established Through
Performance Classification [13,14]
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fem - - =Reterence oo BT Comments LT e
EC5-1-1
3.2 SOLID TIMBER
3.2.5 Finger Joints . . _—
2.3 GLUED LAMINATED TIMBER Only_ ghan bond line applications ooveajed
Purpose Large Finger Joints specifically as means of forming
5.3 COMPONENTS memper/compenents or as  part of

5.3.1 Glued Thin-Webbed Beams
5.3.2 Glued Thin-Flanged Beams
5.3.4 Mechanically Jointed and Glued Columns

controbled  manufacturing  (glulam  farge
finger joints} process.

Form of Adhesive Material

EC5-1-1
3.5 ADHESIVES

EN 301 Type | and Type i adhesives
identified, but others not excluded.

Working Characteristics EC5-1-1
Application GLUED JOINTS (2)
Siorage Life GLUED JOINTS {2) Adhesive manufacturer's recommendations
Usable Life GLUED JOINTS (2} should be followed
Curing Requirements GLUED JOINTS (2)
Mechanical Properties of ECE-1-1
Hardensad Adhesive ——
Flexural Modulus -

Moisture Resistance
Temperature Resistance
Shear Strength

Through reference to adhesive joints via EN301 only
Through reference to adhesive joints via EN301 only
Through reference to adhesive joints via EN301 only

By test to EN 302
By test to EN 302
By test to EN 302

influence of Adherends
Timber - Timber
Timber - Steal
Timber - FRP

EC5-1-1

Limiled coverage concerns timber-timber
only

Mechanical Properties of
Adhesive Joints
Fraclure Toughness

Durabitity 3.5 ADHESIVES P{1) See description in fext of this report
Faligue Resistance -
Lap Shear Strength Through reference to EN301 only By test to EN 302 Part 1

EC5-1-1

Quality Control

EC5-1-1
GLUED JOINTS, (1}
7.7.2 PRODUCTION & WORKMANSHIP

Manufacturer quality control
Adhesive type, production process and

CONTROL (1) glue-tine quality
Packaging and Handiing of | £05-1-4 Adhesive manufacturer's recommendations
Adhesives 7.3 GLUED JOINTS (&) should be followed
EC5-1-1 Adhesive manufacturer's recommendations

Instrictions

7.3 GLUED JOINTS (2

should be followed

Table 5 Coverage by Ewrocode

5 Part 1.1 With Respect To Essential Design Information Requirements

6. Formulation Of Provisional Performance Classification Methodology

From the review
methodology for
classification of
approach to an
performance

as in Figure 2.

A provisional

following sections.

This  methodology has been Produce Part
consolidated in the form of a draft Clasoiontion popoo
provisional classification

methodology document,

of the
performance
sealants, an

appropriate
classification
methodology has been identified,

classification
methodology has been developed
on this basis, as described in the

2y

For Each Application Group

belerﬁqine Performance Limits
For Each Joint Property

Develop Test Methods Used To
Datermine Ferformance Limits

.'gw‘e 2

Joint Property Requirements .

R g
PS - Primary Structural

$8 - Semi Structurat
N o Structurai.

Reference pérforiﬁan'ce levels
Pass/Fall rati

Provisional Performance Classification
Development Methodalogy
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6.1 Key Application Groups
Through the review process described above, key application groups have been identified, as shown in

Table 6. This is expanded in the form of a classification structure in Figure 3 and a provisional designation
system in Figure 4,

- oUse: | Application Celass. Parformance {Substrates* Adhesives Systems For Timber Structures
S e S R ) Requlrement §o T
Thin I ! 1
Bondline High Thin Bondline (TB) Gap Filling {GF) Mortar / Grout
Gap Medium L —SC1 - PS| L SC1 +~ PS1]
Structural | gjing Semi- Scir Ps! PS Il _ PSI
Mortar / 4 Structurai 58 ss L &8s
Grout g W NS NS L NS
Thin 3 W-X - 5062 PS1 - $C2 PS¢ - SC2 - P8I
Bondline PS i PS I - P&
Non- Gap Non- { 13 E §8 - S8
Structural Filling Structural NS NS L NS
Mortar 7 - SC3— PS| - $C3 1 PSI L 5C3 — PS|
Grout PSil PSI L PSS
Notes: E 55 % §8 L 8%
* WA = wood-wood, WX = Wood to other substrate NS NS L NS

Table 6 Proposed Construction 1imber

Figure 3 Provisional Timber Adhesive Performance
Adhesive Application Groups

Classification System

" Tisber. : Application Sglrv;e _ Structural n Test Surface
: Ad_hg_s?_v_E_ Type Tyap p Sub-class Substrates preparation

Figure 4 Provisional Designation Systent Jor Timber Adhesives

6.2 Key Joint Property Requirements For Each Application Group
Performance characteristics for each application group can be compiled with respect to the guidance
established in CEN M 127 and M128, as shown in Table 7, and prEN1504, as shown in Table 8.

Family! Subfamily {0 Dbty T . .
L] Bond Strength (e.g. shear, lensile, peel, cleavaga, defamination)
* Tensile Strength
¥ . Fatigue Strength
gtrugt;:gi ;.H.Thm {(Against water, UV, ozone, temperature, oil, * Impact resmlancer ‘ o
end# Gap fifing biological altack, alkali, humidiy, freeze- | * Heal Resislance (including behaviour in efevated temperatures from fire)
thaw, moisture, shrinkage, ... as relevant) . Cresp
. Reaction to fira
e Relaase of dangerous substances®
. As relevant 1o the type of product:  Bond / adhesion sirength, Shear strength,
Comprassive strength, Tensile sfrength, Bending strength,
Shrinkagesexpansion, Workabilty, Sensitivily to water, Pull-oul behaviour,
Crack-bridging, Diffusion resistance, Filling share, Penetration behaviour,
Y Compasition, Corrosion protectionfinhibition, Water repellence, Modulus of
., . elasticily, Coeflicient of thermal expansion, Giass transition lemparature
Structural - MG (Against alkali, corrosion, abrasion, frost, y i pa P
de-ieing sall, temperalure change, .. as | *  Reacliontofire
relevant) * Water vapour permeability
L Water permeability
. Release of dangerous substances*
e Themal Conduclivity
. Reaction to fire
Y L] Release of dangerous substances*
Non-Structural (Against wafer, moisture, temperature, | ®  Bond Sirength fe.g. shear adhesion, lensite adhesion)
chemicals, freeze-thaw, ... &s relevant) L Creep
* Impact resistance
Netes: * in particular, those dangerous subsiances defined Council Diractive 76I769/EEL . as amended,

Table 7 Performance Characteristics For Timber Construction Adhesives on CEN MI127/M128 Basis
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j T T T A S ProduCt Type e s i e e
‘Performance Characterls Thin Bondline 1. Gap Filling | - Mortar 7 Grout’.
Suitability for application
to vertical surfaces Q a a
te top horizonial surfaces a a a
by injection ] =] [
Suitability for application and curing under the following special
environmental conditions:
fow or high temperature ' (m] a a
wet substrate n
Adhesion
timber to timber n n
steel to timper u n
FRP to timber = )
corrosion protected steel to timber ? Qo d
hardened grout/mortar to ttimber "]
Durability of system
thermal cycling | | n
moisture cycling n | n
Material characteristics for the designer
open time al minimum, standard and maximum application temperatures | n |
workabie life at minimum, standard and maximum application temperatures n = m
modulus of elasticity in compression [ | ] |
modulys of elasticity in flexure ] 0 Q
compressive strength | |
shear strength ] - N
gass fransition temperature ] = |
coefficient of thermal expansion n = |
shrinkage n - |
NOTES:
1. Temparatures may be nominated by the producer for the intended use.
2. In this context corrosion protection implies the application of a corrosion inhisiting priming coat to 2 mild steel

B = a material characteristic which shall be considered for all intended uses

O = a material characteristic which shall be considered for certain infended uses

Table 8 Performance Characteristics for Intended Uses Based Upon prEN1504

7. Forward Look

A provisional outtine proposal for timber adhesive performance classification has been drafted, based on the
format and content of EN301, prEN 1504-4 and 1SO11600. This now requires identification of provisional
performance as a starting point for development of a Provisional Performance Classification Matrix. This
will emerge as the appropriate test methods for timber applications are identified through future work tasks
in this research. Existing methods and previous experimental research methods will be considered with
regard to the identified property requirements in order to establish methods and performance levels,

8. Conclusions

Conclusions drawn from the review work and other research to date:

+ CEN mandates M127 and M128 provide a useful starting point in combination with EN 301 and
prEN1504-4 for development of a performance classification methodology for adhesive systems for use
in timber structures.

+ The performance classification of polymeric sealant materials for construction purposes presented in
ISO 11600 demonstrates a model for development of a broadly similar performance classification
methodology for adhesive systems for use in timber structures

» Through identification of applications, it is apparent that there are three types of adhesive applications,
(thin bond, gap filling and adhesive based mortars/grouts). These can be linked to actual applications,
by way of consideration of the substrate materials. The choice of adhesive is a function of the substrates
and the process by which the adhesive is incorporated in the final product, component or assembly.

» The key factors to be considered in order to establish a fink between adhesive performance and timber
design codes are duration of foad effects and service class effects, which act in combination to define
the design behaviour model for both serviceabi lity and ultimate limit states.

» A limited range of experimental evidence for this is already available, with certain confirmatory of
practical importance, and with certain adhesive classes,
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