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INTERNATIONAL COUNCIL FOR BUILDING RESEARCH STUDIES
AND DOCUMENTATION

WORKING COMMISSION W18 - TIMBER STRUCTURES
MEETING TWENTY-SIX

ATHENS, USA, 23-27 AUGUST 1993

MINUTES

CHAIRMAN'S INTRODUCTION

The Chairman, PROF BLASS, welcomed the delegates to the twenty- sixth meeting of
CIB-W18 and said that in his introduction, he would like to make several special
mentions. DR FIELD was present on behalf of the University of Georgia, in Athens,
and would himself say a few introductory words, both about the further education
facilities and about the conference arrangements, DR CECCOTTI would deal with
links with RILEM; MR LARSEN would cover the CENTC activities, and
DR STIEDA would provide information on ISO TC165.

It was noted with deep regret that since the last meeting of CIB W18, Professor Mohler
had died. He had been the head of the Chair for timber structures at the University of
Karlsruhe before Jiirgen Ehlbeck took over. The Chairman said that Professor Mohler
had made a major contribution to timber engineering in the period approximately
1970-1985 and had been instrumental in much of the important work reported at
CIB-W18. As a mark of respect, a brief period of silence was held.

The Chairman regretted to inform delegates that, despite good intentions expressed at
the previous meeting, papers had been issued very late, due to their last minute
submission to the Secretariat, He hoped that it would be possible to improve on this
situation, and urged all to cooperate.

After thanking APA for making the preliminary arrangements and for hosting the
meeting, the Chairman called upon DRFIELD to explain the facilities at the
University, and to tell delegates about the large further education programme and the
forestry courses.

After the Chairman had drawn delegates' attention to the final version of the agenda,
its contents were agreed. He then said that before proceeding with the next topic, it
was necessary to discuss a point concerning cooperation within CIB. Correspondence
had been received by all coordinators of CIB Working Commissions and Task Groups
concerning CIB policy and its relationships with industry. Copies of the relevant
letters had been copied for information of the delegates to CIB-W18,



The Chairman said that it had been noted that the general bodies within CIB, such as
the Programme Committee and the Central Secretariat, had recently become more
active. The Secretariat had distributed a letter concerning the relationship of CIB with
industry and previously, coordinators of working commissions and task groups had
been asked to complete a questionnaire concerning the activities of their groups. The
Programme Committee had analysed the result of this survey. The Chairman said he
would inform delegates of the outcome. He felt it would be appropriate for delegates
to express views about the function of W18 as a CIB Working Commission and the
prospects of its activities being assessed by a Programme Committee.

The Chairman said that from his point of view, when he first undertook the role, he
foresaw only rather limited contacts with other parts of the CIB organisation. The
review of the CIB-WI18 work programme had given rise to some complimentary
comments by the Programme Committee, but it had recommended that the Working
Commission should formulate a programme of work and have a series of more closely
defined aims. For some of the Working Commissions, information exchange is stated
as an important aspect of their aims. It was noted that there was an attempt on the part
of the CIB Secretariat to try to press for formal membership of the organisation on the
part of delegates at meetings such as CIB-W18.

MR LARSEN said that he would like to comment, as he had experience of the
operation of CIB through having been a chairman of the Programme Committee.
Considerable debate used to occur on the lines just reported, since there was a
tendency for CIB itself to wish to be seen as fulfilling a necessary role and having the
results of its work identifiable. In his view, CIB should strive to create the
environment for exchange of knowledge arising from research. In the case of his
organisation, for example, there was already a very strong need for links with industry,
and this had strict financial implications.

Further discussions ensued in which several delegates commented on CIB-WI18's
useful role as an international specialist timber engineering research group. It was felt
that if CIB put too much pressure on the group to conform to its principles and to
contribute financially, then either several of the organisations who regularly participate
might be forced to reconsider or, alternatively, the formation of an independent timber
research group might be suggested. It was agreed to leave the matter of responding to
the CIB Secretariat and Programming Committee to the Chairman, knowing that he
understood these views of the delegates to CIB-W18.

COOPERATION WITH OTHER ORGANISATIONS
a) CIB-W18B

A brief report on the activities of the CIB-W18B group had been received by
post from DR LEICESTER. It was stated that discussions had been held on the
structural use of tropical hardwoods when the group had met during an
international timber conference in Kuala Lumpur in September 1992, Other
than this, activities had been limited due to difficulties in obtaining travel
funding for participants from developing countries.



b)

d)

ISO TC165

DR STIEDA reported on a meeting of ISO/TC165 Timber Structures which
had taken place in Prague on 29 and 30 March 1993. Fourteen participants had
attended, It had been decided to recommend to ISO Central Secretariat that a
lot of the recent work which had been taking place to develop CEN Standards
for timber structures could be taken advantage of by 1SO. Consequently, four
prEN Standards concerning test methods for fasteners, two concerning physical
and mechanical properties and one concerning general principles for static load
testing had been requested for circulation and for ISO DIS voting. Using the
ISO voting "“fast track procedure”, another three prEN drafts concerning test
methods and grading had similarly been submitted.

Commenting on this, DR CECCOTTI said that, whilst it was flattering that
1ISO/TC165 found the CEN work so useful, it should be borne in mind that
more active ISO participation in the timber field from other regions of the
world would make it easier for potential European participants to justify the
time and costs involved in attending its meetings.

RILEM

DR CECCOTTI gave a report on the activities of the RILEM Technical
Committees on structural timber. Three TC's had recently completed their
work and had published "state of the art" reports. These were TC109-TSA
"‘Behaviour of timber structures under seismic actions', whose report is shortly
to be published in "Materials & Structures' journal, TC111-CST "Behaviour of
timber and concrete composite load-bearing structures', producing a book to be
published by Chapman and Hall; and TC112-TSC 'Creep in timber structures’,
with a report already published by LRBB, Bordeaux. There are three
additional Technical Committees whose work is in progress or just starting.
These are TC133-TF Fracture of timber', chaired by Prof A Ranta-Maunus,
VTT, Finland, doing work on test methods and design principles relating to
fracture mechanics; TC149 - HTS 'Diagnosis and repair of historical load-
bearing timber structures' chaired by Dr W Rug, Recontie, Berlin; and
TC155-TCW 'Test methods for creep measurements of wooden materials’
chaired by Dr C Le Govic, CTBA, Paris.

CEN

The Chairman conveyed to the delegates the apology of MR SUNLEY for not
being able to attend this meeting of CIB-W18. It was the first that he had
missed for many years, and his absence was mutually regretted. However,
despite not being able to attend in person, reports had been submitted on the
recent activities and progress of several of the CEN/TC committees which are
drafting European Standards. Other CEN reports were prepared and presented
by MR LARSEN. The following is a very abbreviated summary, since the
information is available to the majority elsewhere.



TC38 Durability of wood and related materials'.

TC38 is generally making good progress in completing its main
mandated programme. Quite a few of its drafts had to go to a second
enquiry stage before consensus was reached. TC38 has a programme of
48 Standards, 34 of which have been published or approved for final
voting.

TC112 "Wood based panel products'.

TC112 has a current active programme of 72 Standards, many of which
are now reaching the final stages. Good progress is also being made in
another difficult area, which is how to deal with characteristic values
for established products. Because a large number of the Standards are
either product Standards or support these, it has been agreed that, to
assist production, the implementation of TC112 Standards in Member
States can be delayed until a common date, which, in this instance, is 31
December 1994,

TC124 'Timber structures'.

The paper on this subject tabled by MR LARSEN reminded delegates
of the procedure for drafting and eventual approval of European
Standards. TC124 has also been making progress in processing a large
programme of Standards. In total, 39 Standards are listed at various
stages. Three Standards are awaiting final editorial work and approval
by CEN and can be expected to be published soon. It is understood that
there is a translation bottleneck within the CEN system. About half of
the TC124 programme of work is at the final drafting stage or beyond.

TC175 'Round and sawn timber’

This TC operates through four working groups, dealing with
definitions, sawn timber, user requirements and round timber. TC175
was formed some two years later than the other timber committees.
Consequently, its programme of 75 Standards is less advanced. Useful
progress is being made in some areas, although some historic problems
concerning sawn softwood and roundwood grading still seem a long
way from resolution.

TC250 'Structural Eurocodes’

The following situation with regard to CEN TC250/SCS Eurocode 5
'Design of timber structures’ was reported by MR LARSEN:

Eurocode 5, Part 1-1 (ENV 1995-1-1): General Rules and Rules for
Buildings was adopted as a European Prestandard (ENV) in November
1992. It is expected to be published in the three official languages
(English, French, German) by the end of 1993, and immediately after in
the other West European languages, together with National Application
Documents stating the national conditions for the use of Eurocodes.
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h)

Eurocode 5, Part 1-2 (ENV 1995-1.2): Structural Fire Design was
adopted as an ENV in June 1993, It is expected to be published in the
three official languages in February 1994,

Eurocode 5, Part 2, Bridges: Drafting is expected to start January 1994
in an ad hoc group chaired by Professor E Gehri, Switzerland.

IABSE

It was reported that Vol.3 No.2 of 'Structural Engineering International’
(the journal of IABSE) had timber structures as a main theme, covering
timber bridges, large structures and testing papers, totalling ten. Five of
the articles happened to be by authors who are members of CIB-W18.
In September 1994, an IABSE seminar will be held in Birmingham,
England, dealing with long-span structures for places of large assembly.
A report on IABSE conferences in 1992 and 1993 was tabled.

TUFRO 55.02

1t was announced that IUFRO §5.02 plans to meet for two and a half
days in Sydney, Australia, at around the same date as the next CIB
meeting and other events. State-of-the-art papers are planned, including
topics such as creep and timber joints. It was also noted that there will
be a TUFRO World Conference in Finland in 1995 and that this will
present another opportunity for $5.02 to gather. A special meeting on
engineering aspects of wood-based panel products is being considered.

CIB-W8S5 Structural Serviceability

DR OHLSSON had sent apologies for being unable to attend this
meeting of CIB-W18, but he had sent in a report on the recent activities
of CIB-W85 Structural Serviceability. These had centred around a joint
CIB/IABSE colloquium on the structural serviceability of buildings
which had been held in Géteborg, Sweden, 8-11 June 1993, Aspects of
structural serviceability which are related to the load-bearing structure
of the building had been the main theme. A total of 90 abstracts had
been submitted, from which 45 technical papers had been selected.
The general impression of the event was that structural serviceability is
rapidly becoming the most important design objective In many
instances. The successful conference was attended by over 80
participants from 25 countries.

STEP - Structural Timber Education Programme

PROF BLASS made a brief presentation on the Structural Timber
Education Programme (STEP), which is being supported by EC
COMETT and other funding. Recognising that timber engineering
education needs to be linked to codes, it had been decided to relate the
STEP programme, which began in 1992, to the Eurocode for timber,



ECS5. Fourteen countries were participating in the programme with 43
specialists writing material on about 100 topics. The means of funding
was explained. Subject areas included basic elements, components and
connections. Outputs are planned to consist of sets of formal lecture
notes, and seminar presentations. At a later stage, it is considered slide
sets and computer programmes might be desirable. The present stage of
the programme ends in 1995,

In discussions of the STEP programme, DR DOLAN said that the
ASCE were working on similar lines. He hoped that the initiatives
could be complementary and welcomed information on how the
European material could be obtained. DR SMITH and others made
observations on time-tabling restrictions in the university courses. It
was agreed that freedom of choice in teaching principles had to be
recognised and that there could not be too much attempt to influence
distinct syllabi of the universities of particular countries.

REPORTS FROM SUB-GROUPS

There was little or no activity or progress to report concerning the following sub-
groups:

a) Derivation of Characteristic Values For Panel Products
b) Stability of Structures
d} Reliability Based Design

It was considered unlikely that the existence of the groups would continue to be
formally recognised.

There was a brief report from the following sub-group:
c) Assessment of Punched Metal Plate Timber Fasteners,

Reports on previous meetings of the group in Ahus, Sweden, and in Kirov,
Russia, had been distributed. PROF STERN said that the group had been
considering whether, and how, to harmonise Standards on this subject on an
international basis. The sub-group was planning to meet again during the 1993
annual meeting of W18 recorded in these minutes. Comparisons between
various national test methods were a topic for the agenda. It was noted that six
of the papers on the agenda for the main meeting were related to the subject.

CONNECTIONS MADE USING PUNCHED
METAL PLATE FASTENERS

Paper 26-14-1 "Test of nail plates subjected to moment" by E Aasheim was presented
by DR AASHEIM. It aimed to provide a background for a CEN test method for
moment connections, There was a discussion after the presentation, of elastic versus
plastic moment equation principles and about the applicability of the proposed



methods to a broader range of plate types. In answer to points made by MR PARKS,
the author agreed that it was not yet clear how the test results would be related to
equations that could actually be used in design to provide for the combined effects of
axial forces and moments. Possible variations in wood-to-wood contact areas were
also discussed. MR MEIERHOFER suggested, and the author agreed, that time-
dependent effects on moment rotation characteristics were likely to be important and
were not yet fully investigated.

Paper 26-14-3 "Rotational stiffness of nail plates in moment anchorage" by
A Kevarinmiki and J Kangas was discussed next, since it related to Paper 26-14-1.
This was presented by DR KANGAS. The aim of this work is to permit moment
resisting nail plated joints to be designed more accurately. Shear and tensile test
specimens were used in the evaluations. Angles both between the grain direction and
the nail, and the grain direction and the force, were varied.

DR SMITH said that he had doubts over the theoretical basis behind the analysis,
although not regarding the results of the tests themselves. PROF BLASS felt that there
was a need for greater communication between the various researchers in this topic, so
that both principles and test procedures could be in greater harmony. MR LARSEN
questioned whether rotational stiffness is a system property or a material property.
Some of the difficulties that were discussed related to the fact that the deformations of
the teeth in the plates are not a linear function of the plate size or area.

Paper 26-14-2 "Moment anchorage capacity of nail plates" by A Kevarinmiki and
J Kangas was presented and discussed next. This contained all the Finnish test results
to date on this topic, and complemented a paper presented at Meeting 25, Ahus,
DR SMITH and several other delegates offered a possible criticism to the support
arrangement in certain of the tests, which led to a statically indeterminate arrangement.
In answer to a question from PROF EHLBECK, it was confirmed that as a resuit of the
tests and analyses presented in the above papers, there was now a proposal to change
some of the ECS5 draft design equations relating to truss plates.

Paper 26-14-4 "Solution of plastic moment anchorage stress in nail plates”" by
DR KEVARINMAKI was presented by the author. In discussing this, MR LARSEN
pointed out that although it might be a more accurate solution than othets, it was not,
as stated, precise because of the assumption that a full share of the plastic force is
carried by all nails, irrespective of their distance from the centroid. He also mentioned
that at meetings involving the trussed rafter industry, system owners have expressed a
preference for simpler design methods such as those drafted in EC5. Even in EC3,
steel code writers have been cautious in introducing plastic design assumptions.
DR DOLAN pointed out, however, that in seismic regions, any form of steel connector
used to join structural timber members is required to have plastic yield capabilities.

Paper 26-14-5 "Testing of metal plate connected wood-truss joints" by DR GUPTA
was presented by the author. The aim was to test complete truss nodes, containing
joints, in configurations similar to those occurring in practice. MR LARSEN
commented that the approach adopted by the author was analogous to solving the
problem of column behaviour through the testing of thousands of varieties of colummn
configuration, with a great range of eccentricities, etc. He believed there was a need
for a sounder theoretical basis to testing and a more logical approach. DR DOLAN



suggested that if the author were to make a greater number of deformation and
moment rotation measurements on his assemblies, plus tests on plated joints
comparable with those described in papers 26-14-1 to 3, then such work could more
usefully provide validation to the theories.

Paper 26-14-6 "Simulated accidental events on a trussed rafter roofed building" by
C ] Mettem and J P Marcroft was presented by MR METTEM. In answer to a question
from DR O'HALLORAN, it was explained that the work reported in this paper related
to accidental events to low-rise structures, mainly of the type caused by vehicle
impacts. There was a new proposal within the UK to extend the subject to cover
timber frame above three storeys, and in this case, gas explosions were likely to be
considered to be of greater importance. DR THELANDERSSON said that he believed
that it had been noted in the post mortem surveys of Huricane Andrew (USA) that
poor workmanship had exacerbated much of the structural damage. As confirmed by
the authors of the disproportionate collapse paper, this was also an important issue in
this respect. Quality control on site was now an important topic in the British
construction industry.

Paper 26-15-1 "Bracing requirements to prevent lateral buckling in trussed rafters” by
C ] Mettem and P J Moss was presented by MR METTEM. DR STIEDA raised the
question of relating theory and experiments more closely, but the presenter explained
that the tests were a relatively simple series, testing in the laboratory typical trussed
rafters as delivered to site, rather than ideally fabricated ones. These components
contained initial lack of straightness and butt jointed plated splices in the rafters, etc.
The paper did include a description of an elastic three-dimensional analytical model,
which had been provided by Dr Moss, and it gave proposals for bracing, based on
classic stability theories. It was felt that the problems are related to the wide gulf
between parameters which must be assumed when applying present theories on the one
hand, and actual construction practice on the other. MR PARKS agreed with the value
of the work. He pointed out that roofs are seldom sheathed in the UK and that in
construction practice, even the need to anchor bracing down, via walls to foundations,
is not always appreciated, Many problems had occurred with unbraced, or incorrectly
braced roofs in the UK.

Presentation 26-15-3 "Hurricane Andrew - Structural performance of buildings in
South Florida" was made by means of a video by DR O'HALLORAN and a team from
APA. In answer to a question from DR EGERUP, it was explained that, although
incorrect edge distances in fastenings of sheathing was sometimes a critical issue, more
often it was simply the case that many of the fixings were omitted. The damage
assessment reports pointed to the need for greater attention to achieving Building Code
requirements on site. In answer to a question from DR GUPTA, it was confirmed that
the "Hurricane Iniki" (Hawaii) damage assessment showed that hipped roofs
performed significantly better than gable ended ones. DR DOLAN said that the
Alaskan earthquake assessments performed in the 1960s had placed less emphasis on
building construction inaccuracy and omissions. He felt that this earlier construction
had probably been of better quality and also took the form of more resistant building
plans and shapes.



STRUCTURAL EUROCODES INCLUDING EUROCODE 5

Paper 26-15-2 "Eurocode 8 - Part 1.3 - Chapter 5. Specific rules for timber buildings
in seismic regions" by K Becker et al/ was presented by DR CECCOTTL. It was
explained that in order to meet seismic requirements, timber structures may be
designed either as dissipative or non-dissipative structures. If the dissipative design
route is elected, then the designer must demonstrate that within the structure, and
especially the connections, there is the capability of dissipating the energy from the
actions of the earthquake. With elastic analysis, action reduction factors can be elected
according to building type and characteristics, provided that certain minimum
requirements are met. These relate to serviceability and ductility. The latter will be
defined by means of European Standards. Only very well known types of joint will be
permitted to be designed without testing. Detailing rules provide extra restrictions.

In answer to a question from DR DOLAN, the presenter said that both numerical
analyses and test results were used to make decisions on action reduction factors for
joints. DR SMITH raised the difficulty of the need to vary such factors for a particular
fastener type, according to the grain angles involved in the joint configuration. The
presenter agreed that this was a problem. However, in cases of doubt there was always
the option of commissioning specific tests to prove the design. MR MEIERHOFER
said that, since research was in progress on structural timber composites which
included artificial fibres, ductile members able to resist significant seismic forces may
soon be envisaged. This led to a discussion as to how "forward thinking" the EC8
draft should be. MR LARSEN commented that, in his experience, it had been
preferable to develop a relatively simple draft and then to expand and adapt it as
necessary. A further aspect of the topic which was discussed involved the
performance-based principles included in the draft, and whether, in practice, these
would be likely to admit the use of plasterboard as a contributor to shear walls in
seismic design. DR DOLAN raised the subject of mixed constructions, in relation to
seismic design. DR CECCOTTI said that there was an entire chapter in the ECR draft
on this subject, but it was not addressed in the Paper.

Paper 26-16-1 "Structural fire design according to Eurocode 5, Part 1.2" was presented
by the author, DR KONIG. It was explained that Part 1.2 was considerably simpler
than earlier draft versions. Partial factor principles followed ECS, Part 1, but took
different values. A materials partial factor especially for fire design was written in the
present draft as a "boxed" (nationally variable)} factor. DR CECCOTTI doubted
whether, in practice, there would be much scope amongst the various members of the
EU to elect to have different values for this factor. DR THELANDERSSON said that
it was evident that those involved in drafting fire codes often came from a theoretical
background rather than being experienced designers. There was a great need to
establish more uniform safety levels and to achieve further simplicity.

Paper 26-12-1 "Norwegian bending tests with glued laminated beams -Comparative
calculations with the 'Karlstuhe calculation model™ by E Aasheim ef al was presented
by DR GORLACHER. From a large series of tests on Norwegian glulam beams
(described in the following paper) data on lamination strengths and finger joint
properties were input to the Karlsruhe model. Generally, it had been shown that the
model gives a good simulation of the strength of such beams. The work had led to
proposals to adapt the model to simulate tension performance of glulams. In answer to
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a request by DR SMITH, an explanation was given of some adjustments that were
made between moduli of elasticity measured when machine grading the laminations
and the ensuing moduli of the beams.

Paper 26-12-2 "Simulation analysis of Norwegian spruce glued laminated timber" by
R Hernandez and R H Falk was presented by DR FALK. The aims of the work were
to determine CEN Standard strength class assignments for Norwegian glulam and at
the same time to collect data for both the European and the North American
(PROLAM) glulam simulation models. Some special tests were performed to measure
some extra properties for the PROLAM model. MR LARSEN expressed some
reservations on the accuracy resulting from the PROLAM model, particularly when
initial failures in laminations other than the outermost ones were suggested by the
simulation.

Paper 26-12-3 "Investigation of laminating effects in glued-laminated timber" by
F Colling and R H Falk was presented by DR FALK. The paper provided explanations
for several laminating effects which are becoming recognised by European researchers
but which are not yet universally acknowledged in North America. It separated
laminating effects into several constituents such as the greater effect of eccentricities
on the tensile strength of individual laminations; the reinforcing effect upon knots, and
the dispersion effect. The paper was received without a great deal of comment or
discussion.

Paper 26-12-4 "Comparison between ECS5 design and CB71 design for French glulam”
was presented by its author, DR ROUGER. Commenting upon the Paper, PROF
EHLBECK pointed out that since the design calibrations all seem to have been
reported with an assumption of 50% live loads and 50% dead loads, they may not be
fully applicable to all of the economically important structural situations in which
glulam will be designed with ECS.

MECHANICAL TIMBER JOINTS

Paper 26-7-1 "Proposed test method for dynamic properties of connections assembled
with mechanical fasteners" was presented by the author, DR DOLAN. The test
method described involves full reversal cyclic loading, with frequencies in the realms
which are of importance in seismic design. The proposals were being circulated widely
amongst timber researchers who are involved in seismic considerations, since it is felt
that it would be highly desirable to achieve harmony in the testing and design of
connections. DR CECCOTTI had several comments and questions. These concerned
the frequencies of oscillations in real earthquakes, compared with the structural
response of various sizes of construction, and also the ways of defining elastic-
perfectly plastic load-displacement behaviour. The author said that there was a strong
belief amongst North American earthquake experts who are involved in reinforced
concrete structures, that seismic "pulse” loadings at peak levels lower than the absolute
maxima were having a significant influence upon the subsequent behaviour of the
assembly. He felt it was necessary also to assess this effect in timber connections.
DR SMITH initiated some discussion of the response of timber connections when
members at angles intermediate between zero and ninety degrees were involved, and
also when there was "group action”, It was agreed that there was a need for more
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research on this topic. MR LARSEN was concerned over the complexities and cost of
the test procedures inferred by the North American assumptions. He thought that for
large displacements in real structures, full reversal loading at frequencies in the order
of 1Hz would be difficult to control in the laboratory and should only be attempted if it
was absolutely certain that full-sized structures or the relevant components behaved in
this way in reality.

Paper 26-7-2 "Validatory tests and proposed design formulae for the load-carrying
capacity of toothed plate connector joints" by C I Mettem, A V Page and G Davis was
presented by MR METTEM.  Referring to the proposed design equations,
PROF BL.ASS pointed out that in his previous work, a minimum timber thickness was
specified and he asked MR METTEM if this was taken into account. MR METTEM
replied that this was not yet the case but that it was realised that it would be included
when full design proposals compatible with ECS were developed. MR LARSEN said
that the formulae adopted in EC5 for dowels have a lower safety value and ignore
friction and the toggle effect which occurs in bolted joints. He felt that the authors
would be justified in making a similar decision in respect of connector joints. The
reason for this was to keep the same equation formats for both bolts and dowels.
PROF GEHRI noted that the values stated from these tests were for one set of
connectors on a bolt and asked in the design context how many connectors would be
permissible in a row. MR METTEM replied that this would be the subject of further
ongoing work and that the group action effect would probably be considerable.
MR LARSEN added that the paper showed three alternative expressions and that it
would be interesting if all available test results of this type could be re-evaluated
together, and the formulae applied to them. He noted that the results from the two
laboratories appeared to correlate well. DR SMITH added that the methods presented
seemed similar in general terms to the approach which was being adopted in the US.

Paper 26-7-3 "Definition of terms and multi-language terminology pertaining to metal
connector plates” was presented by PROF STERN. Following the presentation of this
Paper, there was considerable debate about the appropriateness of such a document and
its intended purpose. It was noted that PROF STERN prepared this document with the
help of experts, but that it did not have the general support of the meeting.

Paper 26-7-4 "Design of joints based on in V-shape glued-in rods" was presented by
DR KANGAS. PROF BLASS asked the author how the connectors had been made.
DR KANGAS replied that, in most cases, the plates were welded in situ to the rods
which had previously been glued into the timber, the only exception being the rods in
compression, which were welded before gluing. There appeared to be no problem
with welding steel so close to timber. DR SMITH asked how shear connections were
made using this technique. DR KANGAS replied that the holes for the rods were
extended and the steel plate was fixed over the ends of the timber levellers.
PROF GEHRI asked if the angle of the rods had any influence on the tension capacity
of the joint. DR KANGAS replied that some splitting did appear at very steep angles
but otherwise there was no appreciable effect.

Paper 26-7-5 "Timber-concrete-composite structural elements" was presented by the
author, MR MEIERHOFER. It described work which is still in progress at EMPA. In
order to ensure a fully composite action between timber and concrete, special shear
connectors had been developed. These were applied at a variety of angles and
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patterns, in order to obtain the optimum composite action. In full-sized bending tests,
the influence of variable humidity conditions and load duration was being studied.
The influence of climatic conditions seemed to be substantial, causing creep factors in
the order of 2.2 to 3.3. In response to a question from MR ABBOTT as to the
application of such forms of construction, the author said that in Switzerland timber-
concrete composites were used in both residential and commercial construction. These
methods could also have advantages compared with purely concrete constructions in
seismic regions. PROF GEHRI added that timber-concrete composites are considered
in some circumstances as a structural repair method.

SERVICEABILITY CONSIDERATIONS IN
STRUCTURAL TIMBER DESIGN

Paper 26-9-1 "Long-term deformations of wood-based panels under natural climatic
conditions - a comparative study" was presented by DR THELANDERSSON. In
response to a question from PROF EHLBECK, the author confirmed that the creep
factors in his work were based on definitions in Eurocode 5. PROF GEHRI asked if
the loads applied for the initial deformation were representative of loads likely to be
experienced in service. DR THELANDERSSON replied that attempts were made to
set the levels according to design considerations. MR ABBOTT asked which material
properties were used to calculate the initial deflections, to which the author replied that
mean values of MOE from the Swedish Code were used. MR ABBOTT further asked
whether the same relative performance between materials would have been achieved if
the loads wused were design loads based on ultimate limit states.
DR THELANDERSSON replied that they would have been much higher. DR SMITH
pointed out that the specimens were relatively small and that the high proportion of
edges would greatly increase the moisture effects. DR THELANDERSSON replied
that the researchers had been very careful to ensure that all edges were sealed prior to
testing. DR SMITH said that with OSB, the size of the wafer is comparable to the
depth of the specimen, and this could cause problems. PROF BLASS asked why it
was not decided to measure initial deflections for all  materials.
DR THELANDERSSON replied that all were measured, but it was decided to present
the results on a calculation basis.

OPEN FORUM

Paper 26-5-1 "Structural properties of French grown timber according to various
grading methods” was presented by DR ROUGER. DR SMITH commented that the
depth effect recorded was not surprising as it is dependent upon many factors, not just
specimen geometry. Different sizes of depth effect would also be expected on
different products. Referring to previous work by himself and DR BARRETT,
MR FEWELL said that there is a lot of variability in depth factors which depend upon
log type, grading method, sawing patterns, etc. In the work presented in the Paper, all
material sizes were selected at random and therefore did not reflect commercial
practice. With a commercial strength class system, only a single size factor is
practicable. MR LARSEN questioned whether the rejects defined in the work were on
the basis of low strength or low stiffness, and asked whether there was anything to link
these together. He asked whether this information could be used to develop new
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grading criteria, DR ROUGER said that the data are still being analysed and that he
intends looking into this,

Paper 26-6-1 "Discussion and proposal of a general failure criterion for wood" by
DR VAN DER PUT was presented by PROF BLASS. As the author was not present
at the meeting, PROF BLASS asked that, if members had any particular questions or
suggestions on this Paper, they should be referred directly to the author in writing.

ANY OTHER BUSINESS

There was none.

VENUE AND PROGRAMME FOR NEXT MEETING

PROF BLASS reported that the next meeting is scheduled for 7/8 July 1994 and will
take place in Sydney, Australia. Only 1% days have been allocated for the meeting,
and therefore a maximum of 15 Papers will be considered. Priority topics already
suggested are "Bridges" and "Serviceability"”.

It was also announced that in 1995, it is proposed that the meeting be held in
Copenhagen from Tuesday, 18 April (starting at 1 p.m.) until Friday, 21 April. The
meeting for 1996 has preliminarily been scheduled for the end of August or the
beginning of September in Bordeaux, France.

It was mentioned that in 1994, a IUFRO meeting is to be held in Australia from 5 to 7
July. This will finish at lunch-time on the last day. Members should also note that the
Pacific Timber Engineering Conference (PTEC 94) starts on 11 July. There is also a
proposal for a meeting on full-scale testing of buildings in Australia in 1994 at about
the same time as the Engineering Conference. It was hoped that DR LEICESTER will
provide further details of this.

CLOSE

There being no further business, the Chairman declared the meeting closed.
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5-100-1 Design of Solid Timber Columns (First Draft) - [ J Larsen
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6-2-1 Lattice Columns - HJ Larsen

6-2-2 A Mathematical Basis for Design Aids for Timber Columns
- H J Burgess

6-2-3 Comparison of Larsen and Perry Formulas for Solid Timber Columns
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Lateral Buckling Theory for Rectangular Section Deep Beam-Columns
- H J Burgess

Design of Timber Columns - H J Blaf
Format for Buckling Strength - R H Leicester
Beam-Column Formulae for Design Codes - R H Leicester

Rectangular Section Deep Beam - Columns with Continuous Lateral
Restraint - H J Burgess

Buckling Modes and Permissible Axial Loads for Continuously Braced
Columns - HJ Burgess

Simple Approaches for Column Bracing Calculations - HJ Burgess
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CP 112 - L G Booth

Veneer Plywood for Construction - Quality Specifications
- ISO/TC 139, Plywood, Working Group 6
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The Evaluation of Test Data on the Strength Properties of Plywood
- 1. G Booth

The Sampling of Plywood and the Derivation of Strength Values
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Products - D H Brown

Proposal for Presenting Data on the Properties of Structural Panels
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Planar Shear Capacity of Plywood in Bending - C K A Stieda

Determination of Panel Shear Strength and Panel Shear Modulus of
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Ultimate Strength of Plywood Webs - R H Leicester and L Pham

Considerations of Reliability - Based Design for Structural Composite
Products - M R O’Halloran, J A Johnson, E G Elias and
T P Cunningham

Modelling for Prediction of Strength of Veneer Having Knots
- Y Hirashima
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22-4-1 Scientific Research into Plywood and Plywood Building Constructions
the Results and Findings of which are Incorporated into Construction
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22-4.2 Evaluation of Characteristic values for Wood-Based Sheet Materials
- B G Elias
24-4-1 APA Structural-Use Design Values: An Update to Panel Design
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- Norwegian Standard NS 3080
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- British Standard BS 4978

4-5-1 Draft Proposal for an International Standard for Stress Grading
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16-5-1 Grading Errors in Practice - B Thunell

16-5-2 On the Effect of Measurement Errors when Grading Structural Timber
- L Nordberg and B Thunell

19-5-1 Stress-Grading by ECE Standards of Italian-Grown Douglas-Fir

Dimension Lumber from Young Thinnings - L Uzielli

19-5-2 Structural Softwood from Afforestation Regions in Western Norway
- R Lackner

21-5-1 Non-Destructive Test by Frequency of Full Size Timber for Grading
- T Nakai

22-5-1 Fundamental Vibration Frequency as a Parameter for Grading Sawn

Timber - T Nakai, T Tanaka and H Nagao

24-5-1 Influence of Stress Grading System on Length Effect Factors for
Lumber Loaded in Compression - A Campos and I Smith
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Structural Properties of French Grown Timber According to Various
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Derivation of Grade Stresses for Timber in the UK - W T Curry

Standard Methods of Test for Determining some Physical and
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The Description of Timber Strength Data - J R Tory
Stresses for EC1 and EC2 Stress Grades - J R Tory

Standard Methods of Test for the Determination of some Physical and
Mechanical Properties of Timber in Structural Sizes (third draft)
- WT Curry

Strength and Long-term Behaviour of Lumber and Glued Laminated
Timber under Torsion Loads - K Mdhler

Classification of Structural Timber - H J Larsen
Code Rules for Tension Perpendicular to Grain - HJ Larsen
Tension at an Angle to the Grain - K Mdéhler

Consideration of Combined Stresses for Lumber and Glued Laminated
Timber - K Mdhler

Evaluation of Lumber Properties in the United States - W L Galligan
and J H Haskell

Stresses Perpendicular to Grain - K Mdhler

Consideration of Combined Stresses for Lumber and Glued Laminated
Timber (addition to Paper CIB-W18/9-6-4) - K Mdhler

Strength Classifications for Timber Engineering Codes - R H Leicester
and W G Keating
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Strength Classes for British Standard BS 5268 - J R Tory
Strength Classes for the CIB Code - J R Tory

Consideration of Size Effects and Longitudinal Shear Strength for
Uncracked Beams - R O Foschi and J D Barrett

Consideration of Shear Strength on End-Cracked Beams - J D Barrett
and R O Foschi

Characteristic Strength Values for the ECE Standard for Timber
-J G Sunley

Size Factors for Timber Bending and Tension Stresses - A R Fewell
Strength Classes for International Codes - A R Fewell and J G Sunley

The Determination of Grade Stresses from Characteristic Stresses for
BS 5268: Part 2 - A R Fewell

The Determination of Softwood Strength Properties for Grades,
Strength Classes and Laminated Timber for BS 5268: Part 2
- A R Fewell

Comment on Papers: 18-6-2 and 18-6-3 - R H Leicester

Configuration Factors for the Bending Strength of Timber
- R H Leicester

Notes on Sampling Factors for Characteristic Values - R H Leicester

Size Effects in Timber Explained by a Modified Weakest Link Theory
- B Madsen and A H Buchanan

Placement and Selection of Growth Defects in Test Specimens
- H Riberholt

Partial Safety-Coefficients for the Load-Carrying Capacity of Timber
Structures - B Norén and J-0 Nylander

Effect of Age and/or Load on Timber Strength - J Kuipers

Confidence in Estimates of Characteristic Values - R H Leicester
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Fracture Toughness of Wood - Mode I - K Wright and M Fonselius
Fracture Toughness of Pine - Mode II - K Wright
Drying Stresses in Round Timber - A Ranta-Maunus

A Dynamic Method for Determining Elastic Properties of Wood
- R Gorlacher

A Comparative Investigation of the Engineering Properties of
"Whitewoods" Imported to Israel from Various Origins - U Korin

Effects of Yield Class, Tree Section, Forest and Size on Strength of
Home Grown Sitka Spruce - V Picardo

Determination of Shear Strength and Strength Perpendicular to Grain
-H J Larsen

Draft Australian Standard: Methods for Evaluation of Strength and
Stiffness of Graded Timber - R H Leicester

The Determination of Characteristic Strength Values for Stress
Grades of Structural Timber. Part 1 - A R Fewell and P Glos

Shear Strength in Bending of Timber -U Korin

Size Effects and Property Relationships for Canadian 2-inch Dimension
Lumber - J D Barrett and H Griffin

Moisture Content Adjustements for In-Grade Data - J D Barrett and
W Lau

A Discussion of Lumber Property Relationships in Eurocode 5
- D W Green and D E Kretschmann

Effect of Wood Preservatives on the Strength Properties of Wood
- F Ronai

Timber in Compression Perpendicular to Grain - U Korin

Discussion of the Failure Criterion for Combined Bending and
Compression - T A C M van der Put
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Effect of Within Member Variability on Bending Strength of Structural
Timber - I Czmoch, S Thelandersson and H J Larsen

Protection of Structural Timber Against Fungal Attack Requirements
and Testing - K Jaworska, M Rylko and W Nozynski

Derivation of the Characteristic Bending Strength of Solid Timber
According to CEN-Document prEN 384 - A J M Leijten

Moment Configuration Factors for Simple Beams- T D G Canisius
Bearing Capacity of Timber - U Korin
On Design Criteria for Tension Perpendicular to Grain - H Petersson

Size Effects in Visually Graded Softwood Structural Lumber -
J D Barrett, F Lam and W Lau

Discussion and Proposal of a General Failure Criterion for Wood -
T A C Mvan der Put

TIMBER JOINTS AND FASTENERS

1-7-1

4-7-1

4-7-2

5-7-1

5-7-2

5-7-3

Mechanical Fasteners and Fastenings in Timber Structures - E G Stern

Proposal for a Basic Test Method for the Evaluation of Structural
Timber Joints with Mechanical Fasteners and Connectors
- RILEM 3TT Committee

Test Methods for Wood Fasteners - K Mohler

Influence of Loading Procedure on Strength and Slip-Behaviour in
Testing Timber Joints - K Méhler

Recommendations for Testing Methods for Joints with Mechanical
Fasteners and Connectors in Load-Bearing Timber Structures
- RILEM 3 TT Committee

CIB-Recommendations for the Evaluation of Results of Tests on Joints
with Mechanical Fasteners and Connectors used in Load-Bearing
Timber Structures - J Kuipers



6-7-1

6-7-2

6-7-3

6-7-4

7-7-1

7-7-2

7-7-3

7-100-1

9-7-1

9-7-2

11-7-1

12-7-1

12-7-2

12-7-3

13-7-1

13-7-2

13

Recommendations for Testing Methods for Joints with Mechanical
Fasteners and Connectors in Load-Bearing Timber Structures (seventh
draft) - RILEM 3 TT Committee

Proposal for Testing Integral Nail Plates as Timber Joints - K Mohler

Rules for Evaluation of Values of Strength and Deformation from Test
Results - Mechanical Timber Joints - M Johansen, J Kuipers, B Norén

Comments to Rules for Testing Timber Joints and Derivation of
Characteristic Values for Rigidity and Strength - B Norén

Testing of Integral Nail Plates as Timber Joints - K Mohler
Long Duration Tests on Timber Joints - J Kuipers

Tests with Mechanically Jointed Beams with a Varying Spacing of
Fasteners - K Mohler

CIB-Timber Code Chapter 5.3 Mechanical Fasteners;CIB-Timber
Standard 06 and 07 - HJ Larsen

Design of Truss Plate Joints - F J Keenan
Staples - K Mdohler
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Structural properties of French grown timber
according to various grading methods

by

F. Rouger *, C. De Lafond * and A. El Ouadrani @

Abstract

Since 1983, CTBA has carried out a wide research program on
strength properties of French grown species. This program, not

only led to the establishment of a new visual grading system, but
also gave a large amount of data to be analysed. One of the
original ideas of this program is a forest based sampling. Trees
are sampled in the producing reglons according to the weight of
each region. Boards are sampled in order to represent the
variations of properties along the tree and through the cross-
section. Knots measurements and physical properties are
correlated to strength properties in order to evaluate the
influence of sylvicultural methods, but also to establish a new
visual gradlng system. This program has been performed on five
main species (Whitewood, bouglas Fir, Black Pine, Maritime Pine
and Poplar) More than ten thousand boards were tested. This
paper is aimed to summarize the basic properties of the resource,
and to focuss on grading results. The world wide tendency of
machine grading is also taken into account to analyze the data.
The last part of the paper concerns depth effects, which have
been already investigated by many authors.

Introduction

Since 1940, a huge amount of forest has been planted in France
in order to increase the resource. New species as well as
imported species have been 1mplemented Their properties were
known only from small clear specimens. For this reason, CTBA
decided in 1983 with the producers and with the end-users to
study this material, with two objectives :

(1) Investigate the properties of the resource for structural and
non structual uses and give advice on new sylvicultural progranms.
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(2} Establish a grading system, based on full size tests, which
could be used to revise the French Grading standard of 1946.

These studies have produced a large amount of data which is still
being analysed. For each board, different measurements have been
performed :

- location of the board within the tree,

- location of the tree within the forest,

- knots measurements {face knots, edge knots, KAR, volumes),
rate of growth,

- density of the board,

MOE, MOR in bending,

MOR in tension,

- small clear specimens tests (tension perp., shear, tension
parallel,...).

These measurements are entered in a database to carry out
statistical analysis. The results of these analyses have been
published in research reports available at CTBA, but not yet in
technical meetings. This paper will only describe the grading
results, in accordance with the CEN work on strength properties
of structural timber.

Basic properties of the raw material

Results are reported in tables 1 to 5. In these tables, appears
only the data which is used for establishing visual grades. The
density, MOE and MOR have been adjusted according to prEN 384
(depth effect for bending MOR, moisture content adjustements to
12% for density and for MOE). The test results are only reported
for pieces that failed in the central third.

Whitewood (Picea excelsa & Abies alba)

This species is characterized by a low density (4 = 450 kg/m3),
combined with a low ring width (4 = 2.8 mm). MOE and MOR
properties are average, as well as knots sizes.

bouglas Fir (Pseudotsuga menziesii)

This species is characterized by a large ring width (g = 6.5 mm)
which has no influence on mechanical properties. The MOE is
rather high (4 = 12.2 GPa), compared with the MOR. Knots are
larger and show a lower variability than for the other species.

Black Pine (Pinus Nigra corsicana & Pinus Nigra Austriaca)

This species is characterized by a high density (p = 590 kg/m3),
combined with a low ring width (g = 2.6 mm). As well as for
whitewood, MOE and MOR are average, but show a higher variability
{C.V. = 30% for MOE & C.V. = 45% for MOR).



Maritime Pine (Pinus pinaster)

This species is characterized by a high density (u = 560 kg/m3).
The MOR is much more variable than for the other species (C.V.
= 47%) and the MOE is slightly lower (g = 10.7 GPa). Ring width
and knots sizes are average.

Poplar {(Populus}
This species 1is characterized by a large ring width (g = 7.5 mm)
and by small knots {(knots sizes = 25%). The density, the MOE and
the MOR are comparable to whitewood.
Visual grading
Visual grading is based on knots sizes (as proportions of the

cross section dimensions). For the CF30 grade, an additional
criteria is necessary :

Species Density Ring width
limitation limitation
Whitewood Zz460 kg/m3 <3 mm
Douglas Fir Z460 kg/m3 n.a.
Black Pine >510 kg/m3 <3 mm
Poplar 2405 kg/m3 n.a.

The grading results are reported in tables 6 to 10. The values
have been derived according to prEN 384. More detailed
information is provided in document TC124/WG2/AHxx, especially
concerning sampling methods and modification factors. 'The
following information is part of the work carried out by the
Ad’Hoc Group of CEN 124/WG2 on establishing characteristic values
for European visual grades.

Whitewood (Picea excelsa & Abies alba)

For this species, 29% of the specimens have been rejected. The
yield of CF30 is low (10%), compared with CF22 (49%). A proposal
for assignement to European strength classes of prEN 338 is given
below :

CF18 --> (C22 Crz22 --> (C24 CF30 --> C30
MOE and density profiles are close to prEN 338 (see table 11),
except for CF30 in which a density limitation has been applied.



Douglas Fir (Pseudotsuga menziesii)

For this species, 58% of the specimens have been rejected, which
is much too high. This can be explained by knot sizes and ring
width which are very large. The other yields are comparable. A
proposal for assignement to European strength classes of prEN 338
is given below :

Crl18 --> C22 CF22 --> (C22 CF30 ~-> C27

The MOE and density profiles could be increased by 20%, but, as
explained further, this can be explained by the grading method
rather than by the material profiles.

Biack Pine (Pinus Nigra corsicana & Pinus Nigra Austriaca)

For this species, 40% of the specimens have been rejected, which
is high. The yield for CF30 is large enough, due to Corsican Pine
which has good mechanical properties. A proposal for assignement
to European strength classes of prEN 338 is given below :

CF1l8 ~~> (C18 CF22 «-> C18 CF30 =~> C27

The MOE and density profiles could be increased by 20%, due to
the same reasons than Douglas Fir.

Maritime Pine (Pinus pinaster)

In the case of this species, visual grading is not very efficient
: only CF1l8 can be produced, with a yield of only 54%. The
assignement to a Cl18 strength class allows an increase of 20% for
the MOE and 50% for the density.

Poplar {Populus)

For this species, 27% of the specimens have been reijected, which
is reasonnable. The yield for CF30 is good (38%), mainly due to
the Robusta clone. A proposal for assignement to European
strength classes of prEN 338 is given below :

CF18 ~~> C22 CF30 --> C30
The MOE and density profiles are in agreement with prEN 338.
Optimal grading.

The results described above show yields which are rather low,
especially for high grades, and profiles which are quite
different from prEN 338. This lead us to closely examine the
grading method, and try to predict what could be the optimum
grading of the resource. As explained in prEN 338, a sample
enters a strength class if three conditions are fulfilled :



- characteristic MOR > target value,
- characteristic density > target value,
- mean MOE > target wvalue.

This method has been applied to the database, for the strength
classes C18, C22 and C30.
Principle of the method

Question : From an initial population of size N, which sample can
enter a class Cxx 7?

(1) Density or MOR requirement ( £(X;) = 0.05 ).

In the initial population, let us assume that N, pieces have a
lower value than the target value, i.e. :

N,

1
= (1)

£(X) = £, =

To get the requirement, we need to take off the N, lower pieces,
i.e. :

N, N,
N-N,

£ (X)) = = 0.05 (2)

By combining eguations (1) and (2), we get :

Ny, = 1.0526 (£,-0.05) N (3)
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(2) MOE requirement ( u(X) = X ).

In this case, an iterative algorithm is necessary :

j=0
N
2 % A
X) =i
p(X) 3
/ p(X)sz?/-’FVO o j=F+1
b '4
Yes
L
Ny=7

End




(3) All requirements together.
Let us assume that :
- MOR requirement --> 1
- density requirement --> 2
- MCE reguirement --> 3

The algorithm is given below :

=1 Sort according to 1

Determine Ny(1)

kY

Sort according to 2'

l Determine N,(2)

Sort according to 3

v

Determine N,(3)

=
o
il

Max  No(1) : No(2) : No(3) )

//’Nh =0 ?/L——-; Yes ‘ 7| Graded sample

Sort according to the
worst requirement 1

}
- Delete the N,(1i) lower pieces

This method requires grading by'descending order (i.e. C30 ; C22
; C18).



Results

The results are reported in tables 12 to 16. They are
spectacular. The amount of rejected pieces is always lower than
10%, except for Maritime Pine (18.5%). The yield for C30 ranges
from 60% to 80%. This values show a great potential of the
resource which is not optimized by a visual grading system. It
can also be noticed that the most penalizing ¢riteria are the MOE
and the MOR. The density values are always larger than the
requirements, which shows that the density profiles of priN 338
could be increased. This is specially the case for Black Pine,
Maritime Pine and to a lower extent for Douglas Fir. These
profiles explain that the previous values-of the visual grades
were not due to the material behaviour but to the grading method.
It should be reminded that this method could not be applied as
a grading method (because the MOR values are known !!). However,
it gives a way of determining what is the "natural strength
class" of a sample. This lead us to simulate a machine grading
method for three species, this being a first way to improve
visual grading methods.

Machine grading.

Three species were so-called "machine graded", according to the
MOE values of the specimens. The results are reported in tables
17 to 19. In the case of Whitewood, the machine grading method
gives very good results, close to the optimum.

For Douglas Fir, the machine grading method reaches 50% of the
optimum, but is much more efficient than the visual grading
method : - .

~ 47% of CF30 instead of 9%

- 20% of reject instead of 58%.,

For Maritime Pine, the yvield of rejected pieces is equivalent to
the visual grading method. But with the machine grading, it is
possible to get CP30 (25%) and CF22 (20%) which were not
available when the visual grading method was applied.

This simulation shows that, using the MOE for predicting the MOR
has a variable success among the species. Further research needs
to be achieved to find other properties (local density,...) which
can predict the strength of the material.

Size effects.

Many authors (Madsen 1992, Barrett 1992) have investigated the
size effect, especially in bending. These authors seem to get
contradictory results, depending on the test data. Barrett (1992)
reported that for visually graded lumber, the depth effects could
be masked by the "grading effect", in the case of grading rules
in which the defect sizes vary with the size of the members. In
order to investigate this theory on our database, we adjusted the
depth factors for each grade. The conclusions are very
surprising, and confirm the assumptions made by Barrett :



(1) For raw material, there is a slight depth effect (k, = 0.1)
for Whitewood and Douglas Fir. In the case of Maritime Pine,
there is a negative depth effect (k, = -0.15), which has been
explained by the knots location in this species.

(2) For wisually graded timber, this depth effect totally
disappears for low grades and is strongly negative (X, = -0.4)
for high grade.

{3) For machine graded timber, the depth effect is obvious

- k., = 0.2 for Whitewcod
- ¥, = 0.2 to 0.6 for Douglas Fir
~ Xk, = 0.35 to 0.45 for Maritime Pine

These values clearly indicate that the size effect is strongly
dependent on the grading method, and that it can completely
disappear for visual grading. This could confirm that in previous
studies where specimens were "ingrade tested", the size effect
could be neglected. Among the worldwide available data,
particular attention should be focussed on the grading method and
on the sampling method .

Conclusion.

This paper focussed on the relationship between structural
properties and grading methods. Three major ideas were discussed.
Firstly, an optimal grading mnethod was developed to get an
estimate of the potential of the resource. Secondly, it was
demonstrated that the MOE and density profiles were strongly
dependent on the grading technique, and could not always be
attributed to the material behaviour. Lastly, an investigation
of the size effect exhibited a "grading effect" which was much
larger than the material depth effect. This last point confirms
some of the ideas developed previously and can be discussed. Of
course, much research needs to be done to improve the grading
methods and optimize the resource with respect to its structural
properties. A program is initiated to develop stochastic finite
element analysis of full size specimens and to try to understand
the behaviour of such a composite material. This research should
lead to accurate predictors of the strength which could be
incorporated in grading methods. A worldwide cooperation is
wished by the authors to work on this aspect.
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Whitewood Sample Mean Std Dev C.V. (%)
Size
MOR (MPa) 2400 45,4 14,7 32,38
MOE (GPa) 2400 11,3 2,3 20,35
Density 2400 450 38 8,44
(kg/m3)
Face 2400 31 19,5 62,90
knots (%)
Edge 2400 39 28,5 73,08
knots (%)
Ring 2400 2,8 1,3 46,43
width
()

Table 1 : Basic properties for Whitewood

Douglas Sample Mean s5td Dev C.V. (%)
Fir Size
MOR (MPa) 1750 40,6 15,8 38,962
MOE (GPa) 1750 12,2 2,7 22,13
Density 1750 500 48,5 9,70
(kg/m3)
Face 1750 48 20 41,67
knots (%)
Edge 1750 50 26 52,00
knots (%)
Ring 1750 6,5 1,9 29,23
width
(mm)

Table 2 : Basic properties for Douglas Fir
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Black Sample Mean 5td Dev Cc.V. (%)
Pine Size
MOR (MPa) 2630 46,8 20,8 44,44
MOE (GPa) 2630 11,6 3,5 30,17
Density 2630 590 72 12,20
(kg/m3)
Face 2630 40 22 55,00
knots (%)
Edge 2630 40 28 70,00
knots (%)
Ring 2630 2,6 1,3 50,00
width
(mm)

Table 3 : Basic properties for Black Pine

Maritime Sample Mean Std Dev C.V. (%)
Pine Size
MOR (MPa) 1400 39,3 18,6 47,33
MOE (GPa) 1400 10,7 2,5 23,36
Density 1400 560 46 8,21
(kg/m3)
Face 1290 42 23 54,76
knots (%)
Edge 1290 42 31 73,81
knots (%)
Ring 1400 3,7 1,3 35,14
width
(o)
Table 4 : Basic properties for Maritime Pine
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Poplar Sanple Mean std Dev C.V. (%)
Size
MOR (MPa) 770 45,9 14 30,50
MOE (GPa) 770 11,8 2,3 19,49
Density 770 4490 49 11,14
(kg/m3)
Face 770 25 23 92,00
knots (%)
Edge 770 27 32 118,52
knots (%)
Ring 770 7,5 2,1 28,00
width
(mm )
Table 5 : Basic properties for Poplar
Whitewood | Char. MOR Mean MOE Char. Yield (%)
(MPa) {GPa) density
(kg/m3)
CF18 22,9 11,2 360 12
CF22 24,8 11,5 360 49
CF30 33,9 13,4 440 10
Table 6 : Visual grading for Whitewood
Douglas Char. MOR Mean MOE Char. Yield (%)
Fir (MPa) {GPa) density
(kg/m3)
CFl18 23,3 12,1 410 22
CF22 22,1 13,2 410 11
CF30 26,8 14,2 440 9

Table 7 : Visual grading for Douglas Fir
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Black Char. MOR Mean MOE Char. Yield (%)
Pine (MPa) {GPa} density
(kg/m3)
CFis8 19,5 i1,8 450 10
CF22 19,8 11,5 460 23
CF30 28,5 &2,1 490 27
Table 8 : Visual grading for Black Pine
Maritime Char. MOR Mean MOE Char. Yield (%)
Pine {MPa) (GPa) density
(kg/m3)
Crils 20 11,5 470 54
Table 9 : Visual grading for Maritime Pine
Poplar Char. MOR Mean MOE Char. Yield (%)
(MPa) (GPa) density
(kg/m3)
CF18 23,4 11,3 340 35
CF30 31,7 12,9 400 38
Table 10 : Visual grading for Poplar
Strength Char. MOR Mean MOE Char.
Class {MPa) {GPa) density
(kg/m3)
ok 21 18 9 320
c22 22 10 340
C24 24 11 350
c27 27 12 370
C30 30 1 12 380
Table 11 Strength profiles of prEN 338
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Whitewood Char. MCR Mean MOE Char. Yield (%)
(MPa) (GPa) density
(kg/m3)
Cl8 20,7 9 360 28
Cc22 22 1o 370 1
€30 30,2 12 390 63
Table 12 : Optimal grading for Whitewood
Douglas Char. MOR Mean MOE Char. Yield (%)
Fir {MPa) (GPa) density
‘ (kg/m3)
18 18,2 9,3 400 5
cz2 22 10 410 13,5
C30 30 12,9 430 78
% ——
Table 13 : Optimal grading for Douglas Fir
Black Char. MOR Mean MOE Char. Yield (%)
Pine {MPa) (GPa) density
(kg/m3)
Ccl8 18,3 ] 460 3
c22 22,1 10 470 7,5
Cc30 30 12,5 490 79 L
Table 14 : Optimal grading for Black Pine
Maritime Char. MOR Mean MOE Char. Yield (%)
Pine (MPa) (GPa) density
{kg/m3)
cls 18,1 9 480 7,5
C22 22,1 10,2 490 13
C30 | 30,2 12 510 61
Table 15 : Optimal grading for Maritime Pine
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Poplar Char. MOR Mean MOE Char. Yield (%)
(MPa) (GPa) density
(kg/m3)
c18 18,3 9,1 330 5,5
c22 22,2 10 380 8,5
C30 30,5 12,4 380 83
Table 16 : Optimal grading for Poplar
Whitewood | Char. MOR Mean MOE Char. Yield (%)
{MPa) (GPa) density
(kg/m3)

CF18 22 9,3 370 37
CF30 31,2 12,3 390 54
Table 17 : Machine grading for Whitewood
Douglas Char. MOR Mean MOE Char. Yield (%)

Fir (MPa) (GPa) density
(kg/m3)
CF18 19,8 i0,2 420 8
Cra22 23,6 1i,2 430 24
CF30 30,9 14,5 460 47
Table 18 : Machine grading for Douglas Fir
Maritime Char. MOR Mean MOE Char. Yield (%)
Pine (MPa) (GPa) density
(kg/m3)
CF18 18,6 10,2 500 22
CFr22 23,2 i1,7 510 1%
CF30 31Lé 14L1 530 24,5
Table 19 :

Machine grading for Maritime Pine




Grade Raw Visual Machine
Material Grading Grading
CF18 6,01 0,23
0,1
CF22 -0,1 n.a.
| cF30 -0,5 0,2
Table 20 : Depth factors for Whitewood
Grade Raw Visual Machine
Material Grading Grading
CF18 -0,01 0,6
0,12
CF22 6,01 0,5
CF30 -0,3 0,17
Table 21 : Depth factors for Douglas Fir
Grade Raw Visual Machine
Material Grading Grading
Cr1s8 ~-0,01 0,35
-0,15
CF22 n.a. 0,34
CF30 3 n.a. 0,47 |
Table 22 : Depth factors for Maritime Pine

17
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ABSTRACT

Based on a poilynomial expansion of the failure surface, a general failure criterion,
satisfying equilibrium in all directions, was developed for wood long ago (IUFRO
Boras 1982) and shown to apply for clear wood. For wood with (small) defects and
{local) grain deviations, equivalent strengths can be defined in the main directions
and a comparable equivalent failure criterion applies as was shown by K. Hemmer
(PhD thesis 1985). It was shown at the last COST-308 meeting that the second
order terms of the polynomial failure criterion represent the critical distorsional
energy of inittal yvield {or failure at initial vield when the test becomes unstable at
this point). It will be shown that the third order terms represent special hardening
effects (due to micro-crack arrest by strong layers), occurring after initial yield,
determining ultimate failure in longitudinal direction in a stabie test.

As known. the singularity approach of fracture mechanics predicts for the critical
energy release rate: Gc = GIC + GIIC for coilinear crack propagation in grain direc-
tion. As p.e. mentioned in the RILEM State of the Art report on fracture mechanics
of wood, this is against experimental evidence and in stead, the empirical Wu-
equation is used for layered composites. It was shown at the COST 508-meeting
at Bordeaux that this wrong prediction is due to this singularity method that, by
the critical stress intensities, does not satisfy in all cases the failure criterion and,
although this method is generally applied in fracture mechanics of materials, it
therefore has to be rejected. It further was shown that the Wu-criterion can be
derived from oriented (in grain direction) crack propagation of elliptic micro-cracks
and is a necessary condition for the (right form of the) energy principle.

It now will be shown that this Wu- (or Mohr-) criterion is also determining the
failure criterion of wood, showing the same oriented micro-cracking to be respon~
sible for failure in general.

Based onr this criterion, the existing criteria can be explained as the Hankinson,
Norris, and Coulomb criterion. A derivation is given of an exact modified Hankinson
criterion and of the general form of the higher order constants and how they can
(safely} be determined from uni-axial tests in the main plane.

The exact criterion is as easy to apply as the invalid approximations, now used for
the Codes.



INTRODUCTION

Failure criteria, like the Norris-, Hoffmann-. Tsai-Wu~ criteria etc., can be seen as
forms of a polynomial expansion of the real failure surface. This expansion of the
failure surface in stress space into a polynomial, consisting of a linear combination
of orthogonal polynomials, provides easily found constants (by the orthogonality
property) when the expanded function is known, and the row can be extended,
when necessary, without changing the already determined constants of the row.
When choosing in advance a limited aumber of terms of the polynomial, up to
some degree, the expansion procedure need not to be performed, because the result
is in principle identical to a least square fit of the data to a polynomial of that
chosen degree. This choise of the number of terms may depend on the wanted
precision of the expansion and the practical use,

Based on this principle of a polynomial expansion of the failure surface, the failure
criterion is general, satisfying equilibrium in all directions, and was for wood first
developed in [1] and the most important aspects can be found in that publication.
The in [1] given explanation of the existing criteria and the approximation of the
coupling terms as F__, are verified, p.e. in Madison [2], where it was shown that
Cowins approximation [11] does not apply for wood.

A general approach for anisotropic, not orthotropic, behaviour of joints, (as punch-
ed out metal plates), and the simplification of the transformations by 2 angles as
variables, is given in [3].

A confirmation of the results of [1] by means of coherent measurements (in the
radial-longitudinal plane) and the generalization to an equivalent, quasi homogeni-
ous. failure criterion for wood with small defects is given in [4], showing, as wili
be discussed here, a determining influence of crack propagation on the equivalent
main strengths, There thus is no reason to maintain the used invalid approximations
and to not apply this consistent criterion, also for the Codes, for all cases of com-
bined stresses. Thus far only this criterion gives the possibility of a definition of
the off-axis strength of anisotropic materials.

A GENERAL FAILURE CRITERION FOR WOOD

A yield-criterion gives the combinations of stresses whereby flow occurs in an
elastic-plastic material like wood in compression. When partial flow (of some com~
ponent) becomes noticeble, while most of the material remains elastic, initial yield
occurs where below the material is regarded to be elastic. For more brittle tensile
failures in polymers. there also is an initial yield boundary where above the gradual
flow of components at peak stresses and micro-cracking may have a simular effect
on stress redistribution as flow. It is discussed in [10] that these flow and failure
boundaries may be regarded as equivalent elastic-plastic flow surfaces.

The flow~ or failure criterion is a closed surface in the stress space (a more dimen-
sional space with coordinates 9 Oy Og 0,5 O, 06).

A cut. {p.e. according to figure 1 through the plane of the co-ordinate axes y = o,
and x = 02), will show a closed curve and such a curve always can be described by

i

a polvnomial in x and v like:

3

2 , .
ax *+ by + cx” + cl,\‘2 + exy + x>+ 2y~ o+ hxz_\f + 1><‘y2 SRRRELEE = (1)
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Figure - 1. General form of a failure-ellipsoid and definition 6f positive stresses.

whereby as much as terms can be accounted for, as is necessary for the wanted
precision of the description. The surface will be convex because of the normality
principle, {the requirement that "plastic” work done must be positive), and higher
order terms, causing local peaks on the surface (and thus causing infiection points)
are only possible by local hardening effects depending on the loading path and are
outside the flow-~criterion. These effects can be treated as given in [1] at:

"2.2. Hardenings rules” or by the approach of [10].

It can also be seen that the constants f and g are indeterminate and have to be
taken zero because, for y = 0, eq.(1) becomes: ax + ex? v XS = k, or in the real

00ts X, - X, = X_:
roots X, X,

XN -x 2w+ x){x o+ x ) =0 2
= x ) g x) =0 (2)
Because there are only two points of intersection possibie of a closed surface with
a line, there are only two roots by the intersecting x-axis p.e. x = X and x = - X,

and the part (x + xz), being never zero within or on the surface and thus is indeter-
minate, has to be omitted. For a real convex surface f is necessarily zero.

The same applies for g, or: g = O following from the roots of y when x = 0.

The equation can systematically be written as stress-polynomial like:

Ficsi + Fijoigj + Fi}licigjdk + =1 (,), k=1 2,3, 4,5, 6) (3)
In [11 it is shown that clear wood can be regarded to be orthotropic in the main
planes and the principal directions of the strengths are orthogonal (showing the
common tensor transformations) and higher order terms normally (outer hardening)
can be neglected so that eq.(3) becomes:

Fo + Fijoioj =1 (4,5 k=12 3 4, 5 6) (4)

In [10] it is shown that this equation represents the critical distorsional energy of
failure. For reasons of energetic receprocity F“. = Fji (i #j) and by orthotropic sym-
metry in the main planes (through the main axes along the grain, tangential and
radial) there is no difference in positive and negative shear-strength and terms
with uneven powers in o, thus are zero or: Fm = an = Fﬁ = 0; and there is no inter-
action between normal- and shear-strengths or Fij =0 0# ;0 j=4,5 6.

Thus eq.(4) becomes for a plane stress state in a main plane:

2 2 2 .
g+ + + 2F oo 0+ s DA = 3
Fo, + Fpo, + F 0 2F,0.9, Fpg0y * Foedy = 1 (5)

For a thermodynamic allowable criterion (positive finite strain energy) the values
F.ii must be positive and the failure surface has to be closed and cannot be open-
ended and thus the interaction terms are constrained to:

2
F11F22 > Fi?_' (6)



For the uniaxial tensile strength G = X (02 = o, = 0) eq.(5) becomes:

6

S - 2 - - -y 2 =
Fo +Fio =t o EX +F X =1 {7)
and for the compression strength o, = = X' this is:

. 2 iy
F X FMX = i (&)
and it follows from eq.(7) and (8) that F1 en F‘i1 are Knowr:
S B A g
Fi=5-x and F = X% (9)
In the same way is For 01 = ¢, = 0 in the direction perpendicular:
- =L _ L
F2—Y v and F, YY {10)
Further is follows for 6, =0, = 0 (pure shear), for the shear strength S, that:
F, = 1/8° (11)
and is according to eq.(o): - 1//XX'YY" < F <+ 1/]/XX'YY' (12)

It can be shown (as discussed in [1]) that the restricted values of 2k, . based on
assumed coupling according to the deviator stresses, as gwen b) NOIilS (131, Hill
- Hoffmann [14] as: 2k, = - 1/2XY or: 2F, = - (1/X* + 1Y% - /2% are not
general enough for orthotropic materials and don't apply for wood. There also is
no coercive reason to restrict k., according to p.e. Tsal and Hahn [15] as:
’)T 2o 1//XX YY", or accmdmg to Wu and Stachurski [16] as: ?F - 2/XX".
Thesc values suggest that 2F is ~ 0.2 to 0.5 times the extreme value of eq.(12),
The properties of a real physical surface have to be independent on the orientation
of the axes and therefore the tensor transformations apply for the stresses ¢ of
eq.(5). These transformation are derivable from the equilibrium of the stresses on
an element formed by the rotated plane and the original planes, or simply, by the
circle of Mohr construction. For the uni-axial tensile stress then is:

z .2 .
o, F 0,C0S 9, G, ® G.sin 3, G, = otsm%cos-ﬂ.

Substitution in eq.(5} gives:

20 .2, .24 o1 - 2 8. .2, S ST
Fiotcos & cmtsm 9 o+ F“otcos S o+ (_.}12 + Iﬂéé}otcos dsin®d + Fzzotgm =1 (I3

and substitution of the values of F.

2 4 2
o cas @ 67 sin'$
1 2./ L t 2.2 2 I A
g, cos™ ‘}(X e ) * Oesin -%}(Y Y') Slve vy 2F120tsm Pcos H + A
otsil}zq‘}cosZ%}
T F 1 (14
S
It can be seen that for & = O this gives the tensile- and compressional strength in
p.e. the grain direction: g, = X en Gy = - X', and for & = f)OO the tensile and com-
pressional strength perpendicular to the grain: =Y and G = - Y, and that a

definition is given of the tensile and con'lplessmnal sttength in every direction.
These are the points of intersection of the rotated axes with the failure surface.
Eq.(13} thus can be read in this strength component along the rotated x-axis: G, =0,
according to:

Fg +F 62=1 (15)
11 111 .



The same can be done for the other strengths giving the definition of the transfor-
mations of F, and F;,. The transformation of F. is also a tensortransformation (of
the fourth rank} thus following from the rotation of the symmetry axes of the
material. Transformation thus is possible in two manners. The stress-components
can be transformed to the symmetry directions according to eq.(5). Or the symmetry
axes can be rotated, leaving the stresses along the rotating axes unchanged. For
this case the general polynomial expression eq.(16) applies:

Flog+ Bys, + B0y * 2F 509, + Fo) + Fop0, ¢ Fo,0, + Fyol = 1 ()
These transformations of F' are p.e. given in [11.

G

Transverse strengths

In {13 it is shown that for rotations of the 3-axis, when this axis is chosen along
the grain, eq.{5) and (16) may precisely describe the peculiar behaviour of the com-
pression- tension- and (rolling) shear-strength perpendicular to the grain and the
off-axis strengths without the need of higher order terms.

When for compression the failure limit is taken to be the stress value after that
the same, sufficient high, amount of flow strain has occured, then the differences
between radial- tangential~ and off-axes strengths may disappear and one directio-
nal independent strength value remains (see fig. 2). For tension perpendicular to
the grain, only in a rather small region (around 900_. see fig. 2) in the radial direc-
tion the strength is higher and because in practise, the applied direction is not
precisely in that direction, there is some freedom, in timber, to choose the weakest
plane for failure and the lower bound of the strength will apply being independent
of the direction. This means that:

FI—F2=O and F“-FZZ=O

and that also F12 is limitted according to:

S TR STIME PR VS

Further then also is:

Fi =0 and F, =F, =1/t5

From measurement it can be derived that F12 is small leading to:
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Figure 2 - Yield stresses and hardening
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and the behaviour can be regarded to be quasi isotropic in the transverse direction.
The measurements further show for this rotation around the grain-axis that the
“shear strengths” in grain direction in the radial- and the tangential plane, F44 and

F_.. are uncoupled or F _ = 0, as is to be expected from symmetry considerations.

55" 45

Longitudinal strengths

When now the 3-axis is chosen in the tangential or in the radial direction the same
relations apply (with indices 1,2,6) as in the previous case. The equations for this
case then give the strengths along and perpendicular to the grain and the shear-
strength in the grain direction.

When the test remains stable above initial yield, a type of hardening may occur
and third order terms are needed, according to eq.(3), to describe the behaviour. In
[1] it was shown (by tests of [11] with g, and g, only), that the longitudinal shear
strength in the radial plane increases with compression perpendicular to this plane
according to the coupling term F266 {direction 2 is the radial direction; direction 1

is in the grain direction):

. ) . 06 {1 - OZ/Y)'(i + OZ/Y')
Fo, F22c52 +F o0+ 3F2béozoé =1 or: ¢ = T+ co,/Y (17)

with: ¢ = 3F2MY‘SZ ~ 0.9 (0,8 a 0.99).

It is seen from fig. 3, that ¢ < { is necessary to have a closed surface and thus
is determining for the upper bound of Fzso'
When ¢ approaches ¢ ® | {measurements of project A in fig. 3) eq.(17) becomes:

o] 2 e}
(%) ty vl (17"

being the Mohr equation or the Wu-equation of fracture mechanics for mixed mode
I - 1I failure (when expressed in stress intensity factors).

2ass
3F266 & 0.9/57Y

B

A3

X e
TtososY ¥ Sleo 300 phe

Figure 3 - Combined shear-tension and shear-compression strengths.

This equation (i7"} can fully be explained by collinear micro~crack propagation in
grain direction [9]1. As derived in [9]. eq.(17') does not ounly apply for shear with
tension but also for shear with compression s, perpendicular to the flat crack.

For a high stress 5, the crack is closed at o:= 2R and the crack tip notices only

“



tire infuence of o 5, ® O because for the higher part of 9, the lead is directly trans-
mitted through the closed crack and eq.(17°) becomes:

ol - ulo, - o

S—b = L)S)——-—C-)— + i —-O?C or: ¢ =C+ ulo?‘ (17"
where o, and o are negatlve giving the Coulomb~equation with an increased shear
capacity due to friction: . This effect will be small for wood. For micro-cracks
the crack closure stress S, w1 il have about the value the tensile strength: o.M - Y.
For maximal compression (at maximal shear), 6, & = 0.9Y", the shear strength will
be maximal raised by a factor:(1 + (0.9Y" - Y)/S). Inserting measurements of [4]
this factor is maximal: {¥2 + 0.3(0.9:5.6 - 3.7)/9.8)/¥2 = 1.03 with respect to the
failure without Coulomb friction. Because the possible parabolic fit by equation
(177) the co-efficient of friction (above G, = o, M- Y) is probably smalier than 0.3
It is thus seen that Coulomb friction is neglectable and does not increase the
shear-strength by compression perpendicular. This increase is an equivalent harde-
ning effect, caused by crack arrest by the strong lavers, so that failure only is
possible by longitudinal crack propagation according to the Wu~equation. At higher
stresses ¢ . compressional plasticity perpendicular to the grain (project A of [113),
or earlier instability of the test, (project B of [11] with oblique-grain compression
tests) may become determining, showing a lower value ¢ of eq.(17) than ¢ = 1.
Because the siopes of the lines (at smail 02 of project A and B of [11] are the
same, there is no indication of an infiuence of the higher order terms: F E
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F_and F_ of proj. B. Further the line of B is below the line of A and the c-value

oll”?B is lcit\?el closer to the eliptic failure criterion. This strongly is an indication
that hardening after initial yield (thus departure from the elliptic equation) of
project B, the oblique~grain compression test, is much less than that of project A,
and thus that the test is less stable. (Project C of [11] follows the elliptic failure
criterion because of the influence of transverse failure due to rolling shear that is
shown before to be elliptic),

The theory also explains why the parabolic Wu-equation of increased shear strength
by transverse compression, did not occur in the tangential plane. If, there are large
initial cracks in the tangential plane, (or trans-wall failures), the .crack-closure-
stress o is smalf and when also p is small: g, is about constant in the compres-
sional region {independent on the magnitude of the compression perpendicular)
untill there is influence of plasticity by compressional failure. This ultimate shear
condition in the weak plane, independent of compression, is predicted by the singu-
larity method and is the basis of the explantion of the Hankinson formula eq.(19},
for n = 2, by this method [9]. As shown later n = 2 means that there are no higher
order coupling terms {no higher than order 2}. Because there thus is no influence
of (the equivalent) F?_()() in the tangential plane (i3355). F?_é{) of the radial plane di-
minishes quickly at axis-rotation (around the 1-axis), and this higher order effect
is only a local effect, only noticeble when loading is in a plane rather close to the
radial plane. This thus will hardly be noticeble in timber when failure is free to
occur in the weakest plane. The high measured value of Foe {measured with o, = 0)
may indicate that for clear wood, F122 will be zero in the radial plane according to
eq.{22). It also can be deduced from published Hankinson lines of clear wood that

F ., and F26{> can be zero in the tangential plane, (confirming the results of proj.



A and B of [11], mentioned above}. For these Hankinson lines, n # 2 in aq.{19), show-
ing all higher order terms to be zero. There is an indication that this is a general
property of timber [{1], because when shear Failure is free to occur the plane of
minimum resistance, as usually in large timber beams and glulam, it occurs in the
tangential plane and n = Z, showing no higher order terms. Qn the other hand, this
needs not to be a general property for all species and tests because it generally is
mentioned by Kolimann that n & 2.5 for compression of clear wood showing that
F112 and F,, will in general not be zero outside the radial piane. This may indicate
some hardening by confined dilatation (depending on the test) as discussed in [10].
Because of the oriented crack-propagation, explaining eq.(17), Fibé = 0 for clear
wood because ¢, is in the same direction as the flat crack and thus not influenced
by that crack.

It was shown in [10] that eq.(5) represents the initial yield condition, being the
extended critical distorsional energy principle. Because at initial yield both, the
elastic and yield conditions should be satisfied, the second order polynomial applies.
For elastic behaviour, this follows from the Hankinson equations (with n = 2) that
apply for the moduli of elasticity and because the modulus is proportional to the
yield strengths, the Hankinson equations (18) apply for initial yield (being the
second order polynomial). As mentioned in [{0], for glulam in general, and for clear
wood in tension, n & 2 and there are measurements, depending on the type of test,
indicating that n # 2 js possible for compression of clear wood as well (by the
“Shereisen” test) or that n & 2 in the neighbourhood of the tangential plane {follow-
ing from oblique-grain compression tests), showing therefore no higher order terms
and thus failure after initial yield. Thus the second order polynomial then also gives
the failure condition. For this case, of no influence of higher order terms, eq.(13)
or (14) applies, for the off-grain-axis tensile~ and compressional- strengths and
eq.{14) can be resolved into factors as follows:

[/ otcoszé} o t311123 { otcoszé} g tsinz%

\ X + v =1 \ 7 + 'z +1]=0 (18)
giving the product of the Hankinson equations for tension and for compression,
(where X and X'are the strengths in grain direction). This is possible when:

OF , + 1/8% % 1/XY + 1/XY’

In this equation, derived in [1], (1/X'Y + 1/XY") is of the same order and thus
about equal to 1/8% and 2F12 is of lower order with respect to 1/8% In [2] this
equation of [{] was used as a measure for F12‘ thus: 2}312 = 4/X'Y + 1/XY' - 1787
what is a difference of two higher order quantities and thus gives no information
of the value of F , that also can be neglected. In [171, wrongly the sum of: 1/8%
and (1/7X'Y + 1/XY") is taken to be equal to 2F ,. being of higher order with res-
pect to the real value of F12 and it is evident that this value did not satisfy eq.(12).
£q.{18) shows that the exponent n of the general Hankinson formula eq.(19):

otcosn-%} otsinn%}
— (
X + % =1 {1})

is n = 2 for tension. For compressional failure X and Y have to be replaced by
resp. X' en Y in eq.(19) and eq.(18) shows that n = 2 for compression as well when

there are no higher order terms.



The equations for timber with defects are in principle derivable from the clear
wood equations by analysing the stresses around knots, cracks etc. Descriptive, by
the polynomial approach, it is also possible to regard the many possible complica~
ted stress states leading to failure in timber with defects, when loaded in a direc-
tion as the strength by the mean stresses in that direction. In that case combined
stresses determine the axial strengths. Where due to the grain- and stress devia-
tions. the axial strength is determined by combined shear with tension perpendicu-
lar to the grain, stable crack propagation causing an increase of the effective shear-
strength (according to the Wu-equation) may occur. Because always shear is in-
volved in failure, also the higher order terms for (apparent pure) normal stresses
show this parabolic increase of the effective strength, and the higher order terms
are no longer neglectable.

For wood with small defects n can be as low as n ®» 1.6 in eq.(19) for tension show-
ing higher order terms to be no longer neglectable for tension. This also has to be
expected when knots and defects show a deviation of the grain-direction because
the line of the strength has to shift according to that deviation. For compression
about the same n = 2.5 can be expected because the strength depends on the mean
grain-direction at yield. In {41 it is shown that rma F%é and F of the radial
plane have influence, what is shown here to represent the equwa[ent hardening
effect due to crack arrest. Eq.(18) thus needs to be extended to account for the
smaller Hankinson value of n < 2 for tension and n > 2 for compression.

An equation of the fourth degree (eq.(21) in ot) can always be written as the pro-
duct of two quadratic equations, eq.(20). For a real failure surface the roots will
be real and because the measurements show that one of the guadratic equations is
determining for compression and the other for tension and must be valid for zero
values of C, and/or Cd as well, this factorization leads as the only possible solu-
tion to be the product of the "Hankinson equations” for tension and compression:

/ 6.cos%H 5 sin’8 5.co8%H G sin*9
¢ v L -1+ rzsinzq“}cosz‘}c )( t - + 1+
X Y 7t Rt X Y’
" ofsin?‘%coszn‘-}cd) =0 (20)

In general eq.(20} thus is (as can be seen by performing the multipllcatlon)

Fiotcos 29 4+ F G sin’$ + F o cos o 4 (2F + F )ozcos SsinZy « F e Zints + 3(13112 +

27t 117t 66"t t
+ F Jogcos dsin® + 3(F , + F_ )olsin*8cos™ + 12F 19ee 0t COS BsinS = 1 (21)
giving the found, general valld criterion of [4] where it appeared that F 199 and

other possible higher order terms can be neglected except F1266
The values Ct and Cd can be found by fitting of the modified "Hankinson equa-
tions” (20} for uni-axial off-axis tension and compression giving the constants:

2F = 1/X°Y + 1/XY' - 1/8% + ¢ -C,; 3(F +F )=C/X‘+C/X;
12 t d t d

142
MF _ +F )=C/Y +C (22)

P 28 = =
122 266 t d/Y and 1“F1266 thd 2r1122 Ccd

Experimentally it is shown that a fit of the Hankinson eq.(19) always is possible.
Thus different n values for tension and compression from n = 2 means that there
are higher order terms and C, and Cq are not zero as follows from eq.(22).

It was shown in (1} that F12 is smafl and can not be known with a high accuracy.
Small errors in the strength values (X, X', Y, Y', 8) may change F12 by more than
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100 % or even change its sign [1] and the value thus is not important. The data of
[41 of the principal stresses in longitudinal tension, being close to initial yield,
show F , to be zero at initial yield (when Ct = Cd = 0, thus F12 will be proportio~
nal to Cd - Ct)' The passible estimate in [4], based on the third degree polynomial
for all data, shows 1312 to be negative and to be of lower order with respect to
1782, showing F12 here to be neglectable, and because also Cq - Ct is of lower
order. the equivalent shear-strength S follows from:

178 = 1/X'Y + 1/XY" + (1 - W) (C, = C P~ XY+ 1/XY (23)
and consequently:
2F12 = cx(Cd - Ct) (= 0), (24)

where o is a constant found from fitting. Inserting the estimated values of the
strengths of (41, based on all data, {X = 85.5; X" = 431; Y = 3.7: Y' = 5.6) and for
S = 9.4 to 10.2, then « has values between o = 0 to o = {. A lower value of S as
was measured for pure shear (S = 9), indicates a positive value of F12 and it is seen
that F12 may easily switch between any (small) value {and thus can be neglected).
For a practical criterion, a safe lower bound should be used that ignores the in-
fiuence of numerous, still higher order terms, because it is not justified to use a
complicated equation to account for only smail influences. This also applies for
F ., Wherefore a good estimate (including neglected highest order terms and thus
need not to be bounded) will be eq.(22):

2 = ~3
LFI?_% Cth, (72 O,

but will be shown to be neglectable.

As mentioned before, Fl()b is small or zero for clear wood. However, because of
the grain- and stress deviations. Fiﬁb will not be zero for timber, because crack
extension along the grain has components in longitudinal and transverse directions
when there is a grain deviation and Fl()b and F . are connected as components
depending on the (local) structure. As crack extension component Fu) will have a
simular bound as given by eq.(17) for FZé{; as follows by replacing the index 2 by |

and Y by X. Thus:

3F < 0.99/X'S%
166

Determining for wood however will not be this bound but the value of Fléb’ foi-
lowing from eq.(22), when F“? is known, 1:112 shows to be high by the form of the
failure surface and an estimate of the bound of F112 has to be made. This form of

, s
112) show

a simular cut-off parabola as F,, o indicating a common cause with a value of F,

the failure surface {for the principal stresses, where it is determined by F
2
266" A general method to determine this
bound of F ., Is given in [1] (for Fzés)' For the purpose here it is sufficient to
satisfy eq.(29) of the following approximation.

The upper bound of F112 described above applies for a, = 0. Because for nearly clear

wood. the longitudinal crack extension theory predicts Fiéb and sz to be small,

close to its upper bound, as found for F

the following equation applies:

2 2
t 1 1 1 Y %y 2
SR DREAL B IR o e R FICAREE (25)

This can be written:

o (X = X+ o1+ 3F o XX} = (1= 0 /Y )t + 0 /Y ) XX (26)



and. neglecting the first term, it can be seen that this equation reduces to a para-
bola when about: 3F“2 = I/XX'Y" (when the first term is small). The critical value
of the bound of Fu?_ (to just have a closed surface) will occur at high absolute
values of a9, and ¢, and can be expected to occur in the neighbourhood of G, M- X
For g, approaching: g, % = X', the first term of eq.{26) is small with respect to the
second term and because the compression strength perpendictlar to the grain hard-
ly is effected by the longitudinal stress, this maximal value can be inserted, as a

good approximation, in this small term giving:
2 e . Yo . .
o (1 + 3F, 0, XX+ (X' = X1/ X)) = (1= 6 /Y] (1 + 0/¥) XX

or:

5, (1 - oZ/Y)-H + cz/Y‘) 5
J S . - - ' ' 2
: I Coz/Y' where ¢ 3?112Y X (27)

It can be seen that when ¢ = 1. the curve reduces to a parabola and the requirement
to have a closed curve is ¢ < 1. Thus: 3F112 < 1/(Y'X'%). The same may apply at the

tensile side giving the same equation (27), when X' is replaced by X, or:

“, (1 - cz/Y)-{l + o?/Y') 5
= - ¢ = 3F : 2
s COZ/Y' where ¢ 3F112Y X (28)

The found parabolas are equivalent to the Wu-equation for shear with tension or
compression. Because for wood with defects there always are deviations of the
stress or of the grain for the regarded main directions, there always is shear pre-
sent and when this shear, in the real material planes, is the cause of the failure
then according to the maximal stress criterion (eq.{23) of [103) g, /X of eq.(28)
should be replaced by ob/S of the main plane. By this replacement eq.{(28) is iden-
tical to eq.(17) and F122 is determined by ngé of the real material planes.

Mere general, when Fw and sz are not neglectable, the bound: ¢ < 1 becomes:

ks |2 1 Is — + 1 “ 12 . +
o] " - - = AN ~ (
o 3?112)( Y 21 12X Y' o+ 31122\’ X < for compression (29)
where, besides g, A - X', also G, N - Y' is substituted in the contribution of the

small term, as assumed determining point to just have a closed surface.
In the same way is, at the tensile side (replacing - X' by X):

C SFHZXZY' + 2F XY - 31:122\('2)( < 1 for tension (29°)

To connect the longitudinal tension region, where Fiiz‘ F12 and F122 are about zero,

(when this region is separately regarded), to the longitudinal compression region,

where Fuz dominates, it is necessary that for compression:

o _ ar . - :
2F 3k, Y << 3k o X (30)
However for a precise fit still higher order terms (F1222’ F1112’ F1122

With the estimates of szb and F112 to be close to their bounds for compression,
and with zero normal coupling terms for tension, all constants of the general
failure criterion eq.(21) are known, according to eq.(22), depending on €, and Ct
from uni-axial off-axis tension- and compression- tests.

Performing atways the stress-transformation to the main planes, as done here, only

simple transformation rules (circle of Mohr) have to be known for application.

) are necessary.

d



Estimation of the polvnomial constants by uni-axial tests

In fig. 4, a determination of Cq and C, is given. In this figure of [4], the measure-
ment Y'/X' = 0.204 is reduced to obtain a value of Y'/X' = 0.13 {at 90°) to be able
to use the measured constants of the bi-axial tests. It is not mentioned how that
possibly can be done but the drawn lines in the figure give the prediction of the
uni-axial values based on the measured constants according to the general eq.(21}
(given in [4] in the strength tensor form as given here by eq.(15)). For comparison
the fits of the Hankinson equations are given here, following these drawn lines.
For tension the equivalent Hankinson equation (20) becomes (by scratching the non
zero term of the product):

ctCOSZS . otsinz%) .2
X Y %
and this equation fits the line for tension in fig. 4 when Ct ~ 11.9/X>. The Hankin-
son equation {19} fits in this case for n ~ 1.8 and all 3 equations (21), (31) and (19)
give the same result aithough for the Hankinson equations only the main tension-
and compression strength have to be known and the influence of all other quanti-
ties are given by: n or Ct.
For compression, the same line as found in [4] was found in [1}, (see fig. 11 of
[1]). by the second order polynomial with the minimal possible value of F,, (accor-
ding to eq.(12)}), showing that except a negative F122 {as used.in {11} alsc a high
negative F12 may cause the, strong peak at small angles. Because such a peak never
is measured, the drawn line of [4] is only followed for the higher angles by the
Hankinson equation. For the low angles, the line is drawn through the measured
point at 15 ¢ giving the expectable Hankinson value of n = 2.4 of eq.(19) and for
eq.(32): Cd ~ 4/X'?. Because of this low measured value, the predicted peak at 10 0

sinz%coszqc}ct =1 (31)
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Figure 4 - Uni~axial tension- and compression strengths



is not probable {although theoretically possible, for a high shear strength, to occur
at 18% in stead of 10° with Cd is 7.6/X* in the Hankinson eq.(32)):

2 .2
G, co8°% G, sin“9
t T ¢ —t v + ofsin%cos%Cd = - (32)

This shows that the fit of the polynomial constants, based on the best fit of the
measurements of [4], is not well for the oblique grain test. The explanation of
this deviation is probably the different state of hardening that can be more or less
strong, depending on the stability of the type of test and is less in the Hankinson
test. This, for instance, follows from the ratio of the compression strengths per-
pendicular to the grain and along the grain of 0.2 in the uni-axial tests and 0.1 in
the bi-axial tests showing more hardening in the bi-axial test. Further the strong

local peak is never measured in the common oblique grain test showing less sta-
bility than in the bi-axial test.

An analoguous behaviour occurs in the oblique-grain test of clear wood where the
tensile test shows Ct = 0 in eq.(20) and the compression test shows C'd to be not
zero. A zero value of Ct indicates no higher order terms and thus Cd should be
zero. However the tensite test will show unstable fracture at yield what need not
to be so for the compression test that may show additional hardening.

Thus the criterion eq.(20) with only C, = 0 may show two different hardening
states. For the different hardening states in the two different types of tests, uni-
axial and bi-axial, the lowest always possible value should be used for practise.

It thus has to be concluded that the strong hardening in the bi-axial test, will not
occur in all circumstances and the hardening parameter F112 should be small or
omitted for a safe lower bound criterion (according to the oblique grain test).
As generally found in [1] for spruce clear wood, a fit is possible for off-axis ten-
sion by a second order polynomial with F12 = 0. This also applies for wood with
defects, as follows from a fit of the data of [4] by the second order polynomial
{ellipse) for the principal stresses o, and ¢, (when ¢, = 0), for longitudinal tension
o, > G F., = 0), see fig. 5. This means that F,,and F , are zero {for ¢, > 0)in
the radial plane and because the Hankinson value for tension n is different from

n = 2, there must be higher order terms for shear (Flbé’ 3.

266
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Figure 5 - First vield criterion eq.(5). with Flz = 0, for g, = 0.
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A first hypothesis thus is {by eq.(22)):
31:25@ = Ct/Y': 3F1o6 = Ct/X" {with Filz = 13122 = 0) for tension and (by eq.{22))

3}:122 = Cd/Y and 3F“2 = Cd/X, {with Fme = sz() = 0) for compression. This gives

maximal values of F122 and F“2 for the total fit.

The strength values according to this fit of [4] are (in N/mm2);

X =95 R = 465 Y = 35 Y = 598 & 10 and with: C, = 1.9/X% Cy = 4/X°%
ZFIEH Cd - Ct" the predicted values are given in table 1 at column: hyp.1. It is seen
that these values fit better than the best fit of the comparable eq.(62) of [4], given
in the column indicated with {4]. However for g, =0, F must be negative for a

122
precise fit when g, < 0 and about zero when o 9, > 0, showing that F_ _ has got the

function to lep!are neglected still higher order terms, and a plec*lisze2 fit only can
be expected to be possible with multiple higher order terms (with indices i and 2),
As mentioned in [4], the values of G, can be corrected by F (og DO be slightly lower
when the sign of ¢ and G, is the same and to be slightly hzgher when the sign is
opposite. This means that the first and third column value of column: hyp.1 (being
1.1 and 1.0) can be around 1.05. This shows that introduction of Fi%b only gives a
correction of a few percent and justifies the neglection of F .. 1he column values
further are slightly too high when ¢, > 0 and to low for ¢, < 0, indicating that F

is not precise. Neglecting the multiple higher order ter ms the hypothesis has to
be rejected. because F ., 1s too high, distorting the ellipse (at o, > 0) too much for
high negative values of o, and causing the surface to be open at ¢, = 0 and high

negative o, It thus is plobable that F 4o 18 much smaller.

Whithout the higher order terms, F 199 has to satisfy eq.(29) and the highest possible
positive vaiue of F 122 becomes about 0.0001, being about § times smaller than ac-
cording to first hypothesis. The fit now, with this small positive value of F122’ is
about comparable with the best fit of [4] (that is based on a negative value of
F ). but now satisfies eq.{(22) and will not show the compression peak in the
Hankinson test (fig. 4). The fit is in total not better than a fit with changed con-
stants and is also in total not better than assuming F 1o F122 and F112 to be zero
for o o, 0. This leads to the second hypothesis that the higher order terms for nor-

mal stresses are small at fracture (that thus is close to initial yvield when a, > 0)
and can be neglected.

In table 1. column hyp.2, the fit is given for F F,=F, = F.,, = 0. Because the fit
does not change much when data above the uni-axial compression strength: X' = 41,7
are negiected, the fit is based on this value and column hyp.2 gives the prediction
of failure by the same hardeining state as in to the oblique-grain test (where the

strong compressional hardening does not occur). The constants are:

= 11.9/X% = 11.9/59.5% = 0.00336; Cy = /X% = 4/41.7% = 0.00230 and
by eq.(22): 3F166 = Ct/)(' + Cq/X = 0.00336/41.7 + 0.0023/59.5 = 0.000119 or:
= 0.000119-9.7% 41.7 = 0.47

c
166
3F, . 7 C/Y + C /Y = 0.00332/5.95 + 0.0023/3.5 = 0.00122 or:
c. = 0.00122.9.7%595 = 0.68
266
~ = .‘L - ..L. oo { — 4. E R = 1 = = nlO
Fo=g -5 = 17595 - 17417 0.0072, Fh <5 59.5-41.7 = 0.000
= —1- - —1—— = - { = g%, . . B 4 = .
Fy=y -5 =1/35 - 1/5.95 = 0.092; F,, YY = 1/3.5:5.95 = 0,048 and:



S 2 _ _ _ - -
F,, = i 1/9.7° = 0.0106; F, = F,, = F,, =0

The only strong deviation from the last supposition (of having small normal stress
coupling terms) thus occurs in the torsion tube test for the principal compressional
stresses (56 = o, < 0: g, < 0). The form of the curve is parabolic close to the
Wu-equation, showing F112 to be high. However the fit is not precise because there
appears to be also an other hardening effect, raising the longitudinal compression
strength by lower and intermediate values of compression perpendicular g, and
F122 and F , are also needed to describe this additional hardening effect.

For comparison the strength values of the best fit of all data of [4] are regarded:
X.= 555 X' =431, ¥ = 3.7, " = 5.6. The shear strength S of 10 is too high as
shown by table 1 and is taken to be 9.4. giving a mean factor of 1.0 in the table
for this fit. This leads to the relation of S:

1/8% & 1.20/X'Y + 1/XY") = 1L.201/(d43.1-3.7) + 17{55.5-5.6)) = 1.2(0.00627 + 0.00322) =
= 1.2-0.00949 = 0.0113, giving the wanted S ~ 9.4.

For the constants now is:

= 1— - -]-'- B 5 — I m 2. = _1_ - c g, - 2.
F1 X% 1/55.5 - 1/43.1 0.0052; Fil XX 1/55.5-43.1 = 0.00042;
=1L _1 _ = , S S 5.6 = :
F2 =7y S 1/3.7 - 1/5.6 = 0.092; F22 =Yy S 1/3.7-5.6 = 0.048.
Further is:

Cp = 1L.9/X = 11.9/55.5 = 0.00386 and C4 = 4/X'% = 4/43,1% = 0.00215,
F _ is the only unknown and gives a reasonable fit with « ~ 1 in eq.(24) or:

12
2F12 £ Cd - Ct = - 0.0017.

This value satifies eq.{30} and eq.(29) for compression, but not eq.(29") for tension,
(showing the surface to be open for tension).

By the strong development of cracks, F?_bé and F112 will be high, giving:

3F,,, = 0.9/8%Y" = 0.9/9.4°5.6 = 0.00184

and according to eq.{22):

3Fi2° = Ct/Y' + Cd/Y - 31:266 = 0.00386/5.6 + 0.00215/3.7 - 0.00184 = - 0.00057

3F112 = 0.9/5.6-43.1% = 0.000086, {and consequently 3F166 = 0.000042 with: |
2F , & - 0.0014) gives the best fit for g, = 0. However, for combined shear, given

in table {, column 3-compr., the values are comparable with those of celumn [4]

@, (radial plane)

l ' * L3 t L 1 ¥ 3 ' T 1 lcl i i + 1 1 l ¥ L) L3 q
-6 -4 -2 2 4

theory

© data (mean of 3)

0, {fongitudinal compression)

]

Figure 6 - Yield criterion for compression (01 < 0} for o, = 0.
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and not well enough for practise. A better fit for the shear strengths is obtained
by a slightly reduced factor 0.8 in stead of 0.9 for I* (Lhus a diminished crack
development simular to the oblique-grain test proj. B of fig. 3) giving:

3F , = 0.8/5.6-43.1 = 0.000077,

SFM{) = Ct/X' + Cd/X - 3F112 = 0.000126 - 0.000077 = 0.00005]

giving the c-values: Cop = -00005E-9, 4%.43.1 = 0.2 2, and: Cppp = 0.9 (starting point).
The combined shear strengths are given in table 1, column 4 (compressional fit),
and it is seen that the fit is still less well than according to the 2 foregoing
columns due to the negative value of F 4, 48 mentioned before.

Further for o = 0. the "fit" is given in Flg O for compression while for longitudi-
nal tension (f > 0) combined with high compression G, per pendicular to the grain,

the surface 1s open and still higher order terms are needed for a closed surface.

Table 1. Shear strength S, for combined normal stresses

Factor: 6(a,theory /G&,test
] o ]
! 2 o [4] hyp.1 hyp.2 3 4
test tens. compr.  compr.
30 1.5 5.8 1.07 £ 10 1.03 0.9 1.02
30 0 8.5 0.88 0.97 0.91 0.77 0.92
30 -125 7.9 .99 1.00 110 0.91 1.29
7.3 0 9.2 1.04 1.07 1.03 0.96 1.01
0 2.9 3.7 1.38 1.25 113 1.39 ! .19
0 1.5 8.5 0.96 0.95 0.89 0.93 0.86
0 0 9.0 1.1 1.1 1.08 1.04 1.04
0 - 2.5 10.9 0.96 0.98 1.05 0.86 1.07
0 - 5.4 6.8 0.53 1 0.82 1.12 0.45 ! 112
- 7.7 0 9.6 1.05 1.04 1.04 1,03 0.96
- 20 1.5 7.7 0.84 0.89 0.83 0.93 0.68
- 20 0 9.6 0.99 0.98 0.96 .10 0.88
- 30 =25 11.3 1.04 0.98 0.90 1.16 0.94
mean factor 99 £.01 1.0 0.96 1.0

To avoid many higher order terms separate criteria have to be used for longitudinal
compression and tension., For compression (ol < 0} eq.(2]) becomes:

z P 2 2 2
+ o+ G o+ + 2 + + + 3 +
I:161 1:2)2 I:11J1 F2202 I:1:20102 Feags 3F112010 31:122 1 2 Fléé 176
+3F 0.6” =1 (33}
266 276

Because the Ct’ C ; and n-values of the Hankinson equations are sufficiently close
to the published extreme values of n, the here calculated c-values can be used in
general and inserting F-values in eq.(33). this equation becomes:
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For tension (ol z 0) eq.(21) becomes (in the radial plane):

2
g ! ! g 0 o o
5, 2 SN R S U _L N -2
g2 (1+O'68 Y © 0.47 X') (1 X ) (1+ X‘)+( Y ) (1+ Y') t (35)

Because the compressional hardening according to eq.(34) only occurs for low
values of d,» only in the torsional tube test, eq.(35) more generally represents the
failure criterion for both tension and compression for the more common loading
case as occurs in the oblique-grain test. Neglecting the higher compression
strengths far above the uni-axial compression strengths, at g, = 0, the overall fit
is very weli and much better than the proposed fit of [4].

For the tangential plane there is a strong indication that the higher order terms
are zero (causing n = 2 for timber and glulam). When this is the case, eq.(35) only

aplies locally near the radial plane and the mostly determining criterion becomes:
2

-l e ) -2 2
52_1—Y'1+?_1—?‘1+?_“1

or worked out, identical to eq.(3) with F12 = O
2 2 2
o ] g o o o o
-9—+w~%-——1'+——l-.-+—2——-~—2'~+ 2'x1 (36}
g2 X X XX Y Y YY

It therefore is necessary to use eq.(36) for the Codes in all cases, for timber and
clear wood to replace the equivalent, now commonly used, not valid Norris-equa-
tions.
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Figure 7 - Combined Jongitudinal shear with normal stress in grain direction.



For general applications and analysis of test result, the constants can be based on
the measured Cd and Ct values or on the Hankinson equations {20} or (i9) for the
uni-axial stress case when n different from n = 2.

For a, = 0, determining Fuab’ a plot is given in fig. 7.
For ¢, = 0, giving ans’ a plot is given in fig. 8.
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Figure 8 - Longitudinal shear strength (01 = 0) depending on the normal stress g,

Application for tapered beams

These type of beams are designed according to the theory of orthotropic elasticity
and for failure the Norris criterion is used (see eq.{26) of [101). As shown in [10]
this criterion may represent initial yield because, for the determining uni-axial
stress state along the boundary, this equation is identical to the Hankinson equa-
tion with n = 2. Tests of [5] suggest, for not too small angles «, elastic behaviour
up to failure because tension perpendicular is determining. However, for clear
wood. for « below 5° to 10%, the elastic values do not apply because of plastic flow
in compression {as follows from the much higher vatue of f_ with respect to fc)
and the used Norris~criterion based on fn [8] is not right and the theory should
be adapted for this case. Further also for higher values of a above about 15°, the
slope may act as a notch and theory should be adapted to account for this, by
fracture mechanics determined, strength.
As a scheme, in the elastic range, the beam is regarded as a wedge loaded at the
top. wherefore the stress distribution is known [6], [7], what applies at a sufficient
distance from the support. Based on this theory, the curve fitting, using one fictive
shear strength for longitudinal tension as well as compression, (f co = 44 Ec 0 = 4.0,
fv 5 MPa. for compression and f t.0 = F.go 0.6; f =5 MPa for tension), did
not show a good fit. Following {83, by using a value of fv = 3.6 for tension, the fit
is good and in accordance with the derived value of the fictive shear-strength of:
/‘(Y/’j = = /"l'-i‘ 0.6/72 = 3.6. If the given values in {71 and [8] of the uni-axial

st -engths (fco' fc ag ey £y oy are representative, the best fits for glulam {in the
whole range of «). and For clear wood (above a = 10%) are obtained with lower Fic-
tive shear strengths of about f = 'XY/3 for tension and higher values of f, than

[‘ =/XY/2 for compression. showmgD that higher order terms have an mFluence and
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the Norris~equations (being equivalent to the Hankinson eguations for n = 2) have
to be replaced by the Hankinson equations (19} with n different from n = 2 {or the
exact eq.(20) should be used). This has to be proposed for the future Codes.

CONCLUSION

- All foliowing conciusions apply for the normaily used softwoods.

- The tensor polynomial failure criterion can be regarded as an polynomial expan-
sion of the real failure criterion. As a consequence, when a least square fitting pro-
cedure is used in stead of the expansion procedure, a, in principle, complete poly-
nomial up to the chosen degree is necessary (whereby terms of this compound po-
lynomial may vanish by general symmetry conditions). Further this fit by a limited
number of terms need not to show the precise right values of the expanded com-
ponents and need not to pass all mean values of the measurements precisely and
also p.e. the normality rule and convexity requirement need not to apply exactly.

- In transverse direction a second order polynomial (eq.{(36)) is sufficient to describe
the strength. When for compression (perpendicular to the grain) the strength is
defined as the value after flow and some strain hardening, a lower bound of the
overall strength can be chosen that wili be directional independent and the beha-
viour can be regarded to be quasi isotropic in the transverse direction.

- There is a strong indication that for initial yieid, or when the tangential plane is
determining (as follows from direct measurements and the oblique-grain test), also
for the longitudinal strengths a second order polynomial (with F12 = 0) is sufficient
as vield criterion. When the test becomes unstable early, at initial crack extension,
as for instance in the oblique-grain tension test or for compression in the "Sher-
eisen” test (probably also in the radial plane), there are no higher order terms.
Higher order terms thus are due to hardening effects (real hardening or equivalent
hardening by crack arrest) depending on the type of test that may provide stable
or unstable crack propagation after initial yield.

- It is shown that, when the Hankinson parameter n = 2 in eq.(19) for tension and
compression, all higher order terms are zero. It is probable that this is a general
property for timber [{11, because when shear failure is free to occur the plane of
minimum resistance, as usually in large timber beams and in glulam. it occurs in
the tangential plane, showing no higher order terms.

- For clear wood (and wood with small defects), in a stable test. the longitudinal
shear strength in the radial plane increases parabolical with compression perpen-
dicular to this plane depending on the coupling term F, —giving the Mohr equation
or the Wu- equation. that can be explained by collinear micro-crack propagation
in grain direction [9]. This increase is an equivalent hardening effect, due to crack
arrest by the strong layers, causing failure only to be possible by longitudinal crack
propagation. It is shown that the increase of the shear strength is not due to
Coulomb friction, being small for wood.

- Because of the oriented crack-propagation, explaining the Wu-equation, Flﬁé & 0
for clear wood because G, is in the same direction as the fiat crack and thus not
influenced by that crack. Exept for small clear specimens at compression, (pro-
viding a high shear strength by the volume effect), there also is no indication of

an infiuence of the normal coupling terms Fu, F . and Fu? {due to hardening by

122
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confined dilatation).
~ For wood with {(small} defects and local stress and grain deviations, an equivalent
pelynomial faiiure criterion is possible, showing therefore an influence of higher
order terms. At least an fourth order polynomial is necessary for a reasonable
description. A precise description by a third order polynomial is possible when 2
different criteria are regarded, one for longitudinal tension and for longitudinal
compression {simular to the 2 Hankinson equations).

- The general form of the criterion for the uni-axial off-axis strength for wood
with defects, is at least determined by a the fourth degree equation (eq.(21) in ot)
and can always be factorized as a product of two quadratic equations, eq.(20). This
leads to extended Hankinson equations, eq.(20), for higher order terms, when n of
eq.(19) is different from n = 2.

- Because of grain- and stress deviations, F . Will not be zero for timber, as for
clear wood, because crack extension along the grain has components in longitudi-
nal and transverse directions when there is a grain deviation and F ., and F, are
connected as components depending on the (local) structure. As crack extension
component F:{cb will show a simular cut-off parabola as Fzsa’ indicating the com-
mon cause.

- For the same reason, the uni-axial tensiie strength in the main direction is deter-
mined by the shear strength of the oblique material planes and and F ,, represents
F%b of the real material planes, showing the same Wu-parabola. Simular to Fleer
F may act as component in transverse direction of F

122 112
- For wood with defects, when the principal strengths in the main planes (g, = 0)
are determining, F F._and F are zero, for longitudinal tension (due to early

1127 12 122
instability of the test). For combined shear failure {equivalent hardening}, there are,

for this case, small positve values of Fnz and F1--' It is however shown that for a
practical criterion these terms can be neglected and only Fme and erﬁ remain for
longitudinal tension.

For longitudinal compression at o, = 0, equivalent hardening by crack arrest, (high
F“z) as well as hardening by confined dilatation {showing a negative F122 and F12)
may occur. This last type of hardening probably only occurs in the torsion tube
test, because the negative Flz:2 and F12 predict a compression peak (see fig.4) that
does not occur in the oblique grain test. For structural elements, this effect thus
has to be neglected and the lower bound criterion with only F1 and F {and zero

Fiz’ F122 and Fijp) applies also for compression in the radial pfaﬁne as fzoﬁflows from
the good fit.

- Because in the tangential plane, the higher order terms can be zero, the quadra-
tic polynomial eq.(36):

2 2 2
v} v o G G e o
T i i 2 + 2

2
2 X TX XX YW 'Y T Y
should be used as lower bound for the Codes in all cases, for timber and clear
wood, and because the equation represents initial yield as well it wiil apply for
the lower 5th percentile of the strength.
- For large sized timber and glulam, where shear faiiure (or longitudinal tensile
failure) may pass radial as well as in tangential directions in the same failure plane,
the foilowing (eq.(35)) will apply:
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where e and ¢, follows from oblique-grain tests according to eq.(22) based on

the measured Cd and Ct valtles: Fwé = Ct/X' + Cd/X; 13266 = Ct/Y' + Cd/Y.

- For general applications and analysis of test results, eq.(52) can be used or for
the uni-axial loading case, the Hankinson equations (20) or (19).

~ The Norris equations are not generally valid and only apply for uni-axial loading,
identical to the Hankinson equation with n = 2, when the right (mostly) fictive
shear-strength is used. These equations thus should not be used any more.

- Therefore, for tapered beams and for all other cases with determining off-axis
uni-axial strength, the general Hankinson equations for tension and compression
(with n different from n = 2, depending on the measurements} should be used or

the exact equations {31) and (32) (or of course eq.(52}).
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PROPOSED TEST METHOD FOR DYNAMIC PROPERTIES OF CONNECTIONS
ASSEMBLED WITH MECHANICAL FASTENERS!

by

J.D. Dolan, Assistant Professor of Wood Engineering, Brooks Forest Products Laboratory,
Virginia Polytechnic Institute and State University, 1650 Ramble Road, Blacksburg,
Virginia, 24061-0503 United States of America

I

INTRODUCTION

Mechanically connected wood and wood-based materials, which act in shear, are the main
source of energy dissipation and ductility when wood buildings respond to earthquakes and wind-
gust loading. The damping and dynamic stiffness characteristics of such connections are often
needed in structural design, but the current standard test methods for mechanical fasteners are
usually limited to static monotonic loadings. Because testing conditions, such as a type, rate, and
magnitude of loading affect dynamic properties, data from static testing cannot be extrapolated
to dynamic loading. Special dynamic and pseudodynamic tests have been used for some time
but have not been established in standards. The presented test method is for connections under
pseudodynamic loading and incorporates procedures included in the Sequential Phased
Displacement Procedure proposed by Porter (1987) and work completed by Polensek®. This test
method is also similar to one proposed by Reyer and Oji (1991). The use of this test method is
recommended to generate comparable data and to eliminate variables in specimen assembly and
testing methodology, and in data evaluation, which introduce variations in test data. These data
reflect conditions similar to those expected in the service of buildings subjected to earthquakes
and severe winds.

Mechanical connections provide the ductility and the medium for energy dissipation in
many wood structures under seismic and wind loading. Factors that affect the ductility and
energy dissipation include the physical and mechanical properties of the wood and wood-based
material; the size, shape, and surface condition of the fastener; the speed and magnitude of the
applied load; any physical changes between time of connection assembly and time of load
application; orientation of wood fibers with respect to applied -load; and the method of data
evaluation.

A standard testing procedure allows the effects of fastener types and sizes, wood material
properties, assembly techniques, and conditioning between assembly and loading time to be

! Paper prepared for presentation at the 26® Meeting of CIB W18 in Athens, Georgia, United
States of America, August 23 to 27, 1993

*Parts of this standard are taken from a draft proposal written by A. Polensek (1988), that
was never submitted to the ASTM committee.
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evaluated. Since differences in methods of testing and data evaluation can have considerable
influence on results, it is important that a standard procedure be specified and adhered to so that
test results from different tests can be compared.

The test method is designed to evaluate the dynamic lateral response of a typical
mechanical connection used in wood construction, by subjecting it to full reversal cyclic loading.
The procedure determines the performance of single-fastener connections, and provides
comparative data for various materials. This test method can also be used for evatuating any type
and size of fastenings either in wood or other building materials, such as plywood, hardboard,
steel, concrete, masonry, or combinations of materials. Furthermore, where required for specific
purposes, the method can be used for evaluating the lateral resistance of various sizes of nails,
staples, screws, bolts, or other fasteners different from those specified, and connections
employing two of more fasteners.

Equivalent energy yield strength, hysteretic and equivalent viscous damping, dynamic
stiffness, ductility, and capacity of the mechanical connections can be evaluated with this test
procedure. The method is also designed for evaluating hysteresis loops of shear load versus slip
from experimental traces for use in numerical modeling of connections.

PROCEDURE
Equipment

Any suitable testing machine, which is capable of operation in a two-directional, fully
reversed, load-cycling mode with both a rate of motion and cycling load magnitude controlied
up to 1% accuracy can be used for this test. However, the hydraulic actuator must be computer
controlled in order to follow the phased displacement wave form used in the test.

Gripping devices capable of attaching one end of the specimen to the moving head of the
testing machine in such a way as to ensure that the true axial loads and full reversing loading can
be applied are required. Furthermore, the grips must hold the specimen so that the line of action
of the loads is co-planer with the contact surface of the connection as shown in Figure 1.

A test fixture capable of holding the stationary side of the specimen so as to prevent
movement in either the compression or tension directions of the testing machine must be
manufactured. The fixture also prevents the specimen from moving perpendicular to the plane
of the contact surface of the connection. The purpose of the fixture is to prevent the load on the
connection from changing from shear to a combination of shear and axial loading on the fastener.
Rollers are used to minimize any friction between the restraining fixture and the test specimen.
Figures 2a - ¢ show such a test fixture. The ends of the test specimen are secured with clamps,
pins, bolts, or a combination of clamps and pins to prevent slipping. Figure 2a shows the empty
fixture. Figure 2b shows a grip for the end of the specimen to be attached to the actuator.
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Figures 2c - e show the placement of the specimen in the test fixture and attachment of the linear
variable displacement transducers used to measure the slip of the connection.

At least two linear variable displacement transducers (LVDT) with a resolution of 0.025
mm (0.001 in.) or other suitable device for measuring deformation between the connection
members under load must be used to record the connection slip.  Figures 2c to e show a test
specimen with the LVDTs attached. The load and deflection measurements for both of the
LVDTs shali be recorded by a computer with an analog to digital converter at a minimum rate
of 100 readings per cycle (100 Hz) to ensure that the hysteresis curves can be accurately
represented for analysis. The readings from the two LVDTs are averaged to obtain the slip of the
connection at the location of the fastener.

Specimen Description

Test specimens consist of two prisms of the materials to be tested, connected with one
mechanical fastener installed at a right angle to the contact surface. Members shall be selected,
and the fasteners positioned in them, in such a way that the results are not affected by natural
or manufactured characteristics in the base material such as knots in wood. For wood
connections, this frequently necessitates selecting members which are essentially clear and
straight grained. Tests shall be made on connections loaded (a) parallel and (b) perpendicular
to the base material’s principal property directions. Figure 3 shows a few typical specimen
configurations. The orientation of the stationary side of the connection or the side that is moved
during the test can be changed to provide for the different configurations of load-to-material
direction as required.

The width, length, and thickness of the connected members are selected with regard to
the required edge and end distances and the net cross section remaining after the connectors are
placed. The thickness of the specimen members should be representative of that anticipated in
service. However, in some cases, the influences of member dimensions are the parameters being
studied, and the dimensions will vary. Otherwise, the size of the specimens will usually depend
of the size and type of fastener.

Holes dritled for bolts to be tested shall be between 0.8 and 1.6 mm (1/32 and 1/16 in.)
larger than the fastener diameter and the holes shall be carefully bored perpendicular to the
surface, so that the surface of the hole is smooth and uniform to assure good bearing of the
fastener. Accurate centering of holes is required where a specification calls for two or more
fasteners in a single connection.

For bolts, heavy round washers conforming to Federal Specification FF-W-92 for
Washers, Metal, Flat (Plain), and hereafter referred to as standard washers, shall be placed
between the member surface and the bolt head and nut. Abutting faces of the connection shall
be brought into normally installed contact. For wood and other materials that exhibit creep that
results in connections becoming loose over time, the nut shall then be backed off and retightened

¢
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to "finger tightness."

Except for special tests evaluating the effect of moisture content of the connected material
on the strength of the connection, the tests shall be performed with specimens assembled with
dry material (12% moisture content in the case of wood). When the material properties are
affected by moisture content or temperature, the specimens shall be stored pror to testing in a
room having a controlled temperature of 20° + 3°C (68° + 6°F) and controlled relative humidity
of 65% + 3% for a period sufficiently long to bring them to approximately equilibrium. For
most wood species, exposure to these conditions will result in a moisture content of
approximately 12%. For special tests involving very dry or wet material, or different temperature
conditions than stated above, care shall be taken to maintain the desired moisture content or
temperature prior to and during testing.

Except for special circumstances that require delayed testing such as for driven fasteners,
testing shall be performed within 1 hour after assembly. Specimens with driven fasteners shall
be conditioned at the relative humidity and temperature conditions discussed above for a
minimum of 14 days, to allow the material surrounding the fastener to relax.

Selection of representative test material on an objective and unbiased basis is mandatory,
and proper sampling techniques should be used to prevent bias. This principle applies to the
selection of the fasteners as well as to the base materials to be used. Materials tested for the
purpose of obtaining reliable general averages and variations applying broadly to the materials
need to be selected at random by a technique that permits correct physical properties that may
influence test results to be determined. Sampling required for more limited experiments, such
as for defining relationships or examining causes and effects, can accordingly be more limited,
but shall be appropriate to the objectives of the testing program and use unbiased procedures.

Under all circumstances, tests shail be sufficiently extensive to provide reliable results.
Where analysis by statistical procedures is contemplated, experience and advance estimates shall
be used to establish the scope of testing and type of sampling needed to achieve the expected
reliability. However, a minimum of 10 replications shall be required for each variable
investigated. A larger number of observations may be desirable under some conditions. The
precision required and, thus the manner of sampling and the number of tests, depends upon the
specific objectives. General experience indicates that the coefficient of variation from tests of
fasteners ranges from 15 to 30%. When such is the case, precision of 5 to 10%, with 95%
confidence (an often accepted general measure of reliability) cannot be achieved without making
a large number of tests.

Loading Function
The method used in this proposed standard is a slight modification of the "Sequential

Phased Displacement" (SPD) procedure used by the Joint Technical Coordinating Committee on
Masonry Research (TCCMAR) for the United States-Japan Coordinated Earthquake Research
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Program. This procedure is used by TCCMAR to serve as a uniform basis for comparing
components not subjected to real-time earthquake loading during testing. The procedure entails
reversed-cyclic displacements of progressively increasing magnitude until a first major event
(FME) occurs. The loading is then followed by a stabilization and degradation cycles before
progressing to the next higher increment of displacements. This process is repeated until failure,

Failure is often defined as a catastrophic failure when the specimen is physically unable
to carry any load. However, for some connections, failure will have to be defined by the
investigator depending on the objectives of the test. A maximum displacement is one definition
that is applicable to many test objectives.

The SPD procedure, described by Porter (1987), has been modified from a quasi-static
displacement rate to a pseudodynamic displacement rate to account for the fact that the response
of wood connections is dependent on the load rate. Therefore, the cyclic frequency of 1.0 Hz
is used so that the connection response will approximate the frequency range expected during an
earthquake or high-wind event. The displacement is a fully reversing, triangular, sinusoidal ramp
function which is cycled between varying displacement amplitudes. Characteristic points on the
experimental load-slip traces provide the data for calculating the dynamic properties of the
connections.

, The loading procedure involves ordinary reversed cyclic displacements for three cycies

at each incremental level at fow elastic behavior of displacement levels. At least three
increments (more can be required in certain cases) of three cycles each shall be performed prior
to the first yield or other inelastic behavior. Selection of the displacement levels prior to the first
yield of non-linear behavior is dependent upon the type of connection being tested. The initial
displacement shall be approximately 0.25 of the anticipated yield displacement, followed by
approximately 0.50 and 0.75 of the yield displacement. A schematic of this procedure is shown
in Figure 4,

Once yielding occurs, a sequential phased displacement (SPD) loading procedure is
employed. The displacements of each set of cycles builds upon the preceding set of cycles. In
each incremental set of cycles after yielding, four decay cycles are added. These decay cycles
begin at the particular incremental displacement, and decay at a rate of 0.25 times the maximum
displacement of the set of cycles. These decay cycles are followed by three cycies at the
maximum displacement magnitude of the previous set of cycles, as is shown in Figure 4.
Following the three cycles at the previous maximum displacement, the specimen is cycled one
cycle at the next increment of displacement. Thus, the procedure includes phases of displacement
history consisting of an initial displacement increment, followed by four decay cycles, followed
by three or more cycles at the initial displacement for each phase or set of cycles. Table 1
provides a step by step example of the procedure. Figure 5 shows one set of cycles that
constitutes a phase in the displacement pattern.

The three cycles following the decaying cycles are used to determine a stabilized
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hysteretic curve., A degradation of no more than 5% in load shall be present between the second
and third cycles. If a larger degradation exists, the test shall be repeated with a higher number
of cycles at this stage of the cycle set, in order to determine the level where the hysteresis
stabilizes. This stabilized hysteresis curve is used to calculate the stabilized energy dissipation
of the connection.

The SPD procedure more accurately represents an earthquake or wind excitation pattern
than does the usual monotonic or simple reversed cyclic loading patterns used for many tests.
The rationale behind this approach centers on two main concepts: Degrading of the
displacements, to define the lower points within a given hysteretic curve and finding a stabilized
hysteretic curve. Using the degrading cycles allows the lower bound within a given hysteretic
curve to be identified.

VARIABLES OF INTEREST

The capacity of the connection is determined as the maximum load recorded during the
entire test and the corresponding displacement is referred to as the maximum displacement. The
capacity of the connection shall be limited by the deformation under load if required by the
specifier, and the maximum displacement does not necessarily refer to the maximum slip of the
connection experienced during the test.

When using reversed-cyclic loading and, for systems not exhibiting an ideal perfectly
elastic-plastic behavior, the yield load and ductility ratio do not mean the usual point of first non-
linearity and capacity to deflect a given amount past yield. Therefore, an equivalent elastoplastic
system is defined for this procedure. Figure 6 shows the ideal elastoplastic system and the load-
deftection curve which is derived from the envelope of the stabilized hysteresis curves for a
connection. The lines for the elastic and plastic regions are drawn such that the indicated areas
are equal, i.e., the equivalent system represents the same energy as the test specimen envelope
curve. In other words, areas A, and A’ are equal as well as areas A, and A,’.

The yield strength is then defined as P, as shown in Figure 6, and the ductility ratio is
then defined as the ratio of the maximum displacement and the yield displacement. Therefore,
the ductility ratio, D, is

D = A

A yield

The ductility ratio is not a totally reliable index of performance under cyclic loading. The
ductility defined for this procedure is based on the stabilized hysteresis curves of displacement
history; however, it does not reflect the decrease in stiffness or load capacity that occurs with an
increasing number of cycles past the stabilized SPD phase.
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The hysteretic energy dissipation capacity of the connection at a given deflection level
is calculated by integrating the area enclosed by the stabilized hysteresis curve at the same
displacement. The integration can be accomplished by using a simple Simpson’s rule algorithm
or another equivalent method.

The cyclic or dynamic stiffness, k, , is useful in defining the behavioral changes that occur
during cyclic loading. This is especially true for comparing parametric changes in systems. The
cyclic stiffness is determined by calculating the slope of a line extending between the maximum
positive and negative load-displacement values of the stabilized hysteresis loop at each
displacement phase of the test. The cyclic stiffness is illustrated in Figure 7. The stiffness
degradation is a very important behavioral characteristic to be defined for each type of
connection, because the connection stiffness directly affects the behavior of the structural
components of which it is a part.

The equivalent viscous damping, §, is often used for comparing the damping
characteristics and for numerical modeling of the dynamic response of structures. The equivalent
viscous damping of a connection tested using the proposed procedure is calculated using the
stabilized hysteresis. The areas required to determine the equivatent viscous damping are shown
in Figure 8. The hysteretic energy is the area enclosed inside the hysteresis loop, and is
determined in the manner presented above. The potential energy of the connection is the area
enclosed by the triangies ABC and CDE. The equivalent viscous damping, T, is then calculated
using the equation

¢ -  HYSTERETIC ENERGY
20 POTENTIAL ENERGY

Supplementary tests can be performed using this procedure to investigate such topics as:
the effect of bearing area, and length to diameter (1./d) relationship between connections, the
effect of angle of load to principal material property directions, the minimum edge and end
distances and the effect of their variations, the minimum thicknesses of the material that can be
used with each connecting device and the effect of their variations, the optimum spacing between
multiple fasteners both parallel and perpendicular to the principal material property directions and
the effects of their variations, the effect of moisture content of material, and the effects of any
other factors which affect the performance of the connection.

CONCLUSIONS

A new test procedure that has been proposed as a standard test method has been
presented. The method-is a modification of the Sequential Phased Displacement procedure used
by the Joint Technical Coordinating Committee on Masonry Research (TCCMAR) for the United

!
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States-Japan Coordinated Earthquake Research Program. The procedure aliows the equivalent
energy yield strength, hysteretic and equivalent viscous damping, dynamic stiffness, ductility, and
capacity of the mechanical connections to be evaluated based on the stabilized hysteresis. The
hysteresis loops of shear load versus slip from experimental traces can be determined for use in
numerical modeling connections,
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Table 1. Procedure for SPD loading (shown schematically in Figure 4)

Cycle Number Description

1-3 Apply 3 full-reversing cycles of
’ displacement at approximately 25% of
anticipated yield displacement.

4-6 Apply 3 full-reversing cycles of
displacement at approximately 50% of
anticipated yield displacement.

7-9 Apply 3 full-reversing cycles of
displacement at approximately 75% of
anticipated yield displacement.

10 Apply displacement to yield displacement.
This displacement will increase with each
successive set of cycles by the yield
displacement.

11 Apply displacement to 75% of cycle 10.
12 Apply displacement to 50% of cycle 10.
13 Apply displacement to 25% of cycle 10.
14-16 Apply 3 full-reversing cycles of
displacement at displacement of cycle 10.

The set of cycles 10 to 16 is repeated with
the displacement of cycle 10 increasing by
the yield displacement for each successive
set until the connection fails for ductile
connections. The increment of increased
displacement shall be 25% of the yield
displacement for brittle connections.
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Figure 7. Calculation of average cvclic stiffness, k_, from force-defiection hysteresis,
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VALIDATORY TESTS AND PROPOSED DESIGN FORMULAE FOR THE
LOAD-CARRYING CAPACITY OF TOQTHED-PLATE CONNECTORED JOINTS

C.J. Mettem, A.V. Page and G. Davis
TRADA Technology Limited, United Kingdom

INTRODUCTION

An earlier paper [1] reviewed the basis of design data for ring connectors, plate connectors and toothed-plate
connectors in the permissible stress design code, BS 5268. It then developed formulae for calculating the
characteristic load-carrying capacities of timber-to-timber joints made with these connectors. These formulae,
which were intended for use with ECS, produced values which were related to the permissible long-term loads
given in BS 5268, but they were not related directly to experimentally measured ultimate loads.

This paper describes experimental work which was undertaken on timber joints made with toothed-plate
connectors. The purpose was to provide some additional validatory tests to give a better basis to evaluate
various formulae which have been proposed for calculating their load-carrying capacity. It is important that
such formulae should be as simple as possible, and should predict with acceptable accuracy the measured load-
carrying capacities of real joints, with safety levels similar to those associated with similar formulae for nails,
bolts and other dowel-type fasteners. For the load-carrying capacity of any dowel-type joint, an accuracy of
+ 10% has previously been considered acceptable [2].

In the first stage of this research, an investigation was made of bolted joints, which were assembled in a similar
configuration, and using similar bolts, to those used later for the connectors. The results of these bolt tests were
compared with the now well-established ECS formulae. There was a significant difference between the
experimental load-carrying capacity and that predicted by theory, which is explained in the paper.

The second stage of the programme consisted of tests on a range of three-member, double shear joint specimens
containing toothed plate connectors. The effects on load-carrying capacity of connector size, member thickness,
timber species and density are being evaluated from these tests, and these factors are considered in this paper.

The measured values of the load-carrying capacities of the toothed-plate joints, and values previously reported
from tests carried out in 1952 and 1961 {3] {4] were then compared with values produced by three formulae.
The first was a formula proposed by Blass and Schlager [5], the second a development of this formula based
on work previously reported by the authors, and the third was a new, simplified formula.

Oun average all three formulae predicted ultimate loads within 3% of the test values. However, only the second
and third formulae correctly assessed the effects on joint strength of timber density and member thickness.

TESTS

Test programme

Since some design formulae which have been proposed involve separating the contribution of the bolt, it was
decided to measure the strength of plain bolted joints made from timber of comparable density, and with bolts
of the same two diameters that were used for the connectored joints. As mentioned in the Introduction, it was
discovered that the ultimate foads on these bolted joints considerably exceeded the values predicted by the
formulae in ECS, so two further sets of tests were conducted using bolts without nuts and washers, one with
members of European redwood, the other with Southern pine in order to include a timber of higher density.
Some of the bolts themselves were tested to determine their ultimate tensile strength. Table 1 summarises the
bolted joint test programme. The timber species and bolts are described more fully on pages 3 and 4.



Table 1 Test programme, bolted joints

Thickness of members: t, = 25 mm, t, = 50 mm

—
Series Boit Nut and d, d. t. Loading N° of
washer mm mm mm made specimens
a yes yes 10 38 3 C 15
b yes yes 12 50 5 C i5
¢ yes no 12 - - C 3
d(SP) yes no 12 - . C 5

The key to this Table is given beneath Table 2.

Table 2 summarises the test programme on the toothed-plate connectored joints. The aim of this programme
was to measure the effects on joint strength of the mode of loading, the density of the timber, the size of the
connector, and the thickness of the members. All the specimens were loaded parallel to the grain. They were
ali assembled with a bolt, nut, washers and two double-sided toothed plates. The washer sizes were based on
the recommendations of BS 5268 : Part 2. As in the case of the plain bolted joints, one set of tests on Southern
pine was included.

Table 2 Test programme, connectored joints
=
Series d, d, d, t, t, - t, Loading N° of
mm | mm | mm mm mm mm mode specimens
A 63 12 50 5 25 50 T 10
C 63 12 50 5 25 50 C 15
E(SP) 63 12 | 50 5 25 50 C 10
F1 38 10 38 3 25 50 C 15
F2 50 12 38 3 25 50 C 15
F3 75 12 60 5 25 50 C 15
Hi 63 12 50 5 16 32 C 15
H2 63 12 50 5 50 100 C 15
[
Key: d, diameter of bolt
d, diameter of toothed plate
d, diameter of washer
t, thickness of each outer member
L thickness of inner member
ty thickness of washer
C compression parallel to the grain
T tension parallel to the grain
SP Southern Pine

All dimenstons are nominal, actual dimensions reported below and used in all calculations.



Test specimens

All the specimens consisted of three-member timber-to-timber joints, in which the central member was twice
as thick as the two outer members. Figure 1 shows the dimensions of & typical test specimen, which was loaded
in compression paratlel to the grain. The edge distances and the unloaded end distance conformed to the
standard distances specified for toothed-plate connectors in BS 5268 : Part 2. The loaded end distance,
however, exceeded the standard distance specified in the Code. It was determined by some preliminary tests,
not reported in this paper, which were conducted on specimens with four different lengths. These tests were
undertaken to ensure that the end distance selected was sufficiently long to eliminate excessive effects of friction
at the base of the specimen, and any bending or uneven load distribution produced by interaction between the
specimen and the loading heads. In the tension tests, Series A, longer specimens were used to accommodate
the grips of a tensile testing machine. The individual members in these specimens were 580 mm long, instead
of 236 mm.

The thicknesses of the members were selected from the middle of the range of member thicknesses for which
values are tabulated in BS 5268 : Part 2, except in the case of Series HI and H2, where the minimum and
maximum thicknesses tabulated in the Code were chosen in order to investigate the effect of member thickness
on joint strength,

A set of five, ten or fifteen similar specimens was tested in each series,

Figure 1 Typical test specimen, connectored joint, compression parallel to the grain

Dimensions in mm
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Materials

The timber was European redwood (Pinus sylvestris) in every case except Series d (bolts) and Series E
(connectors), when Southern pine (Pinus palustris, Pinus elliotri, Pinus echinara, Pinus taeda) was used. All
of the timber was conditioned before and after machining in an atmosphere of 20°C and 65 % relative humidity.
The individual specimens were made up from members with matched densities with a similar statistical
distribution to that of the timber supplied, so that the densities of both the inner and outer members of each
specimen increased in order through each set.



The connectors were round double-sided toothed plates, designated as Type C6 in prEN 912. In most tests,
63 mm diameter plates were used, in order to compare the effects of varying other parameters. However, in
series F, plates of 38 mm, 50 mm and 75 mm diameter were tested to investigate the relationship between
connector diameter and joint strength, In the 50 mm and 63 mm diameter plates, the thickness of the metal and
the height of the teeth were found to be slightly below the minimum dimensions specified in the Standard,
glthough these were connectors of a brand which is widely available commercially.

The bolts were black metric hexagon head bolts, manufactured from 4.6 Grade steel to BS 4190, with nuts made
from Grade 4 steel. Six samples of each type of bolt were tested to determine their actual tensile strength. The
metric washers were of the sizes and thicknesses specified in BS 5268 : Part 2 for toothed plate joints, and they
were made from Grade 4 steel,

Bolt tightness

The EC5 formulae for laterally-loaded bolted joints predict the loads at which either the bolt yields in bending
or the timber members fail by embedment, but they do not allow for any enhancement of the load-carrying
capacity which may be produced by the effect which occurs when the bolt heads, nuts and washers tighten upon
the timber as the bolt yields. For this reason, test specimens used for validatory testing usually have & gap
incorporated (sometimes with a soft spring included) between these constraints and the surfaces of the timber,
in order to eliminate any such contribution to the strength [6]. The ultimate load thus measured or calculated
will be less than the ultimate load in a real joint, but it has been argued that this is the proper value for
designers to use, since, in practice, initially tight bolts may become loase, as a consequence of the timber drying
and shrinking.

Connectored joints, however, will not function properly with very loose nuts and bolts. The bearing area of
a connector is reduced, if there is a gap between the members, and this gap can only be prevented by keeping
the nuts and bolts at least finger-tight. Furthermore, with toothed-plate connectors, it is possible for the teeth
to withdraw to some extent, if the members are not held together by a tightened nut, bolt and washers. Also,
the importance of keeping nuts and bolts tight in real structures is emphasized by BS 5268 : Part 2, which states
that the permissible loads are valid only if nuts and bolts are kept tight, It was concluded that these
investigations of proposed design formulae and the associated tests should be based on tests conducted with the
nuts finger-tight immediately prior to test. A further advantage was that this was the procedure adopted for the
original tests on British toothed plates {3]. There were, however, two test series (series ¢ and d) with bolts only
which were tested with no nuts or washers to show the difference that tightness of the bolt and washers made
on the joint.



Loading regime

The specimens were loaded parallel to the grain in accordance with BS 6948 : 1989, as shown in Figure 2.
In this figure, F/F,, is the ratio of the applied load to the estimated ultimate load. The total time to failure for
each test was between ten and fifteen minutes.

Figure 2 Loading regime
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Figure 4, Loading procedure

RESULTS

Bolt strength tests

The results of the tensile tests on the bolts themselves are shown in Table 3.

Table 3 Bolt strength test results
. . F o Standard Fo.
Size Supptier N/mm? Deviation N/mm?
M10 x 120 Armstrong 494.1 27.19 439.3
Mi12 x 130 Armstrong 446.3 28.68 388.5
M2 x 260 GFD 368.4 5.44 357.4

Values of F,, for the six specimens of each type were calculated as

F,, = Fo. -(2.015x SD)

uk



Plain_bolted jomnt tests

The overall results for each of the four sets of plain bolted joint tests are given in Table 4, The dimensions
given are the actual mean measurements of the test specimens in each Series at the time of testing. The
densities were calculated from the dimensions and mass of the individual joint members just prior (o joint
assembly.

Table 4 Plain bolted joint test results
Series Bolt Outer member Inner member Load per shear plane
d, mm f. t, mm e, t, mm Q. F, kN SD F, .k
N/mm? kg/m’ kg/m? N
a 9.9 494 25.0 485.3 49.9 550.3 10.16 | 1.09 | 8.24
b 11.8 446 25.0 462.3 49.9 542.1 10.83 1.35 | 8.47
¢ 11.8 446 250 456.3 49.9 521.8 7.94 | 015 | 7.62
d 11.8 446 25.2 725.6 49.7 729.8 10.80 | 0.87 | 8.95

For Series a and b, 15 specimens each were tested, and F, | was calculated as F, = F - (1.761x SD). For
Series ¢ and d, 5 specimens each were tested, and F_, was calculated as F,, = F_ .., - (2.132 x SD).

Bolts with nuts

These specimens were three-member joints, each with a single bolt, finger-tight nut and washers, having the
dimensions shown in Table 1.

In Figures 3 and 4, the ultimate load per shear plane for each specimen is plotted against the effective density
of the joint. This was calculated according to ECS : Part 1 : Clause 4.2a as J@.0s Where g, is the density
of the two outer members and g; is the density of the inner member. In effect, this line gives a mean test value
for any given density.

Another line in Figures 3 and 4 shows the load-carrying capacity per shear plane of each specimen calculated
from the formulae given in EC5. For these calculations, the value used for the tensile strength of the bolts was
the appropriate value of F,,, taken from Table 2, since this was the most probable strength of the bolt used in
any given test specimen. The densities of the members were the actual measured densities of the outer and
inner members for each specimen. k., and vy, were set at 1.0

A third line shows a "secant yield load"” which was derived from the load / deflection graph for each specimen
in a manner analogous to the secant yield stress used in metallurgy. The derivation of the secant yield load is
illustrated in Figure 5. This shows the load/deflection curve for the first M10 bolt test, corresponding to a
timber density of 452 kg/m’. The gradient F/A at the steepest point of the curve, where initial slip ended but
before failure occurred, was reduced by a factor of 0.7 to produce a second line which intersected the
expenimental curve at the secant yield load.



Figure 3 Ultimate load per shear plane of 3-member bolted joints made with a single M10 x 120 mm
bolt, nut and washers (Series a) in European redwood, ioaded in compression parallel to the
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Figure 4 Ultimate load per shear plane of 3-member bolted joints made with a single M12 x 130 mm
bolt, nut and washers (Series b) in European redwood, toaded in compression parallel to the
grain
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Figure 5 Derivation of secant yield load
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Bolis withour nuts

As mentioned above, two further sets of plain bolted joint tests were conducted, using bolts with no nuts or
washers (Series ¢ and d). Figure 6 shows the ultimate load per shear plane achieved by all ten of these
specimens. The specimens in Series ¢ were made of European redwood and those in Series d of Southern pine.
All the specimens were joined with an M12 bolt without a nut or washers. The corresponding ultimate loads
plotted and calculated from the formulae in EC5, using similar procedures to those described for Figures 3 and

4, are also shown.




Figure 6 Ultimate load per shear plane of three-member bolted joints made with a single M12 x 130
mm bolit, and no nut or washers (Series ¢ and d) in European redwood and Southern pine
loaded in compression parallel to the grain
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Connectored joints
The mean test results for each set of toothed piate joints are shown in Table 6. The dimensions given are the

actual mean measurements of the test specimens at the time of testing, with the exception of the toothed plate
dimensions where the nominal dimensions are given.
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Table § Connectored joint test results
Series Toothed Bolt Outer member Inner member Etfi{/e:- Load per shear plane
plate density

Gopom | Be d, f, t, Pa t, oy Qe | Fumew | 8D | Fuy

mm | mm | mm | N/mm? | mm | kg/m’ | mm | kg/m* | kg/m’ kN kN
63 83 { 11.8 446 25.1 534 50.0 504 415 16.08 | 1.24 | 13.81
63 83 { 1.8 446 25.2 494 50.0 498 405 14.65 | 1.08 | 12.75
63 83 | 1L8 446 25.2 715 49.9 733 661 23.55 | 1.54 | 20.73
Fi 37 6.0 [ 9.9 494 25.0 499 49.9 547 446 12.42 | 1.16 | 10.38
F2 50 6.8 | 11.8 446 25.2 522 49.9 548 465 11.72 | 0.92 1 10.11
F3 75 10.2 | 11.8 446 25.0 477 49.6 556 447 18,72 | 1.31 | 16.46
H1 63 83 | 11.8 | 446 = 15.9 452 32.1 468 416 12.18 | 0.7¢ | 10.96
H2 63 €3 | 11.8 368 50.0 558 99.8 489 449 21.68 | 1.79 | 18.54

* value for M12 x 100 bolt assumed equal t0 measured value for M12 x 130 bolt.

In Table 6, values of F,, were calculated as F,, = F,_,, - (1.833 x $.D.) for Series A and E (10 specimens
each), and F,, = F_,, - (1.761 x §.D.) for the other Series (15 specimens each).

ANALYSIS

Bolt strength tests

BS 4190 : 1967 requires a minimum tensile strength of 392 N/mm® for Grade 4.6 bolts. The M10 bolt was
16 % stronger than this, whereas the longer of the two M12 bolts was 8 % weaker. The values actually measured
were used to calculate the predicted strengths of the bolted joints using the formuiae in ECS.

Plain bolted joint tests

Figures 3 and 4 show that the actual ultimate loads per shear plane corresponding to various densities were from
30% to 85% higher than those predicted by EC5. However, the uitimate loads on joints made without a nut
and washers were only 10% to 16% higher, as shown in Figure 6.

The differences may be explained as follows. For joints in which the initial mode of failure is the bending of
the bolt, friction generated between the bolt and the timber can permit further load to be added after the bolt
has started to bend. When a nut and washers are added, an additional "string effect” in the bent bolt is
produced as the nut and washers are pulled into the timber, clamping the members together. This effect would
occur even in joints which had become slightly loose through drying and shrinkage, since a bolt bent at an angle
of 10° to horizontal in each half of the specimens tested would effectively shorten by 3 mm. The formulae
given in EC5, however, do not allow for friction or for the clamping effect of a nut and washers, so the
ultimate loads which they predict are lower than the actual ultimate loads.

It follows that the differences between the measured and predicted loads shown in Figures 3 and 4 are due to
friction and clamping, while the differences shown in Figure 6 are due just to friction. Also, it follows that,
in joints where the initial mode of failure was timber embedment, there should be no difference between the
actual and predicted ultimate loads. This second conclusion was demonstrated to be true by projecting back the
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lines corresponding to the measured and predicted ultimate loads in Figures 3 and 4 to the points at which they
met. For both figures, the ECS formulae showed that at the densities corresponding to the points of
intersection, embedment failure and bolt failure occurred at similar loads.

In Figures 3 and 4, the secant yield loads derived from the load / deflection graphs were similar to the ultimate
loads predicted by the EC5 formulae.

For series a and b, characteristic values of the ultimate loads F,, were 8.24 kN and 8.47 kN per shear plane
respectively, and the characteristic densities were 445 kg/m’ and 423 kg/m® respectively. For these two
characteristic densities, the ECS formulae predict values of 5.22 kN and 6.80 kN respectively for F,,. These
represent reductions of 0.63 and 0.80 on the expenimental values of F,,, or a mean reduction of 0.715.

Three principal conclusions were drawn from these tests on bolted joints,

L.

For three-member timber joints, made with a single bolt, nut and washers and loaded in compression
parallel to the grain, the ECS formulae give good predictions of the yield loads at which the initial
failure occurs, but they do not predict accurately the ultimate loads for such joints.

The characteristic ultimate load-carrying capacities of the real bolted joints tested with nuts and washers
were approximately 50% higher than the values predicted by the ECS formulae. However, the load-
carrying capacities of joints tested without nuts and washers were on average only 13% higher than
the values predicted. The difference in the first case was ascribed to the "string effect” produced by
the bolt-head, nut and washers, plus friction between the members produced by the consequent
clamping effect, and friction between the bolt and the timber members inside the joint. The difference
in the second case was ascribed to internal friction between the bolt and the timber members.

Formulae for connectored joints based directly on the measured values of ultimate load will provide

lower safety levels than the present ECS formulae for 3-member bolted joints, since the latter formulae
do not allow for the contribution of the bolt-head, nut, washer or friction.
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Connectored joints

In Table 6 the ultimate load for specimens loaded in compression (Series C) is slightly less than that for similar
specimens loaded in tension (Series A), It was concluded that loading in compression is a valid test method
for joints made with toothed plate connectors, provided that adequate end distance are ensured.

In Figures 7 to 10, the influence on joint strength of density, connector diameter and member thickness are
considered in tumn,

Figure 7 Ultimate load per shear plane for individual three-member toothed plate joints made with a
single M12 x 130 mm bolt and two 63 mm toothed piates, nut and washers in European
redwood and Southern pine {Series C and E), compared with ultimate load for 12 mm plain
bolted joints in European redwood (Series b), loaded in compression parallel to the grain.

Ultimate load per shear plane (kN)

i ) L 1 i

400 500 600 700 - 800

Effective density Qe  (kg/m3)
0 63mm Toothed plates ¢ 12 mm belt

In Figures 7 and 8, the effective density of each specimen were calculated as ¥o,04, as in Figures 3 and 4.

The difference between the two ultimate load lines shown in Figure 7 may be interpreted as the contribution
to the load-carrying capacity provided by one 63 mm diameter double-sided toothed plate. It can be seen that
this additional contribution changes very little with density. This suggests that failure occurred in the teeth of
the toothed plate rather than in the timber in which they were embedded.
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Figure 8 Ultimate load per shear plane for individual three-member toothed plate joints made with 2
single M12 x 130 mm bolt, nut, washers and two 63 mm diameter toothed plates in European
redwood and Southern pine (Series C and E), loaded in compression parallel to the grain.
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Figure 8 shows the ultimate load per shear plane for the individual "standard” specimens tested in Series C and
E, plotted against effective density as in Figure 7, but extrapolated backwards to a density of zero. The result
illustrates that the overall load-carrying capacity of a "standard” 63 mm toothed plate connectored joint is
directly proportional to the density of the timber.
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Figure 9 Uitimate load per shear plane of three-member toothed plate joints made with toothed plates
of four different sizes in European redwood (Series F1, F2, C and F3)}, loaded in compression
parallel to the grain
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Figure 9 shows the mean ultimate loads per shear plane for each of the test series F1, F2, C and F3,
corresponding to connector diameters of 38 mm, 51 mm, 63 mm and 75 mm respectively. Each of the four
values was obtained from the regression line of load v, density for all 15 specimens in the set, reading the load
at a density of 500 kg/m®. In this way the mean ultimate loads for the four connector diameters can be
compared at the same density. It can be seen that the overall load-carrying capacity of the toothed plate joints
tested is approximately proportional to the nominal diameter of the connectors.

In the figure, the regression line excludes the value for the joints made with the 38 mm connectors. It is
believed that the relatively high ultimate loads for these joints are due to frictional effects, which are explained
in Appendix A.
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Figure 10 Ultimate load per shear plane of three-member toothed plate joints made with three different
thicknesses of member in European redwood (Series H1, C and H2), loaded in compression
parallel to the grain,
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Figure 10 shows the ultimate loads per shear plane corresponding to a density of 500 kg/m® for each of the test
series H1, C and H2, as explained after Figure 9. These tests used specimens having outer member thicknesses
of 16, 25 and 50 mm respectively, with the inner members twice as thick as the outer members. The line
indicates an increase of joint strength right across the thickness range. However, further tests would be required
to confirm the relationship between member thickness and joint strength, since the bolts used in each test series
were found to have different strengths (see Table 6).

Five principal conclusions were drawn from the tests on connectored joints.

1. In the 63 mm connector plates failure appeared to have occurred in the metal teeth rather than in the
timber in which they embedded.

2 The overall load-carrying capacity of a standard toothed plate joint specimen was proportional to the
density of the timber.

3 The overall load-carrying capacity of the specimens tested was approximately proportional to the
diameter of the toothed plate connectors.

4 In joints made with 10 mm bolts the clamping effect of the bent bolt appeared to increase the load-
carrying capacity by approximately 50%.

5. There was 4 linear relationship between the overall strength of the joints and the thickness of the
members, right across the thickness range.
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FORMULAE

Proposed formulae

A formula for calculating the load-carrying capacity of a joint made with Bulldog toothed plate connectors has
been proposed by Blass and Schlager. Itis

R, = 18(d, poe)'™ + Ry N (1)
where R;, = the characteristic load-carrying capacity of one double-sided connector and its bolt
in N
Qow = the nominal diameter of the connector in mm
Ry, = the characteristic load-carrying capacity of the bolted part of the joint (one shear

plane) calculated from the formulae in ECS in N

Two alternative formulae are proposed here, based on the results of these tests. The tests were carried out on
samples which contained double shear planes, since double shear joints are more common where toothed plate
joints are used. The formulae, however, calculate the load per shear piane. Formula A is a development of
the Blass/Schlager formula:-

R, = 0.0014 (45" (@) P(epon)'® + Roy N (2)
where Q. = [e.es in kg/m’

@, and gp = characteristic densities of the members on each side of the toothed plate.

toia = minimum of t, and t, in mm

In 2-member joints ¢, and ty are the thicknesses of the two members.
In 3-member joints t, is the thickness of the outer member and t; is half the thickness of the inner member.

Formula B is an entirely empirical one, which has the advantage that it obviates the need to go through the EC5
bolt design formula to calculate the assumed contribution of the bolt. It is:-

R, = 0.0077 ¥.i38c pomn [tmin + 40] N 3
Evaluation
The reliability of the three proposed formulae is assessed in Table 7, where companison indices R/F, are given.
In Table 7 F,, is the characteristic load-carrying capacity per shear plane for each test series taken from Table 6
and multiplied by a factor of 500/g,y, (or 750/Q,y, in the case of Series E) to provide a2 common comparison
basis. This procedure is based on the earlier finding that the overall load-carrying capacities of individual
specimens were proportional to their densities.
R, is the contribution of the bolt calculated from the formulae for 3-member joints given in ECS. A timber

density of 500 kg/m® was used (or 750 kg/m’ in the case of Series E), and k_, and v, were set at 1.0, Asin
Tables 3 and 4, the actual strength of the belt types was used.
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Table 7 Evaluation of design formulae: 1993 tests

Serics Purpose Formula (1) Formula (2) Formula (3)
PO Blass/Schiager TRADA A TRADA B
Fix Ry R, | R /F R | RoFup R, R J/F.,
kN kN kN KN kN kN kN kN
A Tensile | o il 742 | 16.42] 099 | 15701 095 | 1577 0.95
loading
C Standard | ;o053 ) 740 I 1642 | 104 | 1570 100 | 1577 1.00
reference
E Demser | 53501 958 | 18581 079 | 2332] 099 || 23.66 | 1.01
species
F1 Imm 65| 574 || 9.96 | 0.85 9.62 | 0.83 9.51 0.82
plate
F2 Stmm | oest 742 | 1398 | 120 || 13.45] 1264 | 1276 | 117
plate
c 63mm |yl 742 | 1642| 104 || 1570 roo || 1577) 1.00
plate
F3 TSmm | oeas] 742 | 1901 ] tos | 18171 099 §1877| 1oz
plate
Thin
H1 13.17 | 683 § 1582 120 § 13451 102 | 1358 | 1.03
members
c | Standard | oo oa0 1642 104 | 1s70| roo || 1577 Loo
members
H2 Thick | 5 061 012 || 1812 | o086 || 2082 | 099 | 2183 | 1.04
members
Maximum 1.29 1.24 1.17
Minimum 0.79 0.83 0.82
Range 0.50 0.41 0.35
Mean of eight values 1.01 1.00 1.00

All three formulae give results which are on average equal, or almost equal, to the experimentally-determined
vaiues of F,.

Formula (1) does not provide sufficient allowance for the influence of timber density (Series C and E) or
member thickness (Series H1, C and H2). It handles reasonably well the anomalous results for the tests on
connector diameter (Series F1, F2, C and F3 - see Figure 9).

Formulae (2) and (3) allow well for the influence of timber density and member thickness, and handle

reasonably well the influence of connector diameter. All three formulae give too high a result for the 51 mm
connector.
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From the designer’s point of view, Formula (3) is the easiest of the three to use. However, it relates only to
joints made with 4.6 grade bolts of the diameters tested in 1993, i.e. 10 mm for 38 mm connectors and 12 mm
for larger sizes. In the UK this is not & problem, because these are the only sizes that are recommended with
toothed plate connectors made in the UK, but this would be a disadvantage in countries where different
diameters of bolt may be used.

In comparing the results from the formulae with experimental results, actual values of bolt strength and timber
density were used, and y,, was set at unity. In use, additional safety factors would be introduced to the R, term
by using characteristic values of material properties and values of v, of 1.1 or 1.3 as appropriate. It has been
stated in this paper that for both the bolt and the toothed plate connector the initial mode of failure occurs in
the metal rather than the wood. For all these reasons it is argued that for design purposes the first term in
Formula (2) and the whole of Formula (3) should be divided by a factor of v = 1.1 to obtain a design value.
It is not obvious how changes in the load duration and service class will affect the performance of a toothed-
plate joint, but for safety’s sake it seems sensible to use k,, in conjunction with the afore-mentioned v, until
better information is available. The modified formulae are shown as (2a) and (3a) on page 21.

Whether similar factors should also be applied to the first term of Formula (1) depends on how it was
calibrated.

Additional confirmation from earlier tests

In 1952 Brock (3] conducted various tests on both round and square toothed plate connectors. The results of
the tests on round "Bulldog" connectors using the standard loaded end distances and washer diameters given
in BS 5268 ; Part 2 are shown in Table 8. Only mean values of the density and the failure load for each test
series were recorded, so the mean densities have been used in the three formulae to obtain an approximate
comparison. The mean failure loads were halved in order to convert them to loads per shear plane. To
calculate R, a standard value of 392 N/mm® was assumed for the strength of the bolts, since Brock did not
measure the strength of the bolts, and k,,, and -y, were set at 1.0,

In the 1952 report it was stated that the washers used for the tests on the 51 mm and 75 mm connectors were
too thin and too small to develop pressure across the joint, and the loaded end distances for the tension tests
were too short for the joint to develop its full strength. In the 63 mm connector tests, standard washer
thicknesses (5 mm) and loaded end distances (95 mm) were used, but only two specimens were tested for each
mode of loading. The results from these 1952 tests can therefore give an indication only of the reliability of
the three formulae, and, for the reasons given, only the 63 mm connector results will be used for comparison

purposes,

For the 63 mm diameter connectors Formula (1) gives excellent resuits, with comparison indices of 1.00 and
0.96 for loading in compression and tension respectively. Formulae (2) and (3) give somewhat lower results
with indices ranging from 0.84 to 0.94.
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A further series of tests on toothed plates manufactured by MacAndrews and Forbes Ltd. was conducted by Lee
and Lord in 1961 {4]. These plates were double-sided round toothed plates, similar to the other plates tested
in 1993. However, there were three significant differences:

(i) All the washers were 3.25 mm thick, whereas the washer thicknesses for the 50 mm, 63 mm and
75 mm connectors tested in 1993 were 3 mm, 5 mm and 5 mm thick respectively;

(ii) the nuts were tightened with a spanner, instead of being only finger-tight;
(iii) as shown in Table 9, the thicknesses of the members were different.

In Lee's and Lord’s paper standard deviations were given for the ultimate loads, but not for the densities of the
specimens, so the comparison shown in Table 9 between the results from the tests and the formulae is based
on mean values, as in Table 8. Each set of results records the mean values for a set of 10 similar specimens.

On the basis of these tests, Formula (1) gives the most consistent and accurate results, but it must be noted that
all the specimens tested had densities of around 500 kg/m® and were made with thin members of similar
thickness; and, as previously noted, the formula as it stands does not adequately allow for variations in these
parameters.

All three formulae over-compensated for connector diameter according to these test results.

Safety levels

As previously mentioned, the safety levels provided by the ECS formulae for 3-member bolted jonts generally
exceed the levels provided by the proposed formulae for toothed plate joints. It is desirable to maintain similar
safety levels in all types of joint, but in this case it seems that the ECS bolt formulae need to be changed. If,
however, it was decided to adjust the proposed toothed plate formulae so that they provided safety levels similar
to those provided by the current ECS formulae for 3-member bolted joints, then a global reduction factor of
0.70 would have to be applied to them.

CONCLUSIONS

For real bolted joints made with nuts and washers, the bolt design formulae given in ECS give good predictions
of the yield loads but not of the absolute ultimate loads. The predicted loads appear to be about 70% of the
experimental values. It may be considered that design formulae for joints made with toothed plate connectors
should in a similar way predict load-carrying capacities which are less than the ultimate load-carrying capacity.

The results from a wide range of tests conducted in 1952, 1961 and 1993 on three-member timber-to-timber
toothed plate joints were compared with the results predicted by three proposed formulae. The formulae
proposed were:-

Ry = 180 +Ry N (1)

Ry = 0.0014(te)* Qe *(epor)™* + Roye N @

R, = 0.0077Q.pr1d; noca{ b +40) N 3
For design purposes it is proposed that formulae (2) and (3) should be written:-

R, = 0.00127 ()" (i) *(domorn) *Knat + Ria (2a)

R, = 0.007@ o e en{bies ™ 30) Koy (3a)

Formulae (3) and (3a) are valid only for the bolt sizes specified in BS 5268 : Part 2, i.e. M10 for 38 mm
diameter connectors and M 12 for larger connectors.
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Key: R, = characteristic load-carrying capacity of one double-sided round toothed plate and bolt

loaded parallel to the grain, in Newtons

R4 = design load-carrying capacity of same, in Newtons

Rux = characteristic load-carrying capacity of the bolt, per shear plane, calculated from
ECS, in Newtons

Ryu = design load-carrying capacity of same, in Newtons

Qe = nominal diameter of toothed plate, in mm

toic = minimum of outer member thickness and half the inner member thickness, in mm,
for 3-member joints; or minimum member thickness in mm, for 2-member joints: the
value entered should not exceed 30 mm

Qe = characteristic effective density of the joint

w! Qax@py ID kg/m’®

The reliability of the formulae was measured by means of a comparison index, Ry, / Fju Fj, being the
characteristic ultimate test load per shear plane. Where characteristic tests loads were not available, the
comparison index was calculated as R ... / Fjp, The results of the comparison exercise are summarized in

Table 10.

Table 19 Summary of comparison indices for proposed design formulae, from Tables 7-9%
Formula Maximum Minimum Standard Mean
deviation comparison
index for 16
different joint
types
(1) 1.29 0.79 0.12 1.00
2) .24 0.83 0.10 0.97
3 1.17 0.80 0.12 0.96
* Only values for the 63 mm connectors given in Table 8 were included.

Formula (1) gave good predictions for joint specimens in timber having a density of around 500 kg/m® and with
outer members around 25 mm thick, but it did not allow adequately for the effect of varying these parameters.

Formulae (2) and (3) gave good predictions across all parameters, with mean comparison indices of exactly 1.00
when measured against the 1993 tests. The lower values shown in Table 10 are caused mainly by the high test
values obtained in the 1961 tests, possibly due to the fact that in those tests the nuts were tightened with a
spanner, thereby increasing the frictional resistance between the members.

For designers, formula (3) is the easiest to use, and it would be the preferred option in the United Kingdom.

However, it is applicable only to joints made with the bolt sizes specified in BS 5268 : Part 2. If other bolt
sizes are used with similar toothed plates in other countries, then formula (2) is recommended.
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Appendix A
The effect of friction on the load-carrying capacity of a joint made with bolts,

Final failure of all the joints tested occurred with splitting of the inner member from the centre of the bolt hole
along the grain in both directions. At failure the deflected angles of the M10 bolts in the outer members were
10°, and the corresponding angles of the M 12 bolts in the standard C series tests were 2.5°, The washers were
embedded at an inclination of approximately half these angles, as shown in Figure A.

Figure A M10 bolt and washer at joint failure

.

At failure the ultimate load applied to the inner member is resisted by three actions on the member:

() the load-carrying capacity of the teeth in the toothed plate connectors {assuming for the reason given
previously that failure occurred in the teeth rather than the timber in which they were embedded) - this
is a function of the size and matenal strength of the connector;

(i) the embedment strength of the inner member - this is a function of the density, geometry and species
of the timber;

1) the frictional resistance generated between the inner and outer members - this is a function of the
lateral strain in the timber caused by the effective shortening of the bolt as it bends, of the elasticity
of the timber and of the coefficients of friction between the timber and the steel of the toothed plates,
and between the timber/timber surfaces where these come into contact.

The ultimate load which the outer members can carry is similar to the above, but with an additional component

provided by the inclined embedment of the washers. This explains why failure always occurred in the inner
member rather than one or both outer members,
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With nuts that are finger-tight before any load is applied to the joint, any bending of the bolt will effectively
shorten the bolt and therefore compress the timber. A 10° angle of inclination in each side member will
produce a contraction of 3.06 mm in the overall joint thickness, or a strain of 0.0306. A 25° angle will
produce a strain of 0.0019. Taking E4 = 625 N/mm? for European redwood and assuming that the calculated
strains are applied to two-thirds of the nett area of the washers in order to allow for some bending, it is possibie
to calculate the total load applied by the bolt perpendicular to the plane of the joint. Using this value and &8
measured value of u = 0.35 for timber/steel and timber/timber contact, the contribution of friction to the load-
carrying capacity of the joint types may be calculated.

For the joints made with 38 mm diameter connectors, M10 bolts and 38 mm diameter washers, the frictional
contribution is 4.71 kN. For the joints made with 63 mm connectors, M12 bolts and 50 mm washers, the
contribution is 0.51 kN, i.e. 4.2 kN less.

Therefore, although components (i) and (ii) of the load-carrying capacities of the 38 mm connector joints must
be lower than the corresponding components in the 63 mm connector joints, component (iii) in the 38 mm
connector joints is estimated to be 4.2 kN higher. This difference can be observed in Figure 9, in which the
mean ultimate load per shear plane for the 38 mm connectors is 4.4 kN above the regression line for the other
three connector sizes.
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INTRODUCTION

The definitions of terms and multi-language terminology pertaining to metal connector
plates provide meanings and explanations of 48 technical terms which are in common use
by both the technical expert, such as the plate fabricator and user, and the non-expert
architect, engineer, specification writer, building code official, and others who deal with
metal connector plates in one way or another., The definitions are in English and the
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in additional languages is solicited.

This terminology does not cover terms relating to the mechanical properties of the materials
used for fabricating metal connector plates as well as their use.

The terms are listed in alphabetic sequence. Compound terms appear in the natural spoken
order. Where the definitions are adopted verbatim from other sources, they are identified
and fully referenced.

The use of brand and trade names in this document serves to restrict the findings to the particular product and does not constitute any
endorsement of this product. Since the author has no control over the use of the information presented, he cannot gecept responsibility
for such happenings which result from its use.
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5.1  TITPA SfB G12 - UDC 0691-11 (1990) Technical Handbook.



10.

1L

DEFINITIONS

. Angle of placement of metal connector plate - Angle of inclination of lengthwise axis

of metal connector plate parallel to longitudinal axis of coiled metal strip, that is, main
direction of metal connector plate, to direction of test-load application to wood member
of connection; with zero-degree angle defined as that of lengthwise plate axis being
parallel to load direction; and angle greater than zero is defined as that of lengthwise
plate axis being rotated clockwise away from the loading axis.

Butted wood member - Wood member with its squared end placed adjoining the squared
end or side of another wood member; with both abutting members of same thickness

and in a single plane.

Connection, n. - Structural junction of two or more wood members, components, or as-
semblies, designed to be connected with mechanical fasteners, adhesives, welds, or a
combination of them, to transmit safely structural forces. Colloquially, the term joint
is used in place of the term connection.

Connector, n. - Abbreviation for metal connector plate.

Connector hole - Opening in metal connector plate, resulting from punching integral
tooth from, or nail hole in, connector plate during its fabrication. Also called slot when
opening is not round.

Control plate - See solid metal-coupon control specimen.
Control specimen - See solid metal-coupon control specimen.

Fastener, n. - Integral tooth of connector plate and/or separate nail used to fasten
connector plate to wood member.

Finished metal connector plate - Chemically or metallic-surfaced, or galvanized steel
connector plate with or without prepunched plate or nail holes.

Qross cross-sectional connector plate area - Cross-sectional area of metal connector

plate determined by multiplying gross thickness of plate by gross dimension of plate
perpendicular to direction of load application. 4.5

Integral tooth of metal connector plate - Plate projection punched from metal connector

plate at right angle to its surface, which remains attached to plate, and serves as
fastening element.



5

12. Lateral resistance of metal connector plate - Resistance to slip and/or pulling from
wood, in direction of applied external shear force, of integral teeth and/or separate nails
fastening connector plate to wood members. See shear strength of metal connecot plate.

13. Length of metal connector plate - Dimension of metal connector plate parallel to
longitudinal axis of coiled metal strip from which plate was sheared during its
fabrication. 4.5

14, Lumber, n. - See wood

15. Metal connector plate - Finished (coated, galvamized) steel or bare stainless-steel
connector plate with or without integral muitiple plate projections or nail holes, or a
combination of both, with projections partially sheared from solid plate during its
fabrication and projecting from the plate in a single direction or both directions per-
pendicular to the plate surface area; plate of specified thickness (gage), usually including
the following as well as intermediate thicknesses, to which appropriate tolerances apply:

Mm In. Washburn & Moen ASTM Standard A525
Steel Gage (Table 17) for Gaivanized
Sheet Steel, In.
0.9 0.035 20 0.0396
1.0 0.041 19 0.0456
1.2 0.047 18 0.0516
14 0.054 17 0.0575
1.6 0.063 16 0.0635
1.8 0.072 18 0.0710
2.0 0.080 14 0.0785

Metal comnector plates are manufactured from coiled strips of structural quality sheet metal;
produced in various lengths and widths; and designed to connect wood members so as to
transmit forces from one wood member (or section) to another one or more wood members
(or section). Other common terms include plate, metal plate, metal-plate connectors, nail
plate, truss plate, but preferably termed metal connector plate.

16. Metal connector plate with integral teeth - Metal connector plate with integral multiple
plate projections partially sheared from solid plate during its fabrication and projecting
from the plate in a single direction or in both directions perpendicular to the plate
surface area (see metal connector plate).

17. Mill_certification - Producing mill certificate or proof of conformance with specified
minimum allowable stresses for heat number of metal coil(s) from which metal



18.

19.

20.

21,

22.

23.

24,

25.

26.
27.

28.

29.

connector plates were fabricated.

Nail, n. - Straight, slender fastener, usually pointed and headed; designed to be driven
through connector plate or plates with or without nail holes; serving as separate
supplementary or primary fastener. 4.8

Nail hole - Round perforation in metal connector plate through which a nail can be
driven to fasten plate to wood members {or section) and to transmit shear loads; provid-
ing predetermined location for appropriately locating nails to be driven (see plate,
hole). 4.5

Nail-on plate - Solid or prepunched (or predrilled) metal connector plate of specified
thickness (gage); manufactured to various sizes, that is, lengths and widths; designed to
be fastened with nails (or staples) to wood members and to transmit forces from one
wood member (or section) to another one or more wood members (or section).

Qverpressed metal connector plate - Metal connector plate with teeth, fully penetrating

wood member, with tooth side of plate pressed more than one-quarter of plate thickness
below surface of wood member; in contrast to underpressed metal connector plate, the
surface of which is not in contact with the surface of the wood members.

Peeling resistance of metal connector plate with integral teeth - Resistance to

consecutive withdrawal of adjacent teeth of metal connector plate from wood member
during eccentric shear load application.

Plate , n. - Abbreviation for metal connector plate.

Plate hole - Opening in metal connector plate, resuiting from punching integral plate
projection(s) from, or nail hole in, connector plate during its fabrication (see nail hole).

Perforated metal connector plate - Metal connector plate with prepunched or predrilled
plate or nail holes. Also called punched metal connector plate.

Predrilled hole - Hole drilled through metal connector plate during its fabrication.

Prepunched hole - Hole punched through metal connector plate during its fabrication.

Shear strength of metal connector plate - Resistance to shear force by net plate cross-

section, expressed as force per unit of length of full cross-section of connector plate,
when used in connections composed of pairs of plates.

Shear transfer plate - Metal connector plate with integral teeth projecting from plate in
both directions perpendicular to plate surfaces; designed to be placed between adjacent
wood members and to connect and to transmit forces from one wood member to



30.
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Solid metal connector plate - Metal connector plate without any prepunched or

predrilled plate or nail holes.

31. Solid_metal-coupon control specimen - Solid metal connector plate sample of same

32,

material as metal connector plate under scrutiny; of dimensions meeting the require-
ments of ASTM Standard E8 (or other applicable standard or specification); without nail
and plate holes or integral plate projections. 4.5

rength, n. - Resistance to external force or load or generation of internal strain,
expressed in terms of units of force, N, newtons (Ibf, pounds force). Discussion:
Strength is the resistance to tensile, compressive, or shear forces, or a combination of
these; as compared to stress that is expressed in terms of units of force per unit area,

33, Stress, n. - Internal force developed by application of external force or load or

generation of internal strain expressed in terms of unit of force per unit of area, MPa,
megapascals (Ibf/in% psi, pounds force per square inch). When the forces are parallel
to the plane on which it acts, the stress is called shear stress; when the forces are normal
to the plane on which it acts, the stress is called normal stress; when the normal stress
is directed toward the plane on which it acts, it is called compressive stress; when the
normal stress is directed away from the plane on which it acts, it is called tensile stress.
Sometimes referred to as unit stress, internal force, engineering stress, or total stress.

34, Stress ratio - Ratio of ultimate tensile stress of metal connector plate along its

longitudinal axis to ultimate tensile stress of matched solid metal-coupon control
specimen. Also called effectiveness ratio and efficiency ratio.

35. Structural guality sheet ¢oil - Coiled sheet metal used for production of metal connector

plates meeting minimum specified grade properties, including the elongation for a 50-
mm (2.0-in.) gage length to be at least 16 pct for specified "Grade C" steel with
minimum 275-MPa (40-ksi) yield point and minimum 380-MPa (55-ksi) ultimate tensile
stress, according to ASTM Standard A446. Other applicable standards or specifications
may govern, to meet the requirements of local jurisdictions.

36. Tensile strength of metal connector plate - Resistance to tensile force by net plate cross-

section normal to the direction of load application, expressed as force per unit of width
of full cross-section of connector plate, when used in pairs of plates.

37. Test piece - Member of test specimen.

38. Test specimen - Sample connection to be tested to determine a particular plate strength

characteristic; fabricated by connecting two butted wood members with two parallel
metal connector plates placed symmetrically on opposite sides along the butted ends.



39, Timber, n. - See wood.

40. Tooth, n. - Integral projection of metal connector plate formed in direction perpendicu-
lar to plate surface(s) during punching process. Also called prong, barb, plug, and nail;

yet, preferably called tooth. 45
41. Truss plate - See metal connector plate. 4.5

42, Typical metal connector plate - Metal connector plate representative of single shipment
of plate to be tested; with plate manufacturing procedure simulating actual production

conditions anticipated during plate fabrication as well as during member and component
assembly.

43, Ultimate strength - Maximum resistance to external force, load, or generation of internal
strain of a material, member, connection, component, or assembly at which failure
occurs; expressed in terms of units of force, N, newtons (Ibf, pounds force); as compared
to ultimate stress that is expressed in units of force per unit of area. Often referred to
as maximum load, ultimate load, maximum strength, or nominal strength; and incorrectly
(although commonly) referred to as ultimate stress.

44. Unilaterally punched metal connector plate - Metal connector plate with integral teeth

projecting from plate in single direction perpendicular to plate surface area.

45. Von Mises vield theory - Stated ratio between shear and tension stress for an isotropic,
solid material. Theoretical yielding in shear is assumed to occur at a stress equal to
0.577 of the yield stress in tension.

46. Width of metal connector plate - Dimension of metal connector plate perpendicular to
longitudinal axis of coiled metal strip from which plate was sheared during its fabrica-
tion. 4.5

47. Wood, n. - In the English-speaking Commonwealth countries, timber; in the English-
speaking non-commonwealth countries, lumber, a sawn piece of wood smaller than 100
mm (4.0 in.) in its least dimension, as well as wood and wood-base products, such as
manufactured and glue-laminated wood members, plywood, particleboard, flakeboard,
and other wood panels.

48. Yield stress - Limit to internal force developed by application of external force or load
or generation of internal strain to a material, member, connection, component, or
assembly beyond which a marked increase in the rate of deformation occurs without an
appreciable i mcrease in load; expressed in terms of units of force per unit of area, MPA,
megapascals (Ibf/in.2, psi, pounds force per square inch). When the initial rate of force
is non-linear, an agreed on convention shall apply. Sometimes 1ncorrect1y referred to
as yield strength and as ultimate strength.
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DESIGN OF JOINTS BASED ON IN V- SHAPE GLUED-IN RODS

ABSTRACT

In this study a method is presented how to design the capacity of moment resisting
joints of glued laminated timber structures based on the properties of in V- shape glued-in
rods. Design rules for anchorage capacity of the rods and capacity of timber in the joint
area are given. Design rules are based on an experimental research, which is briefly
introduced.

INTRODUCTION

The technology has originally been developed in TSNIISK in Moscow. It was
introduced in CIB-W18 meeting 22 in Berlin in 1989 by Dr. Turkovsky. Research work
began already in 1975. It has been almost unknown for the rest of the world mainly
because the publications were in Russian.

The method is based on ribbed steel rods, which have been glued at skew angles into
the glulam. The rods take effectively the forces in their direction up to the tensile capacity
of the steel. When the rods have been welded on to steel plates, the forces can be carried
forward in the same manner as known in steel structures.

This article presents some results of the experimental research carried out in Technical
Research Centre of Finland (VTT) during the years 1991-3. The goal of this research was
to deepen and to enlarge the basis for design rules and instructions for production. The
report is under work and it will be published in the near future.

TEST SERIES

In the first phase joints consisting of one ribbed steel rod were tested in order to get
knowledge about the anchorage strength of the glueline. The rods were glued into
spacious holes drilled in the timber at the angles of 30°, 45°, 60° and 50" with the grain
direction. The rods were then loaded in tension or in compression, see Figs. 1 and 2.
Thickness of the rods was 20 mm,

Two types of both epoxy and polyurethane adhesives were used in the joints. All gave
good strength values. The most promising was the new PU adhesive, which is not
sensitive to moisture. Injecting the joints by a pilot glueing machine was very easy.

In later phases the steel rods were welded into a steel plate, by which the joint was
loaded. In the second phase different V-anchor joints of two rods were loaded in centric
tension or in shear in the direction of the beam, see Figs. 3 and 4. In failure the steel rods
often broke off (their strength was over 600 MPa). Thickness of the rods was 20 mm or
16 mm.
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Fig. 4. Test specimen of V-anchor joints loaded in shear.

In the third phase small partial joints of four rods were loaded. Many combinations of
rod directions were used, see Fig. 5. The failure modes were similar to the cases of
V-anchor joints. Thickness of the rods was 16 mm.

The last phase was to load two 1.2 m deep and 12 m long beams, which were cut into
two pieces in the middle and jointed again together by this method. The connections of
beams B; and B, were symmetric, see Fig. 6. Also the ends of beams were utilized and
two more unsymmetric connections of beams B, and Bs were made. This time
compression force on the upper side was taken by hinged contact surfaces, see Fig. 7.

The laminates for the beams were chosen to have a density 420-480 kg/m3. Measured
densities of the beams did not differ much from the mean value of 450 kg/m3.
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FAILURE MODES
Small joints

Based on the test results of one rod joints the glued lengths of the rods in small joints
were chosen so that the anchorage and tensile capacities were close to each other. There
were then two failure modes in afl V- shaped joints. Some of the rods reached their tensile
capacity and broke near the welded joint with the lug, which was used for the loading.
Somewhat more often the rods were drawn out of the beam after loosing the anchorage
capacity. The joints are rigid and they have deformation capacity, see Fig. 8.

400 —
1.6LA
350 268
300 2 3. 8VC
e =
2504 -
g 2
7]
150
100 I
50
0 ;
0 2 4 8 8 10 12 14 16

Ship u fmm)

Fig. 8. Load- deformation curve of small V- joints.



Deep beams

In the last phase beams B, and B, broke in similar way in the tensile joint of the
connection. A piece of timber broke off the beam. Size of it was the same which was hold
by the anchoring rods.

In loading B, the timber member had a shear failure in the middie depth of the beam.

Beam Bjg broke in three stages. Welding of two tensile rods was not managed
sufficiently well. They were torn one by one out of the steel plate after the maximum load
2Fpax = 2 x 282 kN. At each step the load F decreased by 30 kN. Finally two farthest
tensile rods broke by the total load 440 kN.

Cracks of bending failure were afterwards found on other side of the connection at the
foot of last rods. Beginning of that was not seen. Joint made by glued-in rods is obviously
tough.

STRENGTH CHARACTERISTICS
Behaviour of V-joint

Relation of the load F and axial forces in rods 8, and S, is illustrated in Fig. 9. Design
is based on the capacity of the tensile rod. The compression rod is utilized in the

proportion of equation (2). Based on the equilibrium of forces the relations derived are as
follows:

F= Slcosyl + 8200872 (1)
Ssiny; + Sysinys =0, (2)
where

A < 90°, when the rod is in tension
My >90°, when the rod is in compression.

The capacity of symmetric V-anchor joint in tensile and shear test series is
Fmax = SIZCOS'h (+ RD), (3)

where
Rp is a dowel effect to be calculated separately .

In general case the capacity of V-anchor joint is

Frnax = Sisin(ys - y1)/siny; (+ Rp). (4)



In the case of many V-anchors the capacity of the joint is the arithmetical sum of their
capacities, When there are different V-anchors in the same connection they are calculated
separately and summed.

S;cosyy S, cos Y, F

v

S, sin ¥,

Fig. 9. Diagram about V- joint.
Dowel effect

When the rod in compression has steep angle or 0y 2 50° (1 £ 130%), it will also work
as a dowel when the load is in grain direction. The load- carrying capacity of dowel in
single shear steel-to-timber joints can be calculated in accordance with Eurocode No 5,
from the formula

R = 1,52M,fiyd) 112, ()

Its values in different combination of parameters of tested joints have been calculated
as follows: The fastener yield moment is calculated from the formula My = £, W, where
W, = d3/6.

P

Embedding strength in timber can be taken as fj, = 0,65f;, where f; is strength in
compression.

Small joints

The capacities of tested small joints have been analyzed according to the equations (3)
and (4). The dowel effect has been taken into account when calculating the force of the
rods in tensile failure. After that correction the calculated strength values of the rods were
equal to the separately measured material strength.

Deep beams

As a result of the summing the V-anchors of the tensile connections the following
normal forces N are obtained:

Beams Bl and Bz: N= 7,881 + 40 kN (Rdowel)’

Beams B4 and Bs. N = 6,581 + S0 kN,

Beam By, N =4,58; + 50 kN (before final failure).

-7



External bending moment in the connection of the deep beams is
Mex; = 4,55F kNm + My,

where effect of gravity is My =23 kNm for beams B and By. For beams B4 and Bs itis
19 kNm.

Internal bending moment in the connection of the symmetric beams By and By is
M;, = 1,20N kNm.
Tensile force in the connection of beams B and B, is then
N =3,79F + 23 kN.
Internal bending moment of beams B4 and By is
M;q¢ = 1,02N kNm.
Tensile force in the connection of beams B, and Bs is then
N =4,46F + 19 kN.

Mean forces S of the tensile rods by maximum load was calculated:
Beam Bl: Sl =134 kN,

Beam Bj. Sy = 132 kN,

Beam B4: Sl = 193 kN and

Beam B5: Sl = 189 kN.

Rods did not fail. Beams By and B, broke in tension at the distance of farthest rods in
the area where the rods were glued into. For the effective cross section calculated tensile
strengths of timber were f;, = 26,5 and 26 N/mm?2, They are a little higher than
characteristic values of their density according to the draft EN TC 124. 207 January 1993.

In the loading of Bs two rods were torn one by one out of the steel plate after it had
reached the maximum load Fp,, = 282 kN. At each step the load decreased by 30 kN.
Finally two farthest tensile rods broke by the load Fp,,, = 220 kN. Developments of the
failure can be seen in the Fig. 10, where the measured growth of the gap in tensile side of
the connection is drawn. Calculated mean forces of the tensile rods were then §; =
211 kN, which is also their tensile strength.

Bending stresses of beams B4 and Bs at maximum load were Oy = 31,6 and 29,3 MPa,
when whole cross section was used in calculation, Calculated bending stresses are at the
same level as the tensile strength of beams B and B,. Rods do not seem to reduce the
bending capacity of V- joints.



Fig. 10. Measured deformations in the tensile side of the gap in the connection of beams
B4 and Bs.

Strain gauge measurements

Strain gauges were glued on the steel plates of tensile side in the connections of beams
B, and Bs. They gave information about the share of the load to the number of the rods,
which were behind the measuring points. At the load 0,4F,,, measured relative strains
were:

Beam By:
Number of rods after gauge 10 6
Relative strain 1,0 0,65.
Beam Bs:
Number of rods after gauge 10 9 6,5 4
Relative strain 1,0 0,87 0,65 0,47.

Relative strains above prove with sufficient accuracy that the load is divided evenly to
the rods.
TIMBER CAPACITY

Effective cross section of the beam in the connection is calculated by reducing the
width b of the beam on the tensile side by the drilled portion:

bef =b - nD, (6)
where n is the number of parallel drilled holes in the cross section. Generally only the

farthest section needs to be checked, because the capacity of the rods in other sections can
be taken into account. Bending capacity of the beam is calculated in that section.



The portion of cross section (bgdsine), which is joined by rods, is designed by the
normal force N in the joint, see Fig. 11.

bedsinaf, = N (7)

When calculating the bending capacity of V- joints timber member can have the whole
cross section without reduction on condition that the angle of rod is o0 £ 435°.

| sine | » N

Mext =N

Fig. 11. Diagram about the design of connection of in V- shape glued-in rods.

ANCHORAGE CAPACITY

Mean anchorage strength f, of the rods depends on the effective anchorage length Lop. It
can be given the formula:

f.0 = 7(1 - 0,011,/d) [MPal. (8)

Design anchorage capacity R, 4 of the rod is calculated on the outer surface of glued
joint, when the diameter of the drilled hole is D £ 1,25d:

R, 4= mDleff, 4. ©

CAPACITY OF STEEL MEMBERS

In calculating the capacity of rods and other steel members the regulations of steel
constructions are to be followed.

CONCLUSIONS

In this study a general method is presented how to design the capacity of moment
resisting multirod joints of glued laminated timber structures. It is based on the design of
separate joints of in V- shape glued-in rods. Design rules for anchorage capacity of the
rods and capacity of timber in the joint area are given. Design rules are proved by the
experimental research.

-10 -



Because of glueing V- shaped joint is rigid. It has also deformation capacity like
mechanical joints, which is lowering otherwise possible stress concentrations.

When calculating the bending capacity of V- joints timber member can have the whole
cross section without reduction on condition that the angle of rod is o £ 45°. Moment
resisting connections of glued laminated timber can then be made without reducing its
bending capacity.

Connections based on this method are relatively easy to fabricate. Because of glueing
there must be strict regulations for quality control.
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CIB W18 26. Meeting, Athens Ga., August 1993

Tests on Timber Concrete Composite Structural Elements (TCCs)

A Summary

An extensive research and development work had been undertaken to achieve a ready-to-apply Timber
Concrete Composite Structural Elements (TCCs)- system mainly to be used as medium span floors {for
residential construction and office buildings). The various project works were basically performed by
three partners forming an efficient team: SFS Stadler AG, Heerbrugg, developed a special high strength
steel connector, the engineering office H. Wieland AG, Maienfeld, st up a computer program for an easy
static analysis and proportioning of TCCs and added a lot of experience of building practical value to the
project. Finally the Swiss Federal Laboratories for Materials Testing and Rescarch (EMPA), especially the
Wood Department, performed a vast testing program to optimized the mechanical behavior and the effi-
ciency of such TCCs and to increase the knowledge of this type of construction to form a solid base for a
design by the structural engineer.

The build up of the TCCs is extremely simple: a set of timber beams of adequate cross section is positio-
ned on the top of the erected walls. The beams are covered up with boards of about 20mm thickness
which act as the formwork for the concrete and may - if of appropriate quality - serve at the same time as
a decorative lining of the ceiling. The boards are covered with two sheets of building plastic to make sure
that no laitance leaches through the boards, soiling them. Afterwards, the connectors are placed by screw-
ing them into the beams through the plastic sheets and the boards (some staples may be used to preas-
semble beams, boards and plastic together). Finally about 80mm of concrete (maximum size of aggregates
16mmy} is cast on the top in two layers with some light nominal reinforcement in between.

It is obvious, that for the achievement of efficient composite action the connection, resp. the connectors,
play a decisive role which is reflected by the focal points of the performed investigations.

Just as important as the efficiency of the connection, however, is its economy, which has a decisive influ-
ence on the acceptability of the building market. It seems, that the developed system has considerable ad-
vantages especially in this regard, due to the stender design of the connectors, which allows them to be
placed within seconds with an ordinary drilling machine (without any predrilling) and reduces the instal-
lation costs - a major handicap of other systems - to a minimum.

Due to the slenderness of the connector, however, no sufficient stiffness of the connection could be rea-
ched with the initial vertical arrangement of the connectors even using a high number. This led to a new
arrangement of the connectors under an angle of 45° and later - inspired by a trussconfiguration - to an ar-
rangement using two angles of the connectors, 45° and 45°/90°, the latter of which was selected from a
practical building viewpoint. The stiffness of the new arrangement is basically due to the fact, that the
connectors are no longer loaded in bending but in tension and compression, i. e. axially. This signified,
however, that the withdrawal strength and stiffness gained a considerable importance.



For this reason a number of a number of short-term and long-term withdrawal tests have been performed

- with concrete and with spruce timber (grain angle 90° and 45°). The short-term strength of the connectors
showed to be in the region of 1TkN. The 6-month long-term withdrawal lests were performed using load
levels of TkN, 2kN, 3kN and 4kN. The creep deformation of the latter did not stabilize within the tost pe-
riod which suggests a (serviceability) limit stage of about 3kN. The maximum creep factor {ereep defor-
mation/initial elastic deformation) observed after 6 months was 1.2.

Important results on the structural behavior of the connections have been obtained by various shear tesis .
The main test parameter was the arrangement of the connectors {sce paragraph above). By optimizing the
arrangement of the connectors, the short-term stiffness of the connection (per connector) could be in-
creased from about 10kN/mm up to 150kN/mm.

The knowledge acquired with the shear test was finally implemented in two series of bending tests. The
TCC bending test specimens had a length of 4m. Short-term tests have been performed to establish the
load/deformation behavior as well as the ultimate load. The creep deformations were observed in long-
term tests lasting over one year. The bending tests fully confirmed the results of the shear tests in respect
to the primary importance of the arrangement of the connectors. The TCCs with the (optimal) crossed ar-
rangement of the connector proved to be more than three times as stiff in the short-term tests as the ones
with perpendicular arrangement,

The long-term bending test were conducted under relatively unfavorable conditions: outside under roof,
i.e. the specimens were fully exposed to the natural temperature changes and drying and wetting cycles
which proved to be a very dominating influence. Depending on the initial moisture content - some speci-
mens had been instatled having a relatively high moisture content (about 25%), the creep factor after one
year varied between 2 and 4. In spite of these high factors the ratio between deflection and span was very
acceptable for the optimized test alternatives.

By maintaining good workmanghip in the shop and on the building site as well as considering the rules of
good building practice (use of dry, quality timber, avoiding gaps between timber beams and formwork,
shoring the timber during and after casting of the concrete ete.), strong, stiff and economica! structures
may be obtained as had been demonstraled by a great number of cxisting buildings.

A. U. Meierhofer, EMPA Wood Department. 93 8 24
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Long term deformations in wood based panels under
natural climate conditions. A comparative study.

Thelandersson S., Nordh J., Nordh T., Sandahi S,

Department of Structural Engineering, Lund University

Introeduction

Most long term studies of the behaviour of wood based panel products has been performed
under controlled moisture conditions, mainly with constant relative hunmidity. In practice, the
relative humidity is always more or less variabie. For this reason, the relative ranking in design
codes of the materials with respect (o creep factors and moisture sensitivity might not reflect
the performance in practice in an adequate way. The objective of the investigation reported
here was (o study the relative performance of some wood based materials under rather humid
and variable conditions, To this end, comparative long term tests were performed for a number
of panel products exposed to the same natural conditions. The design codes coensidered in the
analysis of results given in this paper are Eurocode 5 [1] and the Swedish building code
"Nybyggnadsregler” (NR) [2].

Test methods and materials

Creep tests are performed in bending for six different board materials. Reference tests of small
beams made of wood were also included in the investigation. The dimensions of the specimens
and the test set up are shown in Fig, 1. The tested beams consist of two parallell strips with a
depth of 45 mm separated from each other with rectangular distance elements of wood glued
to the strips at the supports and at the loading points. The strips are placed vertically so that
bending occurs with respect to an axis perpendicular to the plane of the panels. This loading
mode is considered as representative for the case when the panel is used as compoenent material
{e.g. web) in hght weight composite structural elements. The choice of ¢ross section was
mainly motivated by the requirement that moeisture exchange shall take place through both
faces of the panel strips. Moisture exchange at the edges of the strips was prevented by
moisture tight tape attached along all edges.
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Fig. L. Test arrangement and beam cross section.



Materials

The following seven materials were used in the tests:

1) Wood. Nearly defect free strips of wood with thickness 12 mm and depth 45 mm were
sawn from structural timber with strength class K30. These specimens were included as
reference material in the tesis.

2) Plywood P30, Thickness = 10 mm, with 5 plies of equal thickness. Classified for structural
use in service classes 1-3 according to the Swedish building code and EN 112.406 [31.

3) Fibre board (K40) with thickness 7.5 mm. Nominal density = 870 kg/m?. It has been
manufactured in a wet process method with defibration in accordance with the original
Mason process. The panel is of quality K 40 according to the Swedish Building Code,
where it 1§ classified for use in service class | and 2. The EN-classification for this panel is
unclear at the moment, but the nearest existing classification is prEN 622-3 (HB).

4) Particle board Y313 with thickness 10 mm. Nominal density = 700-720 kg/m?3. Tt is
classified for structural use in service class 1 and 2 according to the Swedish Building
Code. In EN 124.406 its preliminary classification is EN 312-5, “Load bearing boards for
use in humid conditions."

5) Particie board V20 with thickness 10 mm. Nominal density = 650-700 kg/m3. Not
classified for structural use.

6) Medium density fibre board (MDF}. Thickness = 8 mm. Nominal density = 750 ke/m3. Not
classified for structural use in Sweden or i relation to Eurocode S.

7) Oriented strand board (QSB). Thickness = 11 mm. Nominal density = 650 kg/m3. Intended
for structural use,

Nominal densities given above are taken from product information provided by the manufac-
turers. No precise definition was given of the density measure used . The actual density of the
tested panels will be determined after the tests have been terminated.

Short term hending strength

‘The short term bending strength was determined for all materials with the same test set up as
that used in the long term tests, see Fig. 1. Six specimens were used for each material. The
moisture content in the panels was measured in connection with the testing.

Creep.lests

Long term tests with constant loading were performed with the test set up shown in Fig. 1.
Three specimens were used for each material. The specimens were placed in a large steel
container (length 6 m, width 2.5 m, height 2.5 m). The container is ventilated and was placed
cutdoors in the vicinity of the Civil Engineering laboratory at Lund University. The climate
conditions inside the the container may be regarded as representative of the conditions in a
non-heated space under a ventilated roof. Temperature and relative humidity is recorded



continuously during the test period, which is intended to last for two years. This report gives
the results obtained for the first year of the test period.

The constant load applied during the creep tests was chosen to a predetermined fraction of the
average ultimate load in bending determined from the short term tests. The load level was
chosen as to be representative of the design load level in the serviceability Hmit state, Thus, the
load was taken 10 16 % of the ultimate short term load for wood and 13% for plywood. All the
other panel materials were loaded to 11% of the ultimate short term load. The difference
reflects the fact that the strength reduction for long term loading is smaller for wood and
plywood than for the other materials. Thus the working load will usually be higher for these
materials in relation to the short term stwength,

The deflection of the beams was measured at the mid section. This was made with dial gauges
placed on an aluminium frame, rigidly attached to a steel frame supporting the test beams, see
Fig. 2. Each measurement was repeated three times o eliminate errors associated with
inappropriate fitting at the support of the dial gauge. A reference frame of aluminium was used
to compensate for thermal movements in the measuring rig and in the dial gauge. Readings
were taken on the reference frame immediately before and immediately after each set of
measurements on the test specimens. All results presented here have been adjusted based on
the reference readings. Despite this there can stll be an error due to the rather drastic variation
in temperature during the test period from +40 C to - 10 C. This error was estimated to + 0.03
mm, with the deflections being overestimated during cold periods and underestimated during
warm periods.
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Fig. 2. Arrangement for deflection measurements.



Test results

Short term streneth

The results from the short term tests are given in Table 1 for the different materials.
Characteristic values in tension according to NR [2] and EN 124.406 are also given for some
of the materials in the table. Note that the values from EN 124.406 are based on medium sized
specimens, which means that they are not directly comparable in this case.

Material Thickness MC Bending strength [ (MPa) fy (MPa)

mm %o Test C.OV. NR EN
Mpa % (2] 124 406%*

Wood 12 9.7 66.6 19 -- --

PLY P30 10 9.3 38.8% 20 15% 14.5%

FB K40 7.5 6.8 42.5 6 22 18

PB V313 10 7.4 13.8 10 10 9.4

PB V20 10 6.6 6.7 10 - -~

MDF 8 7.3 28.0 8 - -

OSB 11 5.9 23.8 16 - -

* Based on total thickness
** Preliminary classification
[y = Characteristic tensile streagth

Table 1. Average bending strength from 6 lest specimens from each material.

There is a rather large varation in bending strength between the materials. The measured
average strengths for plywood and fibre board are well above the characteristic values given in
the Swedish Building code NR. For particle board type V313, the measured average strength is
at a levet which can be expected for this type of panel. The measured value for wood is of a
magnitude that can be expected for clear wood without defects.

Results from fone term (ests

The test results reported here refer 10 a period of one year. The climatic conditions in the test
container during this period are shown in Fig. 3. The figure shows weekly averages of daily
maxima and minima in temperature as well as relative humidity. There is a considerabie
variation during each day. A typical daily variation during summer is shown in Fig. 4a. During
winter the most common situation was fairly constant temperature around 0 °C and a high
refative humidity with small variation during the day, see Fig. 4b. For sunny periods in the
winter time, however, there is a significant rise in temperature around noon and a
corresponding drop in relative humidity, see Fig. 4c.

The constant bending stresses applied during the long term tests are given in Table 2, together
with the measured initial deflections (average from three specimens). The initial deflections are
compared with caiculated deflections for the test beams under the given loads. Shear
deformations were considered in the calculations, which were based on mean values of elastic
and shear moduli specified for the different materials as described in Table 2. The caiculated



shear deflection was between 1 and 6% of the total deflection, with the highest percentage for
plywood.
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Material Applied bending Initial deflection (mm)  Stiffness
stress (Mpa) Test Calculated (y,)  parameters

Wood 10.4 L25%% . --

PLY P3G Sk 0.88 0.93 NR [2]

FB K40 5.1 1.07 1.27 NR [2]

PB V313 1.5 0.70 0.74 NR [2]

PB V20 0.8 1.03 0.62% Value given by
the supplier

MDF 3.1 1.11 0.89* Value given by
the supplier

0SB 2.3 0.64 -~ Not available

* Estimated from flatwise bending stiffness values. (PB V20: Erension = Ebending 1.7, MDFE:
Erension = Ebending)

** Initial deflection for the applied load determined from the short term tests. Initizl deflection not available from long-
term tests due to experimental difficulties.

*** Based on total thickness
Table 2. Applied stress and initial detlection in long term bending tests

The calculated deflections are slightly higher than the measured ones for plywood, fibre board
and particleboard V313, which all are classified in relation to the Swedish building code NR.
For the non-classified materials PB V20 and MDF the measured initial defiections are larger
than those calculated on the basis of material data supplied by the producer.

The creep deformations of all three specimens for each of the materials are shown in Fig, 5.
The results are normalised with respect to the calculated initial deflection y, given in Table 2,
except for wood and OSB where the measured average is used as reference. The reason for
this is that the definition of initial deflection in the tests is somewhat arbitrary. The initial
deflection calculated from established mean values gives a more general reference value for the
relative detlection, and it is more logical to compare the relative deflection defined in this way
with that predicted by creep coefficients given in design codes.

It is interesting to note that the deflection in wood increases during drying periods, but
decreases during periods with increasing moisture. This is in accordance with the experience
from laboratory tests [4]. For fibreboard, particlebcard and MDF the rate of creep increases
significantly during humid periods and slows down during dry periods. Plywood, which is the
material with the lowest relative creep shows a behaviour resembling that of wood, but without
the strong springback during winter. The behaviour of OSB could be characterised as a
compromise between plywood and particleboard.



The maximum relative deflections recorded during the first year are compiled in Table 3.

Material Calcuiated Measured NR[Z] NR {2] Eurocede 5 Eurocode 5
lnltlal def— relatlve YT‘HBX/yO Ymax/yn YleX/YO Ymax/yo
lection, y,  deflection
mm Yoad¥o S0 2 SC3 sC2 SC3

WOOD 1.25%* 2.73 2.5 333 1.8 3.0

PLY P30 0.93 2.12 2.0 3.33 2.0 3.5

FB K40 1.27 4,84 5.0 * * *

PB V313 0.74 3.95 5.0 * 4.0 *

PB V20 0.62 16,4 * * * *

MDF 0.89 13.2 * * * *

* Not classified for structural use in this service class

*#* Mean value of measured initial deflections, see Table 2.
*#** Intended for structural use but ¢lassification not available
SC = service class

Table 3. Relative deflections in one year creep tests under natural climate conditions.

It is evident from Table 3 that the creep occuring in the tests already after one year is of the
same order of magnitude as that predicted by the creep factors in codes for the structurally
classified materials. In somie cases, itis also somewhat higher and a natural conclusion couid be
that the creep factors in both the Swedish code and Eurocode 5, which should represent the
behaviour during 40-50 years, are too low. Clearly, the exposure in this investigation is a little
more severe than service class 2 according o its definition. On the other hand applications of
service class 2 in practice include e.g. nen-heated spaces under roof, where the climatic
conditions may be the same as in the ventilated container used in the present (ests.

The creep factors for wood in the codes are valid for timber in structural sizes, which could be
expected to be lower than for the smail wood specimens tested here. Full scale timber is more
insensitive (0 moisture fluctuations than clear wood in small sizes. According to the test
results, long term deformation of plywood seems to be rather insensitive to effects of moisture
variations compared to clear wood.

It can also be noted that particle board type V20 and MDF, which are not classified for
structural use, are very sensitive to climatic exposure, Particle board V 313, which is classified
for use in service class 2, exhibits creep after one year which is almost equal to that given by
the creep factor specified in Eurocode 5 for service class 2. Fibre board K40 which is classified
for use in service class 2 according to the Swedish Building code NR but not yet according to
EN standard shows a behaviour which could justifiy a classification in service class 2. For
(OS8B, the creep factor obtained in the test is of the same order of magnitude as those for
fibreboard and the weather resistant particleboard V313, In the case of OSB the creep factor is
related to the average of the measured values of initial deflection, since no reliable stiffness
values are available for that particular board.



Summary and conclusions
The following main conclusions can be drawn from the investigation so far:

1} The relative ranking between the tested materials used in Eurocode S and in the Swedish
building code is reasonably correct with regard to creep factors,

2) The creep factoss specified in the codes seem 0 be somewhat underestimated for all
structurally classified materials considered in the investigation.

3) The rate of creep deflection for materials with a high degree of processing such as
hardboard, MDF and particleboard is markedly higher during wet periods than under dry
periods.

5) For wood the rate of creep is largest during dry (or drying) periods. During wetting periods
the wood beams exhibit a spring back 1. e. the beams rise against the load.

4} Plywood and OSB exhibit similar behaviour as wood, but the rate of creep is less
dependent on humidity changes.

The tests will continue for at least another one year period. This may give further experience,
which could modify the above preliminary conclusions.
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Norwegian Bending Tests with Glued Laminated Beams

- Comparative Calculations with the "Karlsruhe calculation
model"

E Aasheim, F Colling, J Ehlbeck, R H Falk, R Gérlacher, K Solli

1 Introduction

In 1990 and 1991 extensive and systematic studies on the strength of glued laminated
beams (glulam beams) have been carried out at the "Norwegian Institute of Wood
Technology" in Oslo/Norway (Falk, Solli, Aasheim 1992). It was aimed to obtain given
strength values by variation of the properties of the laminations (density and modulus of
elasticity).

The investigations described in this paper were performed to estimate and to predict the
bending strengths of these glulam test beams with the "Karlsruhe calculation model”
(Colling, Ehlbeck, Gorlacher). The calculations were based on the informations made
available and described in section 2. The test results (bending strength and modulus of
elasticity) obtained in Oslo were unknown before finalizing the calculations and
publishing the results.

Altogether, three different combinations of different built-up have been studied. In all
cases the beam depth was 300 mm with nine laminations of 33,3 mm nominal thickness.
The three beam combinations are shown in Fig, 1, The test set-up is illustrated in Fig, 2.
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2 Input data for the calculation model

2.1 Knots

No information has been submitted about the knots and their distribution along the
board length. Therefore it was assumed that the KAR-values (KAR = Knot Area Ratio)
within the board sections (cells) correspond approximately to a minimum quality given
by the S 10-grade of the German standard DIN 4074. Thus, it was fixed a value of max
KAR = 0,55.

2.2 Density

The "Karlsruhe calculation model” is based on regression equations including the oven-
dry density of board sections (called "cells") of 15 cm length, but not on the overall mean
density of the board at a moisture content of 12 %.

In the simulation calculations performed a constant density along the whole length of
each board was assumed, i.e. for simplification it was assumed that all cells of one board
have the same density (equal to the overall mean density of the board).

For each board a value of DEN19 (density at 12 % m.c.) was randomly chosen from the
given density distribution function of the appertaining strength class (Table 1). From this
value the DENg-value (oven-dry density) - which was needed for the simulation
calculation - was calculated from the expression:

DEN,

DEN, =
1+n1c.~0,00085-DEN,, - m.c.

with m.c. = 0,12 (1)

2.3 Modulus of elasticity (MOE)

For determination of MOE of the laminations all laminations were machine-graded
{Computermatic MK-IV) in that way that under flatwise bending the MOE-values were
obtained in sections. MOE in this context is defined, however as the mean MOE of the
board, calculated from the single values of the board sections (Table 1).

In the Karlsruhe calculation model the MOE-values in tension of each cell are
calculated on the basis of regression equations; from these single values the mean MOE
of the board in tension are calculated. This simulated MOE-value of each board is
compared with a preconceived value; in case this value does not fit into a certain
tolerance limit (+ 5 %) the simulation calculation for this board shall be repeated. This
presumes that the procedures to simulate as well as to preconceive the MOE-value



correspond to each other. This is, however, not the case with the test material under

scrutiny.

Therfore, the machine stress graded bending- MOE had to be adopted to the tension-

MOZE-values on which the Karlsruhe model is based.

In Fig. 3 the MOE over mean density is shown. The data came from investigations in

Karlsruhe with more than 1000 boards taken from several German glulam production

plants. The MOE-values were obtained from a procedure based on measuring the

longitudinal vibration time of the boards. Multiplying the Norwegian data of MOE -

determined with a machine stress grader in Norway - with a factor of 1,27 results in a

regression line practically identical with the regression line obtained with the Karlsruhe

test procedure (see Fig. 3).

The difference between the MOE values of about 27 % can be explained by mainly two

Teasons:

« the machine graded MOE is significantly lower than the real (laboratory tests) MOE
(10 - 15 %)

« the dynamic MOE determined by longitudinal vibrations (Karlsruhe model) is about
5 % (tension) to 10 % (bending) higher than the MOE determined by static tests
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For this reason, in the simulation calculations for the boards one value was chosen from
the distribution function of the MOE of the appertaining strength class and multiplied
by a factor of 1,27 before using it as a comparative value in the subsequent strength and
stiffness calculations.

Table 1: Parameter estimates for established C30-12E and C37-14E lamination Grades

Weibull Parameters Lognormal Parameters
Shape Scale Loc. Mean S.D. Loc.

Density 5,586 0,1358 208,9
C30-12E | MOE,,. | 7,141 8639,3 2316,5
fi 3,48 17,67 19,91

Density 5,739 0,1308 208,86

C37-14E | MOE 5. 8,871 0,2282 6077,9
fi £ 4,631 24,37 15,37
Length 5,56 271,38 180,0

2.4 Board length

The simulation of the board lengths happened by chance using the frequency
distribution given in Table 1.

2.5 Finger-joint strength

For the simulation calculations the finger-joint tensile strength was simulated in two

different manners:

+ on the one hand to each finger-joint a tensile strength value was assigned by using
the distribution given in Table 1,

+ on the other hand the finger-joint tensile strength values were calculated by means of
existing regression equations.

The reason for this was as follows:

The Norwegian tests to obtain the finger-joint tensile strength values were carried out by
using a test set-up with the clamping device being hinge-mounted fastened to the cross-
head of the testing machine. Thus, any lateral deformations due to structural
imperfections of the boards were inevitably possible. These lateral deformations cause
additional moments in the test piece and lead to a reduction of the tensile strength by
way of simplified calculation.



The regression equations used in the "Karlsruhe calculation model" were found out,
however, by using a test set-up which prevents any lateral deformation by means of a
rigid clamping device. This test method simulates the situation in a glulam beam in
which the single laminations are prevented to deform laterally by the adjacent
lamellations rigidly glued.

Based on tests performed in Karlsruhe and Munich the finger-joint tensile strength can
be calculated by using the following relationship:

In(f,g) = 2,72 + 6,14 - 10-5 - MOE, 4 r=058  (2)

The variation of the residuum is taken into account for the simulation calculations by
assuming a Gaussian distribution with a mean of zero and a standard deviation of 0,195,

This equation (2) was derived from 235 test results with finger-joint profiles of 20 mm
length. Recent investigations in Germany have proved a 5 to 10 % strength increase for
profiles of 15 mm length. Therefore, the strength values obtained from equ. (2) were
multiplied by a factor of 1,07 assuming a 7 % strength increase.

A regression equation for determining the tensile MOE of finger-joints was derived as
follows:
In(MOEg) = 8,407 + 2,63 - 10-- DENy iy r = 0,064 (3)

with DEN( mip in kg/m? as the smaller of the two oven-dry densities of the two pieces
(boards) jointed by the finger-joint,

The variation of the residuum is taken into account by assuming a Gaussion distribution
with a mean of zero and a standard deviation of 0,135.

In order to estimate the effect of these different ways of allocating the finger-joint
tensile strength values on the simulation results, the calculations were carried out by
using equs. (2) and (3) as well as by randomly assigning the finger-joint tensile strength
values from the distributions given in Table 1, respectively.



3 Simulation calculations

The following parameters were varied:
o Beam layup
As shown in Fig. 1 three different combinations were studied
o Density, modulus of elasticity
For each lamination class the appertaining boards were simulated by assuming the
density and the modified MOE distribution according Table 1 and section 2.3
o Finger-joint strength
The tensile strength of the finger-joints was taken into account once on the basis of
the distribution (DIS) of test resuits (table 1) and on the other hand by using the
regression analysis (REG), see section 2.5.
In the Norwegian test programme in total 100 bending tests were carried out with each
beam combination. Therefore, for each beam combination and variant a sample of 100
beams was simulated and the bending strength of each beam was predicted by the
"Karlsruhe calculation model". In order to check in which range the test results may vary,
for each of the 6 variants three series of 100 beams were simulated.

3,1 Simulation results

Strength values
An outline of the results is given in Tables 2 to 4 with the S-percentiles calculated
assuming a Gaussian distribution, This was justified in all cases (Kolmogorov-test).

Comparison of the series DIS against REG

A comparison of the series belonging together, e.g. series DIS and REG, leads to the

following tendencies:

» beams belonging to DIS-series demonstrate lower mean values as well as 5-
percentiles of the bending strength,

« beams belonging to DIS-series give more finger-joint failures as those belonging to
REG-series.

These findings can be explained with the differently assumed distributions of the finger-

joint tensile strengths as described in section 2.5.



Table 2: Simulation results (LH 40)

simulations all beams beams with beams with
series finger-joint failure wood failure
m v X5 N m v N m v
Nmm? | % | Nmm? NimmZ | % Nmm? | %
478 17,9 (33,7 |68  |457 |183 |32 1522 |14,1
DIS 48,5 (16,8 (351 (50 |457 |18,5 |50 51,4 13,3
46,7 119,3 [31,9 |57 1435 |17,7 |43 50,9 17,7
51,6 (164 (37,7 |39 49,0 19,8 |61 53,2 |13,6
REG 524 116,2 (384 |35 504 18,7 |65 53,5 14,6
51,8 |17,4 (37,0 |34 474 17,6 |66 54,0 |15,7
Table 3: Simulation results (LH 35)
simulations all beams beams with beams with
series finger-joint failure wood failure
m v X5 N m v N m v
Nimm? | % | Nmm? Nmm? | % N/imm? | %
40,4 |151 (304 |54 394 1158 {46 41,6 |14,0
DIS 40,4 117,0 (29,1 |58 394 1192 142 41,7 134
41,5 1154 (31,0 |45 39,8 18,0 {55 43,0 |12,5
41,6 158 (30,8 |36 383 |[16,6 |64 434 |[13,8
REG 43,0 1158 31,8 |33 40,9 [16,3 |67 44,0 |15,2
433 14,6 132,9 |33 414 |157 |67 44,2 |13,7
Table 4: Simulation results (LC 38)
simulations all beams beams with beams with
series finger-joint failure wood failure
m \ X5 N m v N m v
Nimm? | % | Nimm?2 Nmmé | % Nmm? | %
44,8 184 (31,2 |60 41,6 1179 |40 49,7 13,9
DIS 45,7 18,7 [31,6 |61 42,6 118,0 |39 50,5 115,1
474 (20,0 31,8 |65 448 (20,8 (35 52,2 1152
49,6 16,8 (359 |41 46,9 |18,7 |59 51,4 | 147
REG 50,5 16,7 |36,6 |36 1493 [18,8 |64 51,1 155
499 1163 (36,5 |34 47,1 1189 |66 51,3 |144




3.2 Comparison with the Norwegian bending tests

The strength values given in Table 5 can be expected for the three beam combinations
tested. These values are based on the simulation calculations of the series called REG,
because in this case the narrow correlation between strength and MOE is taken into
account for the boards (laminations) as well as for the finger-joints. Moreover, any
imponderabilities in connection with the determination of the finger-joint tensile
strength by means of the test device used are exciuded.

The strength values of the Norwegian bending test are also given in Table 5. In all cases
there is a very good agreement between the calculated and the tested values especially
between the values of the S-percentiles.

Table 5: Predicted and tested beam bending strengths

beam mean value S-percentile
combination (non-parametric)
N/mm? N/mm?

LH 40 "Karlsruhe calculation model" 51,9 38,7
Norwegian bending tests 52,5 394
quotient 0,99 0,98
LH 35 "Karlsruhe calculation model" 42,6 32,7
Norwegian bending tests 44.3 32,8
quotient 0,96 1,00
L.C 38 "Karlsruhe calculation model” 49,6 37,5
Norwegian bending tests 47,7 37,9
quotient 1,04 0,99
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6  Summary

In 1990 and 1991 extensive and systematic studies on the strength of glued laminated
beams have been carried out at the " Norwegian Institute of Wood Technology" in Oslo.
For this purpose the mechanical properties of the laminations were determined and
classified according to CEN draft standards of that time (C30-12E and C37-14E). Glued
laminated test beams following different strength classes (LI 35, LE40 and LC38) were
constructed and tested in strength and stiffness.

At the same time strength and stiffness values of these beams were calculated
independently by means of the Karlsruhe calculation model, Informations about the
properties of the laminations i.e. the statistical distribution of density and modulus of
elasticity of the boards used for the three different combinations, about the finger-joints,
and about the built-up of the beams were known from the Norwegian pre-tests. The
results of the beam tests were kept secret until the predictive calculations were
available.

The strength of all beam combinations (mean value and 5-percentile) were proved to be
in very good agreement with the calculated values (within 4 % deviation). By this study it
became once more evident that the Karlsruhe calculation model is suitable to predict
the strength of glued laminated beams. It is on that account an appropriate aid for the
evaluation of standards on strength classes for glulam based on the relevant properties
assigned to the laminations and the finger-joints,
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ABSTRACT

A computer analysis model, referred to as PROLAM, was used to
simulate the performance of glued-laminated (glulam) timber
beams manufactured from Norwegian spruce lumber. Mechanical
properties of tested lumber and finger joints were analyzed to
determine the input properties required by the model, and Monte
Carlo simulation procedures were used to compile and characterize
bending strength and stiffness distributions of the glulam beams.
Simulated glulam beam resuits compared reasonably well with
actual results. Sensitivity analyses were also conducted to
observe both the effects of redistribution of stresses within a
glulam beam, and the influence of finger-joint tensile strength on
glulam beam bending strength.

INTRODUCTION

Recently, a large-scale research program was conducted at the Norwegian Institute
of Wood Technology to study the performance of glued-laminated (glulam) timber
manufactured from Norwegian spruce lumber (Falk et al. 1992). The laminating
grades of Norwegian spruce involved in this research program were the C37-14E and
C30-12E grades specified in the EN TC 124.203 Standard {Comite European de
Normalisation 1990a). The glulam layups studied were the homogeneous LH35 and

"The Forest Products Laboratory is maintained in cooperation with the University
of Wisconsin. This article was written and prepared by U.S. Government employees
on official time, and it is therefore in the public domain and not subject to copyright.
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LH40 as specified in the EN TC 124.207 Standard (Comite European de Normalisation
1990b) and a modified version of the LC38 combined layup. Extensive information
was gathered on the laminating lumber and finger joints, which made it possible to
analyze the glulam beams using procedures from both the European and American
standards (Falk and Hernandez, In press). Information on strength, stiffness, density,
and knot size for the iumber specimens was then used as input for advanced glulam
simulation models such as those by Ehlbeck and Colling {1986}, and by Hernandez
et al. (1992). This paper deals with the simulation analysis of glulam beams
manufactured from Norwegian spruce lumber using the Hernandez et al. model,
referred to as PROLAM.

Preliminary work was conducted to analyze the mechanical properties of the
Norwegian spruce laminating lumber. This work included analyzing lumber and end-
joint properties to characterize statistical distributions of strength and stiffness, as
well as to determine the correlations between strength and stiffness. The specific
information on the laminating lumber was used as input for the PROLAM model to
simulate the performance of the glulam beams.

OBJECTIVES

The overall objective of this study was to verify that the PROLAM model can predict
the performance of glulam beams of European manufacture. Specific objectives of
this paper were to

{1)  compare actual and simulated performance of glulam beams made from
Norwegian spruce laminating stock, and

(2)  conduct sensitivity analyses to observe the effects of varying
manufacturing parameters.

BACKGROUND

The PROLAM mode! uses distributions of mechanical properties of laminating stock
and finger joints to determine the mechanical properties of full-size glulam beams. In
addition, the model considers within-piece correlation between the tensile strength of
the lamination (f,,...) and the flatwise modulus of elasticity (MOE,,}. The sequence
of events in the simulation of a single beam using PROLAM involves simulating the
beam layup, assigning lamination and finger-joint properties, determining beam
strength using a simple transformed section method, and determining beam stiffness
using a complementary virtual work procedure. A detailed description of this
simulation process is described in Hernandez et al. {1991). Prior to this study,
modifications were made to the PROLAM model. One modification was simulating
finger-joint tensile strength f,, from statistical distributions fitted to actual test data,
rather than from a regression relationship between finger-joint stiffness and f,;. A



second modification was the implementation of a method to consider the interaction
of tensile and bending stresses in the laminations of shaliow glulam beams.

PROCEDURES

In this study, a detailed analysis was conducted on the laminating lumber properties
described by Falk et al. {1992}. The foliowing sections describe the characterization
of input required by the PROLAM model.

Characterizing lumber and finger-joint properties

In PROLAM, lumber length is simulated by entering a range and mode of length and
a triangular distribution function to generate the values. In Falk et al. (1992}, a
relative frequency histogram of laminating lumber length used in the manufacture of
the Norwegian spruce glulam beams was reported. The required distribution
parameters for PROLAM were approximated from this histogram. The range of lumber
length was approximately 2.2 t0 5.6 m (7.2 to 18.4 ft) and the mode value of lumber
length was approximately 4.5 m (14.8 ft). These parameters were used in PROLAM
to generate lumber length for both the C37-14E and C30-12E grades.

MOE,,, properties were characterized using results of static tests conducted to verify
machine stress grader output MOE, ,.. These static tests were conducted across a
91.4-cm {36-in.} span on the full-length lumber specimens using a simply supported,
center-point loading configuration {same configuration as the machine stress grader).
Also, the location of the static test along the board length was selected such that a
maximum visual defect existed between the supports. Appendix A1 lists the
statistical summaries of MOE,,, for both the C37-14E and C30-12E grades.

In addition to MOE,,, properties, PROLAM also requires a ratio between the MOE and
modulus of rigidity to analyze beam stiffness. The ratios used for the C37-14E and
C30-12E grades were determined from the EN TC 124.203 Standard, which specifies
design levels for both "MOE Mean Parallel” and "Shear Modulus Mean". The
determined MOE to shear modulus ratios for C37-14E and C30-12E are 17.5 and
16.0, respectively. No adjustments were made to the calculated MOE,,, properties
to adjust to a shear-free value because the estimated adjustment would have been
less than 3 percent.

As explained in Falk et al. {1982}, groups of C37-14E and C30-12E lumber were
sorted for subsequent ultimate tensile strength {f, ) testing. This testing was
conducted specifically for the requirements of the PROLAM model, that is, with a 61-
cm (24-in.) span between the grips. Two tension specimens were cut from each
board. The tensile strength values were from a matched group of lumber not reported
in Falk et al. {1992). The reported tension tests were tested across a 1-m (39-in.)
span and had a maximum visual defect located between the tension grips. The
lumber tested for PROLAM input was not biased with respect to selection based on
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visual defects. Appendix A2 shows the statistical summaries of the 61-cm (24-in.)
f..m Properties compared with the 1-m (39-in.} span f,,, properties reported in
Falk et al. The f,,,, values tested at 61 cm (24 in.) were 8 and 11 percent higher at
the 50th percentile level than were the f, results tested at a 1-m (39-in.) span for the
C37-14E and C30-12E grades, respectively; at the bth percentile level, this difference
was 19 and 26 percent higher, respectively. The bth percentile difference can
probably be attributed to a combination of length effect in tension testing and also to
the fact that the 1-m (39-in.) tests were conducted with a maximum visual defect
within the test span.

In addition to solid lumber, Falk et al. (1992) also tested finger joints from the C37-
14E and C30-12E grades that were manufactured during the same production run as
the manufacture of the full-size glulam beams. The uiltimate finger-joint tensile
strength f, ; was determined across a 30-cm (12-in.) span. This test span was chosen
so that the majority of the failures occurred at the finger-joint location. Appendix A3
summarizes the f, ; properties for both the C37-14E and C30-12E laminating grades.

Determining correlation between lumber properties

To simulate localized faminating properties with PROLAM, a model developed by
Taylor and Bender (1991) was used that considers the lengthwise correlation of the
segmented values of MOE,,, and of f, ., along a piece of laminating lumber, as well
as the correlation between these two properties. This lengthwise correlation of one
property is referred to as serial correlation, and the correlation between properties is
referred to as cross correlation. Also, the correlation between segments is referred
to as lag correlation. For example, correlations between the four segments marked
on the tested lumber specimens were related such that segment 1 and segment 2 had
a lag-1 correlation, segment 1 and segment 3 had a lag-2 correlation, and segment
1 and segment 4 had a lag-3 correlation. To establish these correlations from actual
lumber properties, MOE,,, and f, ., data on adjacent 61-cm (24-in.) lumber segments
are needed.

For this study, however, MOE,,, properties were not obtained on adjacent segments.
Therefore, the serial correlation of MOE,,, was estimated from the MOE, . properties.
Estimates of the lag-1, lag-2, and lag-3 serial correlations of MOE,_ . were determined
on 1,460 specimens of C37-14E lumber and 1,483 specimens of C30-12E lumber.

Serial correlation for f, .., was determined from the resuits of tested lumber. Because
segments 1 and 4 were tested in tension, lag-3 serial correlation of f .. was
determined from the test results. Lag-1 and lag-2 values were estimated. To
determine the serial correlation for f, .., 93 specimens were used for the C37-14E
grade and 100 specimens were used for the C30-12E grade.

Cross correlation between MOE, . and f,,,., was determined from the same test group
used for determining serial correlation of f, ... Appendix A4 shows the estimates of



the lag-0 through lag-3 serial and cross correlations of MOE,,, and f, ., for the C37-
14E and C30-12E laminating grades, as well as for both grades combined.

When all data were combined, the estimated serial and cross correlations for MOE,,,
and f, ., increased. A possible explanation for this increase is that when data were
combined, a larger range of properties were being analyzed and trends in the within-
piece correlations of MOE,,. and {,,.., were better detected.

Comparing actuai and simulated glutam beam properties

The three combinations of glulam that were studied in Falk et al. {1992) were the
homogeneous LH35 and LH40 layups and the combination LC38* layup (Fig. 1). The
LC38 layup was modified to LC38* because C30-12E iumber grade was used in the
core laminations instead of the specified C24-12E grade. The lumber properties
previously discussed for the C37-14E and C30-12E grades were used as input in the
PROLAM model, along with the dimensions, layup, and loading configuration of the
actual glulam beams.

The glulam beam results were analyzed by comparing cumulative distribution functions
(CDF) and/or statistical summaries of the actual and simulated bending strength and
stiffness. Bending strength refers to modulus of rupture (MOR) and bending stiffness
refers to MOE. Simulation resuits of 1,000 beams of each giulam beam combination
were compiled to construct the CDFs. In addition, 10 independent batches of 104,
96, and 112 beams (actual sample sizes of each tested beam group) were simulated
for the LH35, LC38*, and LH40 layups, respectively, to construct 90 percent
confidence intervals {at 75 percent tolerance) on each property. Figures 2 through 4
compare TEST and SIMULATED giulam MOR for the LH35, LC38*, and LH40 layups,
respectively. Table 1 lists the statistical summaries of the TEST and SIMULATED
results for both glulam MOR and MOE.

Figures 2 through 4 indicate that both the TEST and SIMULATED glulam beam
bending strengths have nearly equal MOR properties at the 5th percentile levels.
Table 1 shows that TEST results were not bounded well by the confidence intervals
constructed on the SIMULATED results for all properties and beam layups at the 50th
percentile level. At the 5th percentile levels, TEST results were bounded (or nearly
so) by the confidence intervais constructed on the SIMULATED results. The
differences between TEST and SIMULATED giulam MOR results were 10, 5, and 11
percent at the 50th percentile and 2, 6, and 3 percent at the 5th percentile for the
LH35, LC38*, and LH40 layups, respectively. It appears that glulam MOR at the
lower percentiles was predicted to within 6-percent of the TEST results. However,
results at the upper percentiles were within 11 percent. Also, differences between
TEST and SIMULATED giulam MOE at both the 50th and 5th percentiles were within
4 percent for the LC38* and LH40 layups, and within 10 percent for the LH35 layup.



It is speculated that part of the rather large difference in TEST and SIMULATED MOE
results of the LH35 layup compared with the other layups could be attributed to the
possibility that the input MOE,,, properties for the C30-12E grade were somewhat
low. For example, Appendix A1 shows an average MOE,, value of 13.9 GPa
{2.02x10° b/in?) for the C37-14E grade; correspondingly, Table 1 shows a 50th
percentile glulam MOE value of 14.1 GPa (2.05x10° Ib/in?} for the LH40 layup.
Because the C37-14E grade is less likely to have large stiffness-reducing knots, it is
logical that only a 1.4-percent difference was observed between the MOE,,, properties
of the C37-14E grade and the MOE properties of a homogeneous glulam beam made
from the same grade. On the other hand, the average MOE;,, value for the C30-12E
grade in Appendix A1 is 11.2 GPa {1.63x10° ib/in?) and Table 1 shows a 50th
percentile glulam MOE value of 12.1 GPa {1.76x10° Ib/in?) for the LH35 layup. The
difference between MOE,,, and glulam beam MOE for the C30-12E grade was 7.4
percent. Because the lower quality C30-12E grade likely possesses larger stiffness-
reducing knots, compounded with the fact that these maximum visual defects were
purposely placed in the test span, it is suspected that the MOE,,, estimates for this
grade are somewhat low.

tn addition to influencing the SIMULATED glulam beam MOE, the MOE;,, properties
of the lumber aiso influenced the SIMULATED bheam MOR through the distribution of
stresses in the transformed section analysis. For example, Table 1 shows that the
lower bth percentile of the TEST glulam MOR of the LC38* layup were not bounded
by the confidence interval of the SIMULATED results. However, because the LC38*
layup consists of C30-12E core laminations, it is possible that the lower MOE,,,
properties in these core laminations caused a greater amount of stress to be
distributed to the outer C37-14E laminations; this may have caused the simulated
beams to reach failure criteria prematurely. This redistribution of stresses is the topic
of the first sensitivity analysis in the next section.

Sensitivity analyses
Redistribution of stresses

The effect of redistribution of stresses from lower stiffness to higher stiffness
laminations was studied in this sensitivity analysis. Simulations dealt with a
homogeneous 9-lamination beam that had an MOE,,, distribution with an average of
13.8 GPa (2.00x10° Ib/in®) and a coefficient of variation (COV) of 10 percent.
Although this layup was not the same as that for the LH40 beams, the same size and
loading configurations as those for the 9-lamination beams studied earlier were used.
The input f, ., distribution was determined using the MOE/f, .., regression relationship
established by Falk et al. {1992). To observe the effect of redistributed stresses on
giulam beam bending strength, the MOE,,, of the single top and bottom laminations
were kept constant and mean values of MOE,,, of the inner seven laminations were
reduced by 5 percent for each subsequent simulation run {13.1 GPa, 12.4 GPa, etc.)
to a value of 10.3 GPa (1.49x10° Ib/in?). The COV of each MOE,,, distribution was
held constant at 10 percent, and the f, ., distribution was held constant at a ievel

t,lam
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corresponding to a 13.8-GPa MOE,,, distribution. Finger-joint tensile strength was
exciuded from this analysis. This scaling of the MOE,,, distribution while holding the
f.m CONstant allowed us to directly observe the effect of redistributing stresses from
lower to higher stiffness laminations on glulam beam strength. Scaling the MOE,,, and
holding the f, .. constant did not simulate the behavior of actual beams, because
lower stiffness lumber generally would have lower tensile strengths. For this reason,
a second simulation analysis was conducted where in addition to scaling the MOE,,
properties, the corresponding f, ... properties were determined from the same MOE-
f, .am re€gression relationship for each new level of MOE,,.. Thus, the first case scenario
showed the effect of redistribution of stresses, solely caused by changing lamination
stiffness. The second case scenario simulated the same phenomenon; however,
decreasing f, ., was considered.

Figure 5 illustrates the results of varying the MOE,, values of the core laminations.
In Figure 5, the difference between the MOE;,, values of the single outer lamination
(OUTER) and the MOE,,, of the remaining core laminations (CORE) was varied from
a 0-percent difference between OUTER and CORE to a 25-percent difference between
OUTER and CORE. Figure b illustrates that even with a QUTER/CORE difference in
MOE,,, as high as 25 percent, the 6th percentile of glulam MOR, referred to as
MOR s, dropped only 3.4 percent when compared to the homogeneous layup with the
f.am held constant. However, when the f, ., distribution was determined for each
corresponding level of MOE,,,, the MOR g results dropped by 15.3 percent when the
QUTER/CORE MOE,,, difference was 25 percent.

This result implies that for nonhomogeneous glulam fayups, if the decrease in strength
at the Bth-percentile level MOR ,; was arbitrarily limited to 10 percent, then the
QUTER/CORE MOE,,, difference should be no larger than 15 percent. This applies to
beams with 10 percent higher quality material on the top and bottom laminations.
These results also indicated that SIMULATED glulam MOE decreased by b percent
when the core lamination MOE,,, values were decreased by 10 percent. When the
MOE,, value of the core was decreased by 25 percent, the glulam beam MOE
decreased by 14 percent.

Finger-joint tensile strength

Another parameter studied was the influence of finger-joint tensile strength f , on
glulam beam performance. in PROLAM, an option is provided that allows the user to
bypass the influence of f, ; when determining the maximum moment carrying capacity
of the glulam beams. Table 2 shows simulated results without the influence of finger
joints (referred to as No FJ) for both the 50th and 5th percentiles of MOR, MOR g, and
MOR .6, respectively. Alsoin Table 2, ratios between simulated results without finger
joints and with finger joints were compared. At both percentile levels of MOR,
bending strength values were within 4 percent for all three beam layups when
compared with the SIMULATED results of Table 1. In Falk et al. {1922}, the ratio
between ACTUAL mean glulam beam bending strength for all beams and those beams
that failed only in the famination was 0.29, 0.98, and 1.02 for the LH35, LC38*, and
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LHA40 layups, respectively. Thus, both the No FJ and SIMULATED results indicate
that the tensile strength of the finger joints had little influence on the overall bending
strength performance of the shallow glulam beams evaluated in this study. This
observation, however, is not typical of all glulam beam tests.

CONCLUSION

In summary, the lumber and finger-joint data from Falk et al. {(1992) were analyzed to
develop input properties required by a glulam beam simulation model developed by
Hernandez et al. {(1991). When the input lamination property values were used to
simulate glulam beam performance, SIMULATED results compared well with the TEST
results.

Sensitivity analyses indicated that when the tensile strength of all the laminations
were held constant and only the CORE laminations were reduced in stiffness, the
decrease in bending strength was less than 4 percent. However, when the same
stiffness configurations were modeled while considering the reduction in lamination
tensile strength corresponding to the reduced stiffness of the core laminations, the
reduction in glulam bending strength was approximately 15 percent. This implies that
the difference between OUTER and CORE lamination stiffness be kept to a minimum
of 15 percent to minimize the reduction in glulam bending strength to within 10
percent,

The second sensitivity analysis involved studying the influence of finger-joint tensile
strength on the performance of the gluiam beams in this study. Comparing simulated
results without the influence of finger joints to simulated results with the influence of
finger joints were only within 4 percent at both the 50th and 5th percentiles of glulam
MOR. This suggested that for the glulam layups evaluated in this study, finger joints
played a marginal role in the overall bending strength performance of the beams. This
observation was supported by the actual resuits of the tested glulam combinations.
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Table 2: Simulated glulam beam properties without the influence of finger-joint tensile strength®
Glulam Sample MOR ¢,° MOR " Ratio No FJ/Simulated
iayup size (MPa} {MPa) MOR g, MOR o
No FJ©

LH35 1040 41.8 (40.8, 43.0) 33.3 {30.7, 35.8) 1.03 1.03
LC38* 960 47.5 (45.4, 49.7) 38.4 {35.9, 40.9) 1.04 1.04
LH40 1120 49.6 {48.3, 50.9) 39.8 (37.3, 42.3) 1.04 1.03

* Statistics based on nonparametric estimates,

® Values in parentheses are 90 percent confidence interval limits at 75 percent tolerance (lower, upper).

¢ Simulated glulam beam results when finger joint tensile strength not considered in determination of
ultimate moment carrying capacity of glutam beams.



Appendix A1: Statistical summary of lumber MCE,,,

Lumber Sample Average MOE,, cov
grade size {GPa {x10° tb/in®)) {%}

C37-14E 204 13.9 {2.018) 14.8
C30-12E 221 11.2 {1.628) 11.9

PROLAM input distribution parameters for MOE,_, (x10° Ib/in?

Lumber Distribution Location Scale® Shape®
grade type

C37-14E LogNormal 0.6722 0.2848 - 0.1472
C30-12E Weibull 0.4144 1.2935 7.4242

* For the lognormal distribution, Scale is mean of In(X) and Shape is standard deviation of In(X).

Appendix A2: Statistical summary of f,,,, and f?

L.umber Sample Average cov 5th percentile
grade size (MPa (x108% Ib/in3)) (%) {MPa (x10° b/fin?)}
ft,lam

C37-14E 186 44.0 {6.380) 17.9 31.2 (4.530)
C30-12E 200 37.3 {5.410) 17.9 26.2 (3.800)

fe

C37-14E& 199 40.9 (5.240) 22.0 26.2 {3.790)
C30-12E 218 33.7 {4.880) 21.8 20.8 {3.010)

* f, tested across a 1-m (38-in.} span from Falk et al. {1992}, unadjusted for width.

PROLAM input distribution parameters for f,

Lumber Distribution Location Scale Shape
grade type (x10° th/in?) (x10? Ib/in?)
C37-14E Weibuli 3.10568 3.6535b 3.1441

C30-12E Weibull 2.3033 3.4500 3.5602




Appendix A3: Statistical summary of f,,

753

Lumber Sample F\ fj.mean cov for o8

grade size {MPa (x10% Ib/in?)) (%} {MPa {x10° Ib/in?})
C37-14E 100 37.7 (5.470) 14.7 27.9 {4.050)
C30-12E 29 33.8 (4.910) 14.9 25.7 {3.720)
PROLAM input distribution parameters for f,

Lumber Distribution Location Scale Shape
grade type {x10°% Ib/in?) {x10° Ib/in%

C37-14E Weibuli 1.6081 4.1806 5.5364
C30-12E Weibull 2.8174 2.3338 3.1389
Appendix A4: Summary of estimated serial and cross correlations for MOE,,,, and f, o,

C37-14E

lag-C
lag-1
lag-2
fag-3

C30-12E

fag-0
tag-1
lag-2
lag-3

C37-C30
Combined

lag-0
lag-1
lag-2
iag-3

Serial
MOE,,..

1.0000
0.7096
0.5632
0.3572

Serial
MOE,, ..

1.0000
0.6679
0.4270
0.2980

Serial
MOE,,,.

1.0000
0.8720
0.7604
0.6631

Serial
ft,lam

1.0000
0.6888
0.4744
0.3268

Serial
fl,lam

1.0000
0.5653
0.3195
0.1806

Serial
ft,iurn

1.0000
0.6448
0.4158
0.2681

Cross

M O E-ft,%nm

0.3340
0.2370
0.1881
0.1193

Cross
MOE-f,,

0.3685
0.2481
0.1573
0.1098

Cross

-am

MOE-f, .

0.5372
0.4684
0.40856
0.3562
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9-laminations
90-mm (3.54-in.) width
300-mm {11.81-in.} depth
6-m {19.7-ft} length

LH35 LC38* LH40
- H2)4 C37 .
(9)] c30 (5)] c30 (9)] €37
- - H2)1 C37 -
Figure 1: Norwegian spruce glulam layups showing placement of laminating lumber grades.
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Figure 2: Empirical cumulative distribution functions of TEST and SIMULATED MOR for LH35

Norwegian spruce glutam beam layup.
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Figure 3: Empirical cumulative distribution functions of TEST and SIMULATED MOR for LC38*

Norwegian spruce glulam beam layup.
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Figure 4: Empirical cumulative distribution functions of TEST and SIMULATED MOR for LH40

Norwegian spruce glutam beam layup.
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Figure 5: Graph showing change in giulam MOR,; as OUTER to CORE lamination MOE,,,
changes.
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INVESTIGATION OF LAMINATING EFFECTS IN
GLUED-LAMINATED TIMBER

Francois Colling! and Robert H. Falk®
Abstract

In this study, existing lamination and beam test results were analytically reviewed in
an attempt to quantify the laminating effect for glued-laminated (glulam) timber. Laminating
effect is defined as the increase in strength of lumber laminations when bonded in a glulam
beam compared to their strength when tested by standard test procedures. In this study,
fundamental concepts are presented to describe the laminating effect, estimates are made of
the various physical factors that make up the effect, and a relationship is presented to
quantify the magnitude of the effect.

Introduction

An important characteristic of glued-laminated (glulam) beams is that the bonding of
laminations can result in beams with strengths higher than that of the individual lumber
pieces from which the beams are constructed. This increase in strength is called the
faminating effect and is of significant importance because quality control measures used to
determine necessary lamination quality are dependent on the magnitude of this strength
increase.

The objectives of this paper are to review the laminating effect and the physical
characteristics which can be used to define it as well as to quantify the effect through an
analysis of test data and analytical simulation.

Fundamental Concepts

The most fundamental definition of the laminating effect is a strength increase of a
lamination as a result of being bonded into a glulam beam. A measure of this effect, the
laminating factor X, is typically computed by determining the ratio of the bending strength of
a population of glulam beams to the tensile strength of a population of laminations:

>\ = fb,glulam/ft,lum (1)

I Dr.-Ing., Entwicklungsgemeinschaft Holzbau (German Society for Wood Research),
Munich, Germany.

2 Research Engineer, USDA Forest Service, Forest Products Laboratory, Madison,
Wisconsin, USA.



where f, ;. 1S the mean bending strength of a population of glulam beams, and f, 1., is the
mean tensile strength of a population of laminations.

Characteristic strength values (typically lower 5th percentiles) are used to establish
design values for glulam; thus, there is a need to determine a laminating effect at this
characteristic strength level. When defermining characteristic strength values from a
population of test data, the laminating factor A, can be directly determined using the
following equation:

>\k = 1:‘b,gll.tlam‘k/ft,lam,k (2)

where k refers to characteristic.

Lamination and beam test results have indicated that the apparent strength increase
caused by the lamination effect is a summation of separate, though interrelated, physical
effects. Some of these effects are a result of the testing procedure and others the effect of
the bonding process. These effects will be discussed next.

Effect of Tension Test Procedure, k..

The tension performance of single laminations as measured by standard test methods
differs from the actual performance of the laminations in a beam. Existing test methods for
tension testing (i.e., ISO 8375 (ISO 1985), ASTM D198 (ASTM 1992)) suggest a test
configuration that provides no lateral restraint to the tension member (unhindered). Although
this test configuration is quite applicable for the simulation of free tension members, such as
web members in trusses, it does not necessarily represent a lamination in a glulam beam.

When a lamination is tested according to the standard methods, uncentered defects
(such as edge knots) or areas of unsymmetrical density in a lamination can induce lateral
bending stresses that combine with the applied tensile stresses, reducing the measured tensile
strength of the lamination. If the laminations are bonded together in a glulam beam, no
lateral bending stresses develop, because these defects are rigidly and laterally restrained.
Thus, the tension lamination in a glulam beam has an apparent tensile strength higher than
that indicated in a free tension test.

Reinforcement of Defects, Ky

When bonded in a glulam beam, defects (e.g., knots) and other low-stiffness areas are
reinforced (on at least one side) by adjacent laminations. This reinforcement provides
alternative paths for stresses to flow around the defect through adjacent higher stiffness areas
of neighboring laminations. Thus, the laminating process reinforces defects in a lamination,
redistributing stresses around the defect through the clear wood of adjacent laminations and
effectively increasing the capacity of the cross section containing the defect.



Although knots are typically lower in stiffness than is the surrounding clear wood,
finger joint stiffness has been shown to be strongly correlated to the average stiffness of the
clear wood of the laminations joined (Burk and Bender 1989). Therefore, it is speculated
that little stress redistribution takes place around finger joints.

Dispersion of Low-Strength Lumber, kg,

Experimental test data indicate that the bending strength distribution for glulam beams
has a higher mean value and a lower coefficient of variation (COV) than does the tensile
strength distribution of the lamination lumber. This characteristic is partly explained by the
effect of testing procedure and the reinforcement of defects explained previously.
Additionally, there is an effect of dispersion of low-strength lumber that affects the beam.
For example, if a population of laminations are tested in tension, the lower strength pieces
will be represented in the calculation of the characteristic estimate of the population (f, ;)
However, if the same population of tension specimens were fabricated into a glulam beam,
the probability that the lowest strength pieces would end up in a location in the beam that
initiates failure is lessened. An additional strengthening effect may be expected because of
this dispersion of laminations.

On the other hand, the bending strength of glulam beams with larger dimensions is
not only affected by the quality of the outer lamination but failure may also be initiated in the
second or third lamination (from the tension side). In this case, the higher number of
potential failure points can fead to a negative dispersion effect.

From a statistical point of view, the dependency of beam failure on the probability of
a low-strength lamination occurring in a high-stressed zone includes a so-called size effect.
That is, if laminations with a given strength distribution are used to produce several glulam
beams with different sizes (lengths and depths), the lamination factors determined according
to Equations (1) and (2) will differ for each beam size, because the bending strength of the
glulam depends on the dimensions of the beams. Also, lamination tensile strength is affected
by the tested lamination lengths and depths.

Quantification of Laminating Effect

On the basis of the previous discussions, the lamination factor of Equation (1) may be
written as

A= klcst ) krcinf ) kdisp (3)

where Ky, K, and kg, correspond, respectively, to the effects discussed in the previous
sections. These factors vary and depend on various parameters, such as the quality (or
grade) of laminations and the beam layup. Even in the improbable case of identical



lamination quality, different test series lead to different results. Consider, for example, tests
performed to determine k. Assume that lateral displacements occurring in a free tension
test are measured and k., is calculated (estimated) for each lamination. The factor k,, will
be statistically distributed. This creates a problem in that the actual value of k.,
corresponding to the lamination with a mean strength is not necessarily identical to the mean
value of the k. distribution. This problem suggests that the values for kg, X, and kg, in
Equation (3) can only be mean estimates derived on the basis of mean strength values. On
the basis of characteristic strength values, the following relationship is valid:

A = Kiesis ™ Kreinf,s kdisp,S )

The factors Ky s, Keins, and kg, s do not correspond to a Sth percentile of each factor
but to a mean estimate of the corresponding effects when the characteristic strengths (Sth
percentiles) are used as a basis for calculation.

In addition to the statistical difficulties discussed previously, other influences affect
the quantification of Ky s, Kers, and kg, 5 . For example, k,,, increases as the grade of
lamination decreases, because increasing knot size presumably increases the magnitude of
lateral displacement. The same is true for k., which should also increase with decreasing
grade, because there is likely an increased redistribution of stresses as the number of low-
stiffness zones increases. The factor k, varies with the grade of lamination, with the size
and layup of the beam (homogeneous or combined grades), and with the relative population
size of the lamination and beam tests.

Experimental and Simulated Data Analysis

In spite of the described interrelations, attempts were made in Europe to quantify the
factors described previously (Ehlbeck and Colling 1986; Colling et al, 1991). These works
led to a rough estimation of the lamination factor A\, and represented the basis for glulam
beam design criteria used in the European Community (Comite European de Normalisation
1993). Because the intention of this paper is to give better insight into the laminating effect,
previous studies involving both the analysis and testing of beams and laminations have been
evaluated in an attempt to quantify some of the laminating factors described previously. This
reevaluation involved both European and North American research data. This distinction is
made because different factors are used in Europe than in North America to adjust test data.
A more complete description of the data analyzed is given in Colling and Falk (1993).

For example, the influence of specimen size (length and depth of laminations and
glulam beams) is an important consideration in adjusting data. In Europe, current practice is
to adjust lamination strength values and beam strength values by multiplying the determined
strength values by the following factors, respectively:



kh,i:un = (h/150)02 (5)
and,

Ky o = (h/600)% (6)

where ky 1., adjusts lamination depth (or width) to a reference 150 mm (6 in.) and k, o adjusts
beam depth to a reference 600 mm (24 in.).

Equations (5) and (6) were used to adjust all data analyzed in this study to the
reference sizes. No adjustment for lamination length was made (except as noted), because
little Jength effect was expected for lamination lengths ranging from 1.0 to 2.5 m (3.3 to 8.2
ft), as long as the grade defect was placed between the grips of the tension machine.

Estimates of test data characteristic values were used where given in the studies
evaluated. In the case of data where no characteristic estimates were given, estimates were
made based upon statistical assessments of data variability,

Testing Procedure

Estimation of k,

Foschi and Barrett (1980) developed a finite-element-based glulam strength prediction
model in which the lateral restraint of laminations was taken into account, Qur analysis
indicated that the lateral displacement was statistically distributed, depending on the number,
size, and location of knots. Calculating the values of k,,, for the four lamination grades
tested by Foschi and Barrett indicated a range of 1.04 to 1,14, with k., = 1.04 for the
highest lamination quality (grade A) and k,, = 1.14 for the lowest grade lamination (grade
D). These values were calculated at a mean strength level. The effect of the testing
procedure was assumed to be higher at the characteristic strength level,

By measuring lateral deflections occurring in free tension tests (with hinged end
conditions), Larsen (1982) attempted to quantify the factor for testing procedure (k). The
free length of test specimen was 2.1 m (7.1 ft) and deflections were measured over a length
of 600 mm (24 in.). The measured deflections were quite small (usually < 0.5 mm (<
0.02 in.)) and were highly variable. As a result of small and variable deflections, k., ranged
from 1.1 to 2.0, with a trend of increasing k., with decreasing grade.

Estimation of k., and K, s

Based on the determined density and MOE-properties of the two lamination grades
used by Falk et al. (1992), Gérlacher (1992) calculated hindered tension strengths of
laminations with the help of regression equations given in Ehlbeck et al. (1985) and Colling
(1988, 1990a). These calculations indicate a value of k., = 1.2 and Kews = 1.3.



Defect Reinforcement and Low-Strength Lumber Dispersion

A finite-element-based computer model was developed in Germany for the analysis of
glulam beams (Ehlbeck et al. 1985, Colling 1988, 1990a). This model, referred to as the
"Karlsruhe Model", utilizes statistical input on the properties of the laminations and finger
joints of glulam beams (fumber density, MOE, and strength) to predict the strength and
stiffness of beams of various Jayups. Input data for the laminations are based on tension and
compression tests that do not allow lateral displacements of the specimens; that is, k., =
1.0.

Because the simulation results of Colling (1990a) excluded the effect of testing
procedure, a value for k. s was needed for our calculations to transform the hindered tensile
strength values of the laminations into unrestrained, or free, tensile strength values. Based
on the calculations of Gorlacher (1992), a value ks = 1.3 was used.

Estimation of K5 * ks Dy Simulation

Using the Karlsruhe Model, Colling (1990a) calculated the bending strength of 300-
mm- (12-in.-) deep glulam beams. Various grades of laminations were accounted for
through different knot area ratios (KAR), density, and MOE (54 combinations in total). In a
complementary study, Colling et al. (1991) calculated the corresponding tensile strengths of
the laminations (4.5 m (14.8 {t) long) for each glulam combination by using the Karisruhe
Model regression equations for the laterally restrained, or hindered, tensile strength.

For our analysis, the simulated tensile strength values were increased by 12% to
adjust them to a length of 2 m (6.6 ft). This increase was based upon the simulation
modeling performed by Gérlacher (1990). Therefore, our results correspond to the hindered
tensile strength of the laminations, i.e., the product of k * {, ., where f,,,, corresponds to
the free tensile strength of the lamination determined from standard test methods. Thus, with
the effect of testing procedure being eliminated, the lamination factors determined on the
basis of these calculations were reduced to the effects of reinforcement k., and dispersion

kdisp'
The simulations performed in our study indicate a close relationship between the
characteristic glulam bending strength and characteristic lamination tensile strength.

Estimation of k. ¢ kgigp and Keeinrs * Kyip 5 by Simulation and Tests

Verification of the Karisruhe Model on the basis of bending tests with glulam beams
having a depth of 600 mm (24 in.) was performed by Colling (1990a). Six test series were
performed with seven tests each (see also Colling (1990b) and Ehlbeck and Colling (1990)).
The glulam bending strength values (both simulations and tests) include glulam beams with
finger-joint failures. Because the Karisruhe Model uses hindered lamination tension strength
input, k., could not be quantified in our calculations.

Our analysis showed a clear tendency of decreasing lamination factor with increasing



lamination quality. The product of X, + kg, varied between 0.90 and 1.22, and K5 *
Kqisp.s varied between 1.09 and 1.51. Again, the lamination effects were found to be more
pronounced at the Sth percentile level than at the mean strength level.

Estimation of K,

A stress distribution analysis of 600-mm (24-in,) giulam beams (20 laminations)
performed by Colling (1990a) measured the effect of reinforcement k.. In Colling (1990a),
the MOE of laminations was varied as well as the MOE of the singie finite element cells
representing defects. If the MOE of a single cell in the outer or second tension lamination of
the beam is varied while the MOE of the rest of the beam is held constant, k., can be
measured. The results of Colling (1990a) indicated that the stiffness zones were strengthened
significantly by the laminations to which they were bonded. The magnitude of this
reinforcement effect depended on the difference between the MOE of the cell and the MOE
of the surrounding wood and varied between about 1,15 and 1.50 depending on the visual
grade (knot size) of the lamination. If the low-stiffness zone occurred in the second
lamination, reinforcement from laminations above and below were shown to add even more
reinforcement.

Laminating Effect
Estimation of A

Foschi and Barrett (1980) studied the bearing capacity of glulam beams (Douglas-fir)
of different sizes and beam layups. Analysis of this test data indicated a clear tendency of
decreasing A with increasing quality of the laminations. Our results indicated laminating
factors of approximately 1.1 for the higher grade laminations (grade B) and approximately
1.25 for lamination grade D.

Larsen (1982) performed bending tests on a total of 144 glulam beams (233 mm (9.2
in.) in depth) with 33 different beam layups represented. Comparing mean tensile strength
values of the laminations with the mean bending strength values of the glulam beams, a
lamination factor A was calculated for each beam. As with the values of k., the values of A
were found to increase with decreasing grade and ranged from 1.06 to 1.37.

Estimation of A and A,

Recent testing by Falk et al. (1992) offered insight into the relationship between
strength characteristics of the laminations and the resulting bending strength of glulam beams
and provided estimates of A and A\,. For beams constructed of C37-14E tension laminations,
A = 1.25 and A\, = 1.45. For beams constructed of C30-12E tension laminations, A = 1.30
and A, = 1.55. This investigation, which was based upon several hundred lamination and



beam bending tests, confirmed a decreasing lamination effect with increasing lamination
quality and a higher lamination factor at the 5th percentile level than at the mean strength
level.

Tests by Gehri (1992) estimated A and A, based on 35 tension tests of high-stiffness
Jaminations and 8 bending tests of 500-mm- (19.7-in.-) deep glulam beams. The results
indicated A = 1.12 and A, = 1.56.

Considering the test results of Falk et al, (1992), Gehri (1992) proposed the following
relationships for estimating the characteristic bending strength of 600-mm- (24-in.-) deep
glulam beams on the basis of the characteristic tensile strength of the laminations:

fh,glulam,k =12 + ft.iam,k (7

or using Equation (2):

>\k = 1 “+ 12 / ft.lmn,k (8)

Equation (7) has been adopted into the current draft of the European standard EN
TC.124.207 (Comite European de Normalisation 1993). Equations (7) and (8) are valid only
for strength values in MPa.

According to Equation (8), a lamination with a characteristic tensile strength of 18
MPa (2600 1b/in?) would be strengthened by about 67% (A, = 1.67) after being bonded into
a glulam beam. Equation (8) is valid only for 600-mm (24-in.) glulam beams.

Results
Specific values of the factors of Equations (3) and (4) have been estimated based upon
the described analysis of the experimental and simulated data.
Effect of Testing Procedure

Based on our analysis, the following ranges of values of k,,, (at mean strength level)
and K. s (at the characteristic strength level) may be expected:

Koy = 1.1t0 1.3

Kews = 1.2 t0 1.4



These factors are strongly dependent on lamination quality, especially on the size and
location of knots.

Effect of Defect Reinforcement

The strengthening effect of zones with low stiffness are estimated to be in the
following range of values for Kk, and K s

Keewr = 1.0 10 1.25
kfcinfj = 1,15 to 1.50

These factors are strongly dependent on knot sizes.

Effect of Low-Strength Lumber Dispersion

As explained previously, the dispersion effect includes size effects, i.e., the influence
of both lamination and glulam length and depth. Based primarily on the Karlsruhe Model
and the results of simulations, the following range of dispersion effect is expected:

Ky = 0.9 10 1.0
Keips = 0.9 10 1.0

A value below 1.0 may be explained by the mutual influence of neighboring
laminations in larger glulam beams. Furthermore, if the length of the lamination test
specimen is less (approximately 2 m (6.6 ft)) than the average length of the laminations in
the beams (approximately 4 m (13.2 ft}), the reference tensile strength of the laminations is
apparently too high, thus resulting in a negative dispersion effect.

Laminating Effect

To graphically illustrate the laminating effect, the resuits of our analysis are combined
and plotted in Figure 1. All the presented results are test results, with the exception of the
data from Colling et al. (1991), which are a mixture of test data and simulation results using
the Karlsruhe Model. Figure 1 indicates that a strong linear relationship exists between the
lamination tensile strength and the beam bending strength. Lamination effects tend to be
greater when tensile strengths (or grade) is lower. The results shown in Figure 1 may be
described by the following regression equation (in Mpa):



fb,giulmn,k = 69 + 1°141 * ft.iam.k (9)

with a coefficient of correlation r = 0,945, Or by using Equation (2), the results shown in
Figure 1 may be described by:

N = 1141 + 6.9/ f s (10)

The relationship proposed by Gehri (1992) is also plotted in Figure 1. A comparison
with test and simulation results showed that this relationship overestimates lamination effects,
especially in the case of low-quality laminations.

The systematic reevaluation of the described data made it possible to roughly estimate
the different effects of laminating discussed in this paper. The total lamination factor A, may
be described by the following relationship (in MPa):

)\k = 1'15 + 7 / ft,lmmk (11)

This relationship indicates a range of A, of 1.4 to 1.9 for lamination tensile strengths
(5th percentiles) ranging from 10 to 30 Mpa (1450 to 4350 1b/in®), with the highest value of
A\ corresponding to the lowest strength value.

Concluding Remarks

Although the analysis of research data showed a great deal of variability in measures
of laminating factors, the following qualitative tendencies were apparent.

- Lamination effects were more pronounced at the characteristic strength level than at
the mean strength level. This may be explained by the higher coefficient of variation
of the lamination tensile strength compared with glulam bending strength data.

« Lamination effects decreased with increasing quality and strength of the
laminations. This may be explained by a lower reinforcement effect (caused by
smaller knots) and less influence of testing procedure (caused by more homogeneous
material properties in a higher grade).

. Factors that contribute to the lamination effect were interrelated, making it difficult
to accurately quantify them separately.
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Comparing design results for glulam beams
according to Eurocode 5 and to
the French working stress design code (CB 71)

by

F. Rouger?

Abstract

The publication of the EN TC124-207 standard draft about strength
classes of glued-laminated timber gave rise to many questions
from glued laminated timber design offices as from industrials.
Those questions were especially about the characteristic values
of the glued laminated timber issued from that of solid wood.
However, we have to bear in mind that these characteristic
strengths are used in the design methods via partial security
coefficients defined as well as in the Eurocode 5 as in the CB
71 regulation. In order to have a significant idea of the changes
due to the FEuropean regulation, it is necessary to compare
practical cases of design. The aim of this paper is to explain
Eurocode 5 options and to compare them to CB 71 regulation, and
also to gquantify the differences between those two regulations.
An example of bending under self weight + snow load will be
studied. The case of solid wood will also be investigated as a
basis to that of glued-laminated timber.

Design of solid wood
Using Eurocode 5
It should be verified that :
Ry2S,4 (1)
that is to say :

Tye» kmod

m

2 Yo Gi*¥p ©n (2)

where :

ox is the characteristic bending strength of the material
Y. 1s the partial security coefficient linked to the
material

Kaoa is the modification factor taking into account the loxd
duration and the service class

Y. is the partial security coefficient linked to self weight

* Research Manager, Dept of Timber Engineering, CTBA, 10, av. St Mandé,
75012 Paris, France



G. 1s the characteristic value of self weight
Y. is the partial security coefficient linked to snow load
Q. is the characteristic value of snow load

Simplified interpretation :

Let us assume that :

Yo GetYo Ok = Yy Xk

The following has to be verified :

Oz Koo z Yy X
Yo

Op-Knoa _ Oy

o = > X
design Yo Yz qu k
Numerical application :
Yo * Y 1.35 + 1.5
Yy = 5L = 5 = 1.43

Ym = 1.3

Kpog = 0.9
This implies that :

Yoo = 2.06

If we use a C30 strength class from prEN 338,

Odﬁﬂl’gﬂ = —2—% = 14 .56 MPa

(3)

(4)

(3)

(6)

(7

(8

(9

we obtain :

(10)

CB 71 Regulations - working stress design concepts

Four values describing the stresses are used in the CB 71
regulations (and the associated classifications standards)

There are :

- the allowable strength

- the conventional limit of elasticity
- the characteristic strength

~ the conventional strength at failure.

Oadm
LEC
Oy

axupt.



3

The first two values are used in design methods. The other two
correspond to statistical estimates derived from tests. The
characteristic strength corresponds to the lower 5% fractile. The
conventional strength at failure is the mean value of the
strength distribution. Each of these values can be deducted from
each other through security coefficients.

Opan X LEC % 0, X Opypt: X
Cuan = 1.0 0.57 (*) 0.44 0.36
LEC = 1.75 (#) 1.0 0.77 0.64
O, = 2.275 1.3 1.0 0.83
Orape = 2.75 1.57 1.21 1.0

(*#) for bending

Using CB 71 regulations - Normal actions

It should be verified that :

Opin 2 G + P, 1)

that is to say
Ox 12
2.275% z2G+ P (12)

0. 15 the allowable bending strength of the material
Oy is the characteristic bending strength of the material
G is the characteristic value of the self weight
P, is the characteristic value of snow load
(normal action)

Numerical application :

If we use a C30 strength class from prEN 338, we obtain :

O gepign = 2.32075 = 13.2 MPa (13)

In such case the Eurocode 5 is more favourable of 10.3%



Using CB 71 regulations - extreme actions

It should be verified that :

LEC > 0.9 G+ ¥, P, (14)
that is to say :
1.75 o
—2‘275" 20.9 G+ Yo P (15)

LEC 1is the conventionnal limit of elasticity
0, is the characteristic bending strength of the material
Yo is the partial security coefficient linked to snow load
G is the characteristic value of self weight
P.. is the characteristic value of snow load

({extreme load)

Simplified interpretation :
Let us assume as in Eurocode 5 that :

0.9 G+ Yoo Poe = ¥x Xx (16)

It should then be verified that :

1.75 Ok 17
Sare 2 Yx X% (17)
that is to say :
1.75 ¢
Udeaign = —2—.2—7—5-71; 2 Xk (18)

Numerical application :

5

P = 3 P (19)

0.9 + 2 y
- 3 fee 0.9 +1.83 _ (20)

¥Yx = 5 = 5 = 1,37
If we use a C30 strength class from prEN 338, we obtain :

- Uk-1.75 = Ok = 21
Cdesizn = F 375 1,37 | T.7g | o8 MPe @h

In such case Eurocode 5 is less favourable of 15%



Design of glued-laminated timber

Using Eurocode 5
Two options are given in document CEN TC124.207 :

(1) Using table B.1 of Annex B (appendix B)

C30 > GL 28

When the equation n°5 is used, such result is obtained :
Cuosign = 13.59 MPa (22)
(2} Using formulae from table A.1 (appendix A)
f,

mak = 12,0 % £ o) 0 (23)

In the case of an homogeneous glulam made from €30, following
results are obtained :

frcx = 30 MPa (24)

which corresponds to the creation of a GL30

When equation n°5 is used, it follows that :

O onign = 14.56 MPa (25)

Using CB 71 - Normal actions

The allowable strength of the glued-laminated timber is that of
the solid wood increased by 10%.

When eguations n°12 (& n"13) are used, it follows that :

Odosign = 14.5 MPa (26)

Using CB 71 regulations - Extreme actions

When eqguation n°21 is used, it follows that :

Oesign = 18.5 MPa (27)
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To sum it up, the design strength from the different options are
as folliows :

REGULATIONS Oganign (MPa)
Eurocode 5 + 124,207 ~ GL 28 13.6
Eurocode 5 + 124.207 « GL 30 14.5
CB 71 -~ Normal actions 14.5
Eﬁ;;} -~ Extreme actions =18.5

Conclusion

In the case of solid wood, Eurocode 5 design results are between
CB 71 normal actions and extreme actions design results, which
is in agreement with soft calibration concepts. In the case of
glulam, Eurocode 5 design results are always more penalizing than
CB 71 design results. For this reason, the French glulam industry
is concerned about its future and ralsed the question during the
CEN 124 meetings. A possible answer could be to enable the use
of Annex A as a normative Annex and to increase the values by
15%, which would place the glulam in the same position as solid
wood. Of course, this would imply an increase of quallty control
in the 1ndustry This option was already discussed in previous
CEN and CIB meetings. It needs to be a compromise between a
scientific reality and an economic reality...
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TEST OF NAIL PLATES SUBJECTED TO MOMENT

Erik Aasheim
Structural Engineer
The Norwegian Institute of Wood Technology

This paper describes tests of nail plate joints subjec-
ted to moment. The tests were performed at The
Norwegian Institute of Wood Technology in the
autumn of 1992, The aim was to establish a back-
ground for a proposal for new test specimen for
moment resistance of nail plates in the coming CEN
and 1SO test standards.

INTRODUCTION

In the test standard 1SO 8969 "Timber structures - Testing of unilateral
punched metal plate fasteners and joints", no test specimen for determi-
nation of moment resistance is defined. In order to model trusses,
frames and other systems in a realistic way, the modelling of the joints
are essential. In this respect the rotational stiffness of the contact surface
is fundamental.

During CEN/TC 124/WG 1-meetings this subject has been discussed. In
the document EN TC 124.116 {June 92-version) "Timber structures - Test
methods - Joints made of punched metal plate fasteners” a method is in-
troduced. The test specimen is subjected to a combination of moment
and shear force, and the method includes complicated calculations to
find the rotational stiffness.

OBJECTIVES

The basic objective of this paper is to introduce a test specimen for a
“direct" measurement of the rotational stiffness of the contact surface of

the plate and the timber.

DESCRIPTION OF TEST SPECIMENS

The main idea was to test specimens where the contact surfaces are ex-
posed to pure moment. Buckling failure in the plate could be a serious
problem, and to avoid this a "stiffener” was introduced, as shown in
figure 1.
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Figure 1

Pure moment test specimen with stiffener. Lengths in mm.

The stiffener is a piece of timber with the same thickness (34 mm} and
the same grain direction as the two joined parts.

The cross section area of all the timber pieces is 34 x 95 mm, and the gap
between the joined parts is 10 min.

The nail plate type is Hydro Nail PTN with a thickness of 1.0 mm, teeth
length 9 mm, teeth density 0.012 teeth/mm? and ultimate tensile

strength 430 N/mm?2,

TEST PROCEDURE

The dimensions of the test pieces were chosen to fit the available testing
equipment in our laboratory.

The rotations between timber and plate were measured with 4 Sangamo
displacement transducers, one pair at each end of one of the nail plates,
as shown in figure 2:

Rotation measurement setup.

One pair of transducers was fixed to a steel plate, which again was fixed
to the timber. The deformations were measured to timber pieces glued
to the edge of the nail plate,



The tests were performed with a constant load head movement speed of
0.1 mm/sek, which led to a testing duration of about 2 minutes.

5 series with 10 parallels in each series were tested, with different effec-
tive nail plate area and different timber density, as shown in table 1.

Table 1: Test series.

Series no. | Fig. no Density Plate size Eff. area
1 3 400 127x152 61x61
2 4 400 127x152 40x61
3 3 330 127x152 B1x61
4 3 470 127x152 681x61
5 3] 400 127%x252 61x61

L
1 [ 1
i .
| i
| : L
|
Iigure 3
Test series 1,3 and 4.
152
| ——

| e

Figure 4
Test series 2.

[ I

Figure 5

Test series 5.



TEST RESULTS

The moment/rotation relationship for the 10 test pieces of each of the 5
series was recorded. One curve was plotted for each test specimen, as a
mean value from the two pairs of transducers. The results from series 1
are shown in figure 6.

0
0 0.01 0.02 0.03 0.04 0.03 0.06
Vinkeiandring rod
Figure 6

Moment/rotation-curves from test series 1.

In figure 6 the mean curve is shown in addition to the upper and the
lower limits for the 10 specimens.
The mean curves may be expressed with the following equation:

M — k(pl.ss

The exponent is constant for all series, but k is different, as shown in
table 2.

Tabie 2: k for all test series.

Series no. k
1 9.8
5.5

2
3 8.3
4
5

11.4
11.5




Figure 7 shows how the graph of the results fit with k=9.8 in the

equation for test series 1:

0.7 ‘C
0.6 '///

0 0.01 0.02 0.03
Vinksiendring

0.04 .05 0.06
rod

Figure 7

Mean curve for test series 1 compared to the equation.

DISCUSSION

To compare the test results presented in table 2, the values are corrected
to the reference density and recalculated to stresses instead of moments.
The result of this procedure is the following equation:

!

T = quol.ss

The kt-factors for the 5 series are then
plastic section modulus, and the results

calculated with both elastic and
are shown in table 3.

Table 3:
Series no. k7 elastic kt plastic
1 53.9 51.8
2 83.0 51.2
3 81.6 50,4
4 88.5 54.7
5 97.2 60.0

Note that series no. 5 is the unsymmetrical one shown in figure 5.



CONCLUSION

In general, the results of this studyv show that the proposed test specimen
may be used to find the rotational stiffness of the contact surface. It can
be seen from table 3 that the results are in the same order of magnitude
for the different test series, and the results are much more reliable than
those found by specimens subjected to a combination of shear force and
moment.

CONCLUDING REMARKS

More research and experience is needed to use this rotational stiffness in
practical design, but the introduction of a test piece in EN TC 124.116
similar to figure 1 in this paper is recommended. The gap between the
ioined parts should be reduced to 5 mm, and the plate size should be
chosen to ensure that failure does not occur in the plate.
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1. INTRODUCTION

The analysis of the nail plate joints anchorage moment capacity with 220 standard shear
test results was presented in authors earlier CIB-W18 paper (KEVARINMAKI & KANGAS,
1992). Now 72 new shear tests, where also the angle between grain and force (b) was a
variable, have been carried out. New bending tests done in Norway (KYRKJEEIDE, AUNE
& AASHEM, 1992) have also been analyzed for comparison. The analysis of these test
results, where the failure mode was anchorage failure, has been presented in this paper.
The anchorage moment capacities of these specimens have been calculated according to
Eurocode 5 (modified elastic method), with the simplified plastic design method
(Norgns method) and with the accurate plastic theory solution.

2. SYMBOLS

A Effective nail plate area (the area of timber member covered by nail plate is
reduced by 5 mm from its edges and by 10 mm from the end of the member
in grain direction when it is loaded in tension) [mm?]

A Force acting on the plate at the centroid of effective area

Maximum applied load during a test [kN]

Polar moment of inertia of the effective area [mm?]

Shear force [kN]

Bending moment [kNm]

A Moment acting on the plate at centroid of the effective area
"Diagonal” length of the effective area [mrn]

| Mean value of the anchorage strength in the direction combination a and b

k,, k,, 0, Constants in equations of the anchorage strength

e Mg

max

-

n Number of test pieces in different series

Distance from the centroid to the furthest point of the effective area {[mm]
s Standard deviation of sample

o Angle between the force and the main direction of the nail plate [°}

B Angle between the force and the grain direction [}

Y Angle between the main direction of the nail plate and the grain direction
Pow Density; mass at o = 0, volume at ® [kg/m?]

T Anchorage stress from force F, [N/mm?]

TM.el Elastic anchorage stress from moment M, [N/mm?]

Trpl Plastic anchorage stress from moment M, [N/mm?]

W Moisture content ratio [%]

Subscripts:

cal Calculated value using the mean strength values

max Mean value of the test series by the maximum values of test piece
Nordn Simplified solution by Noréns method

red Reduced mean value to the compression strength of 35 MPa
Accurate solution by plastic theory

theor



3. SHEAR TESTS

The shear tests reported in this paper have been carried out at the Technical Research
Centre of Finland (VTT). The selection of the material and performance of tests are in
agreement with the procedure described in CIB-W18 1985: paper 18-7-4. The test
pieces and the load arrangements used in the shear tests are shown in Figure 3.1.

SERIES 1 ‘F SEREES2 |F
p=0

55l |

S0

350 oL 350

Measuring gauges _J

L 148 2 148 . . 148 2 148 "
1 N A F 1 | 4
SERIES 3 125
B=45 1
plyv;'ood
b_
7 Z
| P=
plywood
!
] 500 ‘i _250 ’lL 500 - Jlo_
K _SERIES 4 .
=90 125
—re—o e
p=90 plywood plywood
500
; 500 =l *

Figure 3.1 Shear test pieces and loading arrangements. Nail plate direction angle a was
0°, 45° and 90° in each series.



The standard shear tests are carried out in parallel to the grain (b = 0°). Shear loading
test series where also b-direction is a variable have been carried out with two different
nail plates in the directions b = 0°, 23°, 45° and 90°. The angles a were (°, 45° and 90°.
Finnish nail plates used were W-nailplate (96 x 100 mm?) and FIX-nailplate (100 x 100
mm?). W-plate is 1.25 mm thick with three threaded nails punched from the same hole
(Figure 3.2). FIX-plate is a 1.3 mm thick nail plate with 13 mm long threaded nails
(Figure 3.3). Each test series contained three similar pieces. Summary of the variables
of all 72 test pieces is shown in Table 3.1.
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Table 3.1 Shear test series, direction angle variables, effective anchorage areas and
properties of timber members.

Test pieces o ’3 v Aef Powr @

*) {mmz] [kg/mS] [%]

W1A 4-6 0 0 0 4200 346 16.4
WI1B 4-6 45 0 45 4004 346 16.4
W1C 4-6 %0 0 90 4224 346 16.4
W2A 1-3 0 23 23 4200 353 15.0
W2B 1-3 45 23 67 4004 353 15.0
Ww2C 1-3 S0 23 67 4224 353 15.0
W3A 1,2 0 45 45 4200 348 15.0
W3iB 1,3 | 45 45 90 4004 355 15.0
w3C2,3 | 90 45 45 4224 357 15.0
W4A 1-3 0 90 90 4200 353 15.0
Ww4B 1-3 45 90 45 4004 353 15.0
w4aC 1-3 90 S0 0 4224 353 15.0
F1A 4-6 0 0 0 4400 346 16.4
F1B 4-6 45 0 45 4186 346 16.4
F1C4-6 90 0 90 4400 346 16.4
F2A 1-3 ¢ 23 23 4400 353 15.0
F2B 1-3 45 23 67 4186 353 15.0
F2C 1-3 90 23 67 4400 353 15.0
F3A 1-3 0 45 45 4400 353 15.0
F3B 1-3 45 45 90 4186 353 15.0
F3C1-3 950 45 45 4400 353 15.0
F4A 1-3 0 90 90 4400 353 15.0
F4B 1-3 45 90 45 4186 353 15.0
F4C 1-3 90 50 0 4400 353 15.0

*) W = W-nailplate 96 x 100; F = FIX-nailplate 100 x 100

Timber material was finnish spruce (Picea Abies) of chosen mean densities p,,, = 346
kg/m? (series B = 0°) and p,,, = 353 kg/m? (series B # 0°). Cross section of the test
pieces was 42 x 148 mm?. The test pieces in the test series B = 0° were conditioned and
tested separately from the others (f = 0°), so the moisture contents were slightly
different.

The loading procedure was in agreement with the ISO 8969 standards. The test pieces
were loaded to failure by force controlled constant loading rate of 3 kN/min. The total
loading time was about 10 minutes.



4. LOAD CARRYING CAPACITIES OF THE SHEAR TEST PIECES

4.1 Test series

The results of anchorage failure in shear tests are presented in Table 4.1. No contact
appeared between the timber members before the maximal force was exceeded. The
presented shear capacities (V) have been made comparable by reducing the mean
values of the test series to the compression strength of 35 MPa (CIB-W18, PAPER 18-7-

5):

V,, = V... \35[MPa)/t, . (4.1)
£, . =0.0955,, (2~ ©/15) (4.2)
where p,, is mean value of wood density of test series
® is mean value of moisture content of wood in the test series [%].
Table 41 The load carrying capacities of the shear test pieces.
Tests o B v Fo Voar | Vied s
[kN] | [kN] | (kN | L]

WiA4-6! O 0 0 2240 | 2240 |24.27 | 241
WiB 4-6 | 45 0 45 21.84 |21.84 |23.67 |7.58
W1C4-6 | 90 0 90 19.94 | 19954 | 21.60 | 4.61
W2A1-31 0 23 23 22.89 |22.89 |23.38 |3.14
W2B 1-3 | 45 23 67 19.65 | 19.65 | 20.07 | 0.82
Ww2C1-3 | 90 23 67 21.09 | 21.09 |21.54 254
W3A1,2 | O 45 45 2579 20,63 | 21.23 | 1.48
W3B 1,3 | 45 45 50 22,69 | 18.15 | 18.49 | 2.09
Ww3C23 | 90 45 45 26.19 | 2095 | 21.28 | 3.70
W4A 13| O 90 %0 2225 | 17.80 | 18.18 | 1.31
W4B 1-3 | 45 90 45 2436 | 1949 | 19.91 | 3.49
W4C 1-3 | 90 90 0 26.11 |20.89 |21.34 | 4.40
F1A 4-6 0 0 0 19.16 | 19.16 | 20.76 | 2.67
FIB4-6 | 45 0 45 16.63 | 16.63 | 18.02 | 3.01
F1C4-6 | 90 0 90 18.15 | 18.15 | 19.67 | 4.36
F2A 1-3 0 23 23 20.60 | 20.60 |21.04 |3.50
F2B 1-3 | 45 23 67 19.52 [ 19.52 1994 | 2.45
F2C1-3 | 90 23 67 20.68 |20.68 {21.12 | 3.94
F3A 1-3 0 45 45 2395 | 15.16 | 19.57 | 6.90
F3B1-3 | 45 45 90 23.36 | 18.69 | 19.09 | 6.60
F3C1-3 | 90 45 45 2346 | 18,77 | 19.17 | 9.04
F4A 1-3 0 50 90 21.98 | 17.58 | 17.95 | 4.03
F4B 1-3 | 45 50 45 2131 | 17.05 | 17.42 | 3.32
F4C1-3 | 90 90 0 2290 {18.32 | 18.71 | 5.05




4.2 Analysing methods of test results

The test results have been analysed by the elastic theory and by the plastic theory
presented in CIB-w18, PAPER 25-14-1. The force anchorage stresses Tz have been
calculated by equation (4.3), the elastic moment anchorage stresses Ty by equation
(4.4) and the plastic moment anchorage stresses Ty, by equation (4.5) using the
reduced test results (V). The effective plate areas used in analysing are shown in
Figure 4.1. The moments acting in the centroid of the effective area have been
calculated with eccentrics e (M, = 1/2 V_, e).

TF = ‘/rcd/erf (4'3)
Ty =M1 /I, (4.4)
Ty =4M,[(4,d) 4.5)

The geometrical values L, r,,. and d have been calculated for the effective area (Figure
4.1). "Diagonal" lengths d have been determined both by the simplified method
presented by Norén (Ty,nows) and by the numerical integration with a computer
(Tyipieor)- These methods are presented in the authors other paper (CIB-W18, PAPER 26-
XX-X). A new general simplified method for determination of the length d are also
presented there, because Noréns method is limited only to the rectangles, the right-
angled triangles or quadrilaterals where two angles are 90°. In the present case the

results by the given new method are same than calculated by Noréns method.

Figure 4.1 The effective nail plate area and the plate forces in the shear tests.



The load carrying capacities of the shear test pieces have been calculated by the
Eurocode 5 method and by the plastic theory. These maximum shear loads (V) have
been calculated by the mean anchorage strength values (£, .5 ,,) from the design criteria's

4.6 {EUROCODE 5) and 4.7 (CIB-W18, PAPER 25-14-1).

T < fa_w,m
T ™ 2fa.9090.m (4.6)
Te+ Ty SL5f 0m

2

(t6/ fran) +(aipt) o) <1 @7

The main mean anchorage strengths and the strength constants of the W-nailplate and
the FIX-nailplate are shown in table 4.2. The dependence of the anchorage strength on
the o- and B-directions has been taken into account according to the Eurocode 5 (D6.4).
The mean anchorage strength values have been determined both by the earlier standard
tension test results and by the additional tension test series of plate sizes 96 x 100 mm?
(W) and 100 x 100 mm?2 (FIX) loaded in this study. The loading directions were (c.,p) =
(0°,0%); (0°,23%); (30°,0°); (30°,15°); (30°,30°%); (30°,60°); (45°,23°) and (60°,23°) in
the additional test series. The results of these tension test series have been reported in
paper: CIB-W18 25-14-2.

Table 42 Mean anchorage strengths and strength constants used in analysis.

Plate £, oom £, 5000.m k, k, oy
[N/mm?] [N/mm?]

W-plate 4.20 2.52 0.015 -0.035 40°

FIX-plate 3.50 2.45 -0.002 - 90°




4 i resul

The relations of the reduced shear test results and calculated capacities (V. 4/V,,) are
shown in Table 4.3. The relation is close to value 1.0, if the agreement between theory
and tests is good. In analysis of the shear tests by Eurocode 5 method the sum of
stresses T and T,, was the critical factor in each case. The calculated plastic theoretical
capacities are presented both by Noréns simplified method and by the accurate
theoretical solution.

The tM design method given in ENV-Eurocode 5 seems to be conservative in cases
where the loading direction was parallel to the grain (B = 0°). The calculated mean
capacities of test pieces were 25 % percent smaller by EC 5 method than by the
accurate plastic theory. This result has been obtained also in the authors earlier CIB-
W18 paper, where 220 standard shear tests results were analysed (CIB-w18 25-14-1).
The method of EC 5 does not take into account the B-angle. There fore the calculated
capacities may also be on the unsafe side, when B is close to 90°. The test results show
very clearly that the grain direction has a significant effect on the joint capacities.
According to the test results the capacity in loading direction f = 90° was 0.88 V. of
the test pieces loaded parallel to the grain (B = 0°). In directions p = 45° and 3 = 90° the
accurate plastic theory gave 6 % lower mean shear capacities of test pieces than the EC
5 method with the rectangle plate areas (o = 0° and o = 90°). The variation range
between the test results and the capacities calculated according to the EC 5 is rather
high; from the relation 0.86 to 1.44, while the mean value was 1.13 and the standard
deviation s = (0.129.

The plastic theoretical method gives more accurate results than the EC 5 method,
because now both a and b angles are included. According to the Norgns simplification,
calculated capacities are generally at the same level than the test results; the mean value
of relations V__/V_, was 1.07 and the standard deviation was 0.080. In plate directions
o = 45° the Noréns method was somewhat conservative (12 %), but not so much than
the EC 5 method (26 %). The difference between Noréns simplification and the
accurate theoretical solution is biggest, when the effective plate areas are triangles.

The accurate plastic theoretical solution corresponded very well with the test results; the
mean value of relations V_,/V_,; was 1.02. Some individual maximum test loads were
slightly lower than the theoretical capacities, but these differences are explained by the
normal variation of test results and by the used interpolated mean anchorage strengths
(f,0pm)- The standard deviation between this plastic theory and the tests results was

7.5 %.



The shear test results and the comparison with the theories.
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5. MOMENT ANCHORAGE CAPACITY IN BENDING TESTS

KYRKJEEIDE, AUNE & AASHEM (1992) have done a study for the moment anchorage
capacity of nail plates. They have carried out 10 test series with 10 pieces in each series.
The results of three bending test series (numbers 2, 7 and 8), where failure mode was
the anchorage failure without timber contact, have been analyzed here.

The test pieces and the load arrangements are shown in Figures 5.1 and 5.2. The
effective plate areas (shown in figures) and the shapes of nail plate surfaces were same
in all these series, but the pieces of series number 7 had been made using higher density
wood and the pieces of series number 8 were unsymmetrical. The nail plate was Hydro
Nail PTN (Figure 5.3).

S

|

127

300

152

71
F00 L
il 7
Figure 5.1 Test pieces and loading arrangements of series 2 and 7 (KYRKJEEIDE)
300

71

252

"200 L

A A

Figure 5.2 Test pieces and loading arrangements of series 8 (KYRKJEEIDE, 1992).
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Figure 5.3 The geometry of the Hydro Nail PTN-nailplate.

The mean values of the bending test results are shown in Table 5.1. The reduced values
{eq) have been made comparable by reducing the mean values of the test series to the
compression strength 35 MPa by equations (4.1) and (4.2). The test specimens were
loaded by pure bending i.e. force anchorage stress Tz = 0. The presented moment
anchorage stresses Ty have been calculated from the reduced mean bending moment
capacities (M_.,) by equation (4.4) of the elastic theory {Ty.y), by equation (4.5) of the
simplified plastic theory (Ty, norn) and by the accurate plastic theory (Typi meor)-

The calculated capacities of the test series are shown in Table 5.2. The calculations have
been done using the mean anchorage strengths (reduced to density 360 kg/m® and
moisture content 15 %) with the Eurocode 5 method by equation (4.6) and with the
plastic theory by equation (4.7). According to 10 tension tests carried out by
KYRKJEEIDE, AUNE & AASHEIM (1992) the mean reduced anchorage strength f, o0, of
the Hydro Nail PTN -plate is 3.39 N/mm?. As the anchorage strength f, go50, is used a
value 2.37 N/mm?, because the constant ¢ = 0.3 for Hydro Nail PTN -plate
(KYRKJEEIDE).

Table 5.1 Bending test series 2, 7 and 8; and the test results.

Tcs';t n A Pow W Muax | Mrea Tel T pl.Norén | TMpltheor
series [mm?] | [kg/m?] | [%] | [kNm] | [kNm] | [MPa] | (MPa) [MPa]
2 10 | 4026 | 390 13.1 | 0.84 0.77 6.38 4,25 3.94

7 10 | 4026 | 468 129 1097 10.81 6.72 |4.438 4.16

8 10 | 4026 | 388 126 1098 1088 [730 |4.86 4.51
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This comparison shows that all these theories are conservative in the pure bending case
(tz = 0). The test results were 1.44 times higher than the calculated capacities by
Eurocode 5 method. The accurate plastic theory is in closest agreement with the test
results, but also there the test results were 17 - 33 % higher than the calculated
capacities using the mean anchorage strengths. The moment anchorage strength is
clearly higher than the maximum tension anchorage strength, although the T, -
stress is determined by the plastic theory.

Table 5.2 The comparison between the test results and the theories.

Test resulis Eurocode 5 Plastic, Norens meth. | Plastic, theoretically
Test Mﬂ'»d MmF Mrndmc_nl Mml Mrulmel Mml Mrrx‘l/Mmk
series [kNm] fkNm] [kNm] [kNm]
2 0.77 0.572 1.35 0.613 1.26 0.660 1.17
7 0.81 0.572 1.42 0.613 1.32 0.660 1.23
3 0.88 0.572 1.54 0.613 1.44 .660 1.33

6. CONCLUSIONS

This analysis, with the new kinds of shear and bending test pieces, supports the authors
earlier conclusion, that the plastic theoretical Ty, design corresponds better with the test
results and would be a better method than on the elastic theory based method given in
ENV-Eurocode 5. The capacities of the shear test pieces were almost identically same
than the values calculated by the accurate plastic theory. The simplified method
presented by Noreén is always on the safe side and it gives generally some percents
additional safety. Same safety level is obtained also by the new simplified method,
which does not have geometrical limitations, presented by KEVARINMAKI in CIB-W18
26-14-4. In pure bending case also the plastic theory was 17 - 33 % conservative (while
it was 35 - 54 % by the EC 5 method). According to the bending test results the
moment anchorage strength Ty is higher than the tension anchorage strength in the
direction o = § = 0° (£, 0)-

The design is easier and clearer by the simplified plastic theory than by the method of
ENV-EC 5. The geometrical values of the elastic method (L, and r,,,,,) are more difficult
to determine than the diagonal d needed for the plastic design. There are three design
criteria’s that must be checked in the anchorage design of EC 5. In plastic design
method only one design criteria is required; (tef, 45 5)* + (Tw/fo004)* < 1. This equation

also has a similar form than many other design formulas of Eurocode 5.
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1. INTRODUCTION

Application of moment resisting rigid or semi-rigid nail plate joints in timber structures
is missing at present. Including rotational stiffness and moment capacity into nail plate
joint design opens following possibilities:
- it will lead to material savings and more economical nail plate structures.
- it will give more accurate and safer design in ordinary structures compared to
pin joint theory.
- it enables the design of new kinds of structures, which will increase the
competitiveness of the timber structures.

This kind of exact theory and design method is missing at present. In Finland the
method where the moment rigidity of nail plate joints has been included is already in
use, but it has simplified assumptions of material properties, which are on the safe side.
ENV-Eurocode 5 is very general and insufficient, Concerning these matters measuring
and determination of the nail plate joints rotational stiffness is not presented in any
standard. That is the main obstacle in utilization of the nail plate joint rotational
stiffness. The aim of this study was to develop a proposal for standard tests of nail
plates rotational stiffness and a method for the determination of the rotational spring
stiffness moduli.

In this paper the rotational stiffness of shear and bending test results of 102 nail plate
joints have been analysed. The deformations between timber and the nail plates in each
shear test were measured by 10 gauges. The rotational spring stiffness moduli have been
calculated from these measurements. Rotational stiffnesses have been determined also
from the results of Norwegian bending tests. This study showed following:

- the effect of the testing type,

- the effect of direction angles o and P,

- the dependence on the shape of effective nail plate areas and

- the effect of the measuring point locations to the calculated results of rotational

stiffness.

Based on this research a proposal for the standard test of nail plates rotational stiffness
and a method for the determination of the rotational spring stiffness modulus K ., from
the test results are given.



2. SYMBOLS

Aef

8
=1

~.m
het)
)

o

SRR R

[
3

i
=

Effective nail plate area (the area of timber member covered by nail plate is
reduced by 5 mm from its edges and by 10 mm from the end of the member
in grain direction when it is loaded in tension) [mm?]

Maximum applied load during a test [kN]
Displacement modulus in the direction combination a and b [N/mm?]

Rotational spring stiffness modulus [Nmm-2rad-1]

Bending moment [kNm]

Shear force [kN]

Distance [mm]

Number of test pieces in different series

Angle between the force and the main direction of the nail plate [°]
Angle between the force and the grain direction [°]

Angle between the main direction of the nail plate and the grain direction [°]
Deformation {mm]

Rotation angle [rad]

Anchorage stress from force acting on the centroid of effective area
Anchorage stress from moment acting on the centroid of effective area

Subscripts:

el
pl

max

Ty Stress is calculated by elastic theory

Ty stress is calculated by plastic theory

Mean value of the test series by the maximum values of test piece
Reduced mean value to the compression strength of 35 MPa

3. ROTATIONAL STIFFNESS IN SHEAR TESTS

Hy] remen

The shear test pieces and the testing procedure have been presented by the authors in
paper CIB-W18 26-14-2, The deformations of nail plates in anchorage of each shear
test piece has been measured between the nail plate and timber member by four gauges
from both sides of the test piece, see Figure 3.2. Also the total shear deformation in the
joint line has been measured from both sides of the test pieces. These measured
deformations are presented here as mean values of the both sides. An example of these
measured mean deformations by 10 gauges is shown in Figure 3.1,
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Figure 3.1 Measured mean deformations of test piece W1A4,

2 Calculation of the rotation ring stiffness modul
The rotation angles (8) in anchorage have been calculated from measured horizontal (h)

and vertical (v) deformations by equations (3.1) and (3.2). An example of calculated Ty
versus O dependences are shown in Figure 3.3.

8, =(8,-8,)/I [rad] 3.1
8, =(8,~8,)/, [rad] (3.2)
where 9, 8,, 8; and J, are the measured deformations according to Figure 3.5

1, is the horizontal distance between vertical gauges (20 mm)
1, is the vertical distance between horizontal gauges (70, 75 or 80 mm).
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Figure 3.3 Measured Ty, versus 8-dependences in test piece W1A4.



The rotational spring stiffness moduli (K,) have been calculated by secant moduli from
the changes of the rotation angles between moment anchorage stresses 0.1 Ty o, and
0.4 Tyt nax (Taimss iS the moment anchorage capacity in testing). This determination has
been done with both, the horizontal and the vertical measurements, of the initial loading
phase (Figure 3.3). The rotational spring stiffness modulus is

Ko =0.4%y e [Oiima (3.3)

where ‘CM o 18 elastic or plastic moment anchorage stress on the test load F
1mod 4/3 (904 e{)1)
0, is rotation angle by horizontal or vertical gauges with test load 0.4 F_
8, is rotation angle by horizontal or vertical gauges with test load 0.1 F,.

The rotational spring stiffness moduli have been calculated also from the measurements
of the total shear deformations of the joint line. The measured total slip & has been
divided to the slip component 8 caused by the force and to the slip component dy
caused by the moment (Figure 3.4). The analysis has been done with the measured slips
(&) between loading points 0.1 ¥, and 0.4 F_,.. The moment slip of joint line from
rotation of nail plate has been calculated from

81 = Y5 (8, s =28 ), (3.4)

where 8, 00 = 4/3 (84 - Oyy)
4 18 measured total shear slip of joint line at loading point 0.4 F, .,
o is measured total shear slip of joint line at loading point 0.1 F,;

=04, [(24,K (3.5)

The mean value of the displacement modulus Kp.q has been determined from the

anchorage tension test results for the effective nail plate area:

w2 =0.4F (A8, ). (3.6)

where 8.4 is the modified total joint slip calculated from the measured slips of
tension tests between the loading points 0.1 F,, and 0.4 F .

The mean translational stiffness moduli of the tension test pieces loaded in this study
are shown in table 3.1. Stiffness constants calculated from earlier standard anchorage
test results of W- and FIX-plate have also been included from following loading
directions: (c,B) = (45,0), (90,0), (0,45), (0,90) and (90,90). Like strength values the
K s values were reduced to the density and moisture content of the shear test pieces

according to authors paper CIB-W18 26-xx-x.



Rotation angles 6,4 have been calculated from the total shear deformations of the
shear test pieces. They have been determined using eccentricities e between joint line
and the centre of gravity of the effective plate area:

0, =8y /e [rad] (3.7)

The rotational spring stiffness moduli may be now solved by equation (3.3).

Total slip: Slip from shear force F: Slip from moment M:
F
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Figure 3.4 Dividing of measured total shear slip (8) to force (8y) and moment stip (8
components.

Table 3.1 Mean translational stiffness moduli K .5 of the tension test series.

Test pieces | n o B v 04F . | Keap K red
[kN] [N/mm?} | [N/mm’]

WOA 1-6 6 0 0 0 11.81 8.27 8.92
Wida)j) | 10 | 30 0 30 12.42 14.70 14.30
W2 a)-e) 5 130 15 15 11.28 20.28 19.59
W3A 1-6 6 0 23 23 11.18 13.79 14.88
W7B 1-6 6 |45 23 23 9.01 12.61 13.60
W6B 1-6 6 | 45 23 67 9.69 16.66 17.97
W3 a)-e) 5 130 30 0 8.10 14.34 13.84
W6 £)-j) 5 60 30 90 7.63 17.78 17.44
W5 £)-)) 5 30 90 60 6.62 12.55 12.31
FOA 1-6 6 0 0 0 9.20 8.25 8.90
F5A 1-6 6 0 23 23 8.72 14.32 15.45
F7B 1-6 6 |45 23 23 8.71 18.51 19.97
F6B 1-6 6 | 45 23 67 8.74 15.39 16.60




3.3 Rotational spri iff uli of the st .

The calculated elastic K, and plastic K, spring moduli are shown in tables 3.2 - 3.8.
The K, values have been solved from the horizontal measurements between the nail
plate and timber member and the K,, values from the vertical measurements.
Rotational stiffness moduli K, calculated from the total shear slip are presented also
graphically in Figure 3.5. The rotational moduli K, have been determined with Ty
stresses calculated by the elastic theory, In this case the rotational stiffness moduli are
1.5 times higher in plate direction ¢ = 0° and 90° and 1.6 times higher in direction ¢ =
45° than values calculated by the plastic theory (¢, = et onmpl/ Tmed)-

The test pieces loaded in parallel to the grain (B = 0°) had the lowest K, values by the
measurements of the vertical gauges {mean value 82 % from horizontal measurements).
Rotational stiffness moduli K, calculated from the total shear slips were rather near to
the mean value of the K, and K, stiffnesses. This means that no significant
deformations occurred in the nail plates at the joint line. The lowest rotational stiffness
in this grain direction was obtained in plate direction o = 90°.

Table 3.2 Rotational stiffness moduli with elastic Ty, in loading direction = 0°

Test o KF,rad 0. 4Fmax ’CF TM,GI qu,h.el an.v.c] 8i.mod Kvp.el
pieces N/mm3 | kN Nfmm? | Nfmm? § Nmm-2rad! | Nmm%ad'! § mm Nmm-Zrad-!
WlA4-6 | O 8233 8.96 ;1.067 | 1.595 1774 425 0.396 | 621
WIB4-6 | 45 | 13.54% 8.74 | 1.093 | 2.244 | 806 647 0.296 | 899
W1C4-6 | 90 8.16F 7.98 0945 | 1.502 | 586 611 0.375 | 587

F1A 4-6 0| 821§ 7.66 |0.871 |1.340 j437 334 0.404 | 392
FiB4-6 | 45 | 1297 6.65 {0.794 | 1.609 | 572 534 0.282 | 564
FiC4-6 { 90 6.704 7.26 10.827 | 1.358 | 333 314 0.466 | 347

Iable 3.3 Rotational stiffness moduli with plastic Ty, in loading direction § = 0°

Test 0 | Kpreg | 04 | 16 Tvp || Konpl Kol Simod | Kept
piCCCS N/mm® kN Nfmm? N/mm? | Nmm-Zrad’! | Nmm%rad! | mm Nmm-2rad-!
WI1A 4-6 0 8.23F 896 11.067 {1.063 | 516 283 0.396 {414
WIB4-6 | 45 | 13.547 8.74 | 1.093 | 1.403 504 404 0.296 | 562
WI1C4-6 | 90 8.16] 7.98 |[0.945 | 1.001 | 391 407 0.375 | 392
F1A 4-6 0 8211 7.66 |0.871 | 0.893 § 201 223 0.404 | 261
FiB4-6 | 45 | 1297§ 6.65 |0.794 | 1.016 § 362 338 0.282 | 356

F1C4-6 |90 | 6.70] 7.26 |0.827 |0.905 | 222 209 0.466 | 231




The rotational stiffness moduli K, were much higher than the K, values determined
by the vertical gauges in shear tests loaded in B = 23° direction (mean value was 5.5-
times higher). The stiffness moduli Kq, calculated from the total shear slip were about
15 % lower than X, values. Calculated K, moduli were generally almost same than in
loading direction B = 0° (between mean values the difference is only 1 %).

Table 3.4 Rotational stiffness moduli with elastic Ty in loading direction = 23°

TF:SI o KF.red 0‘4Fmax e Tiel Kq».h.e! ch,v,cl Si.mod Kwﬂ
pieces N/mm3 § kN N/mm? | N/mm? | Nmm-2rad'! | Nmm-2rad-! | mm Nmm-2rad!
W2A 1-3 | 0| 14.57F 9.16 | 1.080 | 1.629 § 0.00202 | 807 0.309 | 551
W2B 1-3 | 45 | 17.60§f 7.86 {0.983 | 2.021 | 0.00220 | 919 0.241 | 847
W2C1-3 | 90 | 14.23) 8.44 |0.999 | 1.587 | 0.00192 | 828 0.283 | 623

F2A 1-3 0| 1513 8.24 10.936 | 1.441 | 0.00363 | 397 0.368 | 330

F2B 1-3 | 45 | 1625 7.81 {0.932 | 1.888 | 0.00356 {531 0.293 | 593
F2C1-3 | 90 | 15.02] 8.27 10940 | 1.445 § 0.00311 {465 0.314 | 429
Table 3.5 Rotational stiffness moduli with plastic Ty, in loading direction f§ = 23°

T_CS‘ o | Kprea § 04F 00 | 10 TMpl Kot Kol Oimod | Kogl
pieces N/mm3 § kN Nfmm? N/mm? | Nmm2rad! | Nmm2rad-l § mm Nmm %rad-!
W2A 131 0§ 1457 9.16 | 1.089 | 1.086 | 0.00202 | 538 0.309 | 367
W2B 1-3 1 45 | 17.60§ 7.86 [0.983 | 1.263 | 0.00220 | 573 0.241 | 529
W2C1-3 |1 90 | 14233 8.44 |0.999 | 1.058 | 0.00192 | 552 0.283 | 415

F2A 1-3 0 | 15.13] 824 [0.936 |0.961 | 0.00363 | 265 0.368 | 220
F2B1-3 | 45 | 16254 7.81 |0.932 | 1.195 } 0.00356 | 336 0.293 | 375
F2C1-3 | 90 | 15.02F 8.27 10940 | 0.963 | 0.00311 | 310 0.314 | 286

The lowest K, stiffness was obtained in B = 45° direction. On the other hand X,
moduli had clearly higher values than in the loading direction B = 0° or 23° The
stiffness moduli K, (B = 45°) were however about 10 % higher than those in grain
directions (B = 0°) calculated from the total slip.

No sensible values were obtained for the rotational stiffness K,,, when the test pieces
had been loaded perpendicularly to the grain § = 90° (some values would be even below
zero). The stiffness moduli K, calculated from the measured total slips were however at
the same level than in other tests except for series W4B (o = 45°) where the rotational
stiffness was highest of all results.




Table 3.6 Rotational stiffness moduli with elastic Ty in loading direction [ = 45°

T_eSt ¢4 KF,red 0'4Fmax TF T‘M,e] Ktp.h.el K@,v.el ai.mod Kq;,el
pieces N/mm? § kN Nmm? | N/mm? § NmmZrad! | NmmZrad'! § mm Nmm-2rad-!
W3A 1,2 | 0] 15.65] 825 |0.983 | 1.469 ¢ 570 1305 0.2337 | 734
W3B 1,3 | 45 { 16.80] 7.26 (0909 | 1.865 § 819 1896 0.2136 | 961
W3C2,3 | 90 | 15507 838 [0.991 1578 §419 3210 0.2607 } 665
F3A 1-3 016571 7.66 |0.869 | 1.339 { 351 839 0.2633 { 473
F3B1-3 | 45 | 17.80] 7.48 | 0.893 | 1.809 | 322 1209 0.2776 | 571
F3C1-3 | 90 | 16.45f 7.51 }0.850 | 1.312 | 213 947 0.3275 | 328
Table 3.7 Rotational stiffness moduli with plastic Ty, in loading direction B=45°

T'eSt o KF,red 0'4Fmax Tr Tmpl Ktp.h,pl Kq:.v.pl 8i.mod K'P-P]
p1eces N/mm? § kKN N/mm® N/mm? §| Nmm-2rad! | NmmZrad’! | MM Nmm-2rad-!
W3A L2 | 0} 15.65] 8.25 |0.983|0.979 || 380 870 0.2337 { 489
W3B 1,3 | 45 | 16.803 7.26 |0.909 | 1.164 || 512 1185 0.2136 | 601
W3C2,3 | 90 | 15505 8.38 10.991 | 1.052 | 279 2140 0.2607 | 443
F3A 1-3 0| 1657 7.66 |0.869 | 0.893 || 234 559 0.2633 | 315
F3B1-3 | 45 | 17803 7.48 [ 0.893 | 1.144 | 204 765 0.2776 | 361
F3C1-3 | 90 | 1645] 7.51 }10.850 | 0.875 | 142 631 03275 | 219
Fable 3.8 Rotational stiffness moduli from total slip in loading direction B = 90°

Test o KF.red 0‘4Fmax g TMet tM,pi 8i.mod Kq:.el K‘P,P[
pieces N/mm? | kN Nfmm? | Nfmm? | njmm? § mm Nmm2rad! | Nem-2rad!
W4A 1-3 | O 8.56) 7.12 [ 0.850 ] 1.263 | 0.842 §0.2929 | 723 482
W4B 1-3 | 45 | 13.80] 7.80 [0.975 12.003 | 1.251 § 0.1824 | 2638 1648
w4C 1-3 | 90 8.03] 8.36 |0.991 |1.574 | 1.049 } 04299 | 482 321
F4A 1-3 0 8587 7.03 {0.799 {1.229 | 0.819 | 0.3960 | 328 219
F4B 1-3 | 45 | 13,55} 6.82 | 0.814 | 1.648 | 1.041 || 0.2765 | 590 373
F4C1-3 | 90 87610 7.33 |0.834 | 1.281 | 0.854 | 04625 | 264 176




Rotational stiffness constant ¢ [Nmm2rad-1]
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Figure 3.5 Rotational stiffness constantsi ¢, calculated from the total shear slip.

3.3 Conclusions from shear tests

Following conclusions may be drawn based on the analysis of shear test piece results:

The rotational spring stiffness moduli may be calculated from the measured total
shear slips of the joint line in all ¢« and P directions. Measurements from the joint
line ensures that the analysis is not distorted by local wood anisotropy.

When loading direction is not parallel to the grain (B # 0°) the measurements by the
gauges between nail plate and timber member are not reliable for determination of
rotational stiffness, because the deformations in wood perpendicular to grain may
mix the result.

The shape of the effective nail plate area has a significant effect on the measured
rotational stiffness modulus. The highest values are obtained for the triangular plate
shapes (o = 45°), because the T, stress is relatively high in the farthest corner of the
triangle. The lowest rotation stiffness moduli are obtained when the effective
anchorage area is square.

The angle a itself has no significant effect on the rotational stiffness. Highest
stiffness was obtained in direction o = 45° (generally about 1.5-times higher value
than in direction o = 0°) mainly because the shape of the plate area was triangular. In
direction o = 90° the rotational stiffness is generally only slightly lower than in
direction ¢ = 0°,

The angle B has only small effect on the rotational stiffness; the lowest and almost
similar values are obtained in directions § = 0° and B} = 90°.
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4. ROTATIONAL STIFFNESS IN BENDING TESTS

The rotational stiffness in anchorage have been determined from bending test pieces of
KYRKJEEIDE, AUNE & AASHEIM (1992). The test series presented in paper CIB-W18
26-xx-x have been analyzed here (three series with 10 test pieces in each). The location
of measuring gauges is shown in Figure 4.1. The rotation angle with the moment has
been calculated from measured deformations by KYRKJEEIDE., The rotation angle -
moment dependences of test series 2 are shown in Figure 4.2.

300
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¥
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Figure 4.1 Locations of measuring gauges between nailplate and timber in bending
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Figure 4.2 Rotation angle versus moment dependences of test series 2 (KYRKJEEIDE).
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The rotational spring stiffness moduli (K ) have been solved according to equation (3.3)
both by the elastic and plastic moment anchorage stress Ty The calculated rotational
stiffness moduli are shown in Table 4.1.

Table 4.1 The rotational spring stiffness moduli of bending test series in anchorage.

Test 0.4Mpe 104 Ty ne | Bimoa Kol L
series kNm N/mm? rad N/(mm? rad) | NAmm? rad)
2 0.336 2.78 0.00565 | 492 328
7 0.388 3.22 0.00584 | 551 367
8 0.392 3.25 0.00553 | 588 392

The values are at the same level as the results in the shear tests with FIX- and W-
nailplates. As a conclusion: the rotational stiffness in anchorage seems to be the
same in both bending and shear tests.

5. PROPOSALS FOR STANDARD TESTS OF ROTATIONAL STIFFNESS
1 i n i re fi rminati i iffi

- The rotational stiffness for the actual type of nail plate shall be determined by shear
test loading parallel to the grain (B = 0°) in loading directions o = 0° and o = 90° (&
is angle between the force and the main direction of nail plate). The obtained mean
rotational stiffness of these test series will be given for the rotational spring stiffness
modulus of the actual type of nail plate.

- Five (5) test pieces in both series shall be tested in accordance with CEN/TC
124.116 and EN 26891.

- The shape of nail plates (bx a): =0 b=1.0-1.5a, ¢=90%a=1.0-1.5D.
- The size of the nail plate is chosen so that the failure mode will be anchorage.

- The total shear slips shall be measured continuously from both sides of the test piece
(Figure 5.1).



i3

- The tension tests series (B = 0°) with five (5) test pieces in loading directions o = 0°
and o = 90° shall be done in accordance with CEN/TC 124.116.

- Timber members shall be the same as in the corresponding shear tests.

- The deformations shall be measured continuously across the joint line from both
edges of the test piece (Figure 5.1).

- The analysing points of each test: 0.1 F_,, and 0.4 F_,,, (at initial loading phase)

=> calculation of the modified initial deformation 9§, 4

=> calculation of the "force" slip 8 (with measured K ,o-stiffness of tension tests)

=> from difference (0, .4 - O5) the "rotation" slip Spg

=> the rotation angle 6, ., by equation 3.7

=> the rotational spring stiffness modulus K, by equation 3.3

- Calculation of the mean values of the rotational stiffness moduli for both test series
(ax = 0° and o = 90°),

- The obtained mean rotational stiffness of these test series is given for the rotational
spring stiffness modulus K, ., of the actual type of nail plate.

h for rotational sti Tension tests for Ki. s and Ke o

r 1

NN

Measuring gauges

L Measuring gauges
on the both sides

YF

Figure 5.1 The test pieces and measuring arrangements of rotational and translational
stiffness moduli.
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5.4 Rotational spri i£ juliin desi

The rotational spring stiffness modulus K, is calculated by the elastic moment
anchorage stress Ty, If the plastic method is used in design the given rotational
stiffness modulus is divided by factor 1.5.

The rotational spring stiffness moduli are used in design like the slip modulus in
EUROCODE 5 (page 95): K, = 2K 1 /3 5 Ko in = Koo/ (1 + Kgeg)
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In Noréns simplification the "diagonal” length d is calculated from

d=2Vz2+z2 2.3)
1 +c/a + (c/a)?
Z,= -a/3 (2.4)
1+c/a
1+2c/a
zy = ———————— b/3 2.5
1+c/fa

In case ¢ = 0 (triangle) d = 2/, Va2 + b2

In case ¢ = a (rectangle) d =V a2 + b2 i.e. d is the diagonal.

c g
</
=~
\
CG ~
h N ~~
Zy a
a
Figure 2.1 Diagonal d in trapezoid, triangle and rectangle shapes.
3. THEORETICAL BACKGROUND
The moment My, from stress Ty in surface dA: Act
MdA = TM'dA‘f (3 I)
MY o s

When stress Ty is constant in the whole area A ¢

r
Acr Acr @
My=ftyrdA=1,frdA (32 dA




where Act
[rdA=W, (3.3)

When the torsional section modulus Wp is written to the form:
W o= Ad/4 (3.4

the theoretical exact value for the symbol d is:

Acf
d=(4/Ay [rdA (3.5)

Symbol d is not theoretically the general geometric length of different surfaces. It is
taken into use only for the simplification to be more illustrative. The exact value of d
may be determined in most cases only by the numerical integration with a computer.

For the circle surface it is easy to calculate:

A
M, =[tyrdA=2nR31,/3 (3.6

With symbol d:

My=YtyAd (3.7
From (3.6) & (3.7):

d=8R/3 (3.8)

4. COMPARISON OF NORENS METHOD AND ACCURATE
PLASTIC THEORY ‘

In Noréns method d is assumed to be the length of the "diagonal” of the effective area.
Design is always on the safe side in the cases of rectangle, triangle or quadrilateral
surfaces. The differences between the theoretical values of d (3.5) and this Noréns
simplification are shown in Figure 4.1. The theoretical values are calculated by
numerical integration. The theoretical and simplified W, values of different surfaces are
shown in the following examples.



Example 4.1 Square et N
RN 2N
Wy aquareagprox = Ady /4 = 4.3/ 8 A=1/2d, ‘.
! '-‘
Circle which has the same W,: i y B=039d: 1 )
o i
2nR¥3=4d58 => R=0.3914, Y $
According to the equation (3.8): R =0.375d o PN

~
- -
-----------

=> simplification by square is on the safe side.
Theoretically (by computer) the exact value with the square (d = diagonal):
W, theor = 0.135 d3 => Woeor/ W approx = 1.08

Noréns simplification by the square surfaces is 8 % on the safe side.

Example 4.2 Rectanglea= 10b

Wi aoprox = Ad/4 =0.02512 27

W = ().02522 a3

p.theor b d

Wi/ W, = 1.004 a=10Db

When a >> b => Noréns simplification is approaching the theoretically exact value of d.

Example 4.3 Trianglea=b
W approx = A d/4 =0.1179 a? .
Wp.[heor = 0.1513 a3 d
Wi/ Wy, =128 => 28 % congervative.
a=b

Example 4.4 Triangle a =2b
W approx = A d/4 =0.0466 a’

b d

W heor = 0.0584 22

WP-!/WP-a =]1.25 => 25 % conservative.



Example 4.5 Triangle a = 10b

I e

Wotheor = 0.009996 a° a=10b

Wo /W, =119 => 19 % conservative.

Example 4.6 Quadrilaterala =b=2¢ >

Wi approx = Ad/4 =0.2215 a?

d
W, peor = 0.2584 2 b
W/ W, =117 => 17 % conservative.
a=b=2¢

Whp,theor / Wp,approx
1.3

{ maximal difference 1.28

0.9 : |
0 05 1

b/a
Figure4,1 Summary of relations between accurate plastic theory and simplification
by Norén.



5. OTHER EFFECTIVE AREA SHAPES

The simplified calculation method of plastic W, presented by B. Norén is limited only
to the rectangles, the right-angled triangles or the quadrilaterals where two angles are 90
degrees. Trussed rafters have usually many joints that have also other shapes of the
effective nail plate area. Some of these cases are shown in Figure 5.1.

Figure 5.1  Shape examples of the effective area where the plastic W, may not be
solved by Norens simplification.



A proposal for calculating the length d for polygons and other shapes of the effective
nail plate area:

The surface is replaced by the rectangle that has the same area. The height of the
rectangle is same as the height of the original surface perpendicular to the longest side.
Diagonal d is calculated for this fictional rectangle.

This is formulated:

d=vV (A /h2Z+h?, (5.1)
where h is the maximum height of surface perpendicular to the longest side.

This solution is always on the safe side. The biggest difference from the theoretical
value is obtained with very oblique parallelograms, where the lengths of all sides are
same. The examples of different surfaces with the fictional rectangles are shown in

Figure 5.2.

I
ongest side 1 '
fe- E

Figure 5.2 Examples of different surfaces with the fictional rectangles.



The simplification (5.1) may be used for all shapes of effective nail plate area. In the
case of rectangle areas it gives exactly same result as Noréns method. With triangles
and quadrilaterals this solution (5.1) is very close to the results of Noréns simplification
(Examples 5.1 - 5.4). The height of the fictional rectangle is determined perpendicular
to the longest side. The use of some other height may lead to unsafe result (Example
5.5). The use of the height perpendicular to the longest side is always on the safe side.
The theoretical situation where the longest straight side is as short as possible is circle.
This method is still about 5 % conservative compared with the circle surfaces (Example
5.6).

Example 5.1 Quadrilaterala =b = 2c

By Noréns method:

dy=1.181a

By proposal method (5.1):

d'=1226a

dy/d' = 0.963

d' is 4 % bigger than the value of Noréns method => W,, is bigger => Ty is smaller =>
safety level is 4 % smaller. However, this solution is still 13 % conservative compared
with the theoretical value.

Example 5.2 Quadrilateral a = 2b = 2¢

dy =0.8958 2

d'=0.9014a

dy/d’ = 0.994

=> Difference is only 0.6 % !

a=2b=2C



Example 5.3 Trianglea=b

dy =0.9428 a

d' = (1.0000)a

dy/d' = 0.943 T L Aob
\\‘./I

6 % smaller safety level than by Noréns method, but still 22 % conservative.

Example 5.4 Triangle a=2b
&
dy =0.74542 P
< b
d'=0.715%a
d/d’ = 1.041
4 % more conservative than Noréns method. RANGY g
"
~4

dy =0.7454a

d"=1.0308a

=>d" = 1.38 dN =1.11 dexact

the d"-value would be on an unsafe side. The height of the fictional rectangle (h)
must be determined perpendicular to the longest side (as in Example 5.4), then the
result always is on the safe side.

Example 5.6 Circle.

Qexaa = 8/3R bo2R

d' = (nR?/2R)2 + (2R)2 =2.543R

Qerae/ @' = 1.049 => simplification is 5 % on the safe side.
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6. CONCLUSIONS

The comparison between Noréns simplification and the accurate plastic theory shows
that Noréns method is always on the safe side in determining the plastic Ty anchorage
stress of nail plate joint areas. With the rectangle shapes of the effective nail plate areas
Noréns method is 0..8 % conservative. The biggest difference (28 %) from the
theoretical solution occurs in the case of right-angled triangles where the sides are
equal. Difference between the theoretically and approximately calculated Ty stresses
seems to be relatively high in some cases. The effect to the design result however is
quite small as the Ty, stress is only one part in the anchorage design criteria. Usually the
T stress has a bigger effect on the anchorage design.

Due to Noréns methods limitations, the new alternative approximate solution is
presented. The nail plate surface may be replaced by the rectangle that has the same
area and height perpendicular to the longest side as the original surface has. The plastic
anchorage stress Ty, may then be calculated for this fictional rectangle. This method is at
the same safety level as Noréns method and it is easy to use. The new method and its
formulation suit very well together with the rules of the plastic Ty anchorage design to
be included in design codes.

7. REFERENCES
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ABSTRACT

2 testing apparatus with computerized data acguisition and
control system was developed to test metal-plate-connected (MPC)
wood~-truss Jjoints. The apparatus enabled testing of several
different types of joints under various loading conditions without
major modifications. The apparatus shows potential as an efficient
testing procedure to assess joint behavior.

INTRODUCTION

The structural performance of MPC wood~truss joints has
received extensive research attention in the last 20 years (Wolfe,
1990). However, most of the research has been focused on the
performance of tensile joint and that too under axial lcads only.
Tensile joint under combined loads, and structural performance of
other joints (e.g., heel and web joints) under realistic loads,
have received little or no attention.

Testing of MPC joints has been a part of almost all the
studies. Table 1 summarizes most of the available literature on
testing of MPC joints. Almost all the work has been focused on
tensile joints under uniaxial loads. Some recent work has been
done on other joints (Gupta, 1990), and under combined lcading
conditions {Gupta, 1993 and Wolfe, 1990).

There are several standards (Table 2) that provide testing
procedures for MPC Jjoints to determine their structural
characteristics. However, no standard exists for testing actual
(different configurations) MPC wood-truss Jjoints under simulated,
in-service, 1loading (e.g., combined bending and tension)
conditions. A standard is required to determine structural
characteristics (strength, stiffness, failure modes, etc.) of
actual MPC wood-truss Jjoints which is directly relevant to truss
design. Currently used specimens in different standards is not the
most efficient for this purpose and that we should instead be
testing actual truss joints (Quaile and Keenan 1979; Lau 1987).

A test apparatus that allows testing of different MPC joints
and that simulates the in-service loading conditions on joints was
developed and constructed. The testing apparatus enables testing
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of several different types of Joints under various loading
conditions without major modifications. The development of this
testing apparatus may also lead to the standardization of wood
joint testing and design of new connections. The apparatus shows
potential as an efficient testing procedure to assess Jjoint
behavior.

TESTTING APPARATUS

The testing apparatus consists of a horizontal, rigid, steel
frame (box section) bolted to the floor at several places to
restrict its movement (Figure 1). The test frame is shaped as a
half of a hexagon. This shape allows placement of numerous
different configurations (e.g., heel and web joints at different
angles) of actual MPC wood-truss Jjoints for testing. The test
frame, along with test specimens, supports reaction fixtures,
links, restraints and hydraulic cylinders.

In-plane member forces were simulated by applying a force
through hydraulic cylinders along the members. A systenm of
calibrated force transducers measured the forces in the nmembers
that formed the joints. A electronically controlled hydraulic
pressure control valve allowed close control of the pressure in the
cylinder and, thereby, the forces exerted by the cylinders.
Several displacement transducers monitored the displacement of the
test specimens. Load-displacement information was collected and
stored in a computer. The loading rate was chosen so that failure
will occur in about 12 min. This is consistent with the ASTM D1761
recommendation that failure should occur between 55 and 20 min
after loading (ASTM, 1988). Furthermore, this procedure provides
a sufficient number of reading to determine the load-deflection
curve.

DISCUSSION

Three types of joints were tested with the newly developed
apparatus: heel, tensile and web joints. Tensile joints were under
pure axial tension, pure bending and at four levels of combined
tension and bending. The combined loads were applied as an
eccentrically applied load with four different eccentricities: 13
mm, 25 mm, 38 mm and 51 mm. Heel joints were tested by applying a
compressive force at the top chord. Web joints were tested by
applying a compressive force to one of the web members and a
tensile force to the other. The details of the joint testing are
given in Gupta and Gebremedhin (1990). All joints were tested to
failure, and their load-displacement characteristics and failure
modes were recorded.

The average axial load capacity and average moment capacity
for all six loading cases of tension joint are given in Table 3
along with failure modes. The axial capacity of the joint goes
down {about 25%) as moment on the joint increases (Gupta 1993}.
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The relationship between applied load and joint displacement for
tension splice, heel and web joints are shown in Figure 2. All
test exhibited a nonlinear relationship between load and
displacement. Figure 2 shows that the behavior of heel joint can
be characterized as ductile. The behavior of web and tension joint
can be characterized as brittle.

The system provided a method of loading that was consistent
with in-service loadings. 1In this particular set of MPC ‘joints,
the characteristic failure traits were identified, e.g., the most
common mode of failure for web joints was teeth withdrawal at the
tension web member. Heel joints failed mainly by teeth withdrawal
at the bottom chord. For other connection designs, the failure
mode could be gquite different.

SUMMARY

A testing apparatus to test actual MPC wood-truss joints is
described. The apparatus and test procedure provide a method to
properly evaluate (structural characteristics) in-service types of
loadings and design alternatives. Further work is needed to
standardize the test apparatus and procedures.
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Table 1. Available literature on testing MPC joints.

JOINTTYPE | " TYPE OF LOADING . |

LUMBER.

U USIZEC

Tension Joint Uniaxial Tension. Tearing failure of 2X4 Misra and Esmay 1966
the plates
Tension Joint Tensile 2X4 Suddarth et al. 1979
Tension Joint Tensile Withdrawal of teeth | 40x90 mm Hayasht and Sasaki 1982
and plate tension
failure
Tension Joint Combined bending and 2x4 Wolfe 1990
tension, Pure axial tension
and pure bending
Tension, heel, web joints Simulated actual loading 2x4 Gupta 1990
Tension Joint Axial compression 2x4 Kirk et al. 1989
Standard splice joints and Tensile Tooth withdrawal McCarthy and Wolfe 1987
Non standard joints (95%)
Four CSA Configurations Tension 2x4 McAlister and Faust 1992
Four CSA Configurations Tension 2x4 McAlister 1989
Tension and shear joints at | Tension and shear 2x4 Gebremedhin et al. 1992
different angles
Heel joints Not along members Several different 138x235 mm | Lau 1987
Shear joint test types of failures 35x89 mm
Splice joint Ramp, tension, creep tests 2x4 Palica 1985
Tension joint Axial tension 2x4 Crovella and Gebremedhin 1990
Tension joint Pure bending 33.50r Noguchi 1980
44,5x150 mm
Tension joint Axial tension 2x4 Beineke and Suddarth 1979
High capacity tension joints | Tension 2x4, 2x6, Heard et al. 1988
{blocked chord splices) 2x8
Tension joint and others Dead tension load 34x88 mm Tokuda et al. 1979A
Tension joints and others Repetitive tension load Tension fatigue, 34x88 mm Tokuda et al. 1579B
withdrawal
Tension joint Cyclic reversed and non- Teeth Pullout, teeth | 40x97 mm Hayashi et al. 1980
reversed loading shearing at the root
Tension joint, shear joint Tension Shear Kanaya 1983
4 configurations of shear Shear, Bending 2x6 Reynolds 1988
ridge joints
Tension joints Axial tension, pure 2x4 Maraghechi and Itani 1984

bending, shear test




Table 2. Standards used in testing MPC joints

Standard

Remarks

ASTM D1761
CSA S347-M1980

ISO 8969

MOAT No. 16
RILEM/CIB 3TT

TPI-85

only tension joint, uniaxial tensile load
four load to grain configurations

load-slip characteristics of contact surface
of plate and timber: (a) load parallel to
grain (four configurations), (b) load
perpendicular to grain {two configurations),
same as ISO 8969

same as ISO 8969

tension test




Table 3. Average test results for metal plate connected tension splice joint tested under different Joading

conditions,
Average
Average axial Moment
Loading Number | Load Capacity Capacity
Case of tests Ibs (CV) lb-in (CV) Failure mode
Axial tension 8 6305(10%) 0 Tooth Withdrawl/Wood Failure
Combined loading
(axial tension & bending)
e = 1/2" 6 5940(8%) 2970 Tooth Withdrawal/Wood Failure
e=1" 6 5449(23 %) 5449 Tooth Withdrawal/Wood Failure
e = 1-1/2" 6 5176(11%) 7764 Plate Tension Failure/Tooth
Withdrawal
e = 2" 6 4711(13%) 9422 Plate Tension Failure/Tooth
Withdrawal
8 0 10943(13%) Plate Tension Failure/Tooth

Pure bending

Withdrawal/Wood Failure

e. eccentricity
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SIMULATED ACCIDENTAL EVENTS ON A
TRUSSED RAFTER ROOFED BUILDING

C J Mettem and } P Marcroft
TRADA Technology Limited, United Kingdom

INTRODUCTION

As discussed in previous papers submitted by the authors to CIB W18 (1) (2), work has been in hand for
several years to addrees the issues arising from the ideal that timber structures should be planned and
designed in such a way that they are not unreasonably susceptible to the effects of accidents. In 1989, a
preliminary paper was submitted (1), stating the problems in general terms, and suggesting that they are
of concern to designers irrespective of whether timber or other materials are concerned, and also
fundamentally irrespective of whether national or European-wide codes are to be followed. Potential
disadvantages for timber were foreseen, if the fulfilment of such principles were to be deemed to be
satisfied in certain ways. Naturally, this was of greatest concern to the authors with respect to the
Approved Documents to the Building Regulations, which are published by the Department of the
Environment in the UK, and which specifically issue guidance on "disproportionate collapse” in this
context. However, it was realised that there were wider implications and that the subject is of more general
1nterest,

A second CIB paper on the subject, presented in 1990, elaborated upon the way in which regulatory
requirements were developing. It also described, with reference to a specific form of roof construction,
ways in which the "disproportionate collapse" requirement might be inferpreted in terms of the acceptable
extent of damage, after an accident. The form of timber roof construction evaluated in this paper was
parallel framed construction, where distinct principal beams, plus purlins and bracing existed. Two
requirements were brought to the attention of the designer. Firstly, that of ensuring that in the event of
a local failure of a primary frame, then the adjacent primary frames would not be dragged down.
Secondly, the need to ensure that the undamaged areas on either side of the damaged zone would retain
sufficient stability to remain standing.

Fortunately, and possibly in part as a consequence of this work, the more recent editions of the Building
Regulations Approved Documents (3) have included revised guidance on the acceptable extent of collapse
in the event of a local failure in a roof structure or its supports, for low rise public buildings. This
guidance can be met with reasonable economy by well-designed versions of existing timber engineered types
of building and detailing.

The ENV version of EC5 (4) has also adopted the principle of requiring design against the eventuality of
collapse.

One of the fundamental requirements of the basis of design given in EC5 states:

" A structure shall also be designed in such a way that it wili not be damaged by events like
explosions, impacts or consequences of human errors, fo an extent disproportionate to the
original cause.”

However, in spite of the prominence of this principle, little or no detailed guidance is provided.

Whilst the work by TRADA Technology Limited in earlier years of the project focused upon the parallel
framed structures mentioned above, it was evident that, for reasons of commercial economics, 1t would be
important to include consideration of trussed rafter roofs. These occupy such a large proportion of the
market for non-domestic roofs in the 9 to 15 metres range, that the project would have been incomplete
if no account had been taken of them. It was felt necessary 1o address the assessment of the reaction of
trussed rafter roofs to accidental events by experimental means rather than analytically, as explained below.



This paper describes a full-scale testing programme which simulated accidental events on a trussed rafter
roofed building. The chosen configuration was a single-storey structure, 12 metres by 10 metres in plan,
and containing no internal walls. Six “accidental events” were simulated on the building. The paper
appraises the structural contributions made by various components of secondary construction, such as
battens, bracing and the tiling layer. Finally, the paper addresses the question of whether the building met
the requirements lying behind the principle stated in EC5, and also whether it was deemed satisfactory in
the terms stated in the Building Regulations for England and Wales.

THE REQUIREMENT

In the UK Building Regulations, there are distinct requirements for designers to avoeid the consequences of
disproportionate collapse. For legal reasons, these apply in the precise form discussed here, only to
England Wales. However, similar interpretations tend to be required eisewhere in the UK, where
reguiations are less prescriptive.

For those parts of a public building, shop or shopping mall having a roof with a clear span exceeding nine
metres between supports, the regulations require that the building shall be constructed so that, in the event
of failure of any part of the roof, including its supports, the building will not suffer collapse to an extent
disproportionate to the cause. For & buiiding of a type similar to that which was tested in the experiments
described in this paper, this would mean that if a failure were to occur in the first instance within the part
of the roof supported on timber framed wall panels, then any extension of the collapse to other parts of the
roof supported on masonry walls, would be unacceptable.

RATIONALE FOR TESTING

It was decided to undertake testing upon trussed rafier roofs, which are frequently used for non-domestic
public buildings of the type described above, rather than dealing with the problem analytically, for the
following reasons:

1. Trussed rafter roofs of 9 to 15 metres span are being employed in significant guantities for public
buildings, and this is a trend which is likely to continue. Hence, they are of great economic
importance.

2. There are considerable difficulties in assessing the likely performance of a trussed rafter roof after

a structural accident by analysis alone, since there are a number of indeterminate factors, several
of which are descnbed in a little more detail below.

3. Such types of trussed rafter roof cover a reasonably restricted span range, and contain a number of
frequently repeated principles and details. Hence, it was reasonable to suppose that, by
demonstrating the considerable robustness of certain forms of trussed rafter roof construction in a
"typical” test structure, then it might be accepted that the findings would apply to such roofs within
and throughout the normal non-domestic building range. It should be emphasised that this comment
is restricted only to buildings of a jow rise, to which the particular subdivision of the regulations
concerned was also restricted.

Some of the analytical difficulties that were perceived are as follows:

1. Trussed rafter roof construction in Britain has evolved to include certain forms of diagonal bracing,
and also "chevron” bracing, which forms a crude type of canted longitudinal trussed girder. Such
types of bracing are not always continuous across and along an entire reof. Hence, in certain zones,
the roof framework as a three-dimensional structure, is stiffer than in other zones, making for a
difficult analysis.

2. Wall plates and other minor roof members such as tiling battens, contribute directly to the
performance of the framework, in a way that is difficult to quantify, but that is greater in practice
than 1n theory. Furthermore, they also provide the links for several important load paths, and thus
cannot simply be omitted from analyses.



3. Even less quantifiable are the beneficial effects provided by roofing members such as felt heid by
battens and/or sarking (if any), and by the tiles themselves, which can lock together and resist
horizontal actions in certain types of accidental situation (other than seismic events).

4. Tiling battens, which, as explained under 2 above, should be included in the analysis, can have a
considerable variety of spanning and continuity arrangements, even in one particular roof.

3. Some of the bracing members, as well as being incomplete in certain zones of the roof, would have
to be treated in an analysis as canted members of very slender cross section; a complex buckling
design problem,

It was felt that a potentially beneficial effect of trussed rafter roof construction existed in the form of the
continuity of the secondary longitudinal roof construction. Although the items comprising this continuity,
such as tiling battens and bracing, mentioned above, would be difficult to assess purely by analysis, it was
felt likely that they would lend considerable robustness to the roof when compared with, for example,
simple single-span timber purlins between parallel frames, with discretely placed diagonal bracing. Hence,
it was felt likely that there would be a successful outcome to a series of tests on a full-scale trussed rafter
roof.

As mentioned above, this form of non-domestic trussed rafter roofed building tends to exhibit certain
common characteristics, which were studied in order to ensure that a representative test structure could be
planned with reasonable economy. Common features included the following:

1. Span range: Minimurm span for Building Regulations disproportionate collapse reguirements, nine
metres. Spans above fifteen metres uncommon for the types of smaller public building concerned.

2. Pitch range: Pitches between 17° and 30° considered usual.
3. Spacing: A spacing between trussed rafters of 600mm almost invariably used in the UK.
4. Roof cladding: Interlocking tiles, usually of concrete, are common. These are supported on small

battens, typically of 25mm by 38mm section.

5. Bracing: Diagonal, "chevron” and longitudinal bracing tends to be an extrapolation of domestic
trussed rafter roof construction. In addition, horizontal "wind girders”, fabricated by means of
normal trussed rafter manufacturing equipment. tend to be added at eaves/ceiling tie level, when
required in buildings of larger than domestic scale.

TEST OBJECTIVES

Two objectives were clearly identified for the planned series of tests which were intended to simulate events
on a full-sized mock-up of a non-domestic trussed rafter roofed building. These objectives were as follows:

1. To simulate a series of accidents, representing the removal of a major portion of an external load-
bearing wall of the building and, having done this, to examine the extent of the consequent roof
collapse, judging whether it could be deemed 1o have collapsed to an extent disproportionate to the
cause of the failure.

2. Assumning that total collapse would not occur during the early simulations, it was planned to evaluate
the contribution (o the overall robustness of the structure brought about by secondary elements of
construction, such as bracing and roof claddings.



DESIGN OF TEST BUILDING

It was envisaged that it would be possible to design and build a full-sized mock-up test building in such a
manner that about four or five alternative sets of details could be incorporated, with repeated simulated
“accidental events”. It was considered inadvisable to hope for a greater number of test replications than
this, since damage would be likely to accumulate, particularly in the masonry parts of the structure.
Clearly it would have been desirable to incorporate a greater variety of constructions, and the choice had
to be made very selectively.

Common features of Jow rise non-domestic trussed rafter roofed buildings of the type considered were
described above, in terms of span and pitch ranges, spacing, roof cladding and bracing types. Within this
spectrum, the following choice was made.

Masonry support walls were used, consisting of a single leaf of 100mm thick concrete blockwork. In
reality, cavity wall construction would be more common, but the single skin was chosen for economy, with
& reduction in height compared with a double wall, to retain a comparable stiffness.

The building had plan dimensions of 12 metres length by 10 metres span. Its roof contained duo-pitch
trussed rafters, running parallel from gable to gable, an extremely common arrangement. The building was
of an "empty box " configuration, with no internal walls present to provide alternative load paths, following
the occurrence of the "accidents”. This arrangement was selected in order to create a worst case situation
in a single-storey trussed rafter roofed building of this nature.

The trussed rafters were of fink configuration, with 25° pitch. Design followed the recommendations of
BS 5268 : Part 3. They were fabricated from M75 timber and 20 gauge nailplates. They were Jocated at
the usual spacing of 600mm. The top chord cladding comprised interiocking tiles on felt and battens, which
is the commonest cladding type used in conjunction with trussed rafters. The battens were a conventional
size of 25mm by 38mm.

Galvanised steel holding-down straps were inserted in the support walls to resist the uplift of the roof under
high wind Joads. Again, this was an adverse situation, since in practice cavity or other more substantial
wall constructions would be common. The gable walls were tied into the roof in the conventional manner,
using timber blockings and packing, in conjunction with galvanised steel straps hooked around the external
face of the gable wall. The wall plate was 50mm deep by 100mm wide. It was end-jointed using half-lap
Joints at typical locations. A 10mm wide gap down the full heipht of the wail was incorporated at mid-
length of the 12-metre jong wall.

A removable wali panel, discussed in more detail bejow, was incorporated in the length of one 12-metre
long wall. This was constructed using conventional timber framing technigues, but with added stiffening
rails, to resist the forces of sudden removal. Between the simulated accidents, the removable pane] was
structurally secured to the adjacent blockwork.

The design loads used to size the 10-metre span trussed rafters which were incorporated in the building are
shown in Table 1. The following data were also used:

Wind: Basic wind speed 40 m/s
Ground roughness 2
Building class B

One third of the snow and of the full bottom chord imposed load were assumed to be present at the time
of the simulated accidents.

A general impression of the design of the test building may be obtained by reference to Figures | and 2.
Figure 1 shows the roof plan and end elevation. Figure 2 shows the plan on the wall plates, and details
of the removable panel.



Table 1  Design Joads of the 10-metre span trussed rafters

DESCRIPTION LOADING
Top chord dead load (0.685 kN/m’ on slope
Snow load 0.600 kN/m? on plan
Bottom chord dead 0.25 kN/m’
Bottom chord imposed 0.25 kN/m’
GENERAL METHODOLOGY

It was decided that the type of accident likely 1o lead to the removal of major lengths of supporting walls
in & structure of this nature would be a vehicle impact. It would have been desirable, if possible within
the scope, to cover accidents due to explosions, but this would have added magnitudes of time and expense
to the project. It was never the intention of the project to embrace seismic considerations, a point of
importance for some CIB members. It was recognised that possible variations on the vehicle impact
included the length and location of the local load-bearing wall collapse. However, since it was required
to vary several factors involving the roof construction, it was felt beyond the scope to change the aperture
width and position.

The majority of the accidental events were simulated by rapidly pulling the 3.6 metre jong stiffened timber
frame wall panel out of the mid-length of one of the side walls of the building. The dimension of 3.6
metres was decided upon in comparison with the likely damage from a wide, or angled, lorry impact. In
considering a suitable dimension for this removable length of wall, the definition of the term
*disproportionate” was borne in mind.

The removal of the wall panel was achieved using a sideloader vehicle, pulling chains attached to steel
hooks on the timber frame panel. Figure 3 shows this removable wall panel during the instant of
displacement, in one of the tests. To prevent the timber framed wall panel from dragging directly upon
the adjacent roof or wall construction during the simulated impact, fixings were omitted between the
removable panel and its wall plate. Also, layers of polythene and small gaps were provided in certain
positions, to achieve a clean pull out.

To represent a snow Joad of 0.2 kN/m* throughout the tests (one third of the normat design snow load),
weight bags were attached to the tiling. In an arez adjacent to the removabie wall pansl, the tiling was
omitted to provide a clearer view of the behaviour of the secondary roof construction. In this area, heavier
weight bags were placed to compensate for the absent tiles. Weight bags were also placed to simulate one
third of the bottom chord design imposed loads.

Throughout the tests, two main types of measurement were made. Firstly, the 1o1a] relative movements
occurring during each simulation between the trussed rafters and the components of secondary construction
were tecorded at pre-selected locations. Prior to each simulation, thin indelible lines were marked on the
components of secondary construction at the points where they overlapped the trussed rafters. Any
movements of these lines from the sides of the trussed rafters following the simulation were recordad.
Secondly, during each simulation, the defiections of the trussed rafters at seven locations were recorded
on a single time axis. The timber framework to which the deflection transducers were fixed was self-
supporting and entirely separate from the roof structure. The deflections measured by the transducers were
recorded by an Advanced Data Acquisition Unit and were subsequently transferred to a computer disk.

Three video cameras were also used to record the behaviour of the structure throughout the simulations.
One was aimed to view into the roof void, and was intended to record any progressive collapse beyond the
supported area. Two further cameras were located on platforms above the building. These were trained
on the particular areas of the roof which were likely to be directly affected.



CONSTRUCTION VARIABLES

As indicated above, it was intended to evaluate the contribution to the overall robustness of the structure
brought about by a variety of elements of secondary construction in the roof. These were varied during
four separate accidental event simulations, which are described in more detail immediately below. The
structure proved to be so robust that it was relatively undamaged, even after four simulations. Advantage
was taken of this, and a further series of simulated accidents were performed, closer to one of the gable
walls. These additional simulations are described subsequently.

The first simulations assumed a construction with a suspended ceiling. On account of its probable
negligible structural contribution, such a ceiling was actually omitted. Horizontal flat topped trussed rafters
were inserted along each eaves, to act as wind girders to the side walls. At each gable, these wind girders
were bolted to rolled steel angles, which in turn were bolted to the walls. They were also nailed to the
underside of all of the trussed rafiers. In addition to the wind girders, the stability bracing specified in
BS 5268 : Part 3 was attached. The diagonal rafter bracing was of the cross type, rather than a diamond
configuration. "Chevron" bracing was attached to the internal struts of the trusses, and longitudinal binders
were also included,

The roof construction for Simulations 1 and 2 was broadiy similar to one another. Immediately upon first
testing, it was apparent that the wall plate above the void was making a significant contribution to the
robustness. Since this might not be deemed to be a "fair test”, it was decided to make a complete cross
cut through this member, at the centre of the gap span. This was the main difference between Simulation 1
and Simulation 2.

For Simulation 3, the eaves wind girders were removad, and & 12.5mm thick plasterboard ceiling was fixed
to the underside of the trussed rafters. The only other difference from the previous simulations was that
the spanning capacity of the wall plate was completely immobilised by two additional saw-cuts through the
wall plate close to each edge of the removable timber frame panel. These two changes, the fixing of a
plasterboard ceiling and the immobilisation of the wall plate spanning capacity, also applied to all
subsequent simulations.

The construction for Simulation 4 was approximately the same as that for Simulation 3, except that both
lines of chevron bracing were also removed.

The principal construction variables in the main test series, as described above, are summarised in Table 2.

As mentioned above, no collapse of the roof occurred during the first four simulations, and the masonry
construction was largely undamaged. Consequently it was decided to continue testing, incorporating
additional construction variables. The first phase indicated that the interfocking tiles made a significant
contribution to the longitudinal spanning capacity of the roof. It was recognised that other forms of roof
covering, such as plain tiles, would be less capable of providing locking and frictional benefits.
Consequently the structure was reorganised with tiles omitted from an area measuring 6.0 metres long by
half-span (5.0 metres) wide. This reconstruction was referenced as Simulation S,

The battens in the untiled area were all renewed, the top chord longitudinal bracings were also replaced,
and the chevron bracings were reinserted.  Some lightly damaged plasterboard panels were also renewed.
Additional weight bags were placed over the untiled area to compensate for their mass.

A final series of simulations is described, involving a gap created near a gable wall, rather than at the
centre of the longitudinal wall. These are al} termed Simulation 6, with four subsidiary steps. These steps
were taken in an ad hoc manner on a single day of testing, during which it was intended eventually to
ensure that substantial areas of masonry were deliberately destroyed, in addition to the removable wall
panel.



Table 2 Principal construction variables in the main series of simulations

SIMULATION NO.

CEILING TYPE

BRACING ARRANGEMENTS

WALL PLATE
DETAILS

Suspended ceiling
assumed {none present)

Diagonal rafter bracing
and longitudinal braces

"Chevron" bracing

Two horizontal wind
girders

Continuous across
gap

2 As above As above As above As above Cut at mid-gap

3 Plasterboard ceiling of As above As above No wind girders Cut at three places in
) {2.5mm thickness gap

4 As shove As above No chevron bracing No wind girders As ahove




For Simulation 6, new blockwork was constructed in the gap formerly left for the removable panel. A new
gap of 3.6 metres width was created, starting at a position in the side wall 775mm from the end gable
blockwork, and extending away from the gable end. The wall plate above the gap was disenabled by saw
cuts. The remainder of the internal roof construction was as described for Simulation 5. The roof area
above the new gap was tiled, as for Simulations 1-4.

RESULTS

The results of the simulations are described in this section of this paper in a very much abbreviated manner.
A comprehensive description of the behaviour of the building under the accidental event simulations has
been reported elsewhere (5) (6). The effects on the building's construction, the measurement of movement
in the roof, the relative movements between the trussed rafter and the secondary components, and the
transient movements, have all been recorded, tabulated and discussed.

The following are the salient features of the results.

Following Simulation 1, the building and the roof were inspected, and the recordings and marks reviewed,
in order to assess any damage that had occurred in terms of the items mentioned above. No damage was
observed to the trussed rafters themselves, Also, in general, there were no signs of distress in any of the
elements of secondary construction, such as the various bracing members, tiling battens and horizontal wind
girders. The wall plate over the gap caused by removing the wall panei was clearly bent to an extent likely
to indicate overstressing, but it had not snapped. After this first simulation, the wall plate was deliberately
severed, as described above. Small cracks appeared in the blockwork to either side of the gap, but these
were insignificant from a structural viewpoint.

After Simulation 2, the structure appearsd as illustrated in Figure 4. The vertical movements of the roof
at this stage were only slightly larger than those following Simulation 1, despite the wall plate spanning
capacity having been markedly reduced by a saw cut at mid-span. Some further hairline cracking occurred
in the mortar joints at the top of the blockwork, to either side of the gap.

As a result of Simulation 3, the vertical movements of the roof were approximalely fwice those of
Simulation 1. This was largely attributed to the ineffectiveness of the wall plate. At this stage also, the
end joints of the chevron braces showed elongated nail holes, where there were attachments to trusses near
to the area of damage.

For Simulation 4, both lines of chevron bracing were removed. This caused a further increase in the
vertical roof movements following the "accident”, with a maximum vertical drop of 237mum occurring at
the mid-span of the wall plate. The final static position of the roof at this stage is shown in Figure 5. A
number of the outer battens had failed in hogging, but again there was no total coliapse of the roof. The
roof hung in the bowed shape shown in Figure 5 for over half an hour.

Table 3 shows the vertical deflections of the wall plale at the centre of the gap afler each of the four
simulations described above. These deflections formed part of the basis for an approximate analysis which
led to an estimate of the contributions of the various parts of the secondary construction. This is touched
upon briefly in a following section of the paper, outlining the analysis.



Table 3 Vertical defiection of the wali plate at the centre of the
gap, after each simulation.

SIMULATION NO. DE:# EC(;;: ?EEOS.}:“(’;X}L(;I:;;E
i 81
) 108
3 173
4 237

Simulation 5, in which no tiles were present along a 6.0 metre length of the roof where the mid-wall gap
occurred, demonstrated the extreme resilience of a trussed rafter roof of this nature. The line of chevron
bracing closer to the gap was clearly heavily stressed since most of the nailed end joints were pulled
completely off the trusses. Nevertheless, the roof stood up in a stable, albeit deflected, manner with no
serious transference of damage beyond the immediately affected area. Figure 6 illustrates the condition of
the roof at this stage.

The final series of simulations, Simulation 6, Steps 1 to 4, inveolved removing first a 3.6 metre length of
wall close to a gable, and then progressively removing more of the blockwork return to the gable, and
finally the entire gable itself.

The results of Simulation 6, Step 1, in which the 3.6 metre pane) was removed in a similar manner to
Simulations 1-4, were, in general terms, no different to the earlier tests. There was no major distress in
any part of the roof beyond the immediately affected area, and the "accidentally damaged” region merely
drooped.

Following $teps 2 and 3 of Simulation 6, where areas of blockwork return 1o the gable end were rapidiy
snatched from beneath the truss, by means of chains attached to a vehicle, the roof structure was spanning
a void of over 4.3 metres width. To one side, the roof was bearing directly onio the gable wall. At this
stage, support was dependent aimost entirely upon tiling battens and the steel restraint straps. Figure 7
shows the roof in this penultimate condition.

Collapse of the roof was finally provoked by Step 4 of Simulation 6, in which the entire gable wall on the
test side of the ridge line was dragged from under the roof structure. Figure 8 shows the test building after
the collapse. It is very important to note that no part of the roof supported on the blockwork to the left
of the deliberately damaged area (as viewed in Figure 8) had fallen. The bracing and battens all failed in
hogging, a short distance beyond the final supported truss. The total horizontal movement of the fina] truss
which stood immediately to the left of the damaged arca was only in the order of 40mm.

ANALYSIS

Approximate analyses were undertaken to determine the relative contributions of the various components
of secondary construction, present during each simulation, to the overall collapse resistance of the roof.
The assumptions, analysis method, and tabulated calculations are presented more fully eisewhere, and the
following is a brief summary, leading to a presentation in a simple graphical form. Only Simulations 1-4
were dealt with analytically in this manner.



An analytical assumption was that, since complete roof collapse did not occur in any of the four
simulations, their vertical and rotational equilibrium must have become regained in each of the situations
depicted by Figures 4, 5 and 6. The rotational equilibrium was considered i & transverse plane of the
roof, with a pivotal point at the bearing of the truss on the intact wall {that opposite the gap caused by the
"accident"). It was recognised that each secondary longitudinai component must have made a contribution
to upholding both the vertical and the rotationa] equilibrium. Their contribution to each type of static
balance would have been unlikely to have been equal, but it was felt more meaningful to concentrate upon
the rotational case.

The secondary components were listed and categorised as either:

a) "behaviour largely known" (BLK) components, or
b) "behaviour largely unknown" (BLU) components

Examples of the former included the top and bottom chord longitudinal bracings, the wind girder chords
(where present) and the wall plates (where effective). Examples of the latter included the tiles and the
chevron bracing. The contributions of the BLU components were estimated by means of a process of
elimination, after approximate calculations concerning the BLK components. These calculations involved
the stiffnesses (moments of inertia, moduli of elasticity); distances from the intact wall; mid-gap deflections
(Table 3); vertical uniformly distributed loadings, and hence the resistant moments provided by the various
elements. These were compared with the known total overturning momen: of a unit length strip of roof,
calculated from its total self-weight.

Figure 9 illustrates graphically the percentage contributions of the secondary components of the roof
construction to the resistance against collapse, following the analysis summarised above.

Salient features of the analysis results were as follows. It was evident from Figure 9, Simulations 1 and
2, and also directly from Table 3, that the wal} plate above the "damaged” area of wall was contributing
considerably to the support action afier the "accident”, In Simulation I, it was providing 32% of the total
resistance against overturning of the residual roof structure. Of course, this might or might not occur in
a real accidental event, dependent upeon the angle and height at which the impact occurred. For this reason,
the wall plate was disenabled by deliberate cross cutsing from Simulation 2 onwards, Nevertheless, it
continued to play a significant role, as indicated in the subsequent diagrams in Figure 8. This is of interest
to timber frame designers, since it provides a good justification for retairing such binding members in
panelised construction, even though they are not included in most, or any. normal formal static design
calculations.

From Simulation 2 onwards, the greatest single contribution from any particular element was obtained from
the longitudinal top and bottom chord bracings. Again, these may be regarded by conventional designers
as relatively insignificant members, whose purpose is largely overlooked or not understeod. Their
beneficial contribution depended upon their being fixed in such a manner that they would be capable of
acting as continuous members across the unsupported zone of the roof.

Finally, it 1s very evident from the bar graphs of Figure 9 for Simuiations 3 and 4, and from the
photographs such as Figure § and Figure 7, that the tiles were able to act as an effective structural medium,
either by themselves or, more probably, by forming some type of composite layer, together with the felt
and battens. By the process of elimination described above, the flexural rigidity of the tile/batten layer was
estimated, For illustrative purposes, to make timber designers aware of the order of magnitude of their
potential, the effective EI of the tile/batten layer was found to be comparable with the stiffness that would
bave been provided had the roof been clad with a continuous layer of 20mm thick GS grade softwood
boarding, laid parallel to the fdge.
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CONCLUDING REMARKS

A full-scale testing programme was conducted upon a trussed rafter roofed building, to assess its response
to simulated accidental events. The test building which was constructed represented a typical non-domestic
trussed rafier roofed low rise structure, of moderate span, using masonry walls, It was roofed in a
conventional manner, with trussed rafiers of 10 metres span at 600mm centres. A number of variations
of detail in the secondary roof construction were incorporated in the building, and for each of these, a
simulated "structural accident” was replicated. Standard bracing, and in some cases additional bracing, was
included.

In the case of public buildings of the type which the test structure was intended to represent, there is a
distinct requirement in the Building Regulations (England and Wales) to construct in a manner such that,
in the event of a failure of the roof or its supports, the building will not collapse to an extent
disproportionate to the cause. Since there is also a general requiremens by ECS to design in such a manner
as to avoid disproportionate damage, then the results of this project are of further and more universal
relevance.

The type of accident envisaged in the simulations was the removal of a length of external load bearing
masonry wall, through a vehicle impact.

As described above, the main series of tests invelved the sudden removal of a 3.6 metre length of support
wall, beneath the trussed rafter roof, with the ensuing gap appearing at the mid-length of a longitudinal
external Joad beanng masonry wall. Four tests were carried out under these conditions, each with a
progressively less robust degree of secondary and longitudinal construction incorporated in the roof
detailing. However, under none of the construction detailing cases covered by these four simulations did
any of the major parts of the roof structure coliapse to the stage of reaching the ground. This was found
to be the case both for the simulated suspended ceiling arrangements and for a plasterboard ceiling. Even
with interrupted wall plates, simulating unconnected butt joints over the gap, and with parts of the
obligatory roof bracing removed, the roof framewoerk remained stable, albeit with large deflections.

The four secondary components found to contribute most substantially to the robustness of the roof in
resisting collapse were as follows:

1. The wall plates: Clearly their contribution depended greatly upon the relative positions of the wall
plate end joints and the removed length of support wall, but if the wall plates were to remain
spanning the gap after the "accident”, then they would seem 1o make a substantial contribution to
the support of the affected length of roof.

2. The “chevron” bracing: 1t was found that the two lines of chevron bracing made a significant
contribution to the Jongitudinal structural rigidity of the rcof, despite their incompiete trianguiation.
Ultimately, their capacity was limited by the performance of their nsiled end joints and, with better
fixings, it would be possible to extend this bracing concept to obtain even greater resistance, if
required.

3. The longitudinal bracings: The top and bottom chord jongitudinal bracings, acting in conjunction
with the other elements of the roof framework, also contributed in s surprising degree to the support
of the damaged framework.

4, Other wind bracing components: The flat longitudinal wind girders, and the plasterboard ceiling,
where present, aiso contributed in a more minor degree to the stiffness of the secondary
construction.

By deduction, it was concluded that the "behavicur largely unknown® elements, particularly the tiles, felt
and battens, were contributing significantly to the ability of the damayed structure to resist collapse. This
is discussed further below.

The top chord roof cladding, consisting of interlocking tiles, was found to significantly increase the capacity

of the timber secondary compoenents to transfer loads from the unsupported zone of roof onto those trussed
rafters still supported at both ends. This increase in resistance was between 20% and 60 %, depending upon
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which secondary timber components were present during the associated accidental event simulation. The
longitudinal flexural rigidity of the tiles and underiying feit and battens was found to be broadly comparable
to that of a diaphragm of continuous 20mm thick GS grade timber boarding laid parallel to the ridge.

Following the main series of four simulations with progressively less material incorporated in the secondary
roof construction, the test building remained essentially intact and, with small repairs, further testing was
possible.

Additional tests were conducted to assess:

I. The resistance to collapse of the roof, with another "accidental" gap created at mid-wall length, but
with the structural contribution of the tiles removed completely (their weight being simulated).

2. The behaviour of the structure when a gap was created by the sudden removal of & length of support
wall ciose to a gable end.

3 Finally, the resistance to collapse when portions of the gable masonry itself were removed.

The roof did not collapse at all under the first condition described above. It was able to span a 3.6 metre
void in the length of the support wall with structural resistance to collapse, provided in the longitudinal
direction, only by means of tiling battens and longitudinal and chevron bracing.

The final phases of testing showed most dramatically the robustness of this trussed rafter roof construction
In reststing such simulated accidents. The roof showed a capacity to span a void in the support wall, close
to the gable end, of over 4.3 metres. When collapse of the roof was eventually provoked, by removal of
the entire half of a masonry gable wall to the side where the truss heels stood, plus the remaining gap in
the longitudinal wall, then no part of the roof beyond the unsupported areas collapsed to the ground, and
the damage was still considered proportionate to the original cause of the failure. Horizontal deflections
of the adjacent, undamaged roof were very smail in terms of such a dramatic incident,

The general conclusions are therefore that braced trussed rafier roofs of this form have been demonstrated
to be very robust in the face of accidental events of the nature likely to be caused by vehicle impacts and
similar events. Large areas of roof support can apparently be removed without collapse occurring which
is disproportionate to the cause of the foreseen structural damage. Such roofs are likely to satisfy the very
specific requirements of the UK Building Regulations for avoidance of disproportionate collapse in low rise
public buildings of 9-metre span or greater. The evidence of these tests is also of a more universal
relevance, in view of the principle of EC5 that disproportionate damage should be avoidad in design.
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Figure 7 Static position of roof after removal of corner masonary
(simulation 6, step 3)

Figure 8 Final collapse of roof, after simulated "accident” to gable end
(simulation 6, step 4}
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INTRODUCTION

This paper describes a series of tests on trussed rafters, which were aimed at measuring their out-of-plane
stiffaess and hence determining directly the bracing stiffnesses and forces required to prevent their lateral
buckling. The need for the work arose during a project on practical applications of bracing studies. This drew
upon earlier research whose object had been to develop theories permitting calculations 1o be made in relation
to topics such as the bracing of beams and columns, and the provision of discretely spaced braces for roof
members [1]. A series of design guides is being developed relating to stability and bracing applications, and
one of these is to deal with the design of bracing for newly constructed trussed rafier roofs, as opposed to
remedial bracing. It was realized that little or no experimental determinations of the out-of-plane stiffness of
trussed rafters, for the purpose of confirming parameters for their stability bracing, had ever been carried out.
Consequently, these tests were planned. It was intended to compare the measured lateral stiffnesses of the
trusses with theoretical predictions. It was recognized that it would have been preferable to carry out more
extensive practical testing, including measurements on whole-roof frameworks as three dimensional assemblies.
However, this was not possible within the present scope.

The tests described were of a non-standard type. Forces representing various normal vertical design load cases
were applied at the node points of the trusses. The trusses were in fact tested in a horizontal arrangement, for
convenience, but these normal *vertical® Joads are described as such throughout this paper. Small loads at right
angles to the plane of each truss were also applied, whilst the trusses were subjected to the main vertical
loadings. These secondary loads were used, in conjunction with precise lateral deflection measurements, to
evaluate the out-of-plane stiffness for each truss configuration, load case and restraint arrangement.

TRUSS CONFIGURATIONS AND LOAD CASES

Four trussed rafters were tested. All were designed for & 9.6m span, to be spaced at 610mm centres. The
components were of a normal 'Fink' (single W) configuration. Pitches varied, with one truss having a pitch
of 15°, two pitched at 25° and one at 35°. The timber from which they were constructed was machine stress
graded. The species was European whitewood, of M75 grade, and all members consisted of planed material
of 35mm actual thickness. Table 1 summarises the truss configurations and the member sizes used within them.

Table 1 Truss configurations and member sizes

Span Pitch Member Sizes (M75 w.w.)
Top Chord Bottom Chord Webs
m degrees mm mm mm
9.6 15 35x 145 35x 120 35x 72
9.6 25 35x 120 35x 120 35x 72
9.6 35 35 x 120 35 x 120 35x 84




The trussed rafters were designed for normal vertical (in-plane) loadings in accordance with BS 5268 : Part 3.
To this end, a trussed rafter system owner's software gave necessary information on member forces, moments
and deflections at node points. The design loadings for the trusses are summarised in Table 2.

Table 2 Design Joadings

Description Abbreviation Loading
Top chord self weight TD 0.685 kN/m? on slope
Snow load SL, SR 0.75 kN/m? on plan
Bottom chord self weight BD 0.25 kN/m’
Bottom chord imposed BL 0.25 kN/m?
Point lcad ML 0.9 kN
Water tank WT 0.45 kN/node

The design load cases which were considered were as follows:

Dead load: TD + BD

Long term: TD + BD + BL + WT

Medium term: TD + BD + BL + WT + SR + SL.

Short term: TD + BD + BL + WT + SR + SL + 0.75ML
TEST METHOD

The trusses were tested in the horizontal plane for convenijence of support and loading arrangements. The heels
of each truss were supported horizontally and vertically at two reaction points, which were based on the
laboratory strong floor. The apex and the panel points at the mid-length of each rafter and the third-points of
each ceiling tie were supported in the lateral plane, off the strong floor. These supports were finely adjustable
in height, so that the nodes could be precisely maintained at a horizontal level.

Forces representing the vertical loads were applied at the panel points by means of torque bolts. These bolts
in turn were based on strong steel reaction frames anchored to the strong floor. Between the torque bolts and
the Joaded node positions of the truss chords, compression load cells were incorporated, to provide accurate
measurement of the forces applied.

Loading procedure

A range of levels of vertical (in-plane) loadings were applied to each truss. These levels corresponded to five
increments, ranging from Dead Load through Long Term Load, to full Medium Term Load. Three cycies of
these in-plane loadings were performed, and the measurements obtained under each cycle were averaged.
Whilst loaded in such a manner, it was found that the trusses would tend to buckle laterally. This was as
intended, since they were unrestrained by any form of longitudinal or bracing construction, such as would be
found in & real roof.

The lateral supports upon which the trusses were rested could be finely adjusted for height. Levels were used,
to ensure that the trusses could be perfectly restored to their horizontal position. Out-of-plane deformations in
the members were measured at the reaction points by means of dial gauges, and overall along their length by
means of string lines, which were checked from levels off the horizontal testing floor. In-plane (*vertical’)
deflections at the nodes were also measured, using dial gauges.



'Lateral’ oads (vertical, on the rig, since the trusses were tested horizontally) were applied at each node of the
truss, according to the mode of buckling being investigated. A small hanger, pulley and cable system was used
for this purpose. The counterbalancing weight that was required to reduce to zero each lateral support reaction,
from a negative or positive value, was measured on the finely adjustable lateral supports. This counterbalancing
weight represented the force required to prevent the trussed rafter from buckling laterally under the vertical (in-
plane) loads. The counterbalancing weights that were found necessary to perform this operation were in the
range 0 - 300 N.

TEST RESULTS

Table 3 shows the mean measured lateral stiffnesses at the apex of each truss. These are tabulated against the
Joad level corresponding to the in-plane forces, which were determined according to the method of analysis
described above. Each lateral stiffness measurement is an average of three loading cycles.

Since it did not appear that the stiffoess varied systematically with the levels of vertical load which were
applied, but fluctuated around an average value, grand means for the measured lateral stiffnesses at the apex
of each truss are indicated at the foot of the table.

Table 4 shows in a similar way the measured lateral stiffnesses at the mid-rafter panel point, and the
corresponding in-plane rafter forces determined from the analysis at this point. As with the values at the apex,
there was no systematic relationship between lateral stiffness and in-plane force, and the grand means of lateral
stiffness for each truss are indicated at the foot of the table.

Table 3 In-plane rafter forces and mean measured lateral stiffnesses at apex

I{::g In-plane rafter forces and lateral stiffnesses
Truss 1 (15°) Truss 2 (25°) Truss 3 (25°) Truss 4 (357)
Force Stiffness Force Stiffness Force Stiffness Force Stiffness
kN N/mm kN N/imm kN N/mm kN N/mm
i 6.5 80 4.3 171 4.3 73 3.4 67
2 8.2 74 53 206 5.3 73 4.1 69
3 10.0 82 6.4 133 6.4 52 4.9 86
4 12.5 70 8.0 172 8.0 7% 6.1 59
5 i5.1 66 8.5 169 9.5 88 7.3 66
szl;i . 4 - 170 - 73 - 69




Table 4 In-plane rafter forces and mean measured lateral stiffnesses at mid-rafter panel point

Load In-plane rafter forces and lateral stiffnesses
level
Truss 1 (15°) Truss 2 (25°) Truss 3 (25°) Truss 4 (35°)
Force Stiffness Force Stiffness Force Stiffness Force Stiffness
kN N/mm kN N/mm kN N/mm kN N/mm
1 7.4 75 4.9 58 4.9 57 3.9 107
2 9.1 49 6.0 84 6.0 62 4.6 120
3 10.8 78 7.0 56 7.0 53 5.4 109
4 13.8 69 8.9 51 8.9 83 6.9 125
5 16.9 75 10.8 53 10.8 57 8.3 i51
Omnd 1 - 69 : 60 : 62 . 122

COMPARISON WITH COMPUTER ANALYSIS

As a basis for comparison with the tests, a series of linear elastic computer analyses were performed, in which
the combined vertical and lateral loading arrangements were simulated. The software used for this purpose was
MicroSTRAN 3D, Version 4, with the trusses modelled as three-dimensional frames, and with certain joints
pinned. The three-dimensional analysis model which was used is illustrated in Figure 1.

The model was devised so that trusses were supported laterally, as in the tests, and were acted upon by the
respective medium-term loads, which were applied at the rafter panel points and at the apex. At the same time,
a 1kN out-of-plane disturbing force was applied to either the apex point or the mid-rafter panel point. It was
possible to investigate a range of lateral support configurations and their ensuing stiffnesses, using the model.
In order to describe the lateral support options which were included, reference should be magde to Figure 2, in
which the relevant rafter nodes in the analysis are numbered from 0 to 8.

The simulation cases which were run for combinations of out-of-plane support are described in Table 5 for the
out-of-plane disturbing force at the apex, and in Table 6 for the out-of-plane disturbing force at the mid-rafter
node. In these tables, the presence of an asterisk indicates that lateral support was provided at the node in
question, otherwise support was absent. Out-of-plane support was in all cases provided at the two intermediate
ceiling tie nodes, as indicated in Figure 1.



Table 5§ Simulation cases for out-of-plane supports, with disturbing force at apex

Simulation case Qut-of-plane support at node number

0 1 2 3 4 5 6 7 8
a =* L L L4 * » W L]
b * * L] % * * L
c * * * * * -
d * * * L] * *
e L % - * *

* indicates support present

Table 6 Simulation cases for out-of-plane supports, with disturbing force at mid-rafter point

Simulation case Out-of-plane support at node number

0 1 2 3 4 5 6 7 8
a * L3 * *® e * * *
b * * *® " * #* *
c » * * L3 * e
d * * * * * L3
e * * "

* indicates support present

The simulation cases indicated in Tables 5 and 6 generally fall in descending order of expected lateral stiffness,
with decreasing degrees of lateral support to either side of the disturbing force, and with longer effective lateral
buckling lengths in the relevant portion of rafter.

Table 7 indicates the lateral stiffnesses at the apex of each truss, predicted by means of the three-dimensional
computer analysis, for the five simulated cases of lateral support which are indicated in Table 5. It can be seen
that the stiffnesses descend with decreasing lateral support, as would be expected, and also that for each
simulation case the stiffnesses decrease, with an increase in truss pitch. The latter phenomenon was not
reflected in the test results,

Table 8 indicates the lateral stiffnesses at the mid-rafter position of each truss, predicted by the analysis, and
presented in a similar manner to Table 7. The description of the simulations to which Table 8 refers are to be
found in Table 6.



Table 7 Lateral stiffnesses at apex, predicted by 3D computer analysis, for five cases of lateral support

Simulation case Truss 1 (15°) Trusses 2 & 3 (25°) Truss 4 {35°)
a 177 78 56
b 95 42 30
c 76 33 23
d 29 13 9
e 25 11 8

Table 8 Lateral stiffnesses at mid-rafter position, predicted by 3D computer analysis, for five cases of lateral

support
Simulation case Truss 1 (15%) Trusses 2 & 3 (25°) Truss 4 (35°)
a 454 219 159
b 182 86 60
c 182 85 60
d 48 26 18
e 46 25 18

COMPARISON WITH THEORY

To provide a comparison with bracing theory, the condition of *full bracing’ was considered, using assumptions
based on the classic Winter (2) theory for full bracing with discrete restraints. Appendix A to this paper gives
the basis for proposed design rules for imperfect timber members which have been developed on this basis and
which contain equations for the required restraint stiffness and strength.

Referring to Figure 3, which happens to show four intermediate restraints, but which is intended to represent
the general case, then the theory shows that each intermediate restraint should have a minimum spring stiffness,
Crqr given by:

C =

=g

amEl/g? - ¢

Note that for 'real’ timber members with initial eccentricity and/or lack of straightness, as opposed to
’ideal’ members,
o - 4 (1 + cos (w/m))

The other symbols are:

m = number of intervals between restraints
1 = distance between restraints
E] = flexural rigidity of braced member



Burgess (3) has shown that in a trussed rafter roof in the span range covered by the trusses under test, and with
typical tiling batten centres and diagonal bracing arrangements used in Britain, a brace will cross a truss af every
third tiling batten position. The rows of directly braced battens are taken as intermediate restraints. For
simplicity, the other rows of battens are discounted altogether, since they may act as "mechanisms’, although
it is recognized that in practice they may contribute through friction. Furthermore, the points at which the
bracing receives direct support from the trusses coincide approximately with half the distance between the top
chord panel points of & normal fink truss, when & typical bracing angle is used. The top chords of the trusses
are treated approximately as cranked beam-columns, with seven intermediate restraints, Figure 4.

Provided that the stiffness of each intermediate restraint exceeds the value C, given by equation (1), then lateral
buckling will only be possible between these restraints over effective length = a.

Calculations, for example, for the 35° tested truss were as follows:

Distance between restraints a = 1465 mm
Number of intervals m = 8
Top chord dimensions b = 35 mm
h = 120 mm
Flexural rigidity Iyy = h__tj
12
= 428.7 x 10" mm*
E.n = 7000 N/mm*

El = 3.0 x 10° Nmm®
For m = 8 and members with imperfections, o = 7.7

Hence C = 7.7 7 x 3.0 x 107/ 1465°

eq

C

req

il

72.5 N/mm

Strength:

Each intermediate restraint, or theoretical brace, must be capable of withstanding an axial force F, in tension
or compression, amounting to a maximum of 2% of the axial force in the main, or braced, member.

For the 35° tested trussed rafter, the maximum rafter force was 8.3 kN under Medium Term design load. In
design, this might be multiplied by a load factor in the order of 1.5, in order to determine the bracing force
according to the Winter theory. Alternatively, using the permissible stress approach of BS 5268, 1t might
remain unmodified.

Taking an effective P = 12.4 kN

Fra = 0.02 x 12.4 x 10° = 248N
In the top chord of a trussed rafter, a combination of compression and bending actually occurs. The lateral
buckling tendency due to flexure alone will increase the required force and stiffness provided by the restraints.
Cn the other hand, there are unmeasured beneficial effects, such as intermediate tiling battens and diaphragm
action from roofing materials.



CONCLUDING REMARKS

The experimental work described above was carried out on typical examples of commercially available medium-
span trussed rafters, of 35mm thickness and M73 grade, such as are sold in tens of thousands by normal
stockists. These were not specially fabricated components, manufactured by taboratory staff. They incorporated
"initial lack of straightness' typical of such lightweight trusses. The trusses also contained punched metal plate
fastener joints, whose rigidity was not complete in planwise bending, or in buckling about the minor axis. In
the section of this paper dealing with the tests, it has been explained how the actual lateral stiffnesses at two
important points on the rafters of the trusses were measured, whilst the components were subjected to a typical
range of in-plane (vertical} design loadings.

The lateral buckling behaviour of the components under load was by no means as regular as is supposed in the
normal theoretical treatments, such as those described by Burgess, where distinct second’, "third’ and "fourth’
buckling modes, in discrete sinusoidal waves, can always be recognized. In order to restrain the components
to behave in a manner even approaching these more ideal, theoretical conditions, a variety of sprung clamps
and negative and positive restoring forces had to be applied on the test nig, through the cable-pulley system.
Three of the trusses were re-tested inverted from their original positions, and the behaviour of the inverted
component was not necessarily a mirror-image of the first arrangement.

As a basis for comparison, a series of linear elastic computer analyses were performed, in which the combined
vertical and lateral loading arrangements were simutated. In general, these simulations indicated levels of lateral
stiffness comparable to the test results, although in several instances they suggested that the tested components
were in effect exhibiting one or two degrees of freedom from lateral restraint greater than was being aimed at
through the test arrangement. Also, as mentioned above, the decreasing stiffnesses with increasing truss pitch,
suggested by the computer model, were not reflected in the tests. This was likely to be due in part at least to
some of the ’real’ effects that were not modelled, including incomplete lateral stiffness of the truss plated joints,
at the apex, and, for the taller trusses, at a rafter splice position.

A comparison with some simplified theoretical assumptions has been included, and this has shown that lateral
stiffnesses can be predicted which again are of the same order of magnitude as both the test results and the
three-dimensional model predictions. The result based on the classic Winter theory, together with Burgess'
assumptions regarding restraint at every third batten position, should not be compared too closely with the
computer model predictions, since it was not possible exactly to reconcile each of the assumptions.
Nevertheless, it is reassuring that all three methods of assessing the iateral stiffness of trussed rafters under load
yield results of a similar magnitude to one another.

The adaptation of the classical discrete bracing theory for ‘real’ timber members with imperfections, described
in Appendix A, and used in the comparison with theory, contains several assumptions based on judgement of
what is accepted in current design practice, and what codes permit, rather than being based soundly upon
measurements. Throughout the project which has reviewed existing stability and bracing work in timber, there
has been found to be a marked absence of experimental data, other than some very thorough beam-column tests
by Larsen and Theilgaard (5) and some measurements of imperfections in timber columns by Ehlbeck and
Blass (6). There is a need for better experimental backing for assumptions regarding 'real’ beam columns in
components such as trusses, based upon careful measurements of individual members, before going too far with
whole-roof tests and with further extensions of theory.

At the same time, although the British trussed rafter code, BS 5268 : Part 3 gives guidance on ad hoc bracing
for domestic-scale roofs, the designer is without advice on longer spans, which are increasingly important in
the roofing of commercial and industrial properties. The tests described in this paper have highlighted the
probable importance of several practical effects upon likely long-term bracing performance. These include
initial lack of straightness of members and of the erected components as a whole, as well as the contributions
of fastener slip and creep-buckling phenomena.

As a consequence of this, a research proposal has recently been made to undertake full-scale tests to investigate
the response of braced roofs to their lateral design loads, and to include an assessment of the likely long-term
effectiveness of the same bracing, for stability purposes.
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APPENDIX A

PROPOSED BASIS FOR DESIGN RULES FOR BRACING
BY MEANS OF DISCRETE RESTRAINTS
Stiffness
Analysis (4) of the ideal case of an initially perfectly straight compression member provided with 1, 2, 3, etc.,
equally spaced, equally stiff, intermediate elastic restraints shows that the required restraint stiffness C, for
buckling to occur between restraints is given by:

Cy = ox?El/a® (A.1)

with values of o for different numbers of restraints being as given in Table A.1.

Table A.1 Values of « for ideal case and various restraints
Number of restraints m o

1 2 2.00

2 3 3.00

3 4 3.41

4 5 3.63

many ' - 4.00

Real compression members will not, however, be initially straight. Whilst analysis to include this effect is
possible - leading to an amplification of the initial deflection as compressive loading increases - it is significantly
more complex. Using a simplified treatment, Winter (2) has shown that at a load level approximately equal
to that necessary to cause buckling between restraints and assuming similar shapes for the initial deflection §,
and for the additional deflection produced by the apphied loading 8, the restraint stiffness C, needed to so limit
these additional deflections is:

Cra = Cy (6, / 641) (A.2)
If the additional deflection is limited to the initial value, i.e. § = &, then the required restraint stiffness will
be twice the theoretical value for a similar, initially straight member. The bracing stiffness rule of Eq. 1 is
based on the analysis outlined above. Clearly, by adopting different values for & and &, the value of o will
vary. Several different suggestions for both quantities may be found in the technical literature. For

convenience and noting that it corresponds to something near the "average” of these suggestions, it has been
assumed that §, = 6 = a/500.

As an independent check on the Winter-type analysis, the particular case of a member provided with a single
central restraint as shown in Figure 5 has been examined from first principles. Assuming a symmetrical mode

of deformation, the additional deflection due to a load P may be expressed as:

8 = (¢ x ¥) & (A.3)

10



/
in which ¢ = PP

T- PP,
v _ [ 4Elw? }
4Elw’ + 2Ctan(wl/2) ~ wCL
w = P/El
C = restraint stiffness
P, = n’El/a’

If P is taken as the value given by cl. 15.5 of BS 5268 for an effective length a, then Eq. A.3 may be evaluated
to give values of bracing stiffness C needed to limit & to & suitable multiple of &,. This has been done for the
range of values of E/g, ,, between 400 and 2000 covered by BS 5268 and for values of slenderness A up to 120,
The results show that the rule proposed as Eq. 1 will always be on the safe side.

Strength

The basis for the bracing strength requirement of 2% of main member force also originates from the Winter-
type analysis. Clearly the force in a restraint will be equal to the product of its stiffness C and the additional
deflection §, i.e.

F = . (A.4)
Substituting for C_, from Eq. A.2 gives:
F = Cy (5 + &) (A.5)

and taking 8, = & = a/500 gives:

F o= (an’El/a%) (a/250) (A.6)
- aEIl (AT
254

The Winter analysis assumes a main member compressive load equal to the buckling load of the perfect
member, i.e. P = TEl/a’

Therefore F/P = o (A.B)

For the case of a single central restraint @ = 2 and

FIP = 1 (A.9)
125

However, with more restraints present, larger values are required and 2% has been proposed as a safe,

reasonable figure. Examination of the relevant technical literature suggests it to be a littie on the conservative
(high) side of the "average" of the proposals.

I



Independent verification of this suggestion has been obtained from the analysis that led to Eq. A.3. Clearly,
the restraint force may be obtained as the product of pairs of values of § and C satisfying Eq. A.3. In general
terms, as restraint stiffness is increased, deflections decrease at a more rapid rate with the net effect that bracing
force is reduced. Moreover, the original Winter analysis assumed main member loading equal to the buckling
load, whereas limiting this to the BS 5268 values (which are significantly less than the elastic critical figures)
considerably reduces the amplification effect (as measured by ¢ in Eq. A.3) and thus limits the additional
deflection 8. Examination of these findings suggests that the 2% figure could in very many cases be reduced
to 1% or even less. On the basis that meeting the 2% requirement will not normally prove difficult in practice,
that failure of bracing would, of course, lead to failure of the braced member(s) and that the assumed value of
3, may sometimes be exceeded in practice, the conservative recommendation is judged to be reasonable.

12
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Figure 3 P

General case of full bracing with discrete restraints
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Figure 5

Initially bowed strut with single central restraint
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INTRODUCTION

This paper presents the pertinent state of the drafting and redrafting work on
the timber chapter in Eurocode 8 'Buildings in seismic regions'. The subpanel
has been active since 1992 and elaborated this draft for the implementation of
the ENV-version of Eurccode 8, which is projected for this autumn.

As there are still possibilities to complement necessary provisions in the code
text or in the 'National Application Document' (NAD) every comment and criti-
cism is very welcome during this CIB-meeting. The paper is aimed at opening of
a discussion to provide substantial information.

On one hand it is very important to give guidance and rules for an adequate
analysis, design and detailing for timber structures in seismic regions. The expe-
rience showed both during last earthquakes, an excellent behaviour as well as
failures and more or less heavy damages on timber structures. The minority, the
failures, originated from almost completely avoidable mistakes in modelling, de-
sign and mostly detailing. The development of a new code gave the possibility
to elaborate the corresponding provisions with all the knowledge and experience
of several seismic regions in the world.

One the other hand the use of timber for building purposes is to be
strengthened face to face with other materials wherever possible. As the
reasons for that engagement are well known, it is obvious to avoid huge
masses of provisions, rules and prohibitions as for example the concrete part of
Eurocode 8 takes almost the same size as the Eurocode 2. Designers, architects
and engineers will stand away from timber, when they are exceptionally dealing
with a seismic hazard and therefor confronted with too much confinements. For
these reasons the code provisions should be short and precise. it is necessary
and shall be possible to estimate realistically the stiffness and deformation
properties with all timber-related scatter. To give the background information is
the duty of conferences like this CiB-meeting and the Universities.

The formulation of several parts depend on the regulations in other parts of Eu-
rocode 8 (e.g. the regularity-classes or the damping ratios), Eurocode 5 (e.g.
design rules for nails) or other corresponding codes. As long as these codes are
still in revision, redrafting or anyhow not in their final version some provisions
may be changed.

The code requirements are mainly pointed on the attempt to provide sufficient
ductile and hysteretic mechanisms in the structure. in opposite to other mate-
rials like concrete, steel and composite structures the ductility is mainly located
in the connections, as the material itself shows in most cases a brittle beha-
viour.

The following pages will contain the code text. At text parts or pictures, which
took more effort to formulate in the pertinent way, information and justification
notes are given in boxes.
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P(1)
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SPECIFIC RULES FOR TIMBER BUILDINGS

DEFINITIONS AND SYMBOLS

The following definitions and symbols are used in this chapter with the
following meanings:

Dissipative structures:; Structures, which are abie to dissipate energy by ductile
hysteretic behaviour and friction.

Note according to 5.1. P(1):

Concerning the definition of dissipative structures it is a question of
code philosophy, if the above text should be extended. In fact
every structure somehow dissipates energy. Relating to the two
concepts of design (see 5.2 P(2)) it has to be questioned whether
the mechanisms of dissipation are sufficient to justify a considera-
tion in analysis and the evaluation of substitutional forces. To 0b-
tain a precise interpretation of the code text the term 'dissipative
structure' had to be mentioned in the list of definitions.

Dissipative zones: Determined parts of dissipative structures, where the
dissipative properties are mainly located.

Static ductility: Ratio between the ultimate deformation and the deformation at
the end of elastic behaviour evaluated in quasi-static, cyclic tests (see 5.4 P(4)).

Semi-rigid joints: Joints allowing significant loading deformation, the influence
of which has to be considered in structural analysis according to Eurocode 5
(e.g. mechanical timber joints).

Note according to 5.1. P(1):

The definition of this term staggered between a simple hint to do-
welled joints and the attempt to give a precise definition including
several criteria. The pertinent suggestion suffers under the missing
definition for 'significant loading deformation’, as there are no limits
given. The same problem occurs for the definition of 'Rigid joints'.

Rigid joints: Joints with insignificant loading deformation, which is negligible
in structural analysis according to Eurocode 5 (e.g. glued solid timber joints).

Dowel-type joints: Joints with dowel-type mechanical fasteners (nails, staples,
screws, dowels, bolts etc.) loaded perpendicuiar to their axis (activating
embedding-resistance).

Note according to 5.7. P(1).

The intention was to introduce a general term for all connection
techniques, which are based on the embedding resistance of the
wood to transfer the load into the fastener and shear or respecti-
vely bending in the fastener.
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Carpenter joints; Joints, where loads are transferred by means of pressure areas
and without mechanical fasteners (e.g. skew notch, tenon, half joint)

Note according to 5. 1.p(1).

Especially in regions with many traditional and old substance of
timber buildings combined with a seismic risk the engineers need
provisions, how to ensure the necessary safety in case of an earth-
quake. Therefor the traditional connections must be considered in
the code text. On the other hand these manifold connections have
different bearing mechanisms and are limited to specific regions.

d: diameter (respectively equivalent diameter) of dowel-type fastener.

Note according to 5.1.p(1):

As the diameter of the fastener in combination with the embedding-
length is one of the most important parameters for the ductility of
the connection, and in several places in Eurocode 5 or 8 the letter
'd' is used for other purposes, it had to be defined for this chapter.
E.g. for staples it is additionally necessary to consider the fact, that
the cross-section is not circular.

52 GENERAL

P(1) For the design of timber buildings Eurocode 5 applies. The following rules are
additional to those given in Eurocode 5 with respect to seismic design.

Note according to 5.2 P(1):

Several structures are not covered in this chapter, because it is
aimed just to ‘buildings'. For example secondary rural structures,
masts and bridges are either principally {without material specifica-
tions) ruled in other parts of Eurocode 8 or sufficiently considered
in Furocode 5. As far as in these parts specific timber related pro-
visions are missing, reference to chapter 5 of part 1.3 is to be
made.

P2) Earthquake-resistant timber structures shall be designed according to one of the
following concepts:

a)  Concept of non-dissipative structural behaviour

b)  Concept of dissipative structural behaviour

Note according to 5.2 P(2):

Independent from the real existing properties there are two diffe-
rent methods to design the structure. The method of analysing the
dynamic behaviour of the structure is the same, but if the plastic
and ductile properties shall be considered ('concept of dissipative
structural behaviour'), several provisions for analysis, design and
detailing have to be fulfilled.
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(3) When using concept a), the action effects - regardless of the structural type (see
5.4) - are calculated on the base of an elastic analysis without taking into
account non-linear material-behaviour. When using the design response
spectrum defined in Part 1.1, Clause 4.2.4 of Eurocode 8, the behaviour factor

is taken as q = 1.

(4 When using concept b), the capability of parts of the structure (dissipative
zones) to resist earthquake actions by moving out of the elastic range, is taken
into account. When using the design response spectrum detined in Part 1.1,
Clause 4.2.4 of Eurocode §, the behaviour factor is taken as ¢ > 1. The value
of q depends on the structural type (see 5.4).

63} Dissipative zones are mainly located in joints and connections with mechanical
fasteners. The timber members themseives shall be regarded as non-dissipative.

Note according to 5.2 (5}:

The wood members in a timber structure behave generally linear
elastic during earthquakes and there is little energy dissipation in
the timber, except maybe in zones with compression perpendicular
to the grain.

Glued connections behave linear elastic until a mostly brittle failure,
so they do not contribute to a dissipation in the structure. Well de-
signed structures with mechanical fasteners show a significant duc-
tility and dissipation even if there is a pronounced difference in the
hysteretic behaviour to other materials.

Important to point out: 'shall’ may be also used in application rules!

P(6) The properties of dissipative zones shall be determined by tests either on single
joints, on whole structures or on parts thereof according to EN XXX,
Provisions to avoid tests are given in 5.4 Clause (5).

Note according to 5.2 P(6}.

As there are no regarding requirements concerning the postelastic
properties of timber structures in Eurocode 5 under cyclic loading,
it has to proofed for the parts of the structure, which are intended
to provide dissipation, that the necessary properties are existing.

The usual proceeding in the Eurocodes to refer to special standards
containing the method for the determination of certain properties is
not possible in that case, as there exists no related EN (or even a
suggestion for a projected EN). For this reason the properties has
to be described more precise in this chapter of Eurccode 8 (see
also 5.4 Pf4)]

11 At this point of time no reiated EN exists. In the meantime it is referred to
agreed international recommendations {e.g. RILEM - TC 109 TSA).
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5.3 PROPERTIES OF MATERJALS AND DISSIPATIVE ZONES

P(D) Chapter 3, 6 and 7 of Eurocode 5 apply. According to the properties of steel
parts chapter 3 of Eurocode 3 applies.

P(2) When using the concept of dissipative structural behaviour, in dissipative zones
the following provisions apply:

Note according to 5.3 Pf2) c:

On the first look one could think that these provisions could
strongly harm the use of modern timber constructions. But it must
be read carefully: These prohibitions are only valid for those parts
of the structure, which are supposed to be dissipative. The use of
improper materials and fasteners could significantly influence the
properties, so the dissipation does not take place in the foreseen
manner.

a)  Only materials and mechanical fasteners, which have an appropriate oligo-
cyclic fatigue behaviour of the joint, are allowed.

b)  Large glued joints of the members are not allowed.

Note according to 5.3 P(2) b:

There is no reason to prohibit finger joints of glulfam members or
similar glued parts in the structure. But as mentioned above glued
parts do not contribute to the energy dissipation, as they are con-
sidered as brittle. For this reason large glued joints shall be avoided
in_dissipative zones. When applied in knee-joints of frames the
glueing can substantially harm the dynamic properties in compari-
son to a knee-joint with mechanical fasteners. Maybe a better for-
mulation is >b) Large glued joints shall be considered as
brittle <.

It is not possible to give limits for the term 'large’ in this context.
This concerns to the responsibility of the designer to apply ade-
guate connections for the right purpose.

¢)  Carpenter joints are only allowed with additional provisions - resulting
from tests or given by the National Authorities - to provide dissipative
mechanisms.

(3) A deemed-to-satisfy rule for P(2) a) is as follows: When tested to EN XXX (see
footnote 1! ) joints shall be verified to have appropriate oligo-cyclic fatigue
properties under large amplitudes to ensure a sufficient ductility according to
their intended deformational mechanism and to justify the g-value assumed for
analysis (see 5.4 P(4)).

Note according to 5.3 {3):

In the chapter dealing with the properties of materials and dissipa-
tive zones the fundamental requirement has to be ruled. On the
other hand well known, appropriate behaving techniques should be
applicable without the demand of testing in any case.
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Sheathing-material for bracing-purposes of diaphragms (horizontal and vertical)
shall meet the following conditions:

a)  density shall be at least 650 kg/m3 for particleboard-panels.
b)  plywood-sheathing shall be at least 9 mm thick.

¢)  particleboard- and fibreboard-sheathing shall be at least 13 mm thick.

Note according to 5.3 Pl4):

Experience in countries with a long term timber building tradition in
seismic regions fe.g. California, New Zealand} showed, that for this
purpose provisions additional to those of the usual timber design
are necessary.

Strictly speaking the difference between one and more than one
layers of sheathing has to be considered, but the lack of knowledge
on that field does not justify according code provisions.

Steel-material for connections shall meet the following conditions:

a)  All connection-elements made of formed steel have to fulfil the
requirements in Eurocode 3 and Part 1.3, Clause 3.2 of Eurocode 8.

b)  The ductility properties of the connection between the sheathing material
and the timber framing in type C and D structures shall be shown in cyclic
tests to fulfil the requirements in 5.4 P(4) considering the applied
combination of sheathing-material and fastener.

STRUCTURAL TYPES AND BEHAVIOUR FACTORS

Timber buildings shall be referred to one of the following to four types A - D
according to the ductile and hysteretic behaviour of their dissipative zones under
seismic actions:

A Non-dissipative StTUCIUIES ...vviviiiiiiieiiriiiiieiinrieieiienaens q = 1,0
B Structures having low ability to dissipate energy ................ q =15
C  Structures having medium ability to dissipate energy ........... q = 2,0
D Structures having good ability to dissipate energy ............... q = 3,0

Note according to 5.4 P(1):

in difference to the version of May 1988 the number of structural
types was increased from 3 to 4 types. The estimation of the qg-
values relating to the types was the central point of redrafting the
old version (for all types q was stipulated to 1,0). The values for
the types already include the damping properties according to the

5%-based response spectrum (see afso the notes to figure 5.4.2}

Examples for structural types and the corresponding behaviour factors q are
given in figure 5.4.2.
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For structures having different, independent properties in the main directions in
plan (e.g. halls with three-hinged arches (type A), trussed in the perpendicular
direction by mechanically connected steel-trusses (type C), see figure 5.4.1)
different q-values for both main directions of seismic action may be used.

Note according to 5.4 P(3):

The demand for a use of a spatial mode! (without a previous deter-
mination of the both 'main directions'), which is ruled in part 1.7 of
Eurocode 8 according to the regularity classes, is independent from
that, as the g-values are influencing the analysis on the action-side,
S0 that there is no problem to consider the properties of the diffe-
rent directions by different g-values.

Figure 5.4.1 Example for a structure with different behaviour in the
main directions

In order to assure the accomplishment of the given g-values the dissipative zones
shall be able to deform plastically for at least three fully reversed c¢ycles at a
static ductility ratio of 4 (for type B structures) and 6 (for type C and D
structures) without impairment of their strength larger than 20 %.

Note according to 5.4 P(4):

In this clause the above mentioned related provisions concerning
the testing of ductility properties are to be found. The described
method to determinate the performance is just a simple proposal,
but a more detailed evaluation would exceed the justifiable size of
proofing provisions in the design code. For the time being the
values '4" and '6' are so-called 'boxed values' to be stipulated by
the National Authorities during the ENV-phase of the code. But as
the National Authorities should only influence values concerning
the safety level, these (research related) values should be fixed.

Further information concerning the ductility ratio contains [3].
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P(6)

P(7)

The provisions of P(4) and of 5.3 P(2) a) and P(5) b) may be regarded as
satisfied for dissipative zones of all structural types if the following provisions
are met:

a)  For doweled and nailed timber-to-timber and steel-to-timber joints, if the
minimum thickness of the connected members is 8-d and if the dowel-
diameter d does not exceed 12,0 mm.

b)  For the connection of sheathing to timber framing of diaphragms, if the
sheathing material is wood-based and if the minimum thickness of the
sheathing material is 4-d and if d does not exceed 3,0 mm.

Note according to 5.4 (5):

The earthquake experience in California and New Zealand and test
results among others from European timber sheathed shearwalls [5]
showed an excellent behaviour under cyclic loading, as long as the
sheathing and its connection to the timber framing are fulfilling se-
veral provisions.

Concerning the provisions for the dowelled and nailed connection
on the distinction in member-thickness between predrilled and not-
predrifled nailing was renounced, as there is only a marginal diffe-
rence between the adequate diameter limits for predrifled nailing
and not-predrilled nailing according to Eurocode 5.

The estimation of the parameters (member-thickness, fastener-dia-
meter, embedding-strength) to provide a ductile behaviour by a
double curvature of the fastener can be found in [4]. Comments are

welcome on that point.

Higher g-values may be used for specific structures, if they are demonstrated on
the base of trial simulations and tests under a representative number of
earthquakes.

If the building is not regular in elevation (see Part 1.2 Clause 2.2 of Eurocode
8) the listed g-values shall be reduced by 20 %, when using the concept of
dissipative structural behaviour.

Note according to 5.4 P(7);

lrregularity in plan is already considered in part 1.2 in table 2.2.7. If
the criteria given for the irregularity are fully valid for timber struc-
tures or if there is any addition necessary can be stipulated, when
the final version of part 1.2 exists. Otherwise the experience during
the ENV-phase wiil show, if the provision suited to timber buil-
aings.

For masonry structures the spatial modelling can be omitted despite
the demands in table 2.2.1 of part 1.2 [see chapter 6, clause 5.2.1
(1) of Eurocode 8, part 1.3). It should be examined, if a similar re-
gufation is also efficient for timber structures. Furthermore the re-
duction of the g-value by 20 % requires reflection, if the reduction
is too high or too low.
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Type

Description

Exampies

Structures having medium
aptiity to energy-dissipation

due to the design of their load-carrying
system and detailing

- Frames or beam-column structures with semurigid
jeints between all members. Connections with
foundations may be semirigid as weil ag
hinged (due to the load-carrying-system;

- Trussed frame structures with mechanical faste-
aers in the joints of the rame and/or the
connections of the bracing elements

- Bulidings with vertical diaphragms resisting the
honizoniai forces. where sheathing is glued to
the framing. Diaphragms are interconnected by
mechanicai fasteners (horizontai diaphragms
may be giued or nailed}

-

- Mixed structures consisting of timber raming
{resisung the horizontal forces) and non-ivads-
bearing intillment
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the interconnection of the wail-siements
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Figure 5.4.2 ff Structural types and behaviour factors
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Note according to fig. 5.4.2:

To enable an effective g-value of 3,5 initially the following footnote was
foreseen: >The g-value for type D-structures may be increased, if the
existence of sufficient friction mechanisms is provided. Under applica-
tion of the rules given in chapter 5.6 this is to be valid. <.

Most of the timber structures show a damping ratio of generally more
than 5 % in the elastic range; the equivalent viscous damping is even
higher in the inelastic range. To correct the use of a 5%-based response
spectrum there are two possibilities: Either to estimate the 'real' g-fac-
tors faccording to the real damping ratios) and use the correction factor
from the May 1888-version or to include the diverging damping ratio di-
rectly in a modified q-value,

The type D-structures are supposed to show the maximum of dissipation
properties in timber buildings. A significant part of that is provided by
friction mechanisms. As there is a (still running) discussion to implerment
the correction factor in Eurocode 8, if the friction is exceeding the 5%-
value, which is the base of the response-spectrum, the proposed values
{mainiy for type C- and D-structures are not fixed yet.

The implementation of the masonry infilled timber structure gave also
rise to the discussion concerning the g-values from clause 5.4 P(1], the
classification of types and the examples in figure 5.4.1.

STRUCTURAL ANALYSIS

Structures of type A shall and structures of type B, C and D may be designed
according to 5.2 (3). Structures of type B, C and D may also be designed
according to 5.2 (4), provided the corresponding requirements are fulfilled.

Floors may be considered as rigid in plan for structural analysis, if the
following conditions are met:
a)  The detailing rules for horizontal diaphragms given in 5.6.3 are applied.

b)  The openings are limited, so that they do not significantly affect the
overall in-plane rigidity of the floor.

Note according to 5.5 P{2}:

Often the horizontal diaphragms are supposed to be rigid in plane
without verification. But the knowledge of the realistic stiffness of
the horizontal diaphragms is necessary for a controf of deformation
of the supporting elements. [Initially the formulation was
>...openings are {imited in number and area, ... <. Limits and re-
garding application rules could be:

openings in corners should be avoided
dimensions of an opening adjacent to a support should not
exceed 20 % of that support

®  adges and borders of openings as well as jump-in-corners
should be stiffened by appropriate means
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But it seems to be impossible to give generally valid limitation-va-
lues. So the formulation aims at the responsibility of the designer to
ensure the rigidity respectively the omission of @ precise calculation
of the in-plane-stiffness.

In the dynamic analysis the slip in the joints of the structure shall be taken into
account. An E,-modulus-value for instantaneous loading (10 % higher than the
short term one) shall be used.

Note according to 5.5 P(3):

There are no E,-modulus values in Eurocode 5 foreseen for instan-
tenous loading. The value of 10 % increase is to be discussed.

DESIGN CRITERIA AND DETAILING RULES

DESIGN CRITERIA

Structural systems with dissipative zones shall be designed so that these zones
are located mainly in those parts of the structure, where yielding or local
buckling or other phenomena due to hysteretical behaviour do not affect the
overall stability of the structure.

In case of tension perpendicular to the grain additional provisions should be met
to avoid splitting, as shown in figure 5.6.1 for instance:

T ] SN

h DI N -/-—-7 Y
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Figure 5.6.1 Examples for acceptable provisions in case of tension
perpendicular to the grain: a) by a doweiled inner steel
plate and b) by a cover plate

Note according to fig. 5.6.1:

The condition of b, = 2/3 h is a minimum requirement, which is
necessary anyway, but not sufficient. The intention is to avoid
Stress conditions, which could lead to g brittle failure due to ten-
sion perpendicular to the grain.
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DETAILING RULES FOR CONNECTIONS

Note according to chapter 5.6.2:

Initially a provision concerning proofing the performance and dura-
bility of the ductility properties of the connections by testing was
included. The panel decided to refy on the sufficient rules in Euro-
code 5.

Compression members and their connections (e.g. carpenter-type joints), which
may fail due to deformations caused by load reversals, shall be designed such
that they are protected from separating and remain in their original position.

Note according to 5.6.2 P(1):

Some of the words of this clause are not lucky to describe the ne-
cessary provision.

Bolts and dowels shall be tightened and tight fitting in the holes. Large bolts and
dowels (d > 16,0 mm) shail only be used in secondary members except in
combination with timber teeth connectors.

Smooth nails and staples should not be used without additional provision against
withdrawal except in diaphragms for the connection of sheathing to the timber
framing (see 5.4 (5) ¢)) and except in secondary members.

Note according to 5.6.2 (3):

/n context with the NAD a list of fasteners for sheathing purposes
should be elaborated, for which no further requirements exist.

DETAILING RULES FOR HORIZONTAL DIAPHRAGMS

For horizontal diaphragms under seismic actions Clause 5.4.2 of Eurocode 5
applies with the following modifications:

a) Clause 5.4.2 (2) and (6) of Eurocode 5 shall not be applied

b)  Differing from Clause 5.4.2 (5) of Eurocode 5 the distribution of the shear
forces in the diaphragms shall be evaluated by taking into account the in-
plan position of the horizontal load resisting elements.



P(2)

P(3)

A5

All sheathing edges not occurring on framing members shall be supported on
and connected to blocking (see fig. 3.6.3). Additionally blocking shail be
provided in the horizontal diaphragm over every vertical load-resisting element
{e.g. walls).

Note according to 5.6.3 P{2]:

To ensure a load-transfer of the stiffening forces into the wall ele-
ments, blocking is to be provided. Perhaps this clause could be
changed from a 'principle’ to an 'application rule’.

supported splice
(blocking)

Swall
sheathing

Figure 5.6.3 Supporting and nail-spacing in the edges of sheathing panels

The continuity of beams and especially of headers shall be insured even in areas
of diaphragm-disturbances.

Note according to 5.6.3 P(3):

This clause refers to the realistic estimation of the diaphragm-stiff-
ness. Experience in California {and referring code requirements)
showed, that a flange-extension, a so-called 'drag strut’ with the
relating nafling ensures & continuous load-carrying in the dia-
phragm. The application is necessary for:

" openings
w  offsets in plan of the diaphragm
w vertical offsets in the diaphragm
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Sienderness of the beams shall be limited to b/h < 4.

In seismic zones with a peak ground acceleration a, = (,2-g the spacing of the
fasteners shall be reduced by the factor 1,3 in areas of discontinuance (see
figure 5.6.3), under consideration of the minimum spacings given in Eurocode
5.

Note according to 5.6.3 P(5):

In context with the overall stiffness-estimation of horizontal dia-
phragms this clause is to be discussed.

If floors shall be considered as rigid in plan for structural analysis, there shall be
no change of span-direction of the beams in areas, where horizontal forces are
assumed to be carried in subsequent members (e.g. shear-walls).

Note according to 5.6.3 P(6):

The stiffness of diaphragms changes with the direction of the
beams. If areas of different span-directions of the beams are
touching over a subsequent bearing- and stiffening-member (e.g. &
wall-element), the behaviour of the diaphragm cannot be estimated
realistically.

SAFETY VERIFICATIONS AND LIMITATIONS

The design strength values of the material shall be determined according to
Eurocode 5 taking into account the k. 4-values for instantaneous loading.

For ultimate limit state verifications of structures designed according to the
concept of non-dissipative behaviour (see 5.2. P(2)) the partial safety factors for
material properties ., for accidental load combinations frem table 2.3.3.2 of
Eurocode 5 shall apply.

For ultimate limit state verifications of structures designed according to the
concept of dissipative behaviour (see 5.2. P(2)) the partial safety factors for
material properties vy, for fundamental load combinations from table 2.3.3.2 of
Eurocode 5 shall apply.

Note according to 5.7 P(1) and P(2):

To use the partial safety factors for the material properties v, for
fundamental load combinations was used with respect to all other
material chapters in Eurocode 8. Additionally the material has to
fulfil the requirements of 5.4 P(4} so a general use of the partial sa-
fety factors for the material properties v, for accidental load com-
binations would be sufficient. For type A-structures the factor for
vm fOr fundamental load combinations would simply be wrong ac-

cording to the concept of non-dissipative behaviour.
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To allow the development of cyclic yielding in the dissipative zones, all
structural members shall be designed with an overstrength such that their load-
bearing resistance is higher than that of the connections. This applies especially
for:

Note according to 5.7 Pl4):

The main difference between the design of steel or concrete struc-
tures and timber structures is the fact, that the ductility is to be
placed in the connections and not in the members. To ensure the
development of the hysteretic mechanisms, which provide the justi-
fication of the load-reducing by q-values, the members have to be
designed with an overstrength. The value of the overdimensioning
(2%, 5%, 10% or 20% depends on the special application and
counts on the knowledge and responsibility of the designer.

a)  Anchor-ties and any connections to massive subelements,

b)  Connection of horizontal diaphragms to the adjacent transmitting
construction parts of the structure.

LIMITATION OF DAMAGE

The provisions given in part 1.2 of Eurocode 8 apply.

CONTROL OF DESIGN AND CONSTRUCTION

The provisions given in part 1.1 of Eurocode 8 and in Eurocode 5 apply.

In accordance to part 1.1 Clause 2.2.4.3 (2) of Eurocode 8 the following
structural elements shall be identified on the design drawings and specification
for special control during construction shall be provided:

a)  Anchor-ties and any connections to massive sub-elements
b)  Diagonal tension steel trusses used for bracing
¢)  Connection of horizontal diaphragms to the construction parts above

d)  Material and performance of the connection between sheathing panels and
timber framing in horizontal and vertical diaphragms according to the
regarded detailing parameters
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HURRICANE ANDREW -- STRUCTURAL PERFORMANCE OF
BUILDINGS IN SOUTH FLORIDA

By Michael R. O'Halloran Ph.D., Edward L. Keith, P'E’i John D. Rose
and Thomas P. Cunningham, Jr., Ph.D.

ABSTRACT

This report describes the structural performance of residential and low-rise
commercial structures in South Florida, based on observations from on-site
inspections conducted within one week after Hurricane Andrew struck the Miami
region on August 24, 1992, All types of construction -- concrete, masonry, steel and
wood — were inspected by a 45-member task group including a team of three
technical and field promotion staff members from the American Piywood Association.
The report concentrates primarily on the observed performance of wood systems, but
other types of construction also are covered. Observations and conclusions are
presented dealing with roofing attachment; wood structural panel roof sheathing --
both plywood and oriented strand board (OSB) -- and its attachment to framing and
gable-end roof systems in particular; walls and connections of components;
attachment of metal roof deck panels to steel framing; connections between concrete
and metal roof decks and concrete or masonry walls; and attachment of cladding for
pre-engineered metal buildings.

This report also provides a review of work completed which recommended fastening
schedules for oriented strand board and plywood roof sheathing. The recommended
schedules were established to provide resistance to wind uplift pressure, with
particular emphasis on high-wind exposures. The approach included laboratory
testing, engineering and computer analysis.

Director, Senior Engineer, Senior Engineer, and Senior Scientist respectively, Technical Services Division,
American Plywood Association,P.Q. Box 11700, Tacoma, WA 88411 USA



HURRICANE ANDREW - STRUCTURAL PERFORMANCE OF
BUILDINGS IN SOUTH FLORIDA

INTRODUCTION

During the early morning hours of August 24, 1992, Hurricane Andrew battered South
Florida's Dade County, primarily in the region from Miami to Homestead and Florida City.
Widespread damage occurred to most residential and many commercial structures in this
region, which encompasses about 32 km (20 miles) north-south by 19.2 km {12 miles)
east-west. To a lesser extent, damage to structures also extend northward to Broward
County.

As the hurricane passed east-to-west across South Florida, its most destructive winds
missed populated regions around Naples and Fort Meyers on Florida's west coast, where
reports of damage were minimal.

However, the hurricane regained intensity in the Gulf of Mexico and struck the
Louisiana coast west of New Orlieans, outside of major population regions. Property
damage, although reportedly substantial, was much less than in the more highly
populated regions of South Florida.

Three members of American Plywood Association's (APA) technical and field
promotion staff participated on a Damage Assessment Team coordinated and arranged
by the Florida Concrete and Products Association (Orlando, Florida). The Damage
Assessment Team was sanctioned by the State of Fiorida, Department of Community
Affairs, and consisted of 45 structural engineers, scientists, building code officials, and
technical representatives of construction industry trade associations and component and
construction materials manufacturers. The team's investigative efforts were coordinated
with the Board on Natural Disasters of the National Research Council, an agency of the
National Academies of Sciences and Engineering (Washington, D.C.).

The Damage Assessment Team conducted ground level site observations of hurricane
damage incurred by all types of construction — concrete, masonry, steel and wood -- for
residential and low-rise commercial buildings, over a five-day period within one week after
the hurricane. Team members prepared individual summary reports of observations with
photographs and descriptions. (All of the team reports were coliected by the University of
Florida, Department of Civil Engineering, for collation into a final, summary report.)

This report summarizes the observations of APA observers, and concentrates primarily
on the performance of wood-framed buildings in South Florida, although performance of
concrete, masonry and steel-framed buildings also is covered in more general terms.

Also reviewed is the engineering work leading to improved fastening schedules.



Early reports of building damage from Hurricane Andrew indicate over 60,000 homes
were damaged or destroyed in South Florida (late reports indicate that the total might be
twice that amount), with damage estimates exceeding $20-30 billion in Fiorida, and $1
billion or more in Louisiana. Preliminary reparts from South Florida indicated sustained
hurricane winds as high as 62.6 m/s (140 mph), with gusts to over 71.5 m/s (160 mph),
but further analysis by wind engineering experts (Hurricane Andrew: August 24, 1992 by
Ronald F. Zollo, Ph.D.) has revised these figures downward for inland regions to within
5% of the South Florida Building Code's design wind speed of 53.6 m/s (120 mph). By
any standards, Hurricane Andrew likely will become the most destructive and costliest
hurricane affecting the U.S. coastline,

WOOD CONSTRUCTION

By far, the majority of wood structural failures due to Hurricane Andrew can be
attributed to improper connection details. An analysis of wind-damaged structures
indicates that inadequate connection detailing falls into a number of general categories.

One of the major deficiencies contributing to much of the damage was the inadequate
connection of wall units to adjacent wall units, roofs and floor structures. Top plates of
walls occasionally were not lapped at corners, and wall sections were attached to
adjoining walls with as few as three nails. Inadequate nailing was observed along the
bottom plate-to-floor platform connection on many exterior walls.

By far the most common type of structural failure seen during the inspection was the
loss of gable-end walls. This phenomena was almost aiways accompanied by the loss of
from 1.2 to 3.7 m (4 to 12 feet) of either plywood or oriented strand board (OSB) roof
sheathing immediately adjacent to the gable-end wall. Once the roof sheathing was
blown off, the gable-end truss and adjacent trusses collapsed in domino fashion.
Diagonal cross-bracing of end trusses was rarely observed in roofs that failed in this
manner.

It was also noted that gable-end truss framing was infrequently toenaiied to the top
plate of the end wall below. Toenails, if used, often were spaced 1.2 {0 1.8 m (4 to & feet)
on center, and were inadequate to provide the necessary shear transfer to stiffen the
building against lateral wind loads acting on the wall.

One of the most damaging failures in economic terms was not structural. This was the
loss of gypsum wallboard ceilings. This form of damage, to one extent or ancther,
affected many houses in the 624 km< (240-square miie) area. The rain accompanying
and subsequent to Hurricane Andrew was driven in through gable-end vents, through the
joints between roof sheathing panels after concrete or clay tile or shingle roofing was



blown off the roof, as weil as directly into the attic space of failed roof systems. Rain
saturated the insulation, as well as the ceiling. The loss of strength of the ceiling due to
water saturation, as well as the increased weight of the wet insulation, caused widespread
collapse of ceilings. In addition to causing extensive property damage to the house and
furnishings, the ioss of the ceilings also contributed to gable-end wall failures due to
diminished lateral support of end roof trusses.

The practice of attaching gypsum wallboard ceiling over steel resilient channels or
wood furring strips was also commonly observed in many instances. Due to this detail,
the ceiling "diaphragm’ was not mechanically attached to the roof framing or the walls at
the perimeter of the rooms. Such detailing is especially detrimental to the performance of
non-ioadbearing gable-end walls as it does not provide lateral bracing to the end walls.

Much of the interior damage to structures was also caused by the loss of doors and
windows under the wind pressure. Often the failed window or door frames were attached
to the structural framework of the buildings with oniy a few fasteners. It was not
uncommon to see failed sliding glass door frames fastened only by six small screws. In
several cases, the rough framing opening was considerably larger than the sliding glass
door. Consequently, the screws only penetrated the wall framing by 12.7 mm (1/2 inch) or
$0.

Non-loadbearing interior partition walls are highly susceptible to damage when wind
forces reach the interior of the structure after the sudden failure of windows and doors.
Such walls are normally only lightly attached to the structural frame at the top, bottom and
ends of walls. This is especially true when light-gage steel framing is used in these
applications. The heads of the fasteners attaching the light-gage steel top and bottom
plates readily pulled through under applied loads, whereas non-loadbearing wood walls
remained in place.

Also observed in some cases was an apparent lack of continuity in walls over window
and door headers. This can be attributed to inadequate attachment of the wall top plate
to window and door headers. Proper fastening could have, in many cases, prevented the
damage observed.

In several residential developments, a non-structural rake-end roof overhang framing
detaii was commonly used on the gable ends where extensive gable-end roof failures
occurred. A "ladder" frame about 305 mm (12 inches) wide was prefabricated using 38 x
89 mm (nominal 2 x 4) lumber. This frame was then placed on the rake end of the gable
and attached to the end truss with minimal nailing. It was attached such that it
cantilevered out from the roof at the gable end, thus providing the overhang. The
sheathing was then applied to the roof with the sheathing edge-nail spacing [nominally
152 mm (6 in) 0.c.] applied to the non-structural fascia at the end of the roof overhang.
Very often the plywood or OSB roof sheathing was only occasionally nailed to the primary
structural gable-end truss (the perimeter of the roof diaphragm). During the hurricane,
when the roof overhang was exposed to the wind, the overhang lifted and "peeled"” the
roof sheathing off to the second or third truss. In cases where the sheathing was properly
attached to the gable-end truss, the roof sheathing was not compromised.
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In evaluating wind-damage structures it was observed that the builders in the South
Florida area are relatively conscientious about using tiedown straps in roof-to-wall and
wall-to-floor connections to resist uplift forces. In cases where tiedown straps were
installed properly, there was almost no damage observed due to uplift in site-built wood
frame construction. Tiedown strap inadequacies, when observed, were at the roof
framing level. In some cases, the tiedowns were bent out of the way so as not to interfere
with the roof truss placement, or only lightly nailed to roof framing, or ignored compietely
during attachment of the trusses. Often this error precipitated a total failure of the roof
system and, in some cases, a complete loss of the structure below. It was aiso observed
that these strap-type connections are ineffective in resisting forces normat to the wall, so
that nominal code-required nailing of wall top and bottom plates to perimeter floor or roof
gable-end framing must be provided.

MASONRY and WOOD CONSTRUCTION

Occasional failures of masonry buildings were observed throughout the affected area.
This section will deal only with those buildings that combine masonry exterior walls with
wood gable-end walls. There were, however, a number of masonry first-floor and wood
second-fioor structures observed.

Where failures occurred in buildings with masonry end walls and wood gable ends,
failure almost always was accompanied by a collapsed gable-end wall and adjacent roof
trusses. All of the collapsed gable ends observed can be attributed to improper
attachment of the wood gable end to the masonry wall below, or loss of lateral bracing of
the wall due to loss of the roof diaphragm.

As discussed previously, tiedown straps from gable-end walls to walls below have little
or no ability to laterally brace the gable-end walls. In addition, the common practice of
applying gypsum wallboard ceilings over wood furring or resilient channels provides no
lateral bracing for the gable-end wail. The combination of the uncoupled ceiling
diaphragm and the lack of adequate attachment between the block wall and gable-end
wall often resuit in the gable-end wall pulling away from the building when subjected to
wind forces normal to wall,

One connection detail that was seen in a number of heavily damaged multifamily
dwellings concerned inadequate attachment of shed-roof trusses to the masonry fire wall
separating units. While the bottoms of the trusses were placed in saddle-type
connectors, the tops were inadequately anchored to the masonry wall. Lack of anchorage
at the roof level prevented the transfer of lateral loads into the fire wall. The lack of
structural connections between these two major elements severely restricted the
structure's ability to resist the applied wind loads.



WQOD PANEL ROOF SHEATHING PERFORMANCE

Almost without exception plywood or oriented strand board (OSB) panel sheathing was
used as the roof decking material for masonry, masonry/wood, and wood residential
structures. There were no differences observed in the performance of plywood or OSB
roof sheathing. Sheathing failures, where they did occur, were similar in all three building

types.

The most prevalent type of roof sheathing failure occurred in the region of the gable-
end walls. This failure type, discussed previously, was in all cases due to inadequate or
improper fastening of the roof sheathing panel. The minimum attachment requirements
are 6d nails for panels up to 12.7 mm (1/2 inch) and 8d nails for thicker panels, spaced at
152 mm (6 inches) on center along panel edges and at 305 mm (12 inches) on center
over intermediate supports (South Florida Building Code, Section 2909.2). Typically nails
spaced much further apart were observed in roof sheathing that had blown off. A more
common observation was that erratic fastening patterns were used throughout the panels,
ranging from 254 to 1220 mm (10 to 48 inches) on center.

When staples were used, the crown of the staples were often found to be
perpendicular to the panel edge. This practice places one or the other of the staple legs
too close to the edge of the panel or framing, thus reducing the capacity of the staple by
at least one-half.

It is also important to note that the minimum fastening requirements may need
reevaluation by local code jurisdictions for high wind regions®. Note that staples do not
necessarily have the same withdrawal and laterai capacity as do nails. Therefore, the
fastening schedule for nails or staples must be determined by competent authority.
Whatever the fastener type, however, the spacing should never be more than 152 mm
(8 inches) at panel edges and 305 mm (12 inches) at intermediate supports.

it was not unusual to see a perfectly sound roof deck with a single 1.2mx 2.4 m (4 ft x
8 ft) wood sheathing panel missing. When located, many of these panels were found to
have been attached with as few as 8 - 10 fasteners, several times less than the minimum
required by code. [When roof framing is spaced 610 mm (24 in.) o.c., 33 fasteners are
required for a 1.2 m x 2.4 m (4 fi. x 8 ft.) panel using the minimum fastening schedule.]
(See Figure 9.)

The recurring loss of roof sheathing at gable-end walls is consistent with currently
accepted wind load theory. Current theory, as illustrated in the Standard Building Code in
Section 1205, indicates that the applied wind loads are greater at these locations. it can
be concluded that the required nail spacing at gable-ends should be more restrictive than
other areas of the roof.

The American Plywood Association has published revised minimum fastening schedules for roof sheathing
applications in high wind areas. These schedules are available in Data File No. T325 entitied "Roof Sheathing
Fastening Schedules for Wind Uplift.”
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Sheathing Fastener Schedules for Wind Upilift

The emphasis in this study (Cunningham, 1893) was to provide the necessary background
to design fastener schedules for wind uplift pressure. The primary focus on performance
was drawn from the following considerations:

« Regions affected by high-wind events "experience" various magnitudes of wind
velocities. Structures within the same region are exposed to different
magnitudes of peak gusts and sustained velocities.

« Structures within affected regions "experience" various wind effects (pressures)
depending upon such factors as site, geometry, orientation relative to wind
direction, roof slope, etc.

» There exists a quantifiable probability that design wind speeds will be exceeded
during the service life of the structure.

» Precise wind speeds and corresponding averaging times (periods) for Hurricane
Andrew will not likely be established.

» Secondary damage caused by airborne roof sheathing may be significant.
« Loss of roof sheathing compromises the integrity of the affected structure.

» Considerable reserve uplift capacity can be detailed into roof sheathing
fastening schedules at minimal additional expense.

Given these considerations, the approach was to demonstrate that adequately detailed
fastening schedules will perform at levels well above those associated with high-wind
loadings. A procedure that is keyed to performance (uplift resistance) was then
developed to provide for design of fastening schedules.

Engineering Analysis

Engineering analysis established the fastener locations that carry critical proportions of
forces from uplift pressure. Critical fasteners limit pressure capacities of fastening
schedules. This knowledge allowed determination of the limits of fastening schedules as
well as the most effective means of improving fastening schedules.

Engineering analysis, substantiated by tests, established that the performance of the
minimum fastening schedule is sensitive to missing or ineffective fasteners. The absence
of one fastener in the field of the minimum fastening schedule can have a significant
detrimental impact on uplift resistance. This should be carefully considered in regions of
this country that are subject to high-wind events.



Engineered Design

Design wind pressures, calculated on the basis of ASCE 7-88 provisions for components
and cladding, provide an important perspective on the interaction of structural factors with
wind. The procedure developed for design of fastening schedules was influenced by the
brief duration associated with design wind uplift pressures.

Nail withdrawal testing demonstrated the significant difference between test capacities
and conventional design capacities. For wind uplift design, nail withdrawal values were
adjusted to a temporal basis more consistent with loading conditions.

Verification Testing

Verification tests demonstrated that the governing aspect of fastening schedule pressure
capacities is fastener withdrawal from the framing. it is for this reason that, with the
exception of the influence of sheathing thickness on depth of nail penetration, sheathing
panel construction does not have a significant influence on pressure capacities.

Verification testing confirmed the results of engineering analyses. Significant verification
test results include:

« Pressure capacities of the high-wind schedule provide adequate margins over

uplift pressures anticipated from high-wind events. High-wind schedule
capacities are at least double those of the minimum fastening schedule.

« Use of 8d Common naiis significantly increased pressure capacities relative to
use of 6d Common nails in comparable applications.

» Pressure capacities of the minimum schedule are impacted significantly by
missing or ineffective critical fasteners.

« Moisture condition of the sheathing does not impact the pressure capacitiesof
the high-wind schedule.

Fastener Recommendations

The research (Cunningham, 1983) resulted in modified fastening schedules consistent
with the loads specified in ASCE 7-88. The increased fasteners improve the overall
safety in high wind areas.



ROOF COVERING PERFORMANCE

Failure of roof covering material was observed on almost every structure in the Dade
County area. All roofing types were included, with the possible exception of wood
shakes. The effectiveness of the roofing materials can be categorized as follows: asphalt
shingles, concrete flat tile roofing and concrete barrel tile roofing.

Asphalt shingle roofing failures were almost always related to "tear through" of
shingles at fastener attachments. Stapled attachments seemed to be more prone to
shingie tear through than nails, due to minimal contact area with the shingle. It was
observed that shingle roofing fasteners consistentiy remained imbedded in piywood or
QSB roof decks after shingles were blown off. Substantial evidence was observed that
fastener withdrawal resistance is adequate for plywood or OSB roof sheathing of
thicknesses of 11.1 mm (7/16 in.) or greater.

While flat concrete tiles appeared to have better resistance to blow off than barrel
tiles, the failure mechanism for both was the same. Tiles of both types showed no
adhesion of the cement mortar bedding to the tile back. (These tiles are generally
installed by first laying down a small patch of cement mortar and then placing the tile onto
the mortar. The mortar theoretically bonds the concrete tile to the roof deck.) There was
little adhesion observed between the failed tiles and the cement mortar, although the
mortar did stick well to the roof deck. Some concrete tile roofing that did survive was fuily
bedded in mortar as opposed {o attached with an occasional patch of mortar as was the
rute. The more satisfactory performance of flat concrete tile roofing is generally attributed
to reduced exposure at the edges to wind uplift.

OTHER STRUCTURES

Steel roof decking systems were often used for roofing in low-rise commercial
buildings. These roofing systems suffered much damage during the hurricane. While
many of the metal roof systems observed were inadequately attached, even those that
appeared to be attached "per code" failed. Failure modes observed were puli-through of
the weids or fasteners attaching the metal roofing system to framing. There aiso
appeared to be minimal attachment of the metal roofing systems to the supporting walls.
This would, of course, minimize the effectiveness of the metal roofing to act as a
diaphragm for the structure. Indeed, many of the failures of low-rise commercial buildings
appeared to have been caused by loss of diaphragm action and the subsequent collapse
of supporting walls.

On some commercial buildings, metal roofing panels were installed on sioped roof
decks of plywood or oriented strand board (OSB) roof sheathing, with metal clip
attachments and/or wood furring strips. Generally, it was observed that such roofing
panels often were blown off the roof, indicating that the fastening system was inadequate
to resist high winds. The metal clips and furring strips remained attached to the wood roof
decks or framing, however.



Several examples of wall failures were observed in commercial buildings with pre-cast
concrete T-beam panel roof decks and masonry walls. The number and strength of
welded connections between the roof deck and non-loadbearing walls (parallel to the T-
beam roof deck panels) was insufficient to withstand wind forces normal to the wall. This
caused the wall to collapse inward, or outward if the interior of the structure was
"pressurized” by wind forces after windows or doors failed.

Failure of one large commercial building ( a rack storage warehouse) was observed
where load-bearing reinforced masonry walls (in-fill panels between reinforced cast-in-
place concrete frames) were connected to pre-cast concrete T-beam roof deck panels. A
central portion of the windward wali of the structure coliapsed, along with the supported
roof deck, but the cause of failure was not determined.

in a few commercial buildings, failures of exterior masonry walls were observed where
it was apparent that steel bar reinforcement to adjoining walis at the corners was not
adequate. It was uncertain whether this was a building design or inspection deficiency.

Occasional failures of brick veneer exterior finish over masonry walls also were
observed on several commercial buildings. The failures were attributed to inadequacy of
structural tie or mortar bonding systems used to attach the brick veneer to the wall to
resist hurricane wind forces.

Several examples of failed pre-engineered metal commercial buildings were observed.
Generally, it appeared that the steel siding and its attachment to the steel framing were
not capable of resisting the shear and uplift wind forces and impact forces from wind-
blown debris or projectiles. When the building envelope was breached, the steel roofing
or siding panels typically were blown away from the structural steel framing. The resuit
was that the unbraced steel framing collapsed under the intense wind forces.

CONCLUSIONS

As can be seen from the observations discussed above, much of the structural
damage done to the structures in South Florida was preventable through the proper
design, specification and execution of connections between structural elements. It is
hoped that, through publications such as this, kgowledge of the importance of making
proper connections can be conveyed to the building industry to eliminate the possibility of
such preventable tragedies in the future. While it is difficult to imagine a natural disaster
greater than Hurricane Andrew, it would be an even greater tragedy if we did not learn
from the experience.
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STRUCTURAL FIRE DESIGN ACCORDING TO EUROCODE 5, PART 1.2

by J Konig, Swedish Institute for Wood Technology Research, Stockholm

SUMMARY

In June 1993 the final draft Eurocode 5, Part 1.2 - Structural
Fire Design - was approved to be published and introduced as
a European prestandard for provisional application in the EC
and EFTA countries. In this paper an overview is given on the
contents of Eurocode 5, Part 1.2, its background, requirements,
methods and design philosophy.

BACKGROUND AND DRAFTING
Eurocode 5 - Design of Timber Structures - will include the following parts

Part 1.1 - General Rules

General Rules for Buildings

Part 1.2 - General Rules

Supplementary rules for structural {ire design
Part 2.1 - Bridges

Part 1.1 has been approved by CEN TC 250/SC 5 in November 1992. For the time being
editorial work and the translation into the other two CEN-languages French and German is
going on. The publication of the document in the three languages English, French and
German as a European prestandard will be done by CEN simultaneously and before the
end of November 1993,

Part 1.2 has been approved by CEN TC 250/SC § in June 1993, The publication as a
European prestandard will probably take place in spring 1994, It is expected that the
document is introduced in 1994 in most EC and EFTA countries as a European prestandard
for provisional application.

A first draft of the fire part of Eurocode 5 (EC 5) was published in April 1990. The
drafting work was done by a group set up by the Commission of the EC. The result of the
work was criticized, mainly for not being in line with EC 5, Part 1.1. When the work on
Eurocodes was transferred o CEN, a new Project Team was set up with the goal o ensure
compatibility with Part 1.1. The persons involved were G Hall (UK), H Hartl (A,
convenor), M Kersken-Bradley (D), ] Majamaa (SF), G Sagot (F) and J Kénig (S), the
latter also acting as technical secretary.

Part 1.2 of Eurocode 5 gives the suppiements to Part 1.1 of Eurocode 5 which are
necessary that structures also may comply with structural fire resistance requirements,

The fire parts of the Eurocodes deal with specific aspects of passive fire protection in
terms of designing structures and parts thereof for adequate load bearing capacity and for
limiting fire spread as relevant. The term "structural” in Structural Fire Design is used in a
wider sense, since in the fire parts also purely separating parts of a building are considered,



2
since the resistance against fire loads of such parts of a building is essential.

Required functions and levels of performance are generally specified by the National
authorities - mostly in terms of standard fire resistance ratings. In the case of timber
structures, it is also the responsibility of the National authorities to give regulations in
regarding where timber may be used. For example, in many countries the use of
combustible material is limited with respect to the number of stories of the building. Tt is
hoped that the development of Eurocodes will promote the introduction of performance
based requirements in structural fire design in the National building laws and help to
remove irrational obstacles for the use of timber. To this purpose new and more realistic
methods may contribute, as e.g. the introduction of parametric fires which allow to account
for a complete fire including the cooling period, and to consider active measures of fire
fighting including the time which is needed for the fire-brigade to be in place. The
principal procedure in European and other countries is based on results from standard fire
resistance tests, and if ever such above mentioned influences are included, this is done
implicitly, which makes it difficult to perform a rational design.

The project team had to face problems due to different conflicting interests:

- Ditferent levels of development in different countries.

- Simplicity contra sophisticated rules

- Coordination with the fire parts of the other Eurocodes for other materials.

Eurocodes shall, as well as other national codes, reflect the generally acknowledged state-
of-the-art. 1t is a general problem for code writers of international codes that there often
exist dilferent levels of development in different countries, and different opinions on what
belongs to generally acknowledged state-of-the-art. Even in one country different designers
would have different opinions on that. In the case of fire engineering the development
during the last two decades has been in favour of more sophisticated calculation methods,
especially in the Nordic countries, North America and New Zealand,

Considering the problem of simplicity contra sophisticated rules the project team choose 1o
include options for different levels of complexity. Among the application rules the designer
will in the first place find a simple method, which would lead to safe, but perhaps less
economic structures. In the second place the designer will find more complicated methods,
which would increase the amount of design work but would also in general lead to more
economic constructions. In the third place the option is given for sophisticated methods,
which require more information than is given in this Eurocode. Generally, as an alternative
to calculation methods, it is possible to make use of design by testing.

Some of the fire parts of Eurocodes include design aids, as design tables and diagrams.
The project team for EC 5, Part 1.2 was of the opinion that such design aids should be
found in handbooks elc.

A problem to be solved by the project team was 1o chose values of material responses
which are recognized by the designer. For example, the charring rate of timber is an
essential parameter in structural fire design. In current fire design codes charring rates are
used in the range between 0,6 and 1,1 mm/min. and the strength of timber is reduced to
values between 50 and 100 % of strength at normal design. See the values in Table 1
which are partly taken from /1/ and reflect the sitwation in 1984.
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An explanation of such variability of material properties can be that charring rates are
notional, i.e. other effects are included as the increased charring rate at arrises and fissures

Table 1 Charring rates of softwood and relative bending strength in structural fire
design in codes of various countries (1984)

Charring rates
Country /s
Glued laminated Solid timber
timber

Finland 0,6 0,8 0,75
Sweden 0,6 0,8 0,73 - 0,88
New Zealand 0,6 0,6 0,5
USSR 0.8 0,8 0,8
UK 0,65 0,65 0,68
Germany (0,8 1,1 1,0
France 0,65 (0,65 0,83

(solid timber), and effects of strength reduction are partly or completely included.
Moreover, 10 get a complete picture, in current codes also the actions and safety factors are
different, which makes it difficult to compare different approaches. The goal of the project
team was to give rules which lead to the same, in practice well approved safety level
which has been accepted in most countries. It was chosen to make a clear distinction
between malerial properties, analytical models and safety factors. The material properties
should be defined such that they can be verified by standard test methods and the
analytical models should not include hidden safety factors. Those should be given explicitly
as partial safety factors only.

In current design codes no application rules for the calculation of the fire resistance of
joints are given. Thus fire testing has been the only aliernative. Eurocode 5, Part 1.2 is the
first code to include application rules for joints exposed to standard fire,

CONTENTS OF EUROCODE 5, PART 1.2

In the following the contents is commented, see Appendix A. Chapters 1 and 2 are
identical with the corresponding chapters in the fire parts for other materials, except those
parts considering timber.

Chapter 1, Introduction

Scope. Part 1.2 applies to timber structures for the accidental situation of fire exposure. It
identifies only differences or supplements to the design at normal temperature and gives
rules for passive methods of fire protection. Functions to be fulfilled are premature collapse
of the structure and the limitation of fire spread.

Definitions. Definitions in addition to those in Part 1.1 are given.
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Units. Units in addition to those in Part 1.1 are given.

Symbols. Symbols were chosen following Part 1.1 when possible. In the ENV-stage a
consistency with other fire parts could not be achieved in all cases.

References. Normative references are cited. These include European Standards (EN) and
proposals for European Standards (prEN). No reference is made to standards to be written,
e.g. a standard for the determination of charring rates.

Chapter 2, Basic Principles

Performance requirements. Performance requirements are defined for standard fire
exposure in terms of mechanical resistance (load bearing function), integrity and insulation,
expressed as R, E and 1 plus a figure representing the required time period in minutes, e.g.
R60 or REI60.

Actions. Thermal and mechanical actions shall be taken from of Eurocode 1, Part 2.2,
where (draft January 1993) thermal actions are given in terms of
- nominal temperature-time curves (a. Standard fire exposure according to 1SO
834, b. External fire curve, ¢. Hydrocarbon curve)
- parametric fire exposure which is influenced by the fire load density and the
magnitude of the fire compartment and openings

Design values of material properties. For strength verification design values of strength
(and correspondingly of the modulus of elasticity) shall be determined from

f
ff,d = 1%nc;d,f k — (1)

Ym,f

For deformation verifications the stiffness values shall be taken as

E
— meadn

Ef - kﬁnod,f (2)
Ym,f

where

fi Characteristic strength at normal temperature, defined as the population 5-
percentile obtained from tests, see Part 1.1

E, Mean value of modulus of elasticity at normal temperature as given in
supporting material standards to Part 1.1

Koas Reduction factor taking into account the effect of the thermal effects

(temperature and moisture content) of the fire on the strength and stiffness
parameters. This factor k.., teplaces k.. used in Eurocode 5, Part 1.1

k= 1,25  for solid timber

k,=1,15 for glulam and wood based panels

Yme = 1,0 Partial safety factor for material properties in fire design of timber structures
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Design values of material properties for thermal analysis are determined by dividing the
mean value of the material property by the partial coefficient for the material in fire
design. Mean values were chosen because these have been used in the past and
characteristic ones are known only in few cases.

In the past in most fire tests the specimens had mean properties rather than characteristic
ones. For the time being it is not possible to determine the partial safety coefficient with
respect to uncertainties in the case of fire and therefore it seems not be possible to obtain
the same reliability in all structures regardless material. The partial safety factor of 1,0 was
chosen in order to harmonize the fire part of Eurocode 5 with the fire parts of the other
Eurocodes. The factor k; was chosen in order 1o obtain a calibration to the safety level
used in current national fire design codes and kf, corresponds approximately (o a 20-
percentile of the population. In order to allow for further adaption to the national level of
safety, k; and vy, are "boxed" values, i.c. during the ENV-period these values may be
changed in the National Application Documents (NAD).

Basic design procedure.  Where no specific rules for fire design of load bearing members
are given in this Part [.2, this implies that application rules should be used which are given
in Part 1.1 for normal temperature design, with the exceplion that actions, partial safety
coefficients, material and cross-sectional properties and parameters describing the structural
system which are valid in normal temperature design, are replaced by the corresponding
values which are valid in structural fire design. Effects on structural parameters, e.g.
modified buckling lengths, shall be taken into account. Reference is made to three levels of
complexity of design procedure,

Assessmeni methods, The structural system adopted for design in the fire situation shall
reflect the performance of the structure in fire exposure. The structural analysis shall take
into account the relevant failure mode in fire exposure and the temperature-dependent
material properties and stiffnesses, and effects of thermal expansions and deformations.

As an alternative to an analysis of the entire structure, the structural analysis may be
replaced by an analysis of a part of the structure. In this case support and boundary
conditions may be assumed as time-independent during fire exposure. Interaction between
members or assemblies in different parts of the structure should be taken into account in an
approximate way.

The effect of actions E;, in fire (for example internal forces and moments) related to the

initial support and boundary conditions may, as a simplification of the rules in Burocode 1,
Part 2.2, be deduced from the global structural analysis for normal conditions of use as

B, = 06 B, 3)

where E, is the load effect at normal temperature. For some load combinations with large
imposed loads this equation may give unsafe results.

For verifying standard fire resistance requirements analysis of single members is sufficient.
In structural timber members the effects of thermal expansions need not be considered.
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Chapter 3, Maferial

Charring depths. The main parameter for the designer is the charring depth. Charring
shall be considered for all surfaces directly exposed (o fire. Charring need not be
considered for surfaces of members covered by fire protective claddings when the failure-
time of the fire-protective panel exceeds the required fire resistance time by 5 minutes.

For standard fire exposure the charring depth is

gy = By t (4)

where the factor B, is the charring rate under certain conditions. For the time being there
exists no test standard for the determination of the charring rate. The following design
values should be used for European softwoods and hardwoods with a minimum dimension

of 35 mm, see Table 2.

Table 2 Charring rates §, for timber.

B
mm/min.
a)  Softwood
Solid timber with characteristic density of > 290 kg/m® 0,8
Glued laminated timber with characteristic density of = 290 0.7
kg/m’
b)  Solid or glued laminated hardwood with characteristic 0,5
density of > 450 kg/m® and oak
¢)  Solid or glued laminated hardwood with characteristic density 0,7
of 2 290 kg/m®

Charring rates for wood-based panels are given for a characteristic density of 600 kg/m?
and a panel thickness of 20 mm. For other thicknesses and densities correction coefficients
are given. The beneficial effect of closely packed multiple layers or layers in contact with
the member may be considered.

Fire protective cladding, Failure times of claddings should be determined by testing,
alternatively they may be calculated using the charring rates for wood- based panels, It is
anticipated that certain conditions of fixing the pancls to the member are fulfilled.

Adhesives.  Adhesives of phenol-formaldehyde and aminoplastic type complying with
Evrocode 5, Part 1.1 according to EN 301 satisfy the requirements that the integrity of the
bond is maintained in the assigned fire resistance period.



Chapter 4, Suuctural fire desien

Effective cross-section method.  This s the simplest method of determining the load
bearing capacity of a member. The charring depth is calculated as above and the residual
cross-section is obtained without regarding roundings at arrises. Since the reduction of the
strength and the modulus of elasticity is not considered in a direct way - i.e. Ky, = 1,0 in
Equations (1) and (2) - this has to be compensated for by reducing the residual cross-
section by d; = 7 mm along its periphery. The remaining cross section is called effective
cross section and the total layer to be removed from the original cross section is the
effective charring depth. See Figure 1. For shorter times than 20 minutes d, varies
linearly between 0 and 7 mm.

e p P

_— [nitial surface of member
L Border of residual cross section
| - Border of effective cross section

dchar
dy
gy
L1 s Uy = Qo + dg
L ]
Figure | Definition of cross sections

Reduced strength and stiffness method. This method is described in Annex A of Part 1.2,
see below.

General calculation method.  Part 1.2 opens for general methods of determining the cross-
sectional load bearing capacity and stiffness giving guidelines for which parameters should
be included in the calculation:

- charring depths according to general charring models

- temperature profiles in the residual cross seclion

- moisture content profiles in the residual cross section

- strength and stiffness properties dependent on temperature and moisture content
The code does not give values for these parameters. They should be taken from handbooks
or other relevant literature.

Special rules.  In order to simplify, some additional rules are given. They reflect more

current design practice rather than explicit research resulis:

- Compression perpendicular (o grain may be disregarded.

- Shear may be disregarded in solid cross sections. For notched beams it should be
verified that the residual cross section in the vicinity of the notch is at least 60 %
of the cross section required for normal temperature design.
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For beams and columns it should be considered that failure of bracings may change the
buckling length. For a special case the boundary condition of columns may be more
favourable than in design at normal temperature: A column in a fire compartment which is
part of a continuous column may be considered as completely fixed at its ends, provided
that the fire resistance of the enclosure of the compartment is not smaller than the fire
resistance of the column,

For mechanically jointed components, slip moduli may be assumed as for the normal
temperature design situation. For the design of mechanical fasteners. This rule is
approximative and more information is needed.

For bracings a rule is given, saying that a bracing may be assumed not 1o fail if the
remaining cross sectional area is 60 % of its area which is required with respect 10 normal

temperature design.

Floors and walls.

The following requirements apply:

For separating constructions fire exposure from one side at a time shall be considered. For
non-separating constructions fire exposure from both sides shall be considered.

In the design of floors and walls consisting of a timber frame and covered or topped with
panels application rules are given in Annex C, see helow.

Joints. The basis of the contents of this section is /2/, based on German fire test results,
and test results from France.

The rules refer to joints with dowel-type fasteners under lateral load with symmetrical
shape (joints with two side members only), exposed (o standard fire.

A distinction is made between unprotected and protected joints.

Generally, wood-to-wood joints and steel-to-wood joints with steel plate middle members

with unprotected nails, screws, bolts or dowels may be regarded to satisfy R 15 when

observing the conditions of Eurocede 5, Part 1.1. Longer fire resistance times can be

achieved by two measures:

1. by increasing the dimensions of members (thickness and edge and end distances of
fasteners) by

a = By (g - 15)  [mm] (5)
where

B, Charring rate according to Table 2 in mnvmin.

Lireq Required standard fire resistance in minutes,

2. by increasing the number of fasteners in the joint or by choosing stronger
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fasteners, such that the ratio of loading in fire design and load bearing capacity at
normal temperature is multiplied by the factor 1, For example, for wood-to-wood
joints, 1y, should be equal to 0,80 for nails, 0,45 for bolts, 0,80 for non-projecting
dowels and 0,45 for connectors (In Europe the term "connector” denotes ring or
tooth plate connectors). These values shouid be used under certain conditions
which are not given here. For fire resistances between 30 and 60 minutes, an
extrapolation formula is given.

For unprotected side members of steel R30 is satisfied when the thickness of the steel
plates is at least 6 mm and 1., < 0,45,

Joints are considered as protected if the fasteners are covered with protective plugs or
wood or wood-based panels with a minimum thickness a,.

Annex A, Reduced strength and stiffness method for standard fire exposure

This annex is normative. The method described is an alternative to the effective ¢ross-
section method and gives more precise and economic results.

The charring depth should be calculated according to one of two alternatives:

- When roundings at arrises are not considered, Equation (4) applies.
- Alternatively the charring depth is calculated as

=Bt (6)

G

when roundings at arrises are considered in the calculation of the section modulus
and the flexural stiffness. The charring rate § should be taken from Table 3.

Table 3: Design charring rates

B
mm/min.
a) Softwoods
Glued laminated timber with
characteristic density of 2290 0,64
kg/m®
Solid timber with characteristic
density of 2290 kg/m® 0,67
b) Solid or glued laminated hardwood
with characteristic density of 2350 0,54
kg/m

The shape of the char-line at arrises should be assumed as circular with a time-
dependent radius according to Figure 2, but not greater than half of the smallest
dimension of the residoal cross section,
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27 [mm)
50
40
30
20
p t
30 60 80 120 [min]
Figure 2 Time-dependent radius of the char-line at arrises

The residual cross-section is used for the calculation of the load bearing capacity. The
reduction of strength and modulus of elasticity is considered by multiplication - see
Equations (1) and (2) - by the reduction coefficient k., according to Figure 3

where
P Perimeter of the {ire exposed residual cross section in m
A, Area of the residual cross section in m?
0,9 \-—._____I_On, Modulu
. S fe]ast
0,8 ICity
0,7 \‘\ €ny;
0,6 ~_Co &
Kmod,t 95 \Qf‘@s .
? 0’4 > S/OO J—
0,3 -
0.2 N
0,1
0
0 20 40 60 80 100
p/A, [m
Figure 3 Modification factor for strength and stiffness properties

Since the temperature is different in different parts of the cross section, its influence on
K,ar 18 implicitly included in the section factor p/A. of the residual cross section and not
given directly. During the drafting and commenting periods it became obvious that many
users of the code would misinterpret data showing the relationship of strength and the
effective temperature of the cross section. The concept of the section factor was adopted
from the fire part of EC 3 (steel structures) and is calibrated to give right results.

Annex B, Supplementary rules for joints

This annex is normative. While in the main text of the code only simplified rules are
given, this annex gives more complete formulae of which the values in the main text are
deduced and additional rules which allow for more sophisticated design and more
economic results,
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Annex C, Walls and floors

This annex is normative. It contains application rules which fulfil the requirements of the
main text. They apply to load bearing (R), separating (EI), load bearing and separating
(REI) constructions. For the separating {unction the rules apply up to 60 minutes of
standard fire resistance. Generally, the rules given in this annex are conservative and fire
testing will give more economic results.

Panels dealt with in the code may

- perform as fire protection claddings of Ioad bearing constructions, or

- be part of the load bearing construction, including panels used for diaphragm
action and bracing and/or

- be used as sheet linings to provide for the separating function.

For separaling constructions separation criteria are given. For load bearing constructions
failure times of combustible and non-combustible panels are given as well as the influence
of panel joints. Since the detailing of fixings of insulation material, panel connections and
connections (o adjoining floors and walls are essential, some examples are given. It was
not possible to give a complete catalogue of solutions, since building practice varies too
much in the different European countries.

Annex D, Parametric fire exposure

This annex is informative, It deals with parametric fires (also called natural fires) in fire
compartments where the temperature time relationship is determined regarding the fire load
density, the area of floors, walls and ceilings which enclose the fire compartment, and the
total area of vertical openings. The rules for timber given in this annex are based on the
work by Hadvig /3/ and Bolonius Olesen /4/.

Annex E. Thermal properties
This annex is informative and gives some information on the thermal conductivity and
specific heat capacity of wood and charcoal,
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